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Preface 

This special publication contains 33 technical papers which cover recent 

advances in research and practical applications in ground improvement technologies 

including column-supported embankments, column technologies for ground 

improvement, and ground modification and accelerated consolidation. The first 

invited keynote paper by Professor V. Schaefer (co-authored with Professor G.M. 

Filz, and Mr. L.S. Vanzler) summarizes technical and non-technical issues and 

project development pros and cons for ground improvement technologies used in the 

United States for highway renewal. The second invited keynote paper by Professor G. 

Zheng (co-authored with Professors. S.Y. Liu, and R.P. Chen) summarizes recent 

advances in column-type reinforcement element and its applications in China. 

Eighteen technical papers in the slope stability section present technologies for 

stabilizing, monitoring, and analyzing slope movement and stability. Ten technical 

papers in the “column-supported embankments” section focus on analytical or 

numerical analysis and experimental evaluation of column-supported embankments. 

The “column technologies for ground improvement” section contains ten technical 

papers presenting stone columns, deep mixed columns, jet grouted columns, and piles 

used to mitigate the issues related to bearing capacity, deformation, stability, and 

liquefaction. Eleven technical papers in the “ground modification and accelerated 

consolidation” section present recent research findings on chemical, mechanical, and 

biological modification of soil and accelerated consolidation of soil by vertical drains, 

vacuum preloading, and explosion. 

 

Each paper published in this ASCE Geotechnical Special Publication (GSP) 

was evaluated by at least two reviewers including the editors. The authors of the 

accepted papers have addressed all the reviewers’ comments to the satisfaction of the 

editors. All published papers are eligible for discussion in the Journal of Geotechnical 

and Geoevironmental Engineering and are also eligible for ASCE awards. 

 

The papers in this publication were presented during the U.S.-China 

Workshop on Ground Improvement Technologies held in Orlando, Florida on March 

14, 2009. This workshop was jointly organized by ASCE Geo-Institute Soil 

Improvement Committee and the Chinese Institution of Soil Mechanics and 

Geotechnical Engineering. 

        

We are thankful to Dr. Zuyu Chen, the president of the Chinese Institution of 
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ABSTRACT: The second Strategic Highway Research Program (SHRP2) was created 

by the U.S. Congress to address challenges of moving people and goods efficiently 

and safely on the nation’s highways. Geotechnical transportation issues are addressed 

under the SHPR2 Renewal Focus Area, in which the goal is to develop a consistent, 

systematic approach to the conduct of highway renewal that is (1) rapid, (2) causes 

minimal disruption, and (3) produces long-lived facilities. The SHRP2 R02 project is 

aimed at identifying geotechnical solutions for three elements: (1) construction of new 

embankments and roadways over unstable soils, (2) widening and expansion of 

existing roadways and embankments, and (3) stabilization of the working platform. 

This paper reports the results of the first phase of the project, in which the research 

team identified 47 ground improvement technologies and processes with application to 

the three project elements and 32 technical issues, project development pros and cons, 

and non-technical issues affecting use of the technologies.   

 

 

INTRODUCTION 

 

Although in existence for several decades, many geoconstruction technologies face 

both technical and non-technical obstacles preventing broader and effective utilization 

in transportation infrastructure projects. The research team for Strategic Highway 

Research Program Project Number R02 (SHRP2 R02) Geotechnical Solutions for Soil 

Improvement, Rapid Embankment Construction, and Stabilization of the Pavement 

Working Platform is investigating the state of practices of transportation project 

engineering, geotechnical engineering, and earthwork construction to identify and 

assess methods to advance the use of these geoconstruction technologies. The 

identified technologies are often underutilized in current practice, and they offer 

significant potential to achieve one or more of the SHRP2 Renewal objectives, which 

are rapid renewal of transportation facilities, minimal disruption of traffic, and 

1



production of long-lived facilities. Project R02 encompasses a broad spectrum of 

materials, processes, and technologies within geotechnical engineering and 

geoconstruction that are applicable to one or more of the following “elements” of 

construction:  (1) new embankment and roadway construction over unstable soils, (2) 

roadway and embankment widening, and (3) stabilization of pavement working 

platforms.  

Phase 1 of the project consisted of six tasks focused on identifying those 

geotechnical materials, systems, and technologies that best achieve the SHRP2 

Renewal strategic objectives for the three elements:  

• Task 1: Identify existing and emerging geotechnical materials and systems for 

ground and roadway improvement for application to the three elements.   

• Task 2: Identify and discuss technical issues and project development/delivery 

pros and cons that need to be considered to further encourage widespread 

implementation of the geotechnical materials and systems identified in Task 1. 

• Task 3: Identify performance criteria, and existing and emerging QA/QC 

procedures to use with the identified geotechnical materials and systems 

discussed in Tasks 1 and 2. 

• Task 4: Identify and discuss the non-geotechnical project-specific obstacles that 

constrain full utilization of the identified geotechnical materials and systems. 

• Task 5: Assemble a panel of highway design and construction professionals, and 

with its help, identify the most promising methods for mitigating the non-

geotechnical project-specific parameters identified and discussed in Task 4 that 

constrain full utilization of the geotechnical materials and systems identified in 

Task 1, and develop a work plan for the following activities: 

� Testing the effectiveness of these mitigation methods and evaluating their 

effectiveness 

� Developing a catalogue of materials and systems for rapid renewal projects 

� Developing design procedures, QA/QC processes, and guidance for applying 

these geotechnical materials and systems 

� Developing methods for estimating the cost of their application 

� Developing sample guide specifications for these geotechnical materials and 

systems. 

• Task 6: Develop a final report for Phase 1 detailing the work conducted in Tasks 

1-5 and proposing a work plan for the tasks to be conducted in Phase 2.  

Explicit in the tasks was the identification and evaluation of technical issues, project 

development/delivery methods, performance criteria and quality control and assurance 

procedures, and non-technical issues that constrain full utilization of geotechnical 

materials, systems and technologies. A total of 47 applicable geoconstruction 

technologies were identified in the Phase 1 work, 17 technical issues and project 

development pros and cons were identified that interfere with more widespread use of 

geoconstruction technologies, and 15 non-technical issues and project specific 

parameters limiting use of the technologies were identified.  This paper presents the 

process used to conduct the study, as well as the results of Tasks 1 to 5. 

 

 

2 ADVANCES IN GHOUND IMPROVEMENT



PROCESS  

The research team’s approach included development of several key work products 

that document and compile information, data, references, brainstorming discussions, 

technology assessments, ratings, mitigation strategies, etc., from the Phase 1 tasks.  

The processes encompassed in these efforts provided background and support 

information for accomplishing the Phase 1 tasks.   

Early in Phase 1, a survey was developed to collect expert opinions about the 

applicability of each technology to each of the three SHRP2 R02 elements, the degree 

of establishment of each technology, and the potential for each technology to 

contribute to each of the three SHRP2 renew objectives. The survey was sent to 

members of the research team, advisory board, and other selected experts. The purpose 

of the survey was to obtain opinions regarding each technology’s applicability to the 

three SHRP2 R02 elements, the level of technology development, and the 

technology’s potential contribution to the SHRP2 Renewal Strategic Objectives.  A 

rating instrument was developed to gage these opinions.  In addition, comments on 

each technology were solicited from respondents.  

In early December 2007, a workshop was held to kickoff the project and to bring 

together the research team and the project Advisory Board for discussions relative to 

the project. The Advisory Board consisted of state agency transportation personnel, 

designers in private practice, and contractors who work with the relevant geotechnical 

materials, systems, and technology areas. In advance of the workshop, the research 

team developed a set of outcomes expected from the workshop that followed the 

methods necessary to complete the tasks of Phase 1. The workshop proved invaluable, 

allowing the research team and the Advisory Board to brainstorm and discuss openly, 

allowing for identification of relevant technologies, technical issues, non-technical 

issues, and mitigation strategies.  

As each identified technology was investigated, team members compiled literature 

references and completed tables categorizing the contents of particular papers with 

regard to parameters such as site investigation, design methods, QC/QA methods, 

costs, etc.  The database developed to date contains over 650 references, and it will 

continue to grow in Phase 2.  A web-based system was developed and used by the 

project team to assemble and categorize the reference materials. 

To provide delineation of the technologies relative to the obstacles of Tasks 2 

through 4, technology assessments were conducted for each identified technology.  To 

provide consistency in the assessments between different assessors, a detailed set of 

Technology Assessment Instructions was developed to explain definitions, 

descriptions, significance, and ratings for Task 2, 3, and 4 issues to be assessed for 

each technology.  Development of the instructions proved to be highly instructive in 

terms of the issues and challenges facing many of the obstacles and technologies. A 

Technology Assessment was completed by the team members for each of the 

identified technologies.  Items covered by the Technology Assessment include a short 

definition/description of the technology; an assessment of the Task 2, 3, and 4 issues; 

a detailed rating of the technology applicability to SHRP2 R02 Elements and their 

potential contribution to the three SHRP2 Renewal Objectives; and an Executive 

Summary. The Technology Assessments were subject to two levels of review.  The 
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first level involved review of each individual technology assessment by a group of 

four to six members of the team.  The second level of review consisted of grouping 

like technologies and reviewing ratings for consistency within each group. The 

assessments were also provided to the Advisory Board, from which useful comments 

were obtained. The technology assessments were refined based upon these reviews. 

In addition to identification of issues and obstacles, a key aspect of Phase 1 was 

identification of the most promising mitigation methods to overcome the obstacles.  

Mitigation strategies were discussed with the stakeholders early in the project, 

resulting in 10 strategic categories of mitigation methods. Using the results of the 

Technology Assessments, mitigation strategies for the technical and non-technical 

obstacles were mapped to obstacles, along with a designation regarding whether the 

obstacle is project-specific or general, the average degree to which the obstacle 

interferes with technologies, and the effectiveness of the strategy to overcome the 

obstacle.  Mitigation strategies were categorized into three main groups:  education 

and training; agency, industry, and academic collaborations; and policy development.   

 

RESULTS OF TASK 1  

Task 1: Identify existing and emerging geotechnical materials and systems for ground 

and roadway improvement for application to: (1) construction of new embankments 

and roadways over unstable soils, (2) rapid widening and expansion of existing 

roadways and embankments, and (3) improvement and stabilization of support 

beneath the pavement structure.  In all cases, the need of the roadway or soil to carry 

construction loads as well as service loads is to be considered. 

Two products were developed for Task 1. The first product is a list of technologies 

categorized according to (1) applicability to the three project elements, (2) degree to 

which they are well-established or emerging, and (3) extent to which they can 

contribute to the SHRP2 Renewal strategic objectives, with ratings used to effectively 

assess each technology. The second product is a categorized bibliography that 

provides detailed technology information and serves as input for subsequent tasks.   

Review and Modification of the List of Technologies 

During proposal preparation, the research team developed a preliminary list of 35 

geotechnical concepts, materials, methods, and systems, hereinafter referred to as 

technologies, and their potential relevance to the three research elements. Early in the 

project, a survey instrument was developed to elicit opinion and input on potential 

technologies from the research team, the Advisory Board, and others.  The survey 

identified an additional thirteen technologies for the team to consider, for a total of 48.   

The expanded list of technologies was discussed by the research team and the 

Advisory Board in a meeting in December 2007. Some 30 additional items were added 

to the list, bringing the total to 78.  The research team and Advisory Board then took a 

critical look at the list through extensive discussions and brainstorming. In several 

cases, items suggested as technologies were not really technologies, but were instead 

factors to be considered in ground improvement projects. Items clearly not 

technologies were removed from the technologies list.  Also, some items proposed as 
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separate technologies were combined with other technologies already in the list.  For 

example, modular block walls were included with MSE walls.  From the research team 

and Advisory Board discussions, a list of 47 technologies was carried forward for 

further assessment. The list of 47 technologies is shown in Table 1.  

To provide information necessary to effectively assess each of the technologies for 

Tasks 2 through 4, a technology assessment instrument was developed, the initial Task 

1 ratings were updated and further detailed, and the ratings were subject to two levels 

of review, as discussed previously.  The refined ratings for the technologies provide a 

measure of the (1) applicability to the three project elements, (2) degree to which they 

are well-established or emerging, and (3) extent to which they can contribute to the 

SHRP2 Renewal strategic objectives.  The ratings results are shown in Table 2.  In an 

effort to rank the technologies with the highest potential for application to each of the 

three elements, a methodology for ranking the technologies considering their 

numerical ratings was developed.  The details of this methodology are discussed in 

Documentation of Approach to Assessment of Technologies and Mitigation Strategies.  

Initially only the top 15 technologies for each element were considered, but later all 

the technologies for each element were included in the rankings.  The results of the 

ranking are shown in Table 3.  The technologies are listed in the order of decreasing 

applicability to the respective element. The team discussed and considered these 

technologies with an aim to reduce the number carried into Phase 2.  The following 

technologies were considered too narrow in applicability to R02 elements, severely 

limited in achieving SHRP2 objectives, or sufficiently developed that further work 

was unnecessary:  Au Geo, vitrification, flowable fill, bio-treatment of soils, tieback 

walls, cantilever walls, and trenchless technology.  With these technologies eliminated 

from further consideration, 40 technologies will be carried into Phase 2.       

 

Categorized Bibliography 

An important step in making geotechnical construction technologies more accessible 

and better understood by potential users is to compile a comprehensive set of 

references. For the identified technologies, a comprehensive set of references was 

collected and assembled into a database. The literature database is arranged in three 

sections:  (1) categorized reference listing, (2) full bibliographic citations, and (3) 

source abstracts.  Each of these sections is linked together through a series of easy-to-

navigate hyperlinks that mimic the style of a web page.  Non-copyrighted references 

(e.g., FHWA manuals and reports) can be provided at the touch of a button.  Pending 

copyright issues, full-text articles may also be provided at the touch of a button.  

Navigational tools within the document and within the software used to access the 

files are useful in viewing multiple sections of the database.   

To categorize the literature, a matrix of relevant categories was developed for each 

technology and then populated by the research team members.  Twenty-two categories 

were included in the matrix for each technology, including technology overview, site 

characterization, analysis techniques, design procedures, design codes, construction 

methods, construction time, equipment/contractors, contracting, QA/QC, performance 

criteria, monitoring, geotechnical limitations, non-geotechnical limitations, case 

histories, environmental impacts, initial cost, life cycle cost, durability, and reliability.  

For a given technology, the categories present in a particular reference are indicated 
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by a checkmark in the appropriate category column. A user of the database can thus 

search issues for a particular technology by entering the technology matrix, selecting 

the category of interest and identifying those references that speak to the category of 

interest.  Hot-links are provided to the bibliographic citation, the source abstract (if 

provided), and the full reference.  At this time, due to copyright issues, full references 

are available only to SHRP2 R02 research team members.   

 

RESULTS OF TASK 2  

 

Task 2: Identify and discuss technical issues and project development/delivery pros 

and cons that need to be considered to further encourage widespread implementation 

of the geotechnical materials and systems identified in Task 1. 

 

The product for Task 2 is a listing and discussion of the technical issues and project 

development and delivery pros and cons that need to be considered to further 

encourage widespread implementation of the technologies. The research team’s early 

efforts identified a preliminary list of 15 issues.  Brainstorming and discussions 

between the research team and the Advisory Board identified some 30 additional 

issues to be considered. The full list was reviewed, critiqued, and separated into 

technical and non-technical issues, with the non-technical issues being held over to the 

Task 4 discussions and with certain performance-related issues carried to Task 3. The 

items identified as new technical factors were then combined, used to modify, or 

added to the previous technical factors list.  This proved to be difficult, but allowed 

meaningful discussion, especially in relation to the influence on project time (i.e., 

intervention time to be effective, construction time, and project critical path) and the 

definition of technical versus non-technical issues.  Through discussion, combination, 

modification, addition and/or subtraction, a reduced list of 17 technical obstacles was 

developed, as shown in Table 2.   

As part of the technology assessments, team members rated the Task 2 technical 

issues and project development pros and cons according to their degree of interference 

with widespread use of each technology.  The highest ranked technical obstacles are 

costs, design procedures, and lack of performance data, quality control/assurance 

procedures, accessible case histories, and easy-to-use selection tools.  These results 

provide key information for Task 5 efforts to identify the most promising mitigation 

methods to carry forward to Phase 2.   

 

RESULTS OF TASK 3 

 

Task 3: Identify performance criteria, and existing and emerging QC/QA procedures 

to use with the geotechnical materials and systems identified and discussed in Tasks 1 

and 2. 

 

The product for Task 3 is a listing and assessment of performance criteria and 

existing and emerging QC/QA procedures to use with the identified technologies. The 

team’s preliminary list of performance criteria that could be used to assess 

technologies identified five types: serviceability (tolerable movements), stability, 
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reliability, long-term durability, and liquefaction resistance. A preliminary list of 

QC/QA procedures included manufacturer certifications, contractors QC/QA 

requirements, visual observations of materials and construction procedures, field 

sampling and laboratory testing, in-situ testing, geophysical methods, automated 

construction-control-based instrumentation to monitor system response, and post-

construction performance monitoring.   

Ordinarily, geotechnical related specifications for geotechnical materials and 

systems are either based upon a method or end-result specification. Alternatively, 

performance specifications for geotechnical engineering systems are primarily 

concerned with engineering behavior in relation to strength, stiffness, volume stability, 

reliability, and durability. Hence, discussions about this task focused primarily on the 

relationship between identifying the appropriate performance criteria for technologies 

and then relating the performance criteria to the appropriate specification for the 

technology, whether that be a method, end-result, or performance specification. The 

issues and the interplay of technical versus non-technical constraints were also 

considered. The integrated elements necessary for establishing geotechnical QC/QA 

procedures and specifications were presented and discussed with emphasis on the fact 

that these may well be unique for each site and for each technology.  Three key areas 

were explored for Task 3 in the technology assessments:  existing QC/QA procedures 

and measurement values, performance criteria, and emerging QC/QA procedures and 

measurement values.  These areas were further sub-divided into material and process-

control related parameters, and in the case of performance criteria, into material 

parameters and system behavior.   

 

RESULTS OF TASK 4  
  
Task 4: Identify and discuss the non-geotechnical project-specific parameters that 

constrain full utilization of the identified geotechnical materials and systems. 

 

The product for Task 4 is a listing and discussion of the non-technical project-

specific parameters that constrain full utilization of the technologies. These issues 

were assessed in a manner similar to the Task 2 issues, i.e., they were included in the 

survey instrument and discussed and brainstormed at the December Workshop. As in 

Tasks 2 and 3, identification of the key problems to be overcome, as well as the 

identification of potential solutions and mitigation measures, is at the heart of this task.   

Using an initial list of 13 issues, the research team and the Advisory Board 

brainstormed and discussed the non-technical project-specific parameters that need to 

be considered to further encourage widespread implementation of the technologies. 

This identified 16 additional issues to be considered, some raised during the Task 2 

discussions, and others added from the Task 4 specific discussions. As with Task 2, 

the full list was reviewed, critiqued, combined, and modified into a tighter list of 15 

non-technical obstacles, as shown in Table 3.   

As with Task 2, ratings for Task 4 issues were compiled for all of the technologies, 

to determine the relative rank of the Task 4 obstacles.  The highest ranked Task 4 

obstacles are lack of technology knowledge, organizational structures, technical 

leadership, and qualified contractors and equipment.  These results provide key  
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information for the Task 5 efforts to identify the most promising mitigation methods 

to be carried forward to Phase 2.   

 

RESULTS OF TASK 5  

 

Task 5: Assemble a panel of highway design and construction professionals, and with 

its help, identify the most promising methods for mitigating the non-geotechnical 

project-specific parameters identified and discussed in Task 4 that constrain full 

utilization of the geotechnical materials and systems identified in Task 1, and develop 

a work plan for the following activities: 

• Testing and evaluating the effectiveness of these mitigation methods  

• Developing a catalogue of materials and systems for rapid renewal projects 

• Developing design procedures, QC/QA processes, and guidance for applying 

these geotechnical materials and systems 

• Developing methods for estimating the cost of their application 

• Developing sample guide specifications for these geotechnical materials and 

systems. 

 

Task 5 pulls together the results of Tasks 1 to 4 and sets the stage for the Phase 2 

work. The products for Task 5 are (1) a list and discussion of the most promising 

methods for mitigating the non-geotechnical project-specific parameters constraining 

application of geotechnical solutions and (2) the updated work plan for Phase 2. The 

first efforts at identifying mitigation strategies occurred during preparation of the 

proposal, and these strategies formed the starting point for our discussions with the 

Advisory Board at the December workshop. The result was 53 specific strategies in 10 

categories applicable not only to Task 4 obstacles but to Task 2 obstacles as well.  

Eventually these strategies were combined into three categories: education and 

training; agency, industry, and academic collaborations; and policy development. The 

strategies were then mapped with the Task 4 obstacles to develop the mitigation 

strategies to pursue in Phase 2.     

An updated Phase 2 work plan was completed in August 2008 and approved by 

SHPR2 in October. This plan presented the team’s proposed methodology for the 

following activities:    

• Testing and evaluating the effectiveness of these mitigation methods  

• Developing a catalogue of materials and systems for rapid renewal projects 

• Developing design procedures, QA/QC processes, and guidance for applying 

these geotechnical materials and systems 

• Developing methods for estimating the cost of their application 

• Developing sample guide specifications for these geotechnical materials and 

systems. 

The updated work plan proposes to incorporate development of the materials-and-

systems catalogue in the first bullet and the application guidance in the third bullet 

into an integrated catalogue and guidance system.  This system will provide the data 

necessary for determining the applicability of specific technologies to specific 

projects, and then it will guide the user to information needed to apply the selected 

technologies.  The catalogue will include information necessary for initial screening 
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(i.e., depth limits, applicability to different soil types, acceptable groundwater 

conditions, applicability to different project types, ability to deal with project-specific 

constraints, general advantages/disadvantages, etc.), as well as design methodologies, 

quality assurance and control, costs, and specifications.  Thus, the catalogue and 

guidance system will integrate the results of Phase 1 with the additional information to 

be generated in Phase 2. 

 

 

SSUMMARY   

 

This paper has described Phase 1 of the SHPR2 R02 project Geotechnical Solutions 

for Soil Improvement, Rapid Embankment Construction, and Stabilization of the 

Pavement Working Platform. The team envisions that the Phase 2 system will 

overcome many identified obstacles and thereby promote more widespread use of soil 

improvement technologies to achieve SHRP2 Renewal objectives.   
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Table 1. Technologies with potential applicability to SHPR2 R02 Elements 

 

No. Technology No.  Technology 

1 Excavation and Replacement 25 Fiber Reinforcement for Slopes  

2 
Prefabricated Vertical Drains and Fill 

Preloading 
26 Geosynthetic Reinforced Embankments 

3 Vacuum Preloading with and without PVDs 27 
Lightweight Fill, EPS Geofoam, Low 

Density Cementitious fill (e.g. Elastizell) 

4 Sand Compaction Columns 28 
Column Supported Embankments with or 

without Load Transfer Mat 

5 Vibrocompaction 29 
Geosynthetic-Reinforced Construction 

Platforms 

6 Deep Dynamic Compaction 30 
Onsite Use of Recycled Pavement 

Materials 

7 Blasting Densification 31 
Chemical Stabilization of Subgrades and 

Bases  

8 Rapid Impact Compaction 32 
Mechanical Stabilization of Subgrades 

and Bases 

9 Stone Columns 33 

Geosynthetics and Fiber Reinforcement 

in Pavement Systems, Partial 

Encapsulation 

10 Rammed Aggregate Piers 34 Intelligent Compaction 

11 Vibro-concrete Columns 35 High Energy Impact Rollers 

12 
Combined Soil Stabilization, Sand Cement 

Columns 
36 Micro-Piles 

13 Continuous Flight Auger Piles 37 Electro-osmosis  

14 AuGeo 38 Injected Light Weight Foam Fill 

15 Geotextile Encased Columns 39 Vitrification 

16 Deep Mixing Methods 40 Flowable Fill 

17 Bulk-Infill Grouting 41 
Hydraulic Fill + Vacuum Consolidation + 

Geocomposite drains 

18 Jet Grouting 42 Bio-treatment for subgrade stabilization  

19 Compaction Grouting 43 Chemical Grouting/Injection Systems 

20 
Drilling/Grouting and Hollow Bar Soil 

Nailing 
44 Beneficial Reuse of Waste Materials 

21 Shoot-in/Screw-in Soil Nailing 45 Tieback Systems 

22 
Shored Mechanically Stabilized Earth Wall 

System 
46 Cantilever Pile Walls 

23 
MSEW, Modular Block/Geosynthetic Wall, 

Tecco Mesh/Shotcrete Facing System 
47 Trenchless Construction 

24 Reinforced Soil Slopes   
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Table 2.  Task 2 technical issues and 

project development pros and cons 

that interfere with widespread use of 

each technology 

No. Item 

1 

Lack of simple, comprehensive, 

reliable, and non-proprietary 

analysis and design procedures 

2 
Costs for design, construction, 

QC/QA, and/or maintenance 

3 Construction time 

4 
Time from installation to full 

effectiveness 

5 

Lack of established engineering 

parameters and/or performance 

criteria 

6 Lack of effective QA/QC procedures 

7 
Lack of easy-to-use tools for 

selecting technology 

8 Technology immaturity 

9 

Need for a specific project delivery 

method, e.g., (1) design-bid-build, 

(2) pre-bid alternatives, (3) post-bid 

alternatives (V.E.), (4) design-build, 

(5) design-build-maintain 

10 
Lack of site characterization 

information 

11 Performance uncertainty  

12 Lack of long-term performance data  

13 
Environmental impacts of the 

technology  

14 Lack of accessible case histories  

15 Construction loads  

16 Vibrations 

17 
Lack of suitable model 

specifications 

Table 3.  Task 4 non- technical issues 

and project specific parameters 

limiting the use of the technologies. 
 

No. Issue 

1 
Lack of knowledge about the 

technology 

2 

Lack of organizational structure 

and policies to encourage use of 

new technologies 

3 External pressures on agency 

4 

Lack of qualified contractors, 

contractor strategies, personnel, 

materials, and specialty equipment 

5 Proprietary product/process 

6 Liability 

7 
Absence of champion or technical 

leadership 

8 

Project conditions (right-of-way, 

geometry, scale, utilities, and 

sequence) 

9 Existing market protection 

10 Traffic management 

11 
Environmental impacts on the 

technology 

12 Weather 

13 Public impact 

14 
Lack of profit or return on 

investment 

15 Requirements for waste disposal 
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ABSTRACT: Conventional column-type reinforcement elements have been widely 

used for ground improvement and they can be classified into three categories: (1) 

sand column and stone column; (2) deep mixed column, lime column, and jet grouted 

column; and (3) concrete solid piles, concrete pipe piles, and steel pipe piles. The 

column-type reinforcement elements of different categories exhibit different behavior 

and failure modes. Recently, new and composite column-type reinforcement elements 

have been developed, which combine two or three types of conventional column-type 

reinforcement elements into one column. The composite column is formed by 

installing a plain concrete, reinforced concrete, or steel pile of a small diameter in the 

center of the first or second type column to a desired depth. This composite column 

has much higher bearing and bending capacities than the conventional column-type 

reinforcement element in the first and second categories. The cost of the new type 

columns is competitive considering their higher capacities as compared with the 

conventional columns. This paper summarizes experimental studies and case histories 

on the behavior and performance of these composite columns used in China. 

 

INTRODUCTION  

 

Soft ground is widely distributed in mainland of China, especially along the 

coastal area, where most of economically developed areas are located on soft marine 

clayey deposit. In inner China, problematic soil can be expansive soil, alluvial soil, 

marsh soil, lacustrine deposit, and collapsible soil. Collapsible loess is mostly located 
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in western or northwest China. In addition, there are large areas of reclaimed land and 

more than 1000 km
2
 land will be reclaimed in the near future. 

In the past ten years, China has constructed many highways and high-speed 

railways. Recently, several high-speed passenger railway lines are under construction 

and more than 10,000 kilometer long railway lines will be constructed within 15 

years. According to the China National Highway Network Plan, 45,000 kilometer 

long highways will be constructed in the future. Some of these railways and highways 

have to be constructed on problematic soils and the treatment of such soils is 

expected to cost a considerable amount of money over the total budget.  

According to the Chinese Technical Code for Ground Treatment for Buildings 

JGJ79-2002 (China Building Research Institute, 2002), ground treatment methods for 

buildings mainly include over-excavation and replacement, dynamic compaction, 

vibro-compaction, vibro-replacement, preloading, vacuum preloading, sand or gravel 

columns, cement-flyash-gravel (CFG) columns, rammed-cemented-soil columns, 

rammed-soil columns, lime columns, lime-soil compaction columns, grouting, 

solution injection, deep mixing, jet grouting, and lime-soil columns. Among these 

methods, ten or more ground treatment methods have been adopted in the 

construction of highways and regular/high speed railways in China including fill 

preloading, vacuum preloading, combined fill and vacuum preloading, dynamic 

compaction, deep mixing, jet grouting, composite ground with different 

reinforcement elements, and pile-net composite ground. For a composite ground, rigid 

piles are sometimes used as ground reinforcement elements in addition to DM 

columns, sand columns or gravel columns. The composite ground reinforced by rigid 

piles is often called the rigid pile composite ground. Ground improvement has also 

been used in the construction of airports, ports, and other facilities on soft ground or 

newly reclaimed land.  

For these widely used, conventional column-type reinforcement elements, they 

can be classified into three categories based on the used materials, the installation 

methods, and the behavior and failure modes of the elements.  

The first category includes sand columns and stone columns, which comprise 

granular materials. These reinforcement elements can provide vertical drainage thus 

accelerating the consolidation of soft soil. However, they typically have relatively 

low bearing capacity, shear strength, and no bonding and tensile strength. As a result, 

these reinforcement elements usually have bulging failure due to relatively low lateral 

support in the upper part of columns. For short floating columns, they may be 

punched into the underlying soft soil. Embankments over soft soil treated with sand 

columns or stone columns often experience large settlement. This type of 

reinforcement elements is typically less expensive.  

The second category includes deep mixed (DM) columns, lime columns, and jet 

grouted columns, which are formed through chemical reactions between reagent and 

soil. In situ soil mixing (SM) technology can be subdivided into two general methods: 
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Deep Mixing Method (DMM) and Dry Jet Mixing method (DJM). The columns 

installed by soil mixing have relatively high shear strength, compressive strength, and 

bonding strength but low tensile and bending strength. This type of reinforcement 

elements is more expensive than that in the first category.  

The last category includes plain concrete piles, concrete pipe piles, steel pipe piles, 

and so on. They have much higher shear strength, compressive strength, and bond 

strength. For reinforced concrete and steel piles, they can also have high bending and 

tensile capacity to resist lateral and uplift forces. However, they are often the most 

expensive.  

 

POSSIBLE FAILURE MODES OF COLUMNS 

 

The column-type reinforcement elements of different categories exhibit different 

behavior and failure modes due to their shear, compressive, and bonding strength in 

addition to lateral support of the surrounding soil.  

The possible failure mode of 

three single DM columns of 18 m 

long and 0.5 m in diameter in the 

Wenzhou deep soft clay were 

studied by conducting field 

loading tests (Zheng et al., 2002). 

The load versus settlement 

curves of these three columns are 

shown in Figure 1. The 

exhumation of these columns 

after loading tests showed that 

they all failed by the crushing of column heads. As a result there was hardly any 

rebound of the loading plate when unloaded. Figure 1 shows that the average ultimate 

bearing capacity of these single columns was only 120kN to 140 kN, which is much 

lower than the total load capacity of the shaft and tip resistance of the column (Zheng 

et al., 2002). In other words, the shaft and tip resistance of the column was far from 

being fully mobilized due to the failure of the column material. 

Broms (1999) illustrated the possible failure modes of columns under the 

embankment as shown in Figure 2. As also indicated by Han (2005), DM columns 

can subject to shearing, bending, rotation, tension failure, or a combination of these 

four modes depending on soil conditions, column strength, and design configurations. 

Figure 2 shows flexural and tension failure zones at different locations of the 

embankment. Moreover, Broms (1999) indicated that horizontal forces from the 

embankment would reduce the bearing capacity of DM columns. 

 

 

FIG. 1 Q-s curves of single DM columns 

(Zheng, 2006) 
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The bearing capacity of the single DM columns in Fig. 1 can be greatly improved 

by increasing the compressive strength of the column material without increasing the 

diameter. From Figure 2, it is expected that the overall stability of the embankment 

can be significantly improved by increasing the tensile strength of DM columns 

located in the tension failure zone and/or increasing the bending capacity of DM 

columns located in the flexural failure zone. 

 

DEVELOPMENT OF COMOPSITE COLUMNS 

 

In the past ten years, several new composite column-type reinforcement elements 

have been developed in China, which combine two or three types of conventional 

column-type reinforcement elements into one composite column. The composite 

column is formed by installing a plain concrete, reinforced concrete, or steel pile of a 

small diameter in the center of the column to the desired depth. This column often 

belongs to the first or second category. This composite column has much higher 

compressive and bending (sometimes tensile) capacities than that without any 

inclusion. The costs of the new type composite columns are competitive considering 

their high capacities as compared with the conventional columns. 

 

Concrete-DM Composite Columns 

 

DM and DJM columns are typically used to support lightweight buildings or 

relatively low embankments due to limited bearing capacity of a single column. The 

side and tip resistance of a long DM column cannot be fully mobilized due to the 

 

FIG. 2 Possible Failure Modes of Columns (Broms, 1999) 
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failure of the column material (Zheng et al., 2002). Under such a condition, the 

bearing capacity and stiffness of the column can be improved by including strong and 

stiff elements. As a result, fewer columns would be needed. 

Figure 3(a) shows a composite DM column (CDMC) system developed in China, 

which includes the installation of a precast concrete or reinforced concrete core pile 

with a diameter of 150-350 mm into a pre-installed DM column. The inclusion can 

solve the insufficient strength and stiffness problem for the DM column so that 

higher bearing capacity can be obtained for this column. The composite DM column 

or DJM column can also be obtained by installing a cast-in-place concrete core pile of 

a smaller diameter in the DM column or DJM column. 

 

 

Ling et al. (2001) carried out a series of full-scale load tests on 12 composite DM 

columns, 7 conventional DM columns, and 5 reinforced concrete bored piles of 10m 

long to investigate the differences in their load capacities and failure modes. Figure 4 

shows that the load capacities of the composite DM columns (CDMC) were 30% 

higher than the bored piles (BP). In addition, the test results showed that the CDMCs 

were much higher than the conventional DM columns of the same diameter and 

length. All the results implied that the side and tip resistance of the composite DM 

column can be fully mobilized as long as the core concrete pile is long enough to 

transfer the load to the column tip and does not cause the crushing of the column tip. 

Moreover, the calculations based on the current Chinese code proved that the CDMCs 

can obtain nearly the same load capacity as precast concrete piles at much lower cost. 

 

Steel-DM Composite Columns 

 

A steel-DM composite column consists of a DM column reinforced with a shaped 

steel element, such as steel pipe, steel H-pile, or steel cage. The shaped steel is driven 

 

(a)                     (b)                   (c) 

 

FIG. 3 Composite DM columns 
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into the pre-installed DM column. The steel-DM composite column is usually used to 

retain soil during excavation or reinforce existing foundations of buildings. 

 

FIG. 4 Load-settlement curves of single composite DM columns and bored piles  

 

DJM - Sand Composite Columns 

 

Figure 5 illustrates a DJM-sand composite column, in which the smaller diameter 

DJM is installed in the middle of the pre-installed sand column. During the 

installation of DJM, sand is mixed in-situ with the cement slurry to form a stronger 

core cemented sand column. This DJM column can obtain higher load capacity than 

the DJM column alone in soft soil because the surrounding sand column can provide 

higher shaft and tip resistance than the soft soil. In addition, the sand column can act 

as a vertical drain to dissipate excess pore water pressure thus accelerating 

consolidation and preventing liquefaction during earthquake. The quick dissipation of 

excess pore water pressure can also minimize the installation impact of DJM columns 

on the surrounding soft soil and structures.  

 

Concrete - Sand (Gravel) Composite Columns 

 

Figure 6 illustrates a concrete - sand (gravel) composite column, in which a plain 

concrete pile or reinforced concrete pile is installed in a pre-installed sand or gravel 

column (Chen et al. 2007). The concrete pile can be formed by driving a casing in the 

sand column to a desired depth and then backfilling the casing with concrete while 

gradually withdrawing it. Alternatively, a precast reinforced concrete pile can be 

driven down into the sand column. This composite column system has the same 

advantages as the DJM-sand composite column system with an additional benefit of a 

stiffer core. The concrete-sand composite column can also be formed by concrete in 

the upper part and sand in the lower part as shown in Figure 6(b). 
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(a)                    (b) 

  

FIG. 5 DJM-sand composite column  FIG. 6 Sand-concrete composite column 

 

Cage-Reinforced Sand (Stone) Columns 

  

When sand or stone columns are used in soft soil, their load capacity is limited 

due to lower lateral support provided by the surrounding soil. Gao and Liu (2006) 

performed full-scale loading tests on conventional gravel columns and gravel 

columns reinforced with a steel cage at different lengths as shown in Figures 7 and 8. 

Figure 8 shows that the load capacity of the single column can be significantly 

improved even with a short steel cage (only 2 m or 3 m long). 

 

 

 

 

 

 

 

 

 

FIG. 8 Load test results of stone columns 

with and without a steel cage 

 

FIG. 7 Steel cage-reinforced stone 

column 
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T-Shaped DM Columns 

 

T-shape DM column, as shown in Figure 9, with an enlarged diameter at the 

upper part of column was developed by Liu et al. (2005, 2007). Considering that the 

axial force in the upper part of the column is much larger than that in the lower part 

and more likely causes the crushing of the column at the upper part, an enlarged 

diameter at the upper part of the column can increase the load capacity of the DM 

column. The T-shape DM columns with a higher load capacity can reduce the number 

of columns needed as compared with the conventional columns. The construction 

sequence of the T-shaped DM column with an expandable mixing auger is shown in 

Figure 8. 

 

COMBINED USE OF DIFFERENT TYPES OF COLUMNS  

 

A combined technology, which consists of two or more types of ground 

reinforcement elements, has been increasingly adopted in China to technically and 

economically solve geotechnical problems. 

 

Combined Use of DJM Columns and Rigid Piles 

 

In the soft soil regions, such as Tianjin, Shanghai, and Jiangsu Province, DM 

columns are considered as an alternative to support heavy buildings or high 

embankments, which require high bearing capacity and enough stability of the 

composite ground to meet the design requirements. DM columns with soft soil are 

difficult to meet these requirements due to their relatively low strength and stiffness, 

especially at the cement content less than 15%, which is typically used in practice. 

Under such a condition, a combined use of DM columns and concrete piles was 

proposed by Zheng and Ou (2002) and Xie et al. (2007). Both DM columns and 

concrete piles act as ground reinforcement elements. In addition, DM columns can 

prevent liquefaction during earthquake if it is a concern.  

 

FIG. 9 T-shaped DM column       FIG. 10 Construction process of T-shaped  

DM column  
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Combined Use of DM Columns and Sand Columns  

 

A number of case histories on the combined use of DM columns with sand 

columns have been reported in China, for example, Zheng and Ou (2002) and Chen et 

al. (2004). Different from DJM - Sand Composite Columns, DM columns and sand 

columns in this system are installed separately with certain spacing. Sand columns 

can act as vertical drains to accelerate the dissipation of excess pore water pressure, 

which is generated during the DJM installation, loading, and/or earthquake.  

 

2D (Drain and DJM) Method 

 

It is well recognized that the installation of DJM columns would induce excess 

pore water pressure and disturb nearby existing buildings, buried utilities, and roads. 

The 2D method proposed by Liu et al. (2005) is to combine PVDs and DJM columns 

to avoid the above problems. Field measurements show that the PVDs can effectively 

reduce excess pore water pressure during the installation of DJM columns. 

 

CASE HISTORIES 

 

Case History 1- Application of Composite DM Columns to Support A Building 

 

A 6-storey building was to be constructed on soft ground in Tianjin, China. The 

site mainly consisted of soft clay and silty clay as shown in Figure 11. DM columns 

with a diameter of 500mm were first installed to a depth of 10.5 m. Nine meter long 

reinforced concrete tapered piles of 233-mm square at the top and 100-mm square at 

the tip were pressed into the pre-installed DM columns. The construction of the DM 

composite column is shown in Figure 12, in which a tapered pile was in the process 

of being pressed into the DM column.  

Three full-scale static load tests were performed on three single DM composite 

columns and their load-settlement curves are shown in Figure 13. Based on the test 

results, 299 DM composite columns were designed and installed under the walls of 

buildings at center-to-center spacing of 1.3-1.5m as shown in Figure 14. The 

construction of this building started in June, 2001 and finished in September, 2001. 

The measured maximum settlement of this building at the end of construction was 

22.0 mm.  
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FIG. 13 Static load test data 

 

 

Case History 2 - Application of Sand-Gravel-Concrete Composite Columns to 

Support an Embankment 

 

FIG. 11 Geotechnical profile FIG. 12 Installation of  

the composite column 
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Sand–gravel-concrete composite columns were adopted as the ground 

reinforcement elements in a test section along the highway connecting Zhenjiang and 

Liyang, which is on soft soil (Zhao et al., 2007). The test section mainly consisted of 

a soft clay layer extended to the depth of 15 m and was underlain by layered soils of 

silt and silty clay.  

To install a sand-gravel-concrete composite column, a casing of 500 mm outside 

diameter was first driven into the ground to a desired depth. A 200-mm square, 22-m 

long reinforced concrete pile was lowed into the casing to a designed depth and 

hanged inside the casing. A mix of sand and gravel was backfilled into the casing 

while the casing was gradually withdrawn. A sand-gravel column with a diameter of 

500 mm was installed surrounding the reinforced concrete pile. Then a 500 mm thick 

gravel mat was placed on the surface of the composite ground. The composite 

columns were installed in a rectangular grid pattern with pile spacing of 1.9 m and 

2.1 m at the two directions, respectively. A layer of geogrid was placed within the 

gravel mat. The cross section of the embankment with the columns is shown in 

Figure 15. 

The backfilling of the embankment is shown in Figure 16. Fill surcharge 

preloading was carried out. The excess pore pressure in the soil between columns was 

measured and is shown in Figure 17. Figure 17 shows that the excess pore pressure 

remained small during the whole backfilling of the embankment except for the 

moment the surcharge was quickly applied. The sand-gravel surrounding the concrete 

pile accelerated the dissipation of excess pore water pressure induced by the 

backfilling thus making the quick embankment construction possible. The measured 

settlement beneath the embankment is shown in Figure 18. Apparently, the 

consolidation of the soil almost finished at 90 days after applying the surcharge 

preloading. 

 

FIG. 14 Configuration of composite DM column 
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FIG. 15 Cross section of the embankment 

 

FIG. 16 Embankment filling versus time  

 

FIG. 17 Excess pore pressure versus embankment filling  
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CONCLUSIONS 

 

A series of new column-type reinforcement elements have been developed in 

China, which combine two or three types of conventional columns into one 

composite column or composite ground. These composite columns utilize the 

combined advantages of different conventional columns and have been increasingly 

used in soft soil to support buildings and embankments. The composite columns can 

significantly increase the stability of embankments during backfilling; therefore, 

rapid embankment construction becomes practical. The composite columns can also 

provide higher capacities than the conventional columns at a competitive cost. It 

should be highlighted that the composite DM column can even provide the load 

capacity higher than the bore pile of the same peripheral size and length. 
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ABSTRACT: Pile-supported embankments are increasingly being used for highways, 

railways, storage tanks, etc. over soft soil. In this paper, a closed-form solution for the 

one-dimensional loading was presented taking into consideration of the soil arching in 

the embankment fill, the negative skin friction along the pile shaft, and the settlement 

of the foundation soil. A case of pile-supported embankments was provided. Field 

monitored data from contact pressures acting on the piles and the soils, to the 

settlements of the piles and the soils were reported and discussed. The available 

design standards and approaches were verified by the case. 

 

INTRODUCTION 

 

Pile-supported embankments have been increasingly used for embankments and 

platforms, for the advantages of rapid construction, small vertical and lateral 

deformations, and global stability (Jones et al. 1990, Liu et al. 2007).  Many 

researchers established different kinds of model tests to study the Pile-supported 

embankments (Hewlett and Randolph 1988; Low et al. 1994; Chew et al. 2004; Chen 

et al. 2008b; Collin 2007; Filz and Smith 2007).  With the developing of 

geotechnical software, numerical methods were frequently used to investigate the 

load transfer mechanisms (Han and Gabr 2002; Pham et al. 2004; Huang et al. 2006).  
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A closed-form solution has been developed for the interaction between the piles, the 

soil, and the embankment (Chen et al. 2008a), but no geosynthetic reinforcement was 

considered and the embankment fill, the foundation soil, and the piles were all 

assumed to deform one-dimensionally. There are very few standards and approaches 

for the design of Pile-supported embankments (BS8006 1995, NGG 2002, Kempfert 

et al. 2004).   In this paper, the closed-form solution for Pile-supported embankment 

developed by Chen et al. (2008a) was described.  The performances of a case of 

pile-supported embankments over soft ground were presented. The available design 

standards and approaches were verified by the case. 

 

THEORETICAL SOLUTION FOR PILED-SUPPORTED EMBANKMENT 

 

The interactions among piles, pile caps, foundation soil, and embankment fills are 

complex.  Chen et al. (2008a) presented a theoretical solution considering the 

interactions between the piles, the soils, and the embankment, based on a simplified 

unit-cell concept.  The embankment fill, the foundation soil, and the piles were all 

assumed to deform one-dimensionally, and no geosynthetic reinforcement was 

considered.  The fill above the elevation of the pile cap was simplified as an inner 

column and a hollow cylinder.  The axi-symmetric unit cell model is shown in Fig. 

1.  

 

Fig. 1. Analytical model for the pile-supported embankment 

 

Due to the different compressibility of soil and pile, there is a difference between 

the settlement of pile, Sp, and the settlement of soil, Ss, at the elevation of the pile top, 

i.e. Se in Fig. 1.  The differential settlement at the pile top elevation, Se, causes soil 
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arching in the embankment fill.  The differential settlement at the same elevation in 

the embankment fill decreases from the base of the embankment towards the top 

surface of the embankment and reaches zero at the plane of equal settlement.  Above 

this plane of equal settlement, the settlement and the vertical stress are evenly 

distributed.  The outer cylinder fill would move downwards relative to the inner 

column.  This relative movement induces shear stresses acting downwards on the 

surface of the inner column but upwards on the surface of the outer cylinder. Below 

the pile cap, the settlement of the soil is much greater than that of the pile.  This 

differential settlement would induce negative skin friction along the top portion of the 

pile.  Therefore, the skin friction changes from negative to positive from the top to 

the toe of the pile.   

 The proposed solution considers soil arching in the embankment and the 

distribution of skin friction along the pile.  The plane of equal settlement, the 

proportion of load carried by the pile, the distribution of skin friction along the pile, 

and the settlement of the embankment can be determined from the solution.  Design 

procedure was also provided using the solution. 

 

GENERAL INFORMATION OF THE SJZA HIGHWAY 

 

SJZA highway is one of the major highways built in the southeast of China in 

recent years, which connects Shanghai, Jiangsu, Zhejiang, and Anhui four provinces. 

The total length of the highway is about 89 km. Most of the embankment from 

section K0 to section K53 has to be constructed over deep soft soils. The thickness of 

the soft soils is about 30 m, and most of them are shaped for deposits of silt clay or 

clay with very low strength and high compressibility. So the technique of 

pile-supported embankments is adopted to improve the soft ground. 

Prestressed tube piles are used widely for its good quality and high strength, but 

the producing cost is a little expensive. In transitional embankment sections, the pile 

length needs to change, so it is not convenient to use tube piles. As a result, a new 

type of pile whose cross-section like the letter Y were also used in this highway. The 

shell of the pile is driven with a mandrel and then the shell is backfilled with concrete. 

It is more economical than the traditional tube pile and has many advantages, such as 

larger surface area, higher bearing capacity, and lower producing cost. Based on the 

soil conditions, a test embankment totally 50 m in length (K25+090-K25+140) were 

chosen to study the field performance of the piled embankment. There are five test 

sections, which were section of K25+100 (G1), section of K25+135 (G2), section of 

K24+970 (Y1), section of K24+995 (Y2), and section of K25+025 (Y3). The G1 and 

G2 sections were improved by prestressed tube piles, and Y1, Y2, and Y3 sections 

were improved by Y-shaped piles. Table 1 shows the details of the test sections. The 

profile, the main index and strength properties of the soils in field test site are shown 

in Table 2. The ground water level was at a depth of 0.3 m. 
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Table 1. Detail information of test sections in SJZA highway 

 

Test section     Cap shape    Arrangement 

 (m) (m) (m) (m)  (m) (m) (%)  

G1 4.0 0.4 14 2.0 Square 0.9  20 Triangle 

G2 4.0 0.3 14 2.5 Square 1.0  16 Triangle 

Y1 5.0 0.48 13.5 2.2 Round  1.4 40 Triangle 

Y2 5.0 0.48 13.5 2.7 Round  1.4 27 Triangle 

Y3 5.0 0.48 13.5 2.2 Round  1.4 40 Triangle 

Note: H embankment height, d0 pile diameter or equivalent pile diameter, L pile length, 

Sa pile spacing, a cap width, d diameter of round pile cap, are replacement ratio. 

 

Table 2. Soil profiles and properties at test site in SJZA highway 

 

Layer Thickness         
  

 (m) (kN/m
3
) (%)  (%) (%)  (10

-6
cm / s) (MPa

-1
) (kPa) (°) 

Clayey silt  2.5~3.0 19.1 27.2 0.80 36.8 25.3 11.5 7.50/7.90 0.189 0 24 

Clay  2.0~3.9 17.3 59.9 1.31 62.5 42.6 19.9 0.91/0.25 0.681 0 20 

Silty clay 15.0~16.5 17.1 47.0 1.26 50.9 35.0 15.9 0.10/0.11 0.483 0 22 

Clay 18.5~23.2 18.9 27.8 0.78 40.2 25.2 15.0 7.22/7.61 0.145 0 25 

Note: � unit weight, W water content, e0 void ratio, Ip plasticity index, kh/kv coefficient 

of permeability in horizontal and vertical directions, mv coefficient of volume compressibility, 

c’ effective cohesion, �’ effective friction angle. 

 

TEST SETUP AND INSTRUMENTATION 

 

The fill material consisted mainly of crushed rock mixed with clayey soil with a 

friction angle of 35°, and an average unit weight of 22 kN/m
3
. All piles were arranged 

in a equilateral triangular pattern and were not founded on a firm layer. The tube pile 

had a square cap on the pile head, whereas the Y-shaped pile had a round one. All of 

the pile caps were casted in the field. The Y-shaped piles were formed from a 

low-slump concrete with a minimum of compressive strength of 25 N/mm
2
. The 
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cross-section area of the Y-shaped pile was 0.181 m
2

 and the perimeter was 2.237 m. 

Detail information of piles and pile caps were provided in Table 1. The reinforcement 

consisted of a biaxial polypropylene grid, which was laid in one layer on the top of 

the pile cap. The tensile strength in both directions (longitudinal direction and 

transverse direction) of the geogrid was 120 kN/m, the maximum allowable tensile 

strain was 8%, and the tensile stiffness is 150 kN/m. The details of the instruments 

layout are as follows: earth pressure cells (E10-E23) were placed in the centre of 

embankment to measure the vertical load shared by the pile and the surrounding soil. 

Two settlement plates were installed in each test section. The settlement plates were 

installed both on the top of the pile caps (S3 and S5) and on the surrounding soils (S4 

and S6). Besides, two settlement gauges (SS1 and SS2) were installed to a depth of 

21 m near the centre line of the embankment to measure the settlement of the 

substratum. 

 

FIELD MEASUREMENT 

 

The pressures acting on the pile caps and the soil surfaces measured by the earth 

pressure cells in test sections improved by tube piles and Y-shaped piles were shown 

in Fig. 2 and Fig. 3, respectively. During the first 150 days, the embankment reached 

1.0 m, while the earth pressure on the pile caps and the soil surface increased with the 

height of the embankment fill. After 150 days, the rate of construction increased until 

the finish of the embankment construction. The earth pressure on the pile cap 

increased sharply with the embankment height. However, the earth pressure on the 

soils reached peaks around 150 days, then decreased to relative steady values after 

about another 100 days. This is mainly because that the piles were founded on soft 

substratum in SJZA highway. When the embankment construction was finished (i.e., 

the fill height reached 4.0 m in sections with tube piles and 5.0 m in sections with 

Y-shaped piles), the measured pressures on the top of pile caps were 280 kPa in G1 

section, 289 kPa in G2 section, 259 kPa in Y1 section, 350 kPa in Y2 section, and 269 

kPa in Y3 section, as shown in Fig. 2 and Fig. 3. It is obvious that the foundation soils 

only carried a small part of the embankment load. Therefore, it can be concluded that 

there was a soil arching developed during the embankment construction. The loads of 

the fills were transferred by the soil arching from the soils to the piles. The measured 

values of the load share ratio were 75.5% in G1 section, 61.4% in G2 section, 86.3% 

in Y1 section, 76.6% in Y2 section, and 89.6% in Y3 section. It is clear that the values 

of the load share ratio from sections improved by tube piles are much smaller than 

those from sections improved by Y-shaped piles. The load share ratio decreases as the 

pile spacing increases in SJZA highway. 
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�

Fig. 2. Earth pressures measured   Fig. 3. Earth pressures measured in 

in tube pile sections in SJZA highway  Y-shaped pile sections in SJZA highway 

 

Figure 2 and Figure 3 describe the relation between the measured earth pressures 

and the embankment height. The measured pressures acting on the pile caps increased 

continuously as the fill height increased, whereas the pressures on soil surface did not 

increase at the same rate as the embankment was constructed. As shown in Fig. 4 and 

Fig. 5, the critical heights were 1.3 m in G1 section, 1.7 m in G2 section, 1.2 m in Y1 

section, 1.6m in Y2 section, and 1.2 m in Y3 section. And the net pile spacings were 

1.1 m in G1 section, 1.5m in G2 section, 0.9 m in Y1 section, 1.4 m in Y2 section, 

and 0.9 m in Y3 section (see Table 1). Therefore, it can be noted that the arching 

height is about 1.1-1.5 times larger than the net pile spacing in these test sections.   

 

Fig. 4. Earth pressures change with    Fig. 5. Earth pressures change 

embankment height in tube pile    with embankment height in Y-shaped 

sections in SJZA highway    pile sections in SJZA highway 
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Figure 6 and Figure 7 show the measured settlements both on the soil surface 

between the piles and on the pile cap in SJZA highway. All the measured settlements 

increased with an increase in the fill height.  After the construction of the 

embankment, a few subsequent settlements occurred due to the consolidation of the 

foundation soils. As shown in Fig. 6 and Fig. 7, the measured settlements in G2 and 

Y2 sections were larger than those in other sections.  It implies that the settlement is 

strongly affected by the pile spacing. The differential settlement also increased as the 

fill height increased. The maximum values of the measured differential settlements 

varied between 30 and 45 mm, and about 70% of them occurred during the 

construction. The measured settlements of the substratum were 68 mm in G1 section, 

85 mm in G2 section, 88 mm in Y1 section, 84 mm in Y2 section, and 86 mm in Y3 

section. And it should be noted that there was a large settlement in substratum due to 

the relative soft substratum under the pile toe. The compression of the soft substratum 

counts for about 50%-60% of the total settlement of the embankment. And the 

magnitude of the substratum settlements in these three sections dealt with Y-shaped 

piles was close. The settlement of the foundation soil was larger than that of the pile 

in each test section. 

 

�

Fig. 6. Settlements measured in sections   Fig. 7. Settlements measured in  

with tube piles in SJZA highway      sections with Y-shaped piles in  

SJZA highway 

 

VERIFICATION OF DESIGN STANDARDS AND APPROACHES  

 

   As discussed earlier, soil arching was developed in the embankment during the 

construction. Load share ratio is an indicator of the soil arching. Nowadays, British 

Standard BS 8006 (1995), Nordic handbook (NGG 2002), and German criterion are 

the main available design standards and approaches for the design of Pile-supported 

embankments. 
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In Figure 8, predictions from the proposed method and other three common 

methods (i.e., BS8006, Nordic handbook and German criterion) are included for 

comparisons. As shown in Fig. 8, these four methods give a wide range of prediction 

of the load share ratio. BS 8006 has a great difference in prediction of the load share 

ratio compared to the measured values. When the load share ratio is low, BS 8006 

underestimates the load share ratio. And the German DBGEO design method predicts 

much higher values of the load share ratio. On the other hand, predictions using the 

design method in Nordic handbook and the proposed method are consistent with field 

measurements.   

Figure 9 gives the comparison among the settlements from field measurement and 

the proposed method. The settlements on the top of the pile caps (Sp) and the 

settlements on the foundation soils between the piles (Ss) were plotted in Fig. 9. It can 

be seen that the prediction of the settlements using the proposed analytical method is 

in good agreement with the measured values. 

 

 

Fig. 8. Comparison of the load share  Fig. 9. Comparison between the  

ratio between measured and computed  settlements and the computed values 

values         obtained by Chen’s method 

 

CONCLUSION 

 

The following conclusions can be drawn: 

1. Mechanisms of load transfer such as soil arching have been confirmed from 

observation. When the fill height is not less than 1.1-1.5 times as large as the net pile 

spacing, the soil arching would develop fully in the embankment.   

2. This system can significantly reduce the total settlement of the embankment 

and the differential settlement between the pile and the foundation soil, which 

provides a safe, stable and durable embankment founded on soft soils. The analysis in 

SZJA shows that the total settlement is larger and the substratum settlement counts 
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for 50%-60% of the total settlement when the piles float in the soft layer.  

3. These four methods give a wide range of prediction of the load share ratio.  

BS 8006 has a great difference in prediction of the load share ratio compared to the 

measured values. And the German DBGEO design method predicts much higher 

values of the load share ratio. Predictions using the design method in Nordic 

handbook and the proposed method are consistent with field measurements. Besides, 

the computed settlements obtained by the proposed method are in reasonable 

agreement with the measured settlement. 
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AABSTRACT:  Columns in conjunction with or without geosynthetic reinforcement 

have been used to support embankments over soft clay worldwide.  Columns can 

enhance both load transfer and excess pore water pressure dissipation.  So far, no 

analytical solution is available to evaluate these two effects.  Coupled mechanical and 

hydraulic modeling often becomes one feasible method to analyze this problem.  

Coupled modeling involves considerable computation time, especially under three-

dimensional (3D) situations. To save computation time, the possibility of converting a 

three-dimensional (3D) problem into a two-dimensional (2D) one is appealing to 

practice.  Two approaches (property and geometry conversions) were adopted and 

examined in this study to simplify a 3D problem of column-supported embankments 

into a 2D plane-strain one.  A constructed bridge approach embankment supported by 

deep mixed (DM) columns and reinforced by one layer of geosynthetic was adopted 

for this examination.  The numerical results are compared with the field data to 

examine the validity of these two simplification approaches.  Overall, the geometry 

conversion approach is better than the property approach to simulate the behavior of 

the column-supported embankment. 

 

INTRODUCTION 

 

Column-supported (CS) and geosynthetic-reinforced column-supported (GRCS) 

embankments have been more commonly constructed on soft soils in the past few 

years.  These two embankment systems consist of columns, foundation soils, 

embankment fill, and possibly geosynthetic.  Due to the complexity of these 

embankment systems, researchers have made different assumptions to simplify the 

problem and develop design methods, which lead to great variations among these 

methods (Habid et al. 2002, Horgan and Sarsby 2002, Han et al. 2004, Naught and 

Kempton 2005, McGuire and Filz 2008).  To better understand the GRCS 

embankment system and eliminate the uncertainty in the use of these design methods, 
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experimental and numerical studies have been conducted by a number of researchers, 

for example, Demerdash (1996), Han and Gabr (2002), Chew et al. (2004), Filz and 

Smith 2005, and Huang (2007). 

   Numerical studies have been more often performed because they are time- and cost-

efficient as compared to experimental studies.  When the groundwater exists in the 

fine-grained foundation soil, the behavior of CS and GRCS embankments is time-

dependant.  Coupled mechanical and hydraulic modeling is necessary to simulate this 

time-dependant behavior.  Relative to mechanical modeling only, coupled mechanical 

and hydraulic modeling is much more time-consuming, especially under 3D 

conditions.  To simulate the behavior of the embankment system in years, the 

involved computation time can be days or even months.  This prolonged simulation 

sometimes is not practical for the design of a project.  Attempts have been conducted 

to simplify 3D situations into 2D (plane strain) conditions (Han et al. 2005, Tan et al. 

2008).  Proposed schemes for the simplification include property and geometry 

conversions.  The property conversion is to convert columns under a 3D condition, 

such as a square pattern into a column wall, which has the same width as the diameter 

of the columns but the converted strength and modulus of the wall by equalizing the 

product of the strength and modulus and the cross-section area of the wall to the sum 

of the product of the moduli and strengths of the individual columns and the soil 

between and their corresponding areas.  In this approach, the modulus, the strength, 

and the area replacement ratio of the converted 2D wall are each different from those 

of the individual columns but the clear spacing between the columns or walls is same.  

The area replacement ratio is defined as the ratio of the area of the columns to the 

total treated area.  The geometry conversion assumes that the walls have the same 

strength and modulus as the individual columns but the width of the walls is 

converted by equalizing the total cross section area of the wall to that of the 

individual columns.  This assumption preserves the strength, the modulus, and the 

area replacement ratio but has different clear spacing between columns.  The validity 

of these two simplification approaches in the numerical analysis was examined in this 

study using a constructed bridge approach embankment in Finland, which was 

supported by deep mixed (DM) columns and reinforced by one layer basal 

reinforcement (Forsman et al. 1999).  This project had long-term monitoring data on 

settlements and strains in the reinforcement.   

   FLAC, a two-dimensional finite difference software (Itasca 2002), was selected for 

this study.  In this software, coupled hydraulic and mechanical modeling is 

formulated in an incremental format, which represents the linear quasi-static Biot 

theory (Itasca 2002).  The hydraulic and mechanical modeling is implemented in 

hydraulic and mechanical loops, respectively.  A pore water pressure change due to 

fluid flow together with a volumetric strain increment from the mechanical loop is 

evaluated in the hydraulic loop and passed to the mechanical loop to update effective 

stresses.  Sequentially, the updated effective stresses are used to detect failure and 

calculate volumetric strain increments under the constitutive law in the mechanical 

loop.  The coupled simulation proceeds as the hydraulic and mechanical loops are 

implemented alternately to keep updating pore water pressures and volumetric strains.   
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NNUMERICAL STUDY 

 

The selected project for the numerical study was a constructed GRCS embankment 

built at the Sipoo River, Hertsby, Finland.  Detailed information on this project can be 

found in the references (Forsman et al. 1999, Forsman 2001).  A brief summary of 

this project is provided herein.  The soils from the ground surface consisted of a 1 to 

1.5m crust, 10 to 14 m soft clay, 1 to 6m silt, and 1 to 5m glacial till.  The soft clay, 

considered as the problematic layer, had an undrained shear strength of 10 to 15kPa 

and the effective cohesion and friction angle of 8kPa and 13
o
, respectively, 

determined from drained triaxial tests.  The tangential elastic moduli under drained 

and undrained conditions are 300 to 600kPa and 3,000 to 8,000kPa, respectively, also 

determined from the triaxial tests at the confining stresses corresponding to the in-situ 

stresses.  Poisson’s ratio determined under a drained condition was 0.1 to 0.2.  To 

minimize the settlement, DM columns were installed to improve the in-situ soils and 

a layer of woven geotextile was placed over the DM columns as basal reinforcement 

with a 0.3m thick sand layer between the geotextile and the heads of DM columns.  

The ultimate strength of this geotextile was 200kN/m in both longitudinal and 

transverse directions.  The secant stiffness of this geotextile layer was 1790kN/m and 

2120kN/m at strains of 2% and 6%, respectively.  Each DM column had a diameter of 

0.8m and undrained shear strength of 150kPa.  They were alternately installed into 

two patterns (walls and isolated columns) parallel to the centerline of the 

embankment as shown in Fig. 1.  The columns in these patterns are convenient for 

installation but not necessarily the best to the slope stability.  The isolated columns 

between DM walls are referred as the mid-columns in this paper.  The embankment 

section consisted of a 0.05m thick asphalt layer, a 0.20m thick crushed stone base 

course, a 1.05m thick gravel subbase, and a 0.50m thick sand working platform above 

the existing ground.  In the modeling, the thicknesses of embankment fill layers were 

slightly adjusted to avoid too fine mesh generation.  The material properties used in 

this numerical analysis are listed in Table 1.  The properties for the converted mid-

DM columns were obtained based on the property conversion method, which will be 

discussed further later.  Considering typically measured strains in geosynthetics in 

practice less than 2%, the geosynthetic tensile stiffness of 1700kN/m was used in this 

study.  The crust layer was ignored in this study to account for the removal and 

construction disturbance.  The construction schedule is provided in Table 2.  The 

ground water table was close to the existing ground surface.  This constructed 

embankment was instrumented with horizontal hydrostatic profile gauges, settlement 

plates, and strain gauges on the geosynthetic sheet and monitored up to five years.  

The layout of the settlement plates (S1, S2, S3 and S4) and strain gauges (B4, B5, B7 

and B8) is shown in Figure 1.  S1 and S3 were located at the centerline of the 

embankment below the geosynthetic layer, whereas S2 and S4 were located at the 

same elevation as S1 and S3 but 1m from the centerline.  B4, B5, B7 and B8 

measured strains in transverse direction.  B5 and B7 were over column heads, and B4 

and B8 were in the middle of columns.  

   The soils, columns and embankment fill were assumed as Mohr-Coulomb materials, 

i.e., linearly elastic perfectly plastic materials with a Mohr-Coulomb failure criterion.  

The geosynthetic reinforcement was modeled as geogrid elements incorporated in the 
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software, which can sustain tensile force only.  The Mohr-Coulomb failure criterion 

was adopted for interface elements between the embankment fill and the geosynthetic 

with a reduction factor of 0.8 from the shear strength of the embankment fill. 

 

 

 

 

Figure 1. Cross-section and Instrumentation Layout (unit: mm) (modified from 

Forsman 2001) 

 

Table 1. Material properties 
 

Material 
E 

(MPa) 
� 

� 

(kN/m
3
) 

c�      

(kPa) 

�'     

(
o
) 

w      

(%) 

k           

(m/s) 

Soft clay 0.3 0.2 14.8 8 13 90 6.342�10
-11

 

Silt 1.6 0.33 20 5 20 50 6.342�10
-9

 

Embankment fill 40 0.33 20 5 38 N/A N/A 

Platform fill 20 0.33 20 5 32 N/A N/A 

DM walls 30 0.3 20 150 0 30 6.342�10
-11

 

Converted mid-DM walls 15 0.3 20 79 0 30 6.342�10
-11

 

Geotextile J=1700kN/m, ci=0.8, ks=85,000kN/m/m 

Note: E = elastic modulus (tangential), � = Poisson’s ratio, � = unit weight (saturated unit weight for soil 

below ground water table), c’ = effective cohesion, �� = effective friction angle, w = water content, k = 

permeability, J = tensile stiffness of geotextile, ci = interaction coefficient between geotextile and sand, and ks = 

interface shear stiffness between geotextile and sand.  
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Table 2. Construction schedule (modified from Forsman et al. 1999) 
 

* Since no information available, it is assumed that the traffic started at this stage. 

    

   The DM walls had a width of 0.7m.  The existence of isolated columns made it a 

three-dimensional problem.  Simplified cases were investigated in the 2D modeling 

by: (1) ignoring the existence of the isolated mid-columns (referred as SC1) and (2) 

converting isolated columns and soil into DM walls.  Two simplification methods 

were used to make such conversions.  According to the property conversion, the 

equivalent elastic modulus and cohesion of the DM walls are  

and , where Ec and Es are the moduli of the mid-DM columns 

and the soft clay, respectively; cc, and cs are the cohesion of the column and the soft 

soil, respectively; as is the area replacement ratio.  Considering two adjacent isolated 

columns and soil between them, areas of columns and soil are both 0.49m
2
 (i.e., the 

unit cell area is 0.98) and thus the area replacement ratio, as is 0.5.  It was assumed 

that converted column walls had the same width as isolated columns.  The properties 

of the converted mid-column walls are listed in Table 1.  This study assumed that the 

DM walls within the silt layer had the same properties as those within the soft clay.  

Based on the geometry conversion, the converted mid-DM wall had the same strength 

and modulus as the individual columns.  The width of the converted wall can be 

calculated by equalizing the area of the wall to the total area of the mid-individual 

columns, i.e., 0.35m.  This conversion also keeps the same area replacement ratio.  

The cases derived from the property conversion and the geometry conversion are 

called SC2-a and SC2-b, respectively.    

   The SC1 was expected to be approximate to the cross-section not through 

individual mid-columns, such as Station 327.5.  Both SC2-a and SC2-b were 

expected to be approximate to the section through individual mid-columns, such as 

Station 328.2, as shown in Fig. 1.  The simulation of SC1 also served as the model 

calibration in this study.  Upon the completion of the model calibration, the 

simulations of SC2-a and SC2-b were conducted to investigate the validity of these 

two simplification approaches.   

   The whole modeling was divided into three main steps: (1) initializing the stress 

field and the hydrostatic pore water pressure distribution, (2) building the 

embankment in stages, and (3) applying and maintaining the traffic load.  The traffic 

load was simulated by applying a uniformly distributed load (12kPa) on the crest of 

the embankment.  However, due to the difficulty in modeling a linearly increased 

embankment height during the construction, the actual stage construction process was 

simplified in this study as shown in Fig. 2.  The duration of each stage is the same as 

the real situation.   

Stage No. Material 
Thickness 

(m) 

Duration 

(mm/yyyy) 

1 Platform fill, sand 0.6 11/1996—01/1997 

2 Embankment fill, gravel 0.9 01/1997—09/1997 

3* Embankment fill +asphalt layer 0.3 09/1997—03/1999 
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Figure 2. Staged Construction 

 

RRESULTS AND COMPARISON  

 

The calculated settlements and strains in the geotextile from the SC1 case were 

compared with the measured ones at Station 327.5 as shown in Figs. 3 and 4, 

respectively.  It can be seen that both settlements and strains from the modeling 

capture the trend of measurements well.  The magnitude of the settlements at each 

stage at both locations (i.e., S1 and S2) reasonably well matches the measurements as 

shown in Fig. 3.  The calculated strain at B8 also matches the measurement at B8 as 

shown in Fig. 4.  Even though the calculated strain at B7 at stage 2 underestimates the 

measurement, the final strain achieves a good match of measurement, if the 

fluctuation of the measurements is neglected.   

 

Figure 3. SC1 Case Settlement Comparison 

41ADVANCES IN GHOUND IMPROVEMENT



 

 

 

Figure 4. SC1 Case Strain Comparison 

 

   The successful simulation of the SC1 case assures the adequacy of the numerical 

model, which is the basis for the simulations of SC2-a and SC2-b.  The calculated 

settlements and strains in the geotextile for SC2-a and SC2-b are presented in Figs. 5 

and 6 together with the measurements located at the section cutting through the mid-

columns (i.e., Station 328.2).  Figure 5 shows that both SC2-a and SC2-b 

underestimated the measured settlements at both S3 and S4 locations.  Compared 

with SC2-a, the calculated settlement on the DM wall for SC2-b was smaller but that 

on the soil was larger.  This difference results from the fact that the DM wall based on 

the geometry conversion (i.e., SC2-b) had higher strength and modulus but larger 

clear spacing than that based on the property conversion (i.e., SC2-a).  The higher 

modulus mid-walls in SC2-b resulted in smaller settlement on the walls and the larger 

clear spacing of DM walls in SC2-b resulted in larger settlement between walls.  The 

settlement difference between the wall and the soil in SC2-b is closer to that 

measured in the field than that in SC2-a.     

   Figure 6 shows the calculated strains in the geotextile compared with the measured 

ones.  The comparison reveals that the calculated strains in SC2-b captured more 

reasonably the measured trends of the strains at both B7 and B8 locations than those 

in SC2-a. 

   In summary, the geometry conversion approach for the 2D plane-strain modeling is 

better to capture the behavior of column-supported embankments in a 3D layout than 

the property conversion approach. 
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Figure 5. SC2-a and SC2-b Settlement Comparison 

 

 

 

 

 

Figure 6. SC2-a and SC2-b Geosynthetic Strain Comparison 
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CCONCLUSIONS 

 

This study reveals that the 2D coupled mechanical and hydraulic modeling could 

accurately simulate the behavior of column-supported embankments if the deep-

mixed columns were arranged in a wall pattern.  Both property and geometry 

conversion approaches from a three-dimensional problem to a two-dimensional one 

underestimated the settlements at the base of the embankment if individual columns 

existed.  The geometry conversion approach could reasonably capture the strains in 

the geotextile even if individual columns existed.  Overall, the geometry conversion 

approach is better than the property approach to simulate the behavior of the column-

supported embankment using a 2D plane-strain model.    
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ABSTRACT: Pile-supported earth platforms provide an economic and effective 

solution for embankments constructed on soft soils, especially when rapid 

construction or strict control over deformation of the embankments is required. A 

system with a piled foundation of equal lengths is referred to as the conventional pile-

supported earth platform while the system with non-uniform piles having dissimilar 

lengths is referred to as the composite pile-supported earth platform. This paper 

focuses on the numerical investigations of performance and the mechanism of this 

new type of pile-supported earth platform; particularly the influences of the height of 

the embankment fill, the capping ratio as well as the length of long and short piles on 

the settlements, stress concentration, and the efficacy are addressed. Numerical 

results suggest that the new pile-supported earth platform offer economical design 

compared to the traditional one and meet the requirement for the bearing capability 

and settlement. 

 

INTRODUCTION 
 

Pile-supported embankments have been gaining their popularity in the construction 

of highways on soft ground. The advantages of using such a technique over the 

traditional ground improvement methods such as preloading, vertical drain and 

grouting injection (Magnan, 1994; Shen et al., 2005, Chen et al., 2008) are owing to 

their rapid construction, easy control of settlements, and wide suitability for various 

geological conditions. Conventional pile-supported embankments usually have been 

used with equal length rigid piles (with or without geo-synthetics) and several 

applications have been reported. These application includes widening of the existing 

road, piling for bridge approach support, subgrade improvement, storage tank, etc.  

The main difficulty in design is to assess the degree of support offered by the pile 

caps, which was termed “soil arching effect” by Terzaghi (1943). Since then this new 

improvement method has been studied by a number of authors. Hewlett and Randolph 

(1988), Low (1994) developed their soil arching theories mainly based on 

experimental results. Russell and Pierpoint (1997) summarized different design 

methods proposed to model the soil arching effect and compared them with the 
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results from three-dimensional numerical analysis. Lin and Wong (1999) performed 

field measurements of the pressures both on the pile caps and the soil surfaces 

between the caps, the settlements, pore-water pressures. Han and Gabr (2002) 

conducted a numerical study to investigate the pile-soil-geosynthetic(s) interactions 

by considering the embankment fill height, the tensile stiffness of the geosynthetics 

and the elastic modulus of pile material. Chen et al. (2007) and Jenck et al. (2007) 

accessed several current design methods through the comparison between the test 

results and those from the numerical methods and the design methods. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

FIG. 1.   Composite foundation with long-short piles 

 

Recently, a type of pile supported earth platform – a composite pile-supported 

earth platform with nonuniform piles has been proposed for the ground improvement 

in highway constructions as shown in Fig. 1. Such a new system has piles with 

different lengths and it is focused on its low cost. It is therefore important to 

understand the performance and mechanism of such a new kind of pile-supported 

earth platform. This paper focuses on numerical investigations of soil arching and 

settlements that occur in the platform over soft ground improved by different-length 

piles with different lengths by the two-dimensional finite element method. 

Particularly, the influences of the height of the embankment fill, the capping ratio as 

well as the length of the long and the short pile on the settlements, stress 

concentration and the efficacy are addressed. 

 

NUMERICAL MODELING 

 

In this study, numerical simulations of the composite piled supported earth 

platform were conducted with the finite element method. To simplify the analysis, a 

plain-strain two-dimensional approach was followed and the linear elastic material of 

the piles and the caps was assumed. No relative displacements are allowed at the 

interfaces between piles and soils under a relatively small deformation. The geometry 

of the composite piled foundation is illustrated in Fig. 2.  

Compared with the subsoil, the piles and caps are assumed relatively rigid. The 

equivalent thickness of piles is selected to be 0.7m, and the spacing between piles is 

3.0m. The height of the pile caps and soft soil are 0.5m and 60.0m. A surcharge of 10 

Embankment 
Geosynthetic 

Pile caps 

Long piles 

Short piles 
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kPa has been used for modeling the traffic load as commonly adopted in practice. 

The embankment fill and subsoil are simulated using an elastic-plastic model with 

the Modified Drucker-Prager failure criterion. All parameters used in the analysis are 

tabulated in Table 1. A maximum of 8277 nodes and 7980 linear quarter elements 

were employed to represent the analyzed model. The main influencing factors are: the 

embankment height, the lengths of the long and the short piles, and the capping ratio. 

In the parametric study, only one parameter was varied while the others remained 

constant.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

FIG. 2.  Numerical model of the composite foundation with long-short piles 

 

Table 1.  Parameters of materials for analysis 

Material  Parameters  

Embankment fill , , , ,  

Foundation soil , , , ,  

Piles and caps ,  

 

Non-dimensional parameters for numerical study  
 

The main influencing factors include the embankment height, the length of the 

piles and the capping ratio. In order to simplify the analysis and summarize the 

computational results, several dimensionless parameters are introduced below: 

1. Capping ratio, , which is the ratio of the width of pile cap B to the pile 

spacing s; 

2. Efficacy, , , , which are the total 

efficacy, the efficacy of the long pile, and the efficacy of the short pile, where  and 

 are the pressure on the caps of the long and the short piles; 

s 
H 

Hc 

Hs 

L1 

L2 

B 
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3. Stress concentration ratio,  and , where ,  and  are the 

stresses applied on the cap of the long pile, the cap of the short pile and the 

foundation soil between the caps.  

 

ANALYSIS OF RESULTS 

 

Maximum settlements 
 

Fig. 3(a) shows that the computed maximum settlements at the elevation of the pile 

caps for the pile space of 3m and the cap width of 1.5m. As expected, the settlements 

increase with an increase of the height of the embankment fill. It is of interest that a 

conventional pile-supported embankment with a uniform pile length of 27m has 

almost identical maximum settlements to a composite pile-supported embankment 

with the long pile length of 30m and the short pile length of 10m.  

As shown in Fig. 3(b), the maximum settlements strongly depend on the width of 

the pile caps. The increase of the capping ratio can reduce the maximum settlements. 

In case that there is no pile cap ( ), the maximum settlements at the top  of 

the long pile and the short pile are 197.6mm and 205.5mm, respectively, while the 

values will reduce to the 191.2mm and 199.6mm when the capping ratio equals to 

70%.  

In addition, the length of the piles also has a profound influence on the maximum 

settlements at the elevation of the pile caps. As shown in Figs. 3(c) and 3(d), the 

maximum settlements decrease with an increase of both the length of the long pile 

and the length of the short pile. However, the long pile plays a more important role on 

the reduction of the maximum settlements on the elevation of the pile caps than the 

short one does. It also shows in Fig. 3(c) that the maximum settlements for the 

conventional pile-supported embankments decrease with an increase of the pile length. 

Given a maximum settlements of 196.3mm, the composite pile-supported foundation 

requires the long pile length of 30m and the short pile length of 10m, while the length 

of the piles for the conventional piled foundation need to be 27m. 

 

Differential Settlement 
 

As presented in Fig. 4(a), the differential settlements at the elevation of the pile 

caps is defined as the settlement difference between the centre of the pile caps and the 

mid-span of the clear spacing. Here,  and are the differential settlements for 

the long piles and the short one, respectively. With an increase of the embankment 

height to 5m, the differential settlements at the elevation of the pile caps increase to 

10.1mm and 10.9 mm. A similar conclusion can be drawn for the conventional pile-

supported embankment with a uniform pile length as analyzed by Han and Gabr 

(2002). As shown in Fig. 4(b), the larger capping ratio promotes less differential 

settlements. When the capping ratio approaches to 70%, the differential settlement 

reduces to the least, 8.2mm. 
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FIG. 3.  Influences of embankment height, capping ratio and pile length on 

maximum settlements 

 

Fig. 4(c) indicates that the differential settlements at the elevation of the pile caps 

increase with an increase of the length of the long piles till they approach to a 

constant value when the length of the long piles is greater than 30m. However, the 

influence of the short pile length on the differential settlements appears rather 

different trend (Fig. 4d). The differential settlements decrease continuously with the 

increase of the short pile length. Such a behavior is indeed different from that of the 

maximum settlements and both long and short piles have great influences on the 

differential settlements. 

 

Stress Concentration 
 

Stress concentration is an important parameter to assess the degree of soil arching and 

defined similarly to the conventional pile-supported embankments as 

follows:  and , where  and  are the applied pressure on the 

long and short piles respectively, and  is the average pressure applied on the 

foundation soil between caps. As shown in Fig. 5(a), the stress concentration on the 

top of the long-pile caps is greater than that on the short-pile caps. With an increase in 

the height of the embankment, both the two stress concentration ratios increase, and 
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the difference between  and  appears to be more significant. Fig. 5(b) 

demonstrates the influence of the capping ratio on the stress concentration ratio. The 

greatest difference is 1.37 when the capping ratio equals to 33%. With an increase of 

the capping ratio the two stress concentrations both firstly increase to the maximum 

values, and then decrease. There exists an optimum capping ratio to minimize the 

maximum settlement and differential settlement to the permit region. 

 

    

FIG. 4.  Influences of embankment height, capping ratio and pile length on 

differential settlements 

 

Figs. 5(c) and 5(d) show the lengths of the long and short piles have a different 

influence on the two stress concentration ratios. In the case of a constant length of the 

short pile of 10m, with an increase of the length of the long piles, the stress 

concentration ratio of the long pile  increases and the stress concentration ratio of 

the short pile  decreases. They will both approach a constant value when the long 

pile length  is greater than 30.0m. However, in the case of a constant length of the 

long pile of 30m, both  and  will change continuously with an increase of the 

length of the short pile from 10m to 30m. The figures also show that the stress 

concentration for the conventional piled foundations with uniform pile lengths lies 

between  and . 
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Efficacy 
 

Hewlett and Randolph (1988) and Orianne (2007) carried out studies on the 

efficacy of traditional piled-supported embankments with equal length piles, 

considering the affect of the pile spacing, the embankment height and the 

geosynthetic. For the case of composite piled-supported embankments with long-

short piles, Fig. 6(a) shows that the efficacy of the long piles  and the efficacy of 

the short piles  behave differently with an increase of the embankment height. The 

efficacy of the long piles increases while that of the short ones decreases with an 

increase of the embankment height. The total efficacy of the long and short piles 

approaches to a constant value when the embankment height increases and it is 

slightly larger than that of the conventional piled foundation with the pile length of 

27m.  

Fig. 6(b) demonstrates that the capping ratio affect the efficacy greatly. An increase 

of the capping ratio leads to an increase of the efficacy until it approaches to the 

maximum when the capping ratio equals to 70%. 

Figs. 6(c) and 6(d) show the influences of the length of the long piles and the short  

 

 

FIG. 5.  Influences of embankment height, capping ratio and pile length on 

stress concentration 
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FIG. 6.  Influences of embankment height, capping ratio and pile length on 

efficacy 

 

ones on the efficacy. The efficacy of the long piles increases with an increase of the 

length of the long piles, and decreases with an increase of the length of the short piles. 

With an increase of the length of the long or short piles, the total efficacy of the piled 

foundation with non-uniform piles would be little greater than that of the 

conventional piled foundation. The reason may be that the short piles have a 

relatively low bearing capacity, which will cause a larger settlement of soil nearby, as 

shown in Figs. 4(c) and (d). Therefore, there will be more pressure applied on the 

long piles caps.  

 

CONCLUSIONS 

 

In order to analyze the performance and mechanism of the new composite pile-

supported earth platforms with long-short piles, a comprehensive numerical analysis 

by two-dimensional finite element method was conducted. The main factors 

influencing the total settlements, the differential settlements, the stress concentration 

and the efficacy were investigated. The results of the numerical study demonstrated 

an improved performance of the new pile-supported embankments over the traditional 

ones and some conclusions can be drawn. 

Compared with the short piles, the long piles have a greater influence on the 

maximum settlements and differential settlements. Therefore, relatively rigid long 
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piles can be used in general to reduce the settlements, while the short ones are 

included to improve the bearing capacity of the subsoil. Given the same maximum 

settlements on the elevation of the pile caps, less total length of the piles is required 

for the new composite pile-supported earth platforms than that for the conventional 

ones. 

The pile caps play a significant role in reducing the differential settlements 

between the pile caps and the subsoil between caps, since it can increase the efficacy, 

which means more pressure will be applied on the piles. Furthermore, there exists an 

optimum capping ratio to minimize the maximum settlements and differential 

settlements to the permissible range. 
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ABSTRACT: Three types of numerical analyses were performed to investigate net 

vertical pressures on, deflections of, and strains in geosynthetic reinforcement in 

column-supported embankments.  The analysis types are 3D membrane analysis, 3D 

cable-net analysis, and axisymmetric membrane analysis.  For all three analysis types, 

the vertical pressures applied on top of the geosynthetic were higher in the areas over 

pile caps than in areas underlain by soil to represent arching effects in the 

embankment.  Foundation support was represented by springs with high stiffness at 

the pile cap locations and lower stiffness to represent the soil between pile caps.  

Square, diamond, and round pile caps were investigated.  Geosynthetic strand 

orientations parallel and diagonal to the pile cap layout were studied.  The analyses 

showed that peaks in geosynthetic strain occur at corners of square and diamond pile 

caps and at edges of round pile caps, with the peak strains smaller for round pile caps 

than for other shapes at the same area replacement ratio.  Parametric studies showed 

that maximum deflections and strains increase with increasing vertical stress on the 

geosynthetic and with decreasing area replacement ratio, soil stiffness, and 

geosynthetic stiffness. 

  

INTRODUCTION 

 

Columns of strong material in otherwise soft and compressible foundation soil can 

provide support for embankments to reduce settlement and improve stability.  This 

technique is used to accelerate construction, reduce post-construction settlements, and 

protect adjacent facilities from settlement induced by new embankment loads.  The 

columns can be vibro-concrete columns, driven piles, stone columns, deep-mixing-

method columns, or other types of columns. 

Geosynthetic reinforcement is often placed at or near the base of the embankment 

to help transfer embankment and surcharge loads to the columns.  Several published 

design methods are available to calculate the vertical pressures acting on the 

geosynthetic reinforcement and the tension and strains produced in the reinforcement.  

Wide differences in results from these methods have been well documented (McGuire 
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and Filz 2008, and many others).  Variations in the simplifying assumptions that 

underlie the design methods produce the differing results. 

To shed light on geometric effects and other factors not incorporated in these design 

methods, a series of numerical analyses was performed using a 3D plate model 

dominated by membrane action, a 3D cable-net model, and an axisymmetric 

membrane model.  Details of the analyses and results are in Jones (2007), Halvordson 

(2007), Jones et al. (2009), Halvordson et al. (2009), and Plaut and Filz (2009).  This 

paper provides brief summaries of the analysis methods, but the focus here is on the 

results and their practical significance. 

 

ANALYSIS METHODS 

 

For all three analysis methods, the embankment and surcharge above the 

geosynthetic are represented by vertical pressures acting down on the top of the 

geosynthetic, with high pressure acting on the area underlain by pile caps and a lower 

pressure acting down on the area underlain by soil between pile caps.  In this paper, 

the term "pile cap" is used to represent the top of columns, piles, or pile caps.  Soil 

support under the geosynthetic is represented by linear vertical springs, with stiff 

springs at the pile cap locations and soft springs used to represent the soil in the area 

between pile caps.  The geosynthetic deformation that minimized the total energy of 

the system was determined.  Total energy includes the potential energy of the 

embankment and surcharge loads, the strain energy of the geosynthetic, and the stored 

energy in the foundation compression.  The geosynthetic properties are linear, elastic, 

and isotropic.  For 3D membrane representations of geogrid geosynthetic reinforce-

ment, the value of Poisson's ratio is assumed to be zero in order to be most consistent 

with the cable net representation.  The membrane analyses by Plaut and Filz (2009) 

show that changes in Poisson's ratio only cause small changes in the results. 

The three analysis types are: 

• 3D Membrane Model  A 3D plate model of the geosynthetic reinforcement was 

employed with a very low bending stiffness such that the geosynthetic response 

is dominated by membrane action (Jones 2007, Jones et al. 2009).  The 

nonlinear von Karman theory was used for the strain energy in the geosynthetic. 

• 3D Cable-Net Model  A 3D cable-net model of the geosynthetic was employed 

with strands laid out in a rectangular pattern and four strands connected at each 

node (Halvordson 2007, Halvordson et al. 2009). 

• Axisymmetric Membrane Model  An axisymmetric membrane model of the 

geosynthetic was employed (Plaut and Filz 2009).  A wide range of parameter 

values was investigated with the axisymmetric model because it is much less 

computationally intensive than the 3D models. 

 

CONDITIONS ANALYZED 

 

The 3D geometries that were analyzed numerically are shown in plan view in 

Figure 1.  The columns are laid out in a square arrangement.  Square, diamond, and 

round pile caps were analyzed using the 3D membrane model.  The diamond pile 

caps are simply square pile caps rotated 45°.  The square pile caps shown in Figure 1 
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were also analyzed using the 3D cable-net model.  Geosynthetic orientation is not an 

issue for the isotropic membrane model or the axisymmetric model, but it is for the 

cable-net model.  Analyses using the cable-net model were performed with the cables 

aligned parallel to the sides of the unit cell shown in Figure 1, and with the cables 

aligned parallel to the diagonals of the unit cell.  The axisymmetric model is closest to 

the round pile cap in Figure 1. 

 

 

 

Figure 1.  Pile Cap Shapes and Unit Cell Arrangement 

 

 

The analysis conditions are listed in Table 1.  The varied parameters include: 

• The pressures acting down on the top of the geosynthetic reinforcement.  The 

average pressure, �ave, is equal to the embankment height times the 

embankment unit weight, plus the surcharge pressure.  The pressure acting 

down on the geosynthetic in the area underlain by soil is �soil,down.  These 

pressures can be used to calculate the stress reduction ratio in effect on the top 

of the geosynthetic, SRRtop, as �soil,down/�ave.  The values of SRRtop in Table 1 are 

within the limits of values from arching theories (see Stewart and Filz 2005, for 

example).  

• Pile cap geometry.  This includes the pile cap shape (as shown in Figure 1), the 

pile cap size (side of square and diamond pile caps or diameter of round pile 

caps), and the center-to-center spacing of pile caps in 3D or the diameter of the 

tributary area in axisymmetric analyses.  The area replacement ratio, as, can be 

calculated as the area of one pile cap divided by the area of a unit cell. 

• Geosynthetic characteristics.  The geosynthetic is represented as a membrane or 

a cable net. The tensile stiffness J of the geosynthetic is the elastic modulus 

times the thickness for membrane models, and it is the axial stiffness divided by 

the strand spacing for cable-net models. 

• The foundation stiffnesses.  Kp is the foundation stiffness in the pile cap area, 

and Ks is the foundation stiffness in the soil area between pile caps. 
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RESULTS AND DISCUSSION 

 

Results of the analyses listed in Table 1 and presented in Figures 2 and 3 include 

the maximum vertical deflection of the geosynthetic reinforcement, w, the maximum 

strain in the geosynthetic, �, and the net stress reduction ratio, SRRnet, which is the 

netvertical stress on the geosynthetic reinforcement in the area underlain by soil, �net, 

divided by �ave, where �net = �soil,down - �soil,up, and �soil,up is the average stress acting 

up on the bottom of the geosynthetic in the area underlain by soil.  SRRnet is a 

normalized expression of the net vertical stress that causes the geosynthetic to sag 

down between pile caps. 

The effects of pile cap shape and soil stiffness are shown in Table 1 by Cases 1 

through 6, which employed the 3D membrane model.  The maximum deflections, 

strains, and SRRnet values all decrease as the soil stiffness increases.  These cases also 

show that round pile caps produce smaller maximum strains in the geosynthetic than 

square or diamond pile caps produce at the same area replacement ratio.  Figures 2 

and 3, respectively, show the geosynthetic deflected shape and strain distribution for 

Case 4, which has square pile caps.  Wrinkles occur at the pile cap corners and 

between adjacent pile caps, and spikes in strain occur at pile cap corners. 

Cases 1 and 8 in Table 1 permit comparison between the 3D membrane and cable-

net models for nearly identical conditions; only the geosynthetic stiffness is slightly 

different, with J = 750 kN/m for Case 1 and J = 730 kN/m for Case 8.  The resulting 

maximum deflection and SRRnet values are nearly the same, but the maximum strain 

for the cable-net model is less.  The geosynthetic exhibits less wrinkling in the cable-

net model than in the 3D membrane model, and this could account for the smaller 

value of maximum strain in the cable-net model. 

Cases 7 through 9 in Table 1 show the effect of pile cap size with the low stiffness 

soil.  For pile cap sizes from 0.9 to 1.5 m, the maximum deformations are equal to 

�soil,down/Ks, which corresponds to �soil,down being fully supported by the soil springs in 

the center of the unit cell.  Similarly, the maximum strain, which occurs at the pile 

cap corner, is virtually the same over this range of pile cap sizes because the 

deformed shape of the geosynthetic in the vicinity of the pile corners is nearly the 

same.  However, the value of SRRnet increases with increasing pile cap size, which is 

reasonable since the geosynthetic area that does not reach the full displacement of 

�soil,down/Ks becomes a larger percentage of the area underlain by soil as the pile cap 

size increases. 

Cases 8, 10, and 11 in Table 1 show that deflections, strains, and SRRnet values all 

increase as the pressure acting down on top of the geosynthetic increases.  Similarly, 

Cases 8, 12, and 13 show that deflections, strains, and SRRnet values all increase as 

the stiffness of the soil underneath the geosynthetic decreases. 

Cases 8, 14, and 15 in Table 1 show that increases in geosynthetic stiffness produce 

decreases in maximum strain.  However, computing the geosynthetic tension as J� 

shows that increases in geosynthetic stiffness from 365 to 730 to 1,460 kN/m 

produces increases in tension from 14.2 to 21.9 to 30.7 kN/m, other factors remaining 

the same.  The maximum deflection in these cases is still limited by �soil,down/Ks.  The 

value of SRRnet increases as J increases because a smaller portion of the geosynthetic 

reaches the maximum deflection as J increases. 
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Table 1.  Analysis Conditions and Results 

 
Load Distribtution Pile Cap Geometry Geosynthetic Foundation Results 

Case 

�ave 

(kPa) 

�soil,down 

(kPa) SRRtop Shape 

Size 

(m) 

Spacing 

(m) as Model 

J 

(kN/m) 

Kp 

(kN/m
3
) 

Ks 

(kN/m
3
) 

Analysis 

Type 

Max. w 

(mm) Max. � SRRnet 

1 49.1 30.6 0.624 Square 1.2 3.0 0.16 Membrane 750 29,200 160 3D 191 0.039 0.120 

2 49.1 30.6 0.624 Diamond 1.2 3.0 0.16 Membrane 750 29,200 160 3D 187 0.035 0.115 

3 49.1 30.6 0.624 Circle 1.354 3.0 0.16 Membrane 750 29,200 160 3D 191 0.025 0.110 

4 49.6 24.0 0.484 Square 1.2 3.0 0.16 Membrane 750 150,000 300 3D 83 0.024 0.041 

5 49.6 24.0 0.484 Diamond 1.2 3.0 0.16 Membrane 750 150,000 300 3D 87 0.026 0.041 

6 49.6 24.0 0.484 Circle 1.354 3.0 0.16 Membrane 750 150,000 300 3D 85 0.015 0.038 

7 49.1 30.6 0.624 Square 0.9 3.0 0.09 Cable Net, 0° 730 29,200 160 3D 191 0.030 0.102 

8 49.1 30.6 0.624 Square 1.2 3.0 0.16 Cable Net, 0° 730 29,200 160 3D 191 0.030 0.118 

9 49.1 30.6 0.624 Square 1.5 3.0 0.25 Cable Net, 0° 730 29,200 160 3D 191 0.030 0.131 

10 36.2 15.3 0.423 Square 1.2 3.0 0.16 Cable Net, 0° 730 29,200 160 3D 96 0.010 0.046 

11 74.8 61.2 0.819 Square 1.2 3.0 0.16 Cable Net, 0° 730 29,200 160 3D 381 0.078 0.249 

12 49.1 30.6 0.624 Square 1.2 3.0 0.16 Cable Net, 0° 730 29,200 80 3D 369 0.059 0.236 

13 49.1 30.6 0.624 Square 1.2 3.0 0.16 Cable Net, 0° 730 29,200 320 3D 96 0.013 0.051 

14 49.1 30.6 0.624 Square 1.2 3.0 0.16 Cable Net, 0° 1,460 29,200 160 3D 191 0.021 0.146 

15 49.1 30.6 0.624 Square 1.2 3.0 0.16 Cable Net, 0° 365 29,200 160 3D 191 0.039 0.092 

16 49.1 30.6 0.624 Square 1.2 3.0 0.16 Cable Net, 45° 730 29,200 160 3D 189 0.025 0.101 

17 49.1 30.6 0.624 Circle 1.354 3.385 0.16 Membrane 750 29,200 160 Axisym. 187 0.025 0.115 

18 49.6 24.0 0.484 Circle 1.354 3.385 0.16 Membrane 750 150,000 300 Axisym. 80 0.010 0.041 

Notes: 

(1) See text for explanation of symbols 

(2) The geosynthetic is modeled as (i) a plate dominated by membrane action for Cases 1 through 6, (ii) a cable net with strands parallel to the 

column layout for Cases 7 through 15, (iii) a cable net with strands at 45 degrees to the column layout for Case 16, and (iv) a membrane 

for Cases 17 and 18 

(3) The analysis type is 3D for Cases 1 through 16 and axisymmetric for Cases 17 and 18 
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Figure 2.  Deflected Shape of Geosynthetic Reinforcement for Case 4 

 

 

 

Figure 3.  Strain in Geosynthetic Reinforcement for Case 4 

 

 

Cases 8 and 16 in Table 1 show the effect of orienting geosynthetic reinforcement 

such that the strands are aligned with the diagonals of the unit cell.  The maximum 

deflection does not change appreciably from the parallel orientation, but the 

maximum strain decreases by 17%.  This may be due to the less abrupt transition in 

support for strands adjacent to the most highly stressed strand for the diagonal strand 

orientation of the geosynthetic. 
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The axisymmetric membrane analyses do not represent the full 3D geometry of a 

deflecting geosynthetic overlying discrete pile caps.  However, the differences in 

boundary conditions between an axisymmetric membrane model and a 3D membrane 

model are not large (Smith and Filz 2007).  It seems logical that this conclusion 

would hold particularly well for round pile caps, and this is supported by comparing 

the results for Cases 3 and 17 and Cases 6 and 18.  The axisymmetric membrane 

analyses exhibit a peak in the geosynthetic strain at the edge of the pile cap, similar to 

that in the 3D membrane analyses. 

Because the axisymmetric membrane analyses are much less computationally 

intensive, a wide range of parametric studies can be performed to investigate the 

effects of transitions in parameter values between the discrete cases investigated in 

the 3D membrane and cable-net analyses.  Among other results, the parametric 

studies in Plaut and Filz (2009) using axisymmetric membrane analyses disclosed the 

following trends, which are practically important and are consistent with the results of 

the 3D analyses:  

• Maximum deflections and strains increase with increasing values of �soil,down, 

and with decreasing values of Ks, as, and J. 

• SRRnet values increase with increasing values of �soil,down and J, and with 

decreasing values of Ks. 

 

CONCLUSIONS 

 

Based on the results of the three sets of numerical analyses that are detailed in Jones 

et al. (2009), Halvordson et al. (2009), and Plaut and Filz (2009) and summarized 

here, the following conclusions of practical significance can be drawn: 

• Peaks in geosynthetic strain occur at the corners of square pile caps and at the 

edges of round pile caps. 

• Maximum geosynthetic strains are smaller for round pile caps than for square 

pile caps at the same area replacement ratio. 

• Maximum geosynthetic strains are smaller for the geosynthetic orientation with 

strands parallel to the diagonals of the unit cell than for the orientation with 

strands parallel to the pile cap layout, for the case of square pile caps. 

• Maximum deflections and strains increase with increasing values of �soil,down, 

and with decreasing values of Ks, as, and J. 

• SRRnet values increase with increasing values of �soil,down, as, and J, and with 

decreasing values of Ks. 
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ABSTRACT Finite difference numerical method was adopted to analyze the 

contribution of piles to the overall stability of pile supported embankments. The 

stability analysis of a stable pile supported embankment was first performed and the 

lateral behavior of piles at different locations with respect to the embankment was 

analyzed. Then by applying a uniform load on the top of the embankment, the pile 

lateral behavior and possible failure modes were analyzed and compared for piled 

embankments with different factors of safety. Based on the numerical results, the 

piles and the soils under and outside the embankment were divided into three zones, 

namely the extension-bending zone, the shear zone, and the compression-bending 

zone. The piles located in these three zones exhibit different behavior and have 

different anti-slip mechanisms. Consequently, the piles at different locations may 

have different failure modes at the failure of the embankment and have different 

contributions to the stability of the piled embankment. 

INTRODUCTION 

When an embankment is constructed on soft ground, the rate of backfilling and the 

final height of the embankment are often controlled by the stability of the 

embankment. To enhance the stability of the embankment, columns or piles, such as 

stone columns, deep mixed columns, cement fly-ash gravel piles, and even concrete 

piles, have been used to support the embankment.       

In practice, stability analysis of an embankment is often performed by employing a 

limit equilibrium method to calculate the factor of safety against the overall failure. 

However, research has shown that limit equilibrium methods are not reasonable for 
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pile supported embankments because only the shear resistance of piles at the slip 

surface is taken into account. Centrifuge tests of embankments supported by deep 

mixed columns showed that the possible failure modes of deep mixed columns 

include bending, tilting, translation, shearing, and crushing of the columns, and the 

soils flowing around the columns (Miyake et al., 1991a, b; Kitazume et al., 2005, 

2000). Besides, Terashi et al. (1983) found the extrusion of the unstabilized soil 

between the column rows in the centrifuge tests. 

Han et al. (2005a, b, 2006) and Navin et al. (2006) performed numerical analyses 

on the stability of the embankments on deep mixed columns and concluded that 

assuming shear failure for deep mixed columns tends to be unsafe. Therefore, it is 

important to determine the failure mode of the piles in the stability analysis and to 

reasonably evaluate the pile anti-slide resistance. 

Broms (1999) illustrated the possible failure modes of columns under the 

embankment as shown in 

Figure 1. There exist flexural 

and tension failures depending 

on the locations of the columns. 

Broms (1999) also indicated 

that horizontal forces from the 

embankment would reduce the 

bearing capacity of DM 

columns. 

Zhao et al. (2002) indicated 

that the FEM with an shear 

strength reduction option can 

be used for stability analysis. 

As the collapse failure criterion 

is satisfied at certain reduced 

soil strength, the corresponding shear strength reduction factor is thus the factor of 

safety for stability. Zhao et al. (2005) indicated that the collapse failure of slope may 

occur when unlimited plastic strain and displacement happens. The adopted failure 

criterion in this paper for the numerical analysis is the formation of a continuous 

plastic shear strain zone. A stable embankment can also be loaded to failure by 

applying a uniform load, which represents the increase of the embankment height. 

The analysis of a stable pile supported embankment without basal reinforcement 

was first performed in this study.  Pile lateral behavior including deflections and 

bending moments of the piles at different locations were then analyzed. Lastly,  an 

application of a uniform load on the top of the embankment until its failure was 

analyzed to evaluate the lateral behavior of the piles and the possible failure modes of 

the embankment at different factors of safety. 

 

 

Fig. 1 Possible Failure Modes of Columns (Broms, 

1999) 
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Numerical Model 

   

A typical cross section and plan view of the embankment were selected and is 

shown in Fig. 2, and Fig. 3, respectively. The embankment was supported by columns 

of 0.5 meter in diameter and 28 meters in length at center-to-center spacing of 2.0 

meters.  No basal reinforcement was placed at the base of the embankment. 

According to Zheng et al. (2008), the typical soil profile in Tianjin, China was 

selected. The embankment was 23 m wide on the crest and 5 m high, and had a side 

slope of 1(V):1.5(H). The embankment was constructed in 5 lifts of fill with 1.0 

meter each lift. A surcharge of 15kPa was applied to simulate the traffic load. Half of 

embankment was modeled due to its symmetry.   

 

Material Properties 

 

The soil profile is shown in Fig. 4. The cohesion, the friction angle, the elastic 

modulus, and Poisson’s ratio of the embankment fill were taken as 15kPa, 28
0
, 

30MPa, and 0.3, respectively. The undrained shear strength and some other properties 

of foundation soil are shown in Table.1. Poisson’s ratios of all the soil layers were 

taken as 0.35. Linear elastic perfectly plastic models with Mohr-Coulomb failure 

criteria were adopted for the embankment fill and the subsoil. Interface elements were 

introduced between the piles and the soil. The interface normal stiffness, kn, and the 

interface shear stiffness, ks, were taken as 10
9
 kN/m

2
 for this study. Poisson’s ratio 

 

Fig. 2 Cross section of the column supported embankment (unit: m) 

 

Fig. 3 Plan view of the column supported embankment (unit: m) 

BEHAVIOR OF PILES UNDER EMBANKMENT OF DESIGN HEIGHT 
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The 3D model shown in Fig. 2 contained one row of piles. The thickness of the 

foundation soil beneath the pile tip was two times the pile length as shown in Fig. 2. 

The bottom boundary was fixed in both vertical and horizontal directions and two 

side boundaries were fixed in the horizontal but free in the vertical direction. 

 

Table. 1 Properties of foundation soils 

 

Soil layer Fill Clay Soft Clay  
Very 

soft clay 
Soft Clay Silt 

Bottom 

depth (m) 
1.5 2.5 7.0 12.0 16.5 84.0 

E (MPa) 10 6.8� 6� 4.2� 6� 24.2�

w (%) - 33 39.6 54.6 40.3 21.6 

c (kPa) 10 20 8.6 9.4 14.6 13 

��  5 4.25 6.2 5.9 11.2 33.5 

 

Pile Lateral Behavior 

  

The factor of safety of the stability of the embankment at the design height 

obtained by the strength reduction method was 2.0; therefore, this embankment was 

stable.  Based on the numerical result, no continuous circular slip surface occurred. 

 

Pile deflection 

   

 

 

Fig. 4 Soil profile  

and the elastic modulus of the piles were 0.2 and 10GPa, respectively. 
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similar shapes of deflections along the pile length. However, the piles close to the 

center of the embankment had the smallest deflections. The middle piles (i.e., Piles 

No. 4, 5, and 6) had the largest deflections. The pile deflections decreased from the 

middle piles to the outer piles (i.e., Piles No. 1, 2, and 3). The maximum deflections 

for all the piles occurred at the top of the piles.  

 

Bending moment 

 

The distributions of bending moment along all the piles are similar and shown in 

Fig. 6.  The bending moment increased from the central piles to the outer piles.  

The maximum bending moments for all the piles occurred at the lower part of pile 

body (i.e., a depth of 16m, near the interface between the soft clay and the relatively 

firm silt layer).  

 

Stability of embankment 

 

The potential overall slip surfaces obtained by the strength reduction method are 

shown in Fig. 7. The slip surfaces intersected with the piles at different depths for the 

piles at different locations. 
 

 

 

Fig.6 Bending moments along the piles 

 

Fig. 5 Lateral deflections of piles 

The deflections of Piles No. 1 to No. 9 are shown in Fig. 5. All the piles have 
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Pile Lateral Behavior under Additional Pressure on Embankment 

 

In order to understand how the embankment approached to the overall failure with 

an increase of the embankment height, additional loads were applied on the top of the 

embankment at the design height. The loads were applied to simulate the increase of 

the height of the embankment until a continuous slip surface was formed and the 

overall failure occurred at the factor of safety equal to 1.0. The applied pressures were 

15, 70, 125, and 180kPa, respectively.  The factor of safety of the embankment 

stability was 0.99 under the pressure of 180kPa.  

 

Soil Movement with Respect to Piles 

 

The most critical slip surface and soil movement with respect to the pile 

arrangement at the additional pressure of 180 kPa is shown in Fig.8. The slip surface 

intersects with each pile at different depth. The most critical slip surface through the 

embankment and the pile foundation was determined based on the stability analysis 

using the method of strength reduction and is shown in Fig.9. In the zone where piles 

No.6~10 are located, the soil moves laterally and downward but mainly downward 

with respect to piles No.6~10. This zone can thus be termed compression-bending 

zone, as shown in Fig.9. In the zone where piles No.3, 4, and 5 are located, the soil 

moves nearly horizontally and the piles No.3, 4, and 5 are mainly subjected to lateral 

soil pressure. This zone is thus termed as the shear zone. For Pile No.1 and 2, which 

are located in the extension-bending zone, as shown in Fig.9, can be subjected to 

tension induced by the relative soil upward movement.  

 

Pile deflection 

 

Piles No. 1, 4, and 8 located within different zones in Fig. 9 were selected for the 

analysis of the pile deflections. The effects of the additional pressures on the 

deflections of Pile No. 1, 4, and 8 are shown in Figs. 10, 11, and 12, respectively. The  

 

 

Fig. 7 Potential slip surfaces obtained by the method of strength reduction 
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piles at different locations had similar shapes but different magnitudes of the pile 

deflections under additional pressures. The deflection of Pile No. 4 was the largest 

while the deflection of Pile No. 8 was the smallest. 

 

Fig. 8 Soil movement with respect to piles at the additional pressure of 180 kPa  

 

Bending moment 

 

The bending moments of Pile No. 1, 4, and 8 under different additional pressures 

are shown in Figs.13, 14, and 15 respectively.  It can be seen that the largest bending 

moment occurred in Pile No. 4, which corresponded to the largest deflection occurred 

in Pile No. 4. 

 

Fig. 9 The most critical slip surface and piles zones (unit: m) 
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Fig.10 Distribution of deflection of Pile No. 1  
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Fig.11 Distribution of deflection of Pile No. 4 
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Fig.12 Distribution of deflection of Pile No. 8 
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Fig.13 Pile No. 1 moment under different additional pressures 
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Fig.14 Pile No. 4 moment under different additional pressures 
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SUMMARY AND CONCLUNS 

 

Through the 3D numerical analysis of piled supported embankments, the following 

conclusions can be drawn: 

(1) The soil and the piles below and outside the embankment can be divided into 

three zones: namely the extension-bending zone, the shear zone and the 

compression-bending zone, according to the movement of the surrounding soil 

relative to the piles.   

(2) The pile lateral behavior of deflection and bending moment was different for 

piles located at different locations. The piles deflections and bending moments of the 

piles located in the shear zone were the largest, the piles located in the 

extension-bending zone the less, and the piles located in the compression-bending 

zone the least.   

(3) The piles failure modes and the depth at which the piles may break were 

different for piles located in different zones. The piles located in the shear zone are 

most likely to subject to bending failure. This implies that for pile without steel cage, 

bending failure modes other than shear failure may be more critical. The piles located 

in the extension-bending zone are likely to subject to tension and bending failure. For 

pile reinforced with strong steel cage, the piles located in the compression bending 

zone are not likely subject to bending failure, both the bending capacity and vertical 

bearing capacity of pile contribute to the stability of embankment.  
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Fig.15 Pile No. 8 moment under different additional pressures 
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AABSTRACT:  Geosynthetic-reinforced pile-supported embankments have been 

increasingly used as a rapid construction technique to reduce total and differential 

settlements and enhance load transfer from soil to piles for embankments over soft 

soils.  Most studies have been done so far to investigate this embankment system 

under static loads.  However, highway and railway embankments are subjected to 

cyclic loading.  The behavior of this embankment system under cyclic loading is not 

well known, therefore, it deserves further research.  In this study, the discrete 

element method incorporated in the Particle Flow Code (PFC) 2D was adopted to 

investigate the movement of soil particles above pile caps and the geogrid layer.  A 

cyclic load was applied on the top of the assembly and the contact stresses and the 

tension in the geogrid under cyclic loading were monitored and analyzed.  The DEM 

analysis shows that the geogrid reduced the permanent deformation under cyclic 

loading and increased the stress concentration ratio as compared with the 

unreinforced embankment.  The flexural stiffness of the geogrid influenced the 

magnitude and distribution of the tension along the geogrid. 

 

INTRODUCTION 

 

   Soil arching is one of the most widely observed phenomena in geotechnical 

engineering as first mentioned by Terzaghi (1943).  Soil arching develops when a 

portion of the soil has a movement with respect to the stationary portion of the soil 

and stresses transfer from the yielding (moving) soil to the unyielded (stationary) 

soil.  The detailed discussion on soil arching and the governing factors can be found 

in literature, for example, Giroud et al. (1990), McKelvey (1994), and Han and Gabr 

(2002).  In addition to Terzaghi’s famous trap door experiments, recent experimental 

works focused on the understanding of different aspects of soil arching under static 

loading, for example, Lee et al. (2006)’s on tunneling, Jenck et al. (2007)’s on pile 

supported embankments, and Chen et al. (2008)’s on geosynthetic-reinforced pile-
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supported embankments.  However, highway and railway embankments are mostly 

subjected to cyclic loads of moving vehicles.  Many studies have been done on the 

behavior of granular materials under cyclic loading and found that plastic strain 

accumulates under cyclic loading and the resilient moduli of the granular materials 

increase with the number of load repetitions (for example, Lekarp et al., 2000; 

Giroud and Han, 2004a; b; Indraratna et al., 2007; Perkins and Cuelho, 2007).  

However, there is a lack of research and knowledge on how the behavior of this 

material is related to the soil arching phenomenon in the pile-supported embankment 

under a cyclic load.  To bridge this gap, discrete element method (DEM) modeling of 

unreinforced and geogrid-reinforced pile-supported embankments was conducted 

under a cyclic load in this study.  The DEM modeling treats soil as a particulate 

medium.  Yielding, strain softening, and strain hardening behavior, which is 

complicated and hard to be incorporated in a continuum approach, can be easily 

accommodated in the DEM using the following fundamental properties: packing 

density, normal and shear stiffness of particles, and the coefficient of friction 

between the particles.  Therefore, the DEM modeling is a suitable tool to study the 

behavior of granular materials used in the embankment.   

 

NUMERICAL SIMULATION  

 

   A two-dimensional DEM model, 1.6 m in height and 1.5 m in length (i.e., a 

rectangular box), was created using four walls (FIG. 1).  Particles of 15mm in 

diameter were generated at a porosity of 0.16 (medium dense) using a radial 

expansion technique as described in Itasca (2004).  A model created using the radial 

expansion technique often generates high stresses which should be brought to an 

initial stress condition.  The details of achieving the initial stress condition can be 

found in the authors’ previous research (Bhandari and Han, 2009; Bhandari et al., 

2009).  After achieving the initial stress condition, a geogrid sheet was placed by 

generating the bonded particles (large particles of 2.6 mm in diameter on the nodes 

and small particles of 1.0 mm in diameter between the nodes at spacing of 33.2mm) 

inside the guided walls (created at 1.3 m below the top wall) in the reinforced case.  

The particles that represented the geogrid had contact and parallel bonds.  The 

parallel bond allows the particles to resist both moment and force (Itasca, 2004).  A 

0.3m wide and 0.3 m high pile cap was placed on either side of the model using 

walls.  A high area replacement ratio of 40% was selected considering a low height 

embankment and ensuring the theoretical equal settlement plane (1.4 x 0.9 (clear 

spacing) = 1.26m, according to BS8006) below the top level of the embankment.  

The particles inside the pile caps were deleted because they do not interact with 

particles outside the walls and there is a need for the calculation of the unbalanced 

force on the walls from the particles outside.  Furthermore, the porosity of the 

assembly below 1.3 m (i.e., between the pile caps) was increased to 0.3 (loose) from 

an initial porosity of 0.16 (medium dense) by randomly deleting the particles within 

this zone.  It is worth mentioning that under the same density, the assembly requires 

a higher porosity under a three-dimensional condition than that under a two-

dimensional condition. The high porosity within this zone was to simulate the 

compressible soil.  Because of this compressible soil in the lower part, the geogrid 
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would deform and soil arching would develop.  The coefficient of friction between 

lateral walls and the particles was set zero to prevent any lateral arching and friction 

based on a unit cell concept.    The assembly was compacted by moving the top wall 

at a velocity of 5E-8 m/step until the resistance on the top wall reached a pressure of 

15 kPa to simulate the construction load.  Then the top wall was deleted and a 150 

mm wide footing was created at the top and center of the model to apply a cyclic 

load.  A user defined FISH function was written by the authors to apply a cyclic load 

using a displacement control method.  Nine measurement circles were installed in the 

model as shown in FIG. 1 to measure the stresses. 

   The micromechanical properties of the soil were evaluated and calibrated using the 

biaxial test simulation while those of the geogrid were evaluated using a tensile test 

simulation.  The micromechanical properties used in this study are shown in Table 1.  

These properties correspond to the soil of internal friction angle 41
o
 and the geogrid 

of tensile strength 400 kN/m at 5% strain.  The details of these simulations and 

calibrations can be found in Bhandari and Han (2009) and Bhandari et al. (2009). 

 

 
 

FIG. 1 DEM Model of a Geogrid-Reinforced Pile-Supported Embankment 

 

ANALYSIS OF RESULTS  

 

Selection of a cyclic load 

 

   Before the selection of the cyclic load, the load capacity of the foundation under a 

monotonic load should be first determined and not exceeded by the cyclic load.  The 

monotonic load test was simulated by applying a load on a footing up to failure.  The 
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footing was given a small velocity of 5E-8m/step in a downward direction and the 

resistance force offered by the unreinforced pile-supported embankment was 

recorded.  The vertical displacement of the footing was also calculated.  Figure 2 

shows the load-deformation plot for the footing on the unreinforced embankment.  

The maximum load capacity was determined to be 8 kN from FIG. 2.  A cyclic load 

of 5 kN (approximately 60% of the maximum load, equivalent to 33kPa average 

contact pressure) was selected for the further analysis presented in this paper.  This 

load is smaller compared to a typical wheel load of a highway truck with 80 kN axle 

load.  The purpose of this paper is to understand the behavior of a pile-supported 

embankment under a cyclic load rather than to model the actual embankment and 

vehicle conditions.   

 

Table 1. Micromechanical Properties for DEM Analysis. 

 

Material Parameters 

Young’s modulus of the particle-particle contact, E(MPa) 85 

Ratio of normal to shear stiffness of particles, kn/ks  1.2 Soil 

Friction coefficient (μ) 0.55 

Shear stiffness of particles, ks (MN/m) 2580 

Normal stiffness of particles, kn (MN/m) 2580 

Friction coefficient (μ) 0.44 

Parameter of contact bond normal strength,  �n (kN) 94.97 

Parameter of contact bond shear strength, �s (kN) 94.97 

Parallel bond normal stiffness, knp (GN/m
3
) 1290 

Parallel bond shear stiffness ksp (GN/m
3
) 1290 

Parallel bond normal strength, �np (MN/m
2
) 94.9 

Parallel bond shear strength, �sp (MN/m
2
) 94.9 

Geogrid 

Parallel bond radius multiplier, rpb 0.5 

 

Load deformation behavior 

 

   Figures 3 and 4 show the load-deformation behavior of the footing on the 

unreinforced embankment and the geogrid-reinforced pile-supported embankment, 

respectively, up to 25 cycles.  The deformation of the geogrid-reinforced 

embankment was approximately 25% that of the unreinforced embankment.  The 

benefit of the geogrid reinforcement on minimizing the vertical deformation can be 

seen from the beginning of the load application.  No matter whether there was 

geogrid reinforcement, the slope of the load-deformation plot became flatter with an 

increase of load cycles.  This behavior is consistent with the increased resilient 

modulus of the granular material under the repeated load as discussed in the 

Introduction.  The existence of the geogrid made the slope even flatter.  In other 

words, the reinforced embankment had more elastic behavior.  Figure 5 shows that 

the deformation increased with the load cycles, which can be attributed to the 

accumulation of plastic strain under the cyclic load.  It is noteworthy to mention that 

the deformation of the unreinforced embankment increased continuously with the 
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load cycles while the geogrid-reinforced embankment achieved an almost constant 

deformation at the end of 25 cycles. 

 

 
 

FIG. 2 Load versus Deformation for the Unreinforced Embankment under a 

Monotonic Load 

 

 

 

 

 

FIG. 3 Load versus Deformation for Unreinforced Embankment under a Cyclic 

Load 
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FIG. 4 Load versus Deformation for Geogrid-Reinforced Embankment under a 

Cyclic Load 

 

 

 

FIG. 5 Deformation versus cycle 

 

 

Evolution of stresses on pile cap and soil 

 

   Figure 6 shows the evolution of the stresses on the pile caps and the soil below the 

level of the geogrid reinforcement (1.3 m below from the top) using a stress 

concentration ratio.  Stress concentration ratio (n) is often used to characterize the 

degree of soil arching and defined as a ratio of the stress on the pile cap, �c, to the 

stress on the soil, �s.  The initial stress concentration ratio (n) was 2.8 for the 
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unreinforced model and 6.0 for the geogrid reinforced model (Fig. 6).  This result is 

consistent with that of the Han and Gabr (2002) numerical study, in which the 

geosynthetic increased the stress concentration ratio as compared with the 

unreinforced case.  The stress concentration ratio in Fig. 6 had a small fluctuation 

during the cyclic load but can be considered constant for practical purpose.  

Therefore, the effect of the cyclic loading on the soil arching is minimal for the cases 

investigated in this study.  However, the effect of the cyclic loading may depend on 

the ratio of the embankment height to the clear spacing of the pile caps and the 

dimension of the footing.  In this study, the ratio of the embankment height to the 

clear spacing of the pile caps was 1.45, which was selected based on BS8006 (1995) 

and is consistent with finding for the height-to-spacing ratio required for having an 

equal settlement plane based on the experimental study by Chen et al. (2008).   

 

 

 

FIG. 6 Stress concentration ratio versus load cycle. 
 

Evolution of tension in geogrid 
 

   The tensile force distribution along the geogrid with the load cycle is shown in Fig. 

7 for one half of the model width (symmetrical about the center).  It is shown that the 

tension within the geogrid above the pile cap was lower than that in the geogrid at 

the edge of the pile cap.  This result is in agreement with that based on the continuum 

mechanics analysis by Han and Gabr (2002) and others.  Figure 7 also shows that the 

tension between the pile caps (i.e., above the loose soil) is high.  This finding is 

different from that based on the continuum mechanics analysis by Han and Gabr 

(2002) and others.  The earlier studies showed that the tension between the pile caps 

was lower than that at the edges of the pile caps.  In the continuum mechanics 

analysis, it is typical that the geosynthetic including geogrid is modeled as a flexible 

cable or membrane, which does not have any flexural stiffness.  However, the 

tension obtained in FIG. 7 was based on the geogrid having flexural stiffness.  To 

investigate a possible effect of the flexural stiffness, an additional DEM analysis was 

conducted by modeling the geogrid without any flexural stiffness (i.e., a flexible 
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membrane in the absence of the parallel bond between the particles representing the 

geogrid).  In this model, all the properties related to the parallel bond in Table 1 were 

zeroed but other properties were kept same.  The calculated tension force in the 

geogrid without any flexural stiffness is shown in FIG. 8.  It is shown that the 

geogrid, modeled without any flexural stiffness, had a maximum tension at the edge 

of the pile cap and the tension decreased towards the center of the span and the pile 

cap.  This result is similar to that obtained from the continuum mechanics analysis 

when the geogrid is modeled a cable or flexible membrane.  The degree of reduction 

in the tension may depend on the vertical deformation of the geogrid because of the 

soil resistance between pile caps.  It is expected that the higher deformation of the 

geogrid would result in larger reduction in the tension from the edge of the pile caps 

to the center between the pile caps.  In addition, FIGS. 7 and 8 show that the geogrid 

with flexural stiffness had higher tension than that without flexural stiffness.  Thus, 

the magnitude and distribution of the tensile force along the geogrid depend upon the 

flexural stiffness of the geogrid in addition to the properties of the embankment fill 

and underlying soil and the geometry of the embankment system (for example, the 

spacing of pile caps, the width of pile caps, and the height of the embankment).  

 

 

 

FIG. 7 Development of the Geosynthetic Tensile Force with Load Cycle 

(Geogrid with Flexural Stiffness) 

 

   There is a general tendency of an increase of the tensile force in the geogrid with 

the load cycle.  The maximum deformation of the geogrid increased with the load 

cycle from 28 mm (with flexural stiffness) and 28.2 mm (without flexural stiffness) 

at the beginning of the cyclic load to 31 mm (with flexural stiffness) and 34.7mm 

(without flexural stiffness) at the end of 25 cycles that mobilized the higher tensile 

forces in the geogrid.  It is intuitively correct that the geogrid without flexural 

stiffness had higher deformations than that with flexural stiffness. 
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FIG. 8 Development of the Geosynthetic Tensile Force with Load Cycle 

(Geogrid without Flexural Stiffness) 
 

 

CONCLUSIONS 

 

   This study investigated the behavior of unreinforced and geogrid-reinforced pile-

supported embankments under a cyclic load.  There was an accumulation of plastic 

strain in the embankment fill under the cyclic load.  The geogrid-reinforced 

embankment had 25% less deformation compared to the unreinforced embankment 

under the cyclic load for the conditions evaluated.  The stress concentration ratio of 

pile to soil for the geogrid-reinforced embankment was higher than that of the 

unreinforced embankment.  With some minor fluctuations, the stress concentration 

ratio remained almost constant during the cyclic load for practical purpose. The 

tensile force in the geogrid increased as the deformation of the geogrid increased 

with the load cycle.  The tension distribution of the geogrid between the pile caps 

was dependent upon the flexural stiffness of the geogrid in addition to the properties 

of the embankment fill and the foundation soil and the geometry of the embankment 

system. 
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ABSTRACT: This paper presents an approach based on Reliability-Based Design 

(RBD) to evaluate area replacement ratios (percent coverage) of columns in a multi-

column composite foundation. A geostatistical technique is implemented to estimate 

the autocorrelation distance of foundation soil along the vertical direction. Instead of 

using differential and simulation processes to estimated reliability indices from the 

nonlinear and complex limit state equations, the Immune Algorithm method is 

introduced as a new and effective technique to provide a more accurate solution to 

optimization problems. Reliability analyses of both bearing capacity and settlement of 

multi-column composite foundations are performed to obtain relationships between 

reliability indices and area replacement ratios of columns. Based on previous studies, a 

target reliability index of 3.0 is selected as a criterion to estimate area replacement 

ratios of composite foundations.   

 

INTRODUCTION 

 

   Over the last two decades, multi-column composite foundations have been 

extensively used worldwide. This type of composite foundation involves a ground 

improvement technique that uses different column types, column lengths and 

diameters beneath a raft (Zheng et al. 2008). Effectiveness of the composite 

foundation is evaluated primarily based on the soil bearing capacity and/or settlement 

after ground improvement. Area replacement ratio, defined as the ratio of the total area 

of a certain type of column to the total area of the foundation, is an essential factor of 

the foundation design. Factor of safety and/or load and resistance factor design (LRFD) 

method(s) (Ministry 1991; API 1993; Standards 1995; AASHTO 1999) have been 

commonly used to assess the safety margin of the foundation in terms of its bearing 

capacity (or bearing resistance) and settlement. Reliability analysis, which employs 

probabilistic theory accounting for uncertainties characteristics of soils, has been 

considered as a systematical and reasonable approach to evaluate the safety of 

geotechnical engineering problems. The Reliability-Based Design (RBD) concept has 
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been extensively implemented in the structural engineering community (see BSI 1972; 

CSA 1974; ACI 1983; AISC 1986). Meanwhile, a large number of researchers have 

been devoting their efforts to develop a RBD methodology for geotechnical 

engineering (e.g., Kulhawy 2004; Wu 2003; Fenton 1999a, 1999b; Phoon 2008). 

Specifically, Liu et al. (2007) proposed a RBD methodology for multi-column 

composite foundations.  

   In order to obtain more reliable relationships between area replacement ratios of 

columns and reliability indices, the present study extends Liu’s (2007) research by 

focusing on the uncertainty characteristics of soils and the computation of complex 

limit state equations. 

   In this study, a specific multi-column composite foundation is considered. This 

foundation is improved by two types of columns, one with relatively high strength 

(referred to “primary columns”) and the other with relatively low strength (referred to 

“secondary columns”). The spatial characteristic of soils, such as  the scale of 

fluctuation, will be analyzed using the geostatistics method. Ultimate limit states of 

soil bearing capacity and settlement will also be evaluated. Furthermore, a new 

method, namely, Immune Algorithm (IA), will be proposed to calculate the reliability 

index. 

 

CHARACTERISTICS OF SOIL PROPERTIES  

 

   Taking into account of inherent soil variability (w), measurement error (e), and 

transformation uncertainty (�), the Coefficient of Variance (CV) of a soil property (�d) 

can be calculated as follows (Phoon et al. 1999): 

 

                                                                    (1) 

 

where �
2
(L) = a variance reduction function (see detailed discussion in forthcoming 

sections); the inherent variability (CVw), measurement error (CVe), and transformation 

uncertainty (CV�) and  can be determined as 0.36, 0.15 and 0.29, respectively ( Phoon 

et al., 1999 and Sivakumar Babu et al., 2006). It should be noted that the mean values 

of w, e and � are zero. 

   The variance reduction factor is calculated as a function of the soil average distance 

(L) and the scale of fluctuation (�) as follows (Sivakumar Babu et al. 2006): 

 

                                                  (2) 

 

   The fluctuation scale in the vertical direction is of more interest to geotechnical 

engineers. Sivakumar Babu et al. (2006) proposed the � value twice as the 

autocorrelation distance r0, within which the soil property exhibits a fairly strong 

correlation. However, the value of r0 is usually estimated by empirical methods, rather 

than by statistical analysis.  

In this study, geostatistics is used to estimate the r0 in the vertical direction of the 
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soil profile. The available information consists of variable z at n locations Xi, z(Xi), 

i=1, 2, …, n. Spatial patterns are usually described using experimental semivariogram 

�(h), measureing the average dissimilarity between data differentiated by spatial lags h, 

vectors of distance, and directions (Webster 1985). The experimental semivariogram 

is computed as half of the average squared difference between components of data sets:  

 

                                                   (3) 

 

where N(h) is the number of data sets within a given range of distance and direction. 

The relationship presented in Eq. (3) yields a scatter plot of the semivariogram �(h), 

versus the distance (h) (FIG. 1). Most semivariogram plots consist of three parameters 

(Thayer et al 2003): the nugget representing a combination of sampling error, 

measurement error, and specification error; the sill, typically taken as the 

autocorrelation-free variance; and the range, a distance at which the sill is reached.  

   A model can be developed by curve fitting from the scatter points to estimate 

specific values of these three parameters from a semivariogram plot (Goovaerts 1997).  

This plot can be used to derive the autocorrelation distance r0 as the range. Baker et 

al. (2008) suggested using such a method to develop the soil spatial dependence 

distance in a horizontal plane. In order to obtain the distance in the vertical direction, 

the length of h should be calculated as its vertical component due to the anisotropic 

nature of soils. 

 

FIG. 1. Variogram plot for spatial autocorrelation distance 

 

LIMIT STATE EQUATION OF BEARING CAPACITY 

 

   For a multi-column composite foundation involving primary and secondary columns, 

the ultimate bearing capacity (or nominal bearing resisitence) may be calculated as 

follows (Zheng 2004): 

 

                                 (4)
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where m1, m2 = area replacement ratios of primary and secondary columns, 

respectively; AP1 = cross-sectional area of a single primary column; fpk2 = strength of 

secondary column; fsk = ultimate bearing capacity of soil between columns;  = 

efficiency factors of soil and secondary column, respectively; = ultimate single-

column bearing capacity of primary column calculated as follows (Liu et al. 2007): 

 

 (5) 

 

where qsi = unit side resistance of the i-th layer; n = number of layers; li = thickness of 

the i-th layer; B = diameter of column; qp = unit tip resistance. 

   Using Eq. (5), a limit state equation of the bearing capacity is written as follows: 

 

 (6) 

 

where f0 is a required bearing capacity value. 

 

LIMIT STATE EQUATION OF SETTLEMENT 

 

   Settlement of a multi-column composite foundation subjected to vertical loading 

consists of two components: 

 

                    (7) 

 

where �pi = stress increment at the middle of the i-th layer; li = thickness of the i-th 

soil layer; �ei = change of the void ratio caused by �pi; e0(i) = initial void ratio of the 

i-th soil layer; li = thickness of the i-th soil layer; Eci = composite modulus of the i-th 

layer calculated as follows (Zheng 2004): 

 

           (8) 

 

where Ep1 and Ep2 = moduli of primary and secondary columns, respectively; Esi = 

modulus of the i-th soil layer. 

   Using Eq. (8), a limit state equation of settlement is written as 

 

 (9) 

 

where S0 is the allowable settlement. 
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IMMUNE ALGORITHM FOR RELIABILITY INDEX CALCULATION 

 

   Due to the complexity of limit state equations, it is hard and time-consuming to 

calculate the reliability index using transitional approaches, such as FORM, SORM, 

and Monte Carlo simulation. The IA method (De Castro and Von Zuben 1997) has 

been recently implemented to calculate the reliability index based on a complex limit 

state equation (Zheng et al. 2007;  Guo et al. 2007). This method is based on a clonal 

selection principle, which is used to explain basic features of an adaptive immune 

response to an antigenic stimulus. The clonal selection principle introduces an idea 

that only those cells that recognize antigens (Ag’s) are selected to proliferate. Selected 

cells are subject to an affinity maturation process, which improves their affinities to 

selective Ag’s. Hence, the IA method can be conveniently adapted to solve 

optimization problems including a reliability index. The computation procedure of 

reliability index can be summarized as follows: 

   1. Determination of an objective function. The limit state equation is considered as 

the objective function herein. Because an optimization model of reliability index is 

nonlinear for equality constraint, a constrained model can be transformed to an 

unconstrained one using a conventional optimization method. 

2. Coding system. In a reliability index calculation, a real coding is used. 

   3. An objective function is regarded as Ag (molecule that can be recognized by an 

adaptive immune system). 100 B cells, which follow a normal distribution, can be 

randomly generated as initial sets. 

   4. Computation of Ab-Ag affinity (Ab is a molecule primarily attached to the surface 

of B cells, which are used to recognize and bind to Ag’s). The value of the objective 

function herein is the affinity and served as a measure to the satisfaction degree of the 

feasible solution. 

5. Selection of  the 50% highest affinity B cells from Ab to be cloned to a new set. 

   6. The new set of B cells is submitted to an affinity mutation process, which is 

inversely proportional to the antigenic affinity generating a mutation set. From this set 

of mutation, reselect the one with the highest affinity to be a candidate to enter the set 

of memory antibodies. These memory antibodies replace the lowest affinity B cells in 

the initial set. 

   7. If the antigenic affinity of this Ab in relation to Agj is larger than its respective 

memory Ab, then skip to step 4; otherwise the process is ended. 

   Detailed discussion on the IA is given in the literature (Zheng et al. 2007;  Guo et al. 

2007). 

 

CASE STUDY 
 

   The settlement of a composite foundation (FIG. 2, after Abusharar at el., 2008) is 

analyzed to illustrate the application of the RBD idea proposed in this study. The soil 

profile consists of three layers as follows: 8.5 m of very soft clay, 3 m of soft clay, and 

4.5 m of medium clay. The soil beneath 16 m is very stiff and thus its contribution to 

the ground movement is negligible. The dimensions of the embankment are as 

follows: crest width = 11 m, height = 2 m, and side slope = 1:1 on both sides. The 
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saturated unit weight of the material filled embankment is 20kN/m
3
. This foundation is 

proposed to be improved by the multi-column improvement technique. The long 

(primary) columns illustrated in FIG. 2 are considered to be constructed from soil-

cement (SC) material, and the short (secondary) ones from gravel. Table 1 presents the 

values of parameters used for analysis. The values of m1 and m2 shall be appropriately 

evaluated to balance both safe and economic considerations. 

   From Eqs. (4) to (9), the quantities of qsi and ES, which are characterized by their 

means and reduced variations, are both assumed to follow log-normal distributions, 

primarily because their simple relationship has a normal distribution and they are not 

negative. Other quantities are assumed spatially uniform since columns are 

constructed from relatively isotropic materials. The values of these quantities can be 

determined by local Standards and/or Codes. In this case, the allowable settlement S0 

is taken as 10 cm. 

   For pile foundations, especially pile groups, Zhang et al. (2001, 2008) suggested a 

specific target �T = 3.0 to ensure safety. In this study, �T  is also selected as 3.0. Eqs (6) 

and (9) demonstrate that the corresponding reliability indices are functions of m1 and 

m2. Using the target reliability index �= 3.0, the area replacement ratios of primary 

and secondary columns, m1 and m2, can be determined. Therefore, after sepcifying 

materials of two columns, the number of primary columns and secondary columns can 

also be appropriately estimated. FIGs. 3 and 4 respectively show the relationships 

between � and m1, and � and m2. 

  

 

 

FIG. 2. Cross section of the multi-column composite foundation for case study 
 

DISCUSSIONS 

 

   The results show that using the target reliability index �= 3.0, one can appropriately 

determine the area replacement ratios m1 and m2. As illustrated in FIG.3, for instance, 

when m2 is kept constant as 0.085, the reliability indice increases as the value of m1 

increases, and one can determine the value of m1 as 0.185 to meet the target reliability 

index 3.0. Furthermore, FIGs. 3 and 4 show the increment m1 contributes more to the 

increment of reliability index than an equal increment of m2 does. Therefore, the 
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primary columns play a crucial role in reducing settlement of multi-column composite 

fundations. This manner of determining the values of m1 and m2 can be classified to 

the framework of RBD.  

 

Table 1. (a) Statistical properties of random variables. (b) Properties of 

deterministic quantities 

 

(a) Statistical properties of random variables 

Mean Value COV (%) Variables 

V S M V S M 

Effective soil friction angle, �� (°) 25 26 27 18 15 12 

Cohesive force, c (kPa) 4.0 5.5 7.0 16 13 15 

Soil stiffness modulus, E2 (kN/m
2
) 2100 2300 2900 30 15 10 

(b) Deterministic quantities 

Value Parameters 

V S M 

Soil spatial autocorrelation distance, r0 (m) 0.45 0.40 0.39 

Poisson’s ratio for soil,  

Saturated unit weight of soil (kN/m
3
) 

0.26 

19.6 

0.26 

20.7 

0.26 

22.2 

S-C column stiffness modulus, Ep1 (kN/m
2
) 100000 100000 100000 

Gravel column stiffness modulus, Ep2 (kN/m
2
) 20000 - - 

Note: V=Very soft clay; S=Soft clay; M=Medium clay; COV=Coefficient of variation. 

 

 

FIG. 3.  Relationship between � and m1          FIG. 4. Relationship between � and m2 

 

CONCLUSIONS 

 

   This paper proposed a RBD methodology to evaluate for the effectiveness of multi-

column composite foundations based on bearing capacity and settlement of the 

foundation soil. The following conclusions can be drawn from this study: 

   1. The Geostatistics technique was introduced to evaluate the soil spatial 

autocorrelation distance in the vertical direction. Compared with empirical 
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approaches, this method provides more reliable estimation of spatial autocorrelation 

distance.  

   2.  Using the correlation between reliability indices and area replacement ratios, the 

area replacement ratios can be determined based on the RBD from which the 

uncertainty of soil is taken into account through statistical analysis. Consequently, the 

number of primary and secondary columns can be appropriately estimated. 

   3. The Immune Algorithm was highly recommended to the reliability index 

calculation. Unlike other differential and simulation techniques used in FORM, 

SORM, and Monte Carlo approach, the IA method is based on the clonal selection 

principle. This method is less time consuming and provides more accurate solutions to 

optimization problems.  

 

ACKNOWLEDGMENTS 

 

   The authors would like to express their gratitude to the National Natural Science 

Foundation of China for the financial assistance of the research (No. 50478090). The 

authors also thank Professor Lee Fook Hou (National University of Singapore) and Dr. 

Jie Han (the University of Kansas, USA) for their significant technical inputs in this 

paper. 

 

REFERENCES 

 

AASHTO. (1999). "LRFD bridge design specfications." Washington, D.C. 

Abusharar, S.W., Zheng, J.J. and Chen, B.G. (2008). "Finite element modeling of the 

consolidation behavior of multi-column supported road embankment." Computers 

and Geotechnics, (in press). 

ACI Committee 318. (1983). "Building code requirements for reinforced concrete." 

ACI 318±83, Detroit. 

American Institute of Steel Construction (AISC). (1986). "Load & resistance factor 

design manual steel construction." 1st Ed. Chicago. 

American Petroleum Institute (API). (1993). "Recommended practice for planning, 

design and constructing fixed offshore platforms—Load and resistance factor 

design." API RP 2A-LRFD. 

Baker, J.W. and Faber, M.H. (2008). "Liquefaction risk assessment using geostatistics 

to account for soil spatial variability." J. Geotechnical & Geoenv. Engrg., Vol. 

134(1): 14-23. 

British Standards Institution(BSI). (1972). "Code of practice for structural use of 

concrete." London. 

Canadian Standards Association (CSA). (1974). "Committee on Design of Light 

Gauge Steel Structural Members (N. C. Lind, Chair), Standard S136." Rexdale. 

Dasgup ta D, Attoh-Okine N. (1997). "Immunity based systems: A survey." Proc. 

IEEE Intl. Conference on Systems, Man and Cybernetics, Florida: 369-374. 

Fenton, G.A. (1999a). "Estimation of stochastic soil models." J. Geotechnical & 

Geoenv. Engrg., Vol. 125(6): 470-485. 

Fenton, G.A. (1999b). "Random field modeling of CPT data." J. Geotechnical & 

Geoenv. Engrg., Vol. 125(6): 486-498. 

90 ADVANCES IN GHOUND IMPROVEMENT



        

Goovaerts, P. (1997). "Geostatistics for natural resources evaluation." New York: 

Oxford University Press, 84-96. 

Guo, J., Zheng, J.J. and Liu, Y. (2007). "Immune algorithm for reliability analysis of 

PC pipe pile". Proc. 4th Cross-Strait Conference on Structural and Geotechnical 

Engineering, Hangzhou: 354-362.  

Kulhawy, F.H. and Phoon, K.K. (2004). "Reliabiltiy-based design of drilled shafts 

under undrained lateral-moment loading." Geotechnical Engineering for 

Transportation Projects, Eds, M.K Yegian and E. Kavazanjian. ASCE, Restion, 

665-676. 

Liu, Y., Zheng, J.J. and Guo, J. (2007). "Reliability-based design methodology of 

multi-pile composite foundation." Proc. 1st Intl. Symposium on Geotechnical 

Safety and Risk, Vol. 2, Shanghai: 491-450.  

Ministry of Transportation of Ontario. (1991). "Ontario highway bridge design code 

(OHBDC)." 3rd Ed., Downsview, Ontario, Canada. 

Phoon, K.K. and Kulhawy, F.H. (1999). "Evaluation of geotechnical property 

variability." Canadian Geotechnical J., Vol. 36(3): 625-639. 

Phoon, K.K. (2008). "Reliabiltiy-Based Design in Geotechnical Engineering, 

Computations and Applications." Taylor and Francis Press. 

Sivakumar Babu, Amit Srivastava, and Murthy, D. (2006). "Reliability analysis of the 

bearing capacity of a shallow foundation resting on cohesive soil." Canadian 

Geotechnical J., Vol. 43(2): 217-223. 

Thayer, W.C. and Griffith, D.A. (2003). "Application of Geostatistics to Risk 

Assessment". Risk Analysis, Vol. 23(5): 945-960. 

Webster, R. (1985). "Quantitative spatial analysis of soil in field." Advance in soil 

science, Vol. 3(1): 1-70. 

Wu, T.H. (2003). "Assessment of landslide hazard under combined loading." 

Canadian Geotechnical J., Vol. 40(4), 821-829. 

Zhang, L.M. (2008). "Reliabiltiy verification using pile load tests." In Reliabiltiy-

Based Design in Geotechnical Engineering-Computations and Applications, Ed, 

Phoon, K.K., Taylor and Francis Press. 

Zhang, L.M., Tang, W.H. and Ng, C.W.W. (2001). "Reliability of axially loaded driven 

pile groups." J. Geotechnical & Geoenv. Engrg., Vol.127(12): 1051-1060. 

Zheng, J.J. (2004). Ground Improvement Techniques. Huazhong University of Science 

and Technology Press. (in Chinese) 

Zheng, J.J., Guo, J. and Lee, F.H. (2007). "Immune algorithm for reliability analysis 

of geotechnical engineering." Chinese J. of Geotechnical Engrg., Vol. 29(5): 785-

788 (in Chinese). 

Zheng, J.J., Abusharar, S.W. and Wang, X.Z. (2008). "Three-dimensional nonlinear 

finite element modeling of CFG-Lime composite foundation." Computers and 

Geotechnics,  Vol. 35(4): 637-643. 

91ADVANCES IN GHOUND IMPROVEMENT



 

 

 

 

 

 

 

 

Working Behavior of Composite Ground under Flexible Foundations  

Based on Super-substructure Interaction 

 

Jian-lin Yu
1
, Xiao-nan Gong

2
, Chao Liu

3
, Wen-zhi Lv

4
, and Zi-jing Jing

5 

 
1 
Associate professor, MOE Key Laboratory of Soft Soils and Geoenvironmental Engineering, Zhejiang 

University, Hangzhou, 310027,China; yujianlin72@126.com 
2 

Professor, MOE Key Laboratory of Soft Soils and Geoenvironmental Engineering, Zhejiang 

University, Hangzhou, 310027,China; xngong@hzcnc.com 
3 
Master, MOE Key Laboratory of Soft Soils and Geoenvironmental Engineering, Zhejiang University, 

Hangzhou, 310027,China; 84liuchao@163.com 
4
 PhD candicate, MOE Key Laboratory of Soft Soils and Geoenvironmental Engineering, Zhejiang 

University, Hangzhou, 310027,China; lwz13871282176@163.com 
5 

Master candicate, MOE Key Laboratory of Soft Soils and Geoenvironmental Engineering, Zhejiang 

University, Hangzhou, 310027,China; jzj266704@163.com 

 

ABSTRACT: The behavior of the composite ground under a flexible foundation is a 

complicated problem, which includes the interactions among the flexible foundation, 

the cushion, the composite ground, and the underlying soils. A simplified analytical 

model is presented, in which the flexible foundation-cushion-composite 

ground-underlying soil is considered as an interactive system, and two-dimensional  

deformation is assumed. According to the compatibility of stress and deformation on 

the interfaces between these four components, and considering the relative movement 

between piles and soils, the formulas on settlement and stress ratio of pile to soil, 

which is used to characterize the behavior of the composite ground, are derived.  

 

INTRODUCTION 

 

   Model and field tests show that the behavior of composite ground under flexible 

and rigid foundations is greatly different(Gong, 2002;Allersma et al. 2004;Ekstron et 

al.1994). For example, the bearing capacity of the flexible foundation is less than that 

of the rigid foundation. The settlement of the flexible foundation is higher than that of 

the rigid foundation.Current studies rarely consider the flexible foundation, the 

cushion, the composite ground, and the underlying soils as a system on a basis of the 

super-substructure interaction, and rarely consider the stress and deformation coupling 

between these four components. Some scholars focused on substructure of the system,  

i.e. the composite ground, assuming that the load of superstructure acts directly on the 

surface of the composite ground(Li et al., 2005; Liu, 2003; Shi et al., 2002). However, 

theother some scholars focused on the superstructure of the system, i.e. the flexible 

foundation,  mainly on the load-sharing of the fill(Chew et al.2004;Mankbadi et 

al.2004;Miki et al. 2004;Raithel et al.2005).Therefore, the influence of the stiffness of 
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the fill and the cushion cannot be included. 

   In this paper, a simplified analytical model is presented, in which the flexible 

foundation, the cushion, the composite ground, and the underlying soils are considered 

as an interactive system. Two-dimensional deformation is assumed. According to the 

compatibility of stress and deformation at the interfaces between the four components, 

and considering the relative movement between piles and soils, formulas on settlement 

and pile-soil stress ratio are derived. 

 

MODEL FOR ANALYSIS 

 

   Since the width of embankments, dams, etc. is much larger than the diameter of 

piles and pile spacing, an equivalent improvment unit with a single pile can be used to 

approximately represent the behavior of the system. This unit cell model has inner and 

outer concentric cylinders in line with the Marston theory as shown in Figure 1. The 

diameter of the inner cylinder is 2a including the fill and the cushion above the pile. 

The diameter of the unit cell is 2b. The shear stress exists between the inner soil 

column (ISC) and the outer soil column (OSC) within the range of fill and cushion. 

Due to the symmetry, the shear stress at the outer boundary of the OSC is zero. 

 

         

(a) before deformation                    (b) after deformation  

Figure 1. Concentric cylinders of the model for analysis 

 

   Under the influence of fill weight, the embankment fill mass between piles have a 

tendency to move down due to a lower modulus of soil than piles(Figure1-a).This 

movement is restrained by shear resistance from the fill and cushion over the piles. As 

a result, the friction develops at the interface between ISC and OSC (Figure1-b). At a 

higher elevation away from the pile top, the relative movement becomes smaller , at 

last equal at the height of he, where the differential deformation and friction between 

the two cylinders is zero. The plane at the height of he is commonly referred as the 

plane of equal settlement (PES). Another PES exists in the composite ground due to 

the similar reason. 

 

BASIC ASSUMPTIONS 
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The following assumptions are made in this study: 

   (1) Fill, cushion, piles, foundation soils are isotropic and linearly elastic; 

   (2) Only vertical compression of the pile and its surrounding soil is considered (i.e., 

the radial deformation is neglected); 

   (3) The Winkler model is used to simulate the cushion and the underlying soils; 

   (4) The deformation of the fill can be expressed as follows: 

 

 for                       (1) 

    

where wfs and wfp are the deformations of OSC and ISC within the range of fill, ze is 

the height of PES,  A1,  B, and C1 are the parameters to be determined. 

   (5) The deformation of the cushion can be expressed as follows: 

 

  for                      (2) 

    

where wcs and wcp are the deformations of OSC and ISC within the range of cushion, 

and A2, , and C2 are the parameters to be determined. 

(6) The deformation of the composite ground can be expressed as follows: 

 

 for                       (3) 

    

where wp and ws are the deformations of the piles and the soils within the range of  

composite ground; zm is the height of the neutral point; A3 and C3 are the parameters to 

be determined. 

 

EQUATIONS AND SOLUTIONS: 

 

Stress and deformation within the range of fill 

 

   Take the point on PES as the coordinate origin, and assume the downward 

direction as the positive direction of z-axis.  Equation(4) can be derived from Eq. (1) 

as follows: 

 

                         (4) 

    

where G and Efs are the shear modulus and the constrained modulus of OSC within the 

range of fill, and μfs is Poisson’s ratio of OSC within the range of fill. 
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Taking a unit element dz within the range of fill for analysis (Figure 2), Eq.(6) can 

be obtained based on the vertical force equilibrium: 
 

dzISC

z

dz

z

rdr

OSC OSC

σ fp

σ fp+dσ fp

τ fsa τ fsa

σ fs σ fs

σ fs+dσ fs σ fs+dσfs

τ fs+dτ fs τ fs+dτ fsτ fs τ fs

 
 

Figure 2. Elements for analysis within the range of fill 
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where Efp is the constrained modulus of the ISC within the range of fill . 
   Combining Eq (5) with Eq. (6) results in Eq.(7): 
 

2

12
f p

e

d w zD zd z
=                                         (7) 

 
where 1

21
(1 )

(1 )
f s

f s f p

A E BD a Eμ
−= +

. 

   Integrating Eq. (7) numerically leads to Eq.(8): 
 

        
3

1 16fp
e

zw D M z M
z

= + + 2
                               (8) 

    
where M1 and M2 are the parameters to be determined. 
   From Eq. (8), σfp can be expressed as follows: 
 

      
2

1 2
fp

fp fp fp fp fp fp
e

dw zE E D E E
dz z

σ ε= = = + 1M                   (9) 

    
Taking the annulus of OSC into account, the vertical force equilibrium equation 

can be expressed as Eq.(10): 
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Ignoring the higher-order terms in Eq.(10) and considering the expression 

s
sd

r
ττ ∂=
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dr , Eq.(10) can be rewritten as follows: 
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   Eq. (11) can be solved as follows: 
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 Where M3 is parameter to be determined. 
 
Stress and deformation within the range of cushion 
 

From an analogous unit element dz within the range of the cushion(Figure 3), the 
expressions of wcp, σcp, σcs in the following equations can be obtained by a similar 
derivation process as above: 

 

dzISC

z

dz

z

rdr

OSC OSC

σcp

σcp+dσcp

τcsa τcsa

σcs σcs

σcs+dσcs σcs+dσcs

τcs+dτcs τcs+dτcsτcs τcs

 
 

Figure 3. Elements for analysis within the range of cushion 
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Where 21 1
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, M4, M5, and M6 are 

the parameters to be determined, Ecp and Ecs are the constrained moduli of ISC and 
OSC within the range of the cushion, μcs is Poisson’s ratio of OSC of the cushion. 
 
Stress and deformation within the range of composite ground 
 

  An unit element dz within the range of composite ground is presented in Figure 4. 

dzPile

z

dz

z

rdr

Soil Soil

σp

σp+dσp

τsa τsa

σs σs

σs+dσs σs+dσs

τs+dτs τs+dτsτs τs

 

 
Figure 4. Elements for analysis within the range of composite ground 

 

   A similar derivation process can be used to to obtain the solutions of wp, σp, σs as 
follows: 

           2 3

3 7 8w D                                (16) ( )
2 6p

m

z z M z M
z

= − + +

                 2

3 2
p

p p p p p p
m

dw z
7E E D E z E
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          ( )
2
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where ( ) ( )2
3 3 1 1s s pD AE B a Eμ= − + , 

21
3 1( ) 1

2 (1 )

r rB B
as

s

A E Bh r Be e
a r aμ

1
a

⎛ ⎞ ⎛ ⎞−⎜ ⎟ ⎜ ⎟−
⎝ ⎠ ⎝ ⎠

⎡ ⎤⎛ ⎞
= − −⎢ ⎥⎜ ⎟⎜ ⎟+ ⎢ ⎥⎝ ⎠⎣ ⎦

, Ep and 

Es are the constrained moduli of the piles and the soil between piles, μs is Poisson’s 
ratio of the soil between piles,M7, M8, and M9 are parameters to be determined. 
   The stress concentration ratio of pile to soil can be defined as follows: 
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The vertical force equilibrium of the composite ground leads to Eq. (20): 
 

                                    (20) 
s 2

b

pc p c c
a

A rdrσ σ π⋅ + ⋅ = ⋅∫ p A

3

    
where pc is the average load intensity on the composite ground. 
 
Compatibility equations 
 

The following compatibility conditions should be met: 
   (1) The stress continuity at PES of ISC and OSC requires: 
 

         0 1 0fp fp fsE Mσ σ= = = M                                 (21) 
 
   (2) The stress continuity at the interface between the fill and the cushion requires: 
 

         ,fpe cpe fse cseσ σ σ σ= =                                (22) 
      

Combining Eqs. (9), (12), (14), and (15) with Eq. (22) leads to:  
 

2

1 1 2 ( )
2 2

e
fp fp cp e cp

a

z zD E E M D E z E M
z

+ = + + 4
e

6

               (23) 

3M M=                                           (24) 
( ) ( )f r g r=                                         (25) 

 
   (3) The stress continuity at the interface between the cushion and the composite 
ground requires: 
 

                                       (26) csc,cpc pc scσ σ σ σ= =
 

Combining Eqs. (14), (15), (17) and (18) with Eq. (26) leads to: 
 

     
2 2

2 4 3( ) ( )
2 2

c c
cp c cp p c p

a m

z zD E z E M D E z E M
z z

+ + = − + 7

9

      (27) 

       6M M=                                            (28) 
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                                           (29) ( ) ( )g r h r=
 
   (4) The displacement continuity at the interface between the fill and the cushion 
requires: 
 

       fp cp fsw w w w= =， cs                                  (30) 
 

Combining Eqs. (1), (2), (8), and (13) with Eq. (30) leads to: 
 

3 2 3

1 1 2 2 4( )
6 2 6

e e e
e

e a

z z zD M z M D M z M
z z

+ + = + + + 5e

2

             (31) 

1C C=                                             (32) 

1 2 (1 )e

a

zA A z= +                                      (33) 

 
   (5) The displacement continuity at the interface between the cushion and the 
composite ground requires: 
 
                                                  (34) ,cp p cs sw w w w= =
 

Combining Eqs. (2), (3), (13), and (16) with Eq. (34) leads to: 
 

2 3 2 3

2 4 5 3 7( ) ( )
2 6 2 6
c c c c

c c
e m

z z z z
8D M z M D M z M

z z
+ + + = − + +            (35) 

2 3(1 ) (1 )c

a m

zA Az+ = − cz
z

3

                               (36) 

2C C=                                               (37) 
 
   (6) The penetrating deformation caused by the pile up into the cushion is: 
 

         arscpctup CS =−=Δ )( σσ                                 (38) 
 
where Ct is the reciprocal of the Winkler subgrade reaction coefficient of the cushion.  

The relative deformation from the neutral point to the pile top is: 
 

       uparps Sww Δ=− =                                     (39) 
 

The penetrating deformation caused by the pile down into the underlying soils 
is: 
 

       arslpldown CS =−=Δ )(0 σσ                                   (40) 
 
where C0  is the reciprocal of the Winkler subgrade reaction coefficient of the 
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underlying soils. 

      The relative deformation from the pile tip to the neutral point is 

 

                                              (41) 

 

Solving Equations 

 

   During the above derivation process, there are eighteen unknown variables 

including A1, A2 , A3 , C1, C2, C3, Ze, Za, Zm, M1, M2, M3, M4, M5, M6, M7 ,M8 , M9.  

However, 15 equations have been obtained.  Among these variables, M2, M5, and M8 

are the parameters used for deformation calculations; therefore, the compression can 

be calculated even these three variables are unknown. 

   According to the geometry and the physical parameters of the fill, the cushion, the 

piles, the soil between piles, and the underlying soils, eight equations will be obtained 

to determine these parameters:A1, A3, C3, Ze, Zm, M1, M4, M7. These eight equations 

can be solved by Newton's iteration method or other numerical methods. In the end, all 

unknown variables and the working behavior of the system can be obtained. 

 

Deformation of the underlying soils 

 

   The key to obtain the deformation of the underlying soils is to determine the 

additional stresses. The additional stresses can be obtained using the Mindlin and 

Boussinesq method that considers soils and piles separately: 

(1) The additional stress in the underlying soils due to the stresses on the soil 

between piles on the ground surface can be calculated by Boussinesq's solution; 

   (2) The additional stress of the underlying soils due to the skin friction along the 

pile and the tip resistance can be calculated by Mindlin's solution. 

   The deformation of the underlying soils can be calculated by the sum of the 

compressions of the soils in layers. 

 

CONCLUSIONS 

 

The paper presents a simplified analytical model to predict the working behavior 

of the composite ground under a flexible foundation.The interaction of the flexible 

foundation, the cushion, the composite ground, and the underlying soils is considered 

as an integrated system. Two-dimensional (2D) deformation is assumed.  

According to the compatibility of stress and deformation at the interfaces 

between the four components and considering the relative movement between piles 

and soils, the formulas on settlement and stress ratio of pile to soil are derived. 
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ABSTRACT: The composite foundation supported by piles with various stiffness is 

a recently developed ground improvement method for resisting vertical load in the 

thick soft soils. In this composite foundation system, the flexible piles are designed to 

strengthen shallow soft soil, while the rigid piles are used to reduce settlement of the 

foundation system. A flexible cushion below the rigid foundation cap is used to 

redistribute the external load and to adjust stress levels acting on the piles and 

surrounding soils. The soft soil underneath the cushion can also resist a portion of the 

applied load. As a result, the composite foundation system can resist much higher 

load with less settlement. Three-dimensional elasto-plastic finite element analyses are 

conducted to investigate the performance of the cushioned composite foundation 

system with a combination of both rigid and flexible piles. The effects of several 

factors, such as, stiffness of the flexible pile, length of rigid pile, stiffness of cushion, 

that might affect the consolidation behavior of the composite foundation are studied 

by using the commercial software ABAQUS. The numerical investigation results 

indicate that there are optimized values existed among these factors. The loading 

induced pore pressure in the soft subsoil has minimal influence on the stiffness of 

flexible piles. Whereas, the settlement of composite foundation can be adjusted by 

changing the length of rigid piles. 

 

INTRODUCTION 

 

     In the traditional foundation design, the use of a shallow foundation is usually 

has the first priority to carry the applied load. If load exceeds the shallow 

foundation’s capacity, the piled foundation can be used with the assumption of the 

design loads carried completely by the piles. For buildings on thick soft soils in 

Eastern China, many foundation types, ranging from shallow foundations on the 

untreated or treated soils by various ground-improvement methods to deep 
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foundations supported by different pile types, have been successfully used. However, 

the shallow foundations usually suffer from the excessive settlement and the piled 

foundations are usually used to carry large load and are generally not cost effective. 

Poulos (2001) indicated that a properly designed piled foundation can also be used to 

reduce the total and differential settlements with an economical design. To minimize 

the construction cost, some intermediate foundation types, which are mainly designed 

to reduce the settlement by the optimizing the number of piles through the 

soil-structure interactions, have been successfully applied in the thick soft soils in 

Eastern China. These pile types are: piled raft foundation (Cooke, 1986; Ta and 

Small, 1996; Kim et al, 2001; Poulos 2001); foundation supported by both long and 

short piles or piles with a combination of both rigid and flexible piles (Zheng et al, 

2002; Ge et al, 2003; Liang et al ,2003; Chen et al, 2004; Liu et al, 2005; Xie et al, 

2007). 

     The concept of these intermediate foundation types, piles are designed to 

control settlement rather than to completely carry the applied load. Since the 

buildings are often constructed in very thick soft soils with a depth of over 30 m in 

many areas of Eastern China, the piled raft concept might not be a favorable solution 

from the cost perspective. The composite foundation with a mixture of both rigid and 

flexible piles has been proved as both an effective method of ground improvement 

and cost effective by reducing settlement to acceptable levels (Liang et al, 2003; Chen 

et al, 2004; Liu et al, 2005; Xie et al 2007). In this cushioned composite foundation 

system, the strain-stress characteristics of piles with different stiffness are considered 

(Gong, 2002). The flexible piles consisting of lower stiffness materials such as 

soil-cement are applied to improve the load-carrying capacity of upper soils. 

Whereas, the rigid piles consisting of higher stiffness materials, such as, reinforced 

concrete piles or cast-in-place concrete piles, are designed to be embedded in deeper 

soft soils to reduce settlement. The lean concrete or sand-gravel mixture cushion 

(shown in Fig.1) between foundation cap and piles plays an important role in 

mobilizing the resistance of subsoils (Shahu et al, 2001) as well as redistributing the 

applied load to both rigid and flexible piles (Liang et al 2003, Chen et al, 2004, Liu et 

al 2005, Xie et al 2007). 

     Some theoretical approaches to the behavior of composite foundation system 

have been proposed by various researchers (Zheng et al, 2002; Ge et al, 2003). Most 

of the approaches do not incorporate the effect of cushion, stiffness of piles into the 

analysis. The cushioned foundation with both rigid and flexible pile system is a 

coupled system and the analytical approach cannot be used to characterize its 

performance. The three-dimensional finite element method was utilized as a 

numerical approach to investigate factors that might influence the performance of this 

composite foundation system.  

 

NUMERICAL ANALYSIS MODEL 

 

     The cushioned foundation system with a combination of both rigid and flexible 

piles is illustrated in Fig.1. The analytical model is implemented into the commercial 

computer program ABAQUS. The piles cushion and foundation cap are assumed to 

be linearly elastic material due to the fact that, under the working load conditions, 
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most foundations is in elastic state. The subsoils are assumed to be an elasto-plastic 

Drucker-Prager material considering the consolidation behavior of saturated soils. 

The relative displacement between the pile and subsoil is characterized using the 

Coulomb frictional interface elements. The applied load on the foundation cap is 100 

kPa with a 25 days of loading time. The consolidation time of the subsoil required 

under a applied load of 100 kPa is assumed to be 100 days. 

     Elements with square sections were used for piles simplify the element 

generating process. The width of both rigid and flexible piles equals to 0.45 m. In 

practical design, the spacing among flexible piles is usually small. The side-to-side 

spacing between two adjacent flexible piles is twice the width of pile (shown in Fig. 

1). Compared with the stiffness of the subsoil, the rigid concrete foundation cap has 

an assumed elastic modulus E 28,000 MPa, Poisson’s ratio 0.2, side width B

3m and thickness h 0.6 m. The elastic moduli and Poisson’s ratio of rigid pile, 

flexible pile, subsoil and cushion are listed in Table 1. The vertical and horizontal 

coefficient of permeability of the subsoil is equal to 10
-9

 m/s (kh kv 10
-9

 m/s). 

 

Table 1.  Parameters of materials for analysis. 

Material Rigid piles 
Flexible 

piles 

Subsoil around 

rigid piles 

Subsoil under 

rigid piles 
Cushion 

Elastic modulus (MPa) 28,000 60-2800 3.5 4.5 10-80 

Poisson’s ratio 0.20 0.25 0.35 0.35 0.30 

 

 

FIG. 1. Schematic diagram of cushioned composite foundation system 

 

Considering the symmetry of the problem, a quarter of the three-dimensional 

finite element scheme was used in the analysis, shown in Fig.2. Similar treatment of 

composite foundation system can also be found elsewhere (Liang et al, 2003). The 

surrounding boundary conditions, which are assumed to be vertically sliding and 

horizontally restrained, are located at a distance of 10B away from the edge (B is the 

width the foundation cap). The bottom boundaries, which were treated as fixed, were 

set in a depth of 50 m or 2L from the rigid pile head (L is the length of rigid pile). In 

ABAQUS, the elements of piles, foundation cap and cushion are C3D8R. The 

elements for the subsoil are C3D8RP, which can consider the pore pressure and the 

consolidation behavior. A three-dimensional finite element model is shown in Figure 

2. The entire model consists of 14,801 nodes and 13,216 elements. 
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FIG. 2. Finite element model of cushioned composite foundation system 

 

PERFORMANCE OF THE CUSHIONED COMPOSITE FOUNDATION 

 

     The properties of other foundation components in the FEM model are described 

in the following: the lengths of rigid and flexible piles are 35 m and 15 m, 

respectively. The elastic modulus of flexible piles is 100 MPa and that of cushion is 

30 MPa. The thickness of cushion is 0.6 m. In the practice, the rigid piles and 

foundation cap usually consist of the reinforced concrete with elastic moduli nearly 

constant. So changing the elastic modulus of rigid piles is rarely used to adjust the 

settlement. The elastic modulus of flexible piles could be adjusted by varying the 

cement contents in the column. Both the thickness and the elastic modulus of cushion 

can be adjusted with less difficulty, so that the cushion has an important impact on the 

performance of the composite foundation system (Liang et al 2003). In this paper, the 

impact of properties of flexible piles and cushion made of lean concrete or 

sand-gravel mixtures on the performance of composite system is investigated. The 

influence of the rigid pile length is also discussed. 

 

Effect of the Elastic Modulus of Flexible Piles 

 

     In order to investigate the influence of elastic modulus of flexible pile, analyses 

were made by varying the pile stiffness only keeping the other parameters unchanged. 

Four elastic modulus magnitudes of flexible pile were assumed: 60, 100, 280 and 

2,800 MPa. Figures 3 and 4 present the settlement of foundation and axial stress on 

the rigid pile vs. different depth, respectively. The presented results are after the 

consolidation process. The time related stress ratio on the rigid and flexible piles and 

the pore pressure at the different depths are shown in figures 5 and 6, respectively.  

As shown in Figures 3 and 4, both the settlement of the cushioned composite 

foundation and the axial stress acting on the rigid pile decrease with the increased 

elastic modulus of the flexible pile. The higher the elastic modulus of the flexible pile, 
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the smaller the settlement of foundation system is. The axial stress on the rigid pile is 

also smaller. The settlement of composite foundation decreases from 28.15 mm to 

20.01 mm when the elastic modulus of flexible piles increases from 60 MPa to 2,800 

MPa. The maximum axial stress within the rigid pile moves down from the head of 

piles to a deeper depth, due to the negative friction generated by the settlement of 

subsoil at shallow depth (Liang et al, 2003). The increase of the elastic modulus of 

flexible pile can reduce the settlement of foundation and the axial stress on the rigid 

pile. The indefinitely increase of the modulus of flexible pile may lead to a high 

construction cost. So that the optimized value of the elastic modulus of flexible pile 

for the settlement reduction should exist with the least cost of cushioned composite 

foundation. 

  

FIG. 3. Settlement of foundation vs. the elastic modulus of flexible piles 

 

FIG. 4. Axial stress of rigid piles vs. depth at different elastic modulus of flexible 

piles 

As shown in Fig. 5, the loading induced pore pressures of subsoil at the depth of 

15m and 30m under the foundation cap increase with the load. Then, they decrease 

after the load becomes constant. The excessive pore water pressures of subsoil are all 
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less than 1 kPa for different modulus magnitudes of the flexible pile. It is therefore 

concluded that the induced pore pressure of subsoil is not affected by the magnitudes 

of the elastic modulus of flexible pile. As shown in Figure 5, the ratio of the axial 

stress within the rigid pile to that of in the flexible pile decreases with the increase of 

elastic modulus of flexible pile. The larger the elastic modulus of flexible pile, the 

larger the ratio the stress within the flexible pile to that of in the subsoil is. When the 

elastic modulus of flexible piles increases from 60 to 2,800 MPa, the stress ratios of 

rigid pile to flexible pile decrease from about 15 to 2 and the flexible pile to subsoil 

increase from about 5.8 to 52.8. It is also noted that the stress ratio varies with time, 

but it becomes stabilized when a fully applied load is reached. The elastic modulus of 

flexible pile can effectively affect the stress ratio of rigid to flexible pile as well as 

flexible pile to subsoil. In other words, the elastic modulus of the flexible pile can 

affect the stress distribution among rigid pile, flexible pile and subsoil. Too high or 

too low stress ratio of rigid/flexible piles may not be practical. 

 

 

(a) At the depth of 15m            (b) At the depth of 30m 

FIG. 5. Pore pressure vs. time at different elastic modulus of flexible piles 

 

 

(a) Rigid piles to flexible piles       (b) Flexible piles to subsoil 

FIG. 6. Stress ratio vs. time at different elastic modulus of flexible piles 
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Effect of Elastic Modulus of the Cushion 

 

     Parametric studies were performed on the impact of elastic modulus of cushion 

with various values, namely, 10, 30, 50 and 80 MPa. Figure 7 shows the settlement of 

foundation versus different elastic modulus magnitudes of the cushion. Figure 8 

shows the axial stress within the rigid and flexible pile versus different elastic 

modulus of the cushion. Figure 9 shows the ratio of stress within the rigid pile to that 

of the flexible pile as well as the ratio of the stress in the flexible piles to that of the 

subsoil. 

     As shown in Figure 7, the settlement of the composite foundation decreases 

slowly when the elastic modulus of cushion increases to an approximate value of 30 

MPa. For a given cushion thickness, the lower the elastic modulus of the cushion, the 

larger the settlement of foundation is. Figure 8 indicates that, when the stiffness of 

cushion increases, the axial stress within the rigid pile increases whereas the axial 

stress in the flexible pile reduces. The lower the elastic modulus of cushion, the 

deeper the location of the maximum axial stress of rigid pile is. However, the 

maximum axial stress within the flexible pile almost does not change with the 

variation of the cushion stiffness. With the increasing of the cushion stiffness, the 

axial stress within the rigid pile increases and that of flexible piles slowly decreases. 

It is also noted that the axial stress distribution within the flexible pile is more 

complicated than that of the rigid pile due to the stress redistribution of the cushion 

and the difference of elastic modulus within in the different piles. 

     As shown in Figure 9, the ratio of stress in rigid pile to flexible pile as well as 

the flexible pile to subsoil decrease with the reduction of the cushion stiffness. 

Especially, when the elastic modulus of the cushion is 80 MPa, the ratios of stress in 

rigid pile to flexible pile and the stress in flexible pile to subsoil are greater than 15 

and 30, respectively. It is indicated that the stress concentration in the rigid pile 

occurs with the cushion stiffness increases. So that there should be an optimized 

cushion stiffness, in which both the stress concentration in the rigid pile can be 

reduced and the resistances of the flexible pile as well as the subsoil can be 

mobilized. 

 

FIG. 7. Settlement of foundation vs. elastic modulus of cushion 
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(a) Rigid piles                    (b) Flexible piles 

 

FIG. 8. Axial stress vs. depth at different elastic modulus of cushion  

   

(a) Rigid piles to flexible piles       (b) Flexible piles to subsoil 

 

FIG. 9. Stress ratio vs. time at different elastic modulus of cushion 

 

Effect of the Rigid Pile Length  

 

   The influence of the different rigid pile lengths is also investigated. The rigid pile 

lengths are: 15, 25 and 35 m. Figure 10 shows the settlement of foundation reduces 

with the increase of the rigid pile length. The results shown in Figure 11 indicate that 

the ratios of stress in the rigid pile to the flexible pile and that of in the flexible pile to 

the subsoil changes with the rigid pile length.  

   As shown in Figure 10, both the settlement as well as the settlement rate of the 

composite foundation decreases with the increase of the rigid pile length. The effect 

of the rigid pile on the foundation settlement reduction would not exist when a 

threshold pile length is reached. As shown in Figure 11, the ratio of stress in the rigid 

pile to the flexible pile increases slowly with the increase of the rigid pile length; 

whereas, the ratio of the stress in the flexible pile to the subsoil decreases. It can be 

concluded from figures 10&11 that there exists an optimum rigid piles length. 
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FIG. 10. Settlement of foundation vs. length of rigid piles 

 

  

(a) Rigid piles to flexible piles       (b) Flexible piles to subsoil  

 

FIG. 11. Stress ratio vs. time at different length of rigid piles 

 

CONCLUSIONS 

 

     (1) The consolidation of subsoil has a neglected effect on the performance of 

the cushioned composite foundation with both rigid and flexible piles. The loading 

induced pore pressure of subsoil is not impacted by the flexible pile stiffness.  

     (2) In the process of consolidation of the subsoil, the stress ratios among piles 

and subsoil vary with time. When a fully applied load is reached, the stress ratios 

remain relatively constant. 

     (3) From the impact of the flexible pile stiffness and the rigid pile length on the 

composite foundation performance, the increase of rigid pile length is more effective 

on the foundation settlement reduction than increase the flexible pile stiffness. 
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Optimum flexible pile stiffness and an optimum rigid pile length for the foundation 

settlement reduction with the least construction can be found. 

     (4) The pile cushion can adjust the stress levels among the piles and the subsoil. 

The stiffness of cushion has significant effect on the stress redistribution among the 

piles and the subsoil. The role of the optimized cushion stiffness is to reduce the 

stress concentration on the rigid pile and to efficiently mobilize the resistance of the 

flexible pile and the subsoil. 
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ABSTRACT: When embankments are constructed on soft ground, they may 

encounter settlement and/or stability problems due to low strength and high 

compressibility of the soft ground. To overcome these difficulties, a controlled 

modulus column method can be used for the construction of embankments on soft 

soils. This technology takes advantages of various ground improvement concepts, 

such as densification, reinforcement, solidification, etc. An experimental study was 

conducted in the laboratory to investigate the behavior of the controlled modulus 

columns. 

 

INTRODUCTION 

 

   Low embankments with gentle slopes may be constructed on weak subsoil. When 

a thick deposit of soft clay is existent, however, the embankment may experience a 

large settlement if the soft ground is not treated. Differential settlements often 

develop between approach embankments and bridges, new and existing embankments, 

and two adjacent structures.  Ground improvement can be used to increase soil shear 

strength, accelerate consolidation, and reduce soil compressibility. For example, 

cement has been used for subgrade improvement to reduce the required thickness of 

the base course.  Deep mixing method simultaneously developed in Sweden and 

Japan in the 1970’s, has been successfully used to treat soft soils (DJM research 

Group, 1984; Chida, 1982; Miura et al., 1986). However, the quality of soil-cement 

depends on a number of factors, such as the type of cement, the cement content, the 

soil type, the curing time, the soil minerals, the soil pH, and the construction 

technology etc. (Porbaha et al. 2002a, b). 

   In this study, a controlled modulus column (herein and after named as CMC) 

method was used and investigated.  CMC are installed using a designed hollow 

auger, the auger is screwed into the soil to the required depth and pumping 
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cement-based grout through the hollow auger at low pressure to form the column. At 

meantime, the column installation also compresses the surrounding soil which can 

subsequently increase the bearing capacity of soil around the column. The material 

inclusions of the cement grouting apparently associated with the modulus of the 

column are designed before grouting according to the projects design requirement.  

The component types of the grouting material and the magnitude can be used to 

control the column modulus. As previous description, the quality of cement soil is 

difficult to control due to the variation of the soft soil properties. However, in this 

method, the column material is pre-designed to match the project requirement which 

also can assure the construction quality as well.  This method has been applied to 

support embankments over soft soil (Plomteux and Porbaha, 2004).  To investigate 

the characteristics of this method, physical model tests were conducted in the 

laboratory to back-guide the design and construction.  Following is the primary 

work of this test.  From the results, the effectiveness of the presented method is 

significant. 

 

PHYSICAL MODEL TESTS OF CONTROLLED MODULUS COLUMNS 

 

   Cement-treated clay gained its strength mainly through three chemical reactions: 

dehydration of soil, ion exchange, and pozzolanic reaction. Short-term reactions 

include hydration and flocculation while long-term reactions are cementation and 

carbonation.  Cement is used as a hardening agent relying on calcium hydroxide, 

which is not a binder but can have slow chemical reactions with the silicates in the 

cohesive soils. The quality of the cement stabilized soil depends on many factors. 

Field tests have shown that the modulus of soil-cement column is variable and cannot 

be controlled well. The bad construction quality and modulus variation of cement 

columns are mainly responsible for unsatisfied or failed treatment. With the objective 

of overcoming this shortcoming, CMC was first developed in France and applied in 

some projects.  But its characteristics are still necessary to be investigated to 

promote the application of this method. As some uncontrollable influences in field 

tests, physical model tests in the laboratory was conducted in this paper to investigate 

its behavior and effectiveness. Figure 1 is the schematic of the device for installing 

controlled modulus columns in the laboratory.  
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FIG. 1 Schematic of the Device for Installing Controlled Modulus Columns: 

  (Not to scale) 

 

   The model box is rectangle and has a dimension of 50�80�70cm
3
. The soft clay 

was constructed in three layers with the thickness of 20, 20, and 20cm, respectively. 

The average dry density of three soil layers was 1.48g/cm
3
. The soft clay was cured 

for one month and the water content was kept constant during the curing time. Three 

controlled modulus columns were installed with the spacing of 20cm as a triangular 

by the specific installation machine shown in Figure 1. However, only one column 

was tested in this paper, and the others are prepared to investigate the pile group 

effect in future. The diameter of the columns was 5 cm while the length was 50cm. 

The material for constructing the controlled modulus columns was cement grout 

mortar with the desired compressive strength of 2.0~15.0 MPa. The components of 

the mortar were sand, cement powder, and de-aired water, and the weight magnitudes 

of them were determined as 60%, 20%, and 20%, respectively, according to the tests 

results for different proportions.  This mortar had an average unconfined 

compressive strength of 4.5MPa after hardening. Plate loading tests were conducted 

after one month of the column installation to investigate the characteristics of the 

composite foundation with controlled modulus columns. Table 1 shows the material 

properties of the soft clay used in the physical model.  
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   Two types of plate loading tests were conducted on composite foundations with a 

single column in the center using a flexible plate and a rigid plate. Both plates are 

circular and have a diameter of 21 cm. One is made up of wood while the other is 

steel plate. Three pressure cells were installed under the loading plate. The diameter 

of the pressure cell is 2.8 cm. One pressure cell was located on top of the column and 

at the center of the loading plate while the other two cells were placed on the surface 

of the soil at the distances of 5 and 10 cm, respectively, to the center of the column. 3 

cm thick fine sand was spread on top of the column and the surrounding soil to 

provide a leveling surface for the loading plate.  Loading was applied in 12 

increments by the weight of the steel blocks. The schematic diagram of the setup of 

loading system, the location of pressure gauges and the loading plate are shown in 

Figure 2. The criterion for terminating the previous load and starting the new load 

was when the settlement in two hours was less than 0.01mm.  

 

Table 1 Material properties of soft clay 

 

Gradation (%) 
W 

(%) 

WP 

(%) 

WL 

(%) 

PI 

(%) 

av 

(MPa
-1

) 

E 

(MPa) 

��d 

(g/cm
3
) 

>0.074 

mm 

0.074~0.005 

mm 

<0.005 

mm 

30.6 20.4 39.2 18.8 0.79 2.35 1.48 0.9 57.7 41.4 

 

 

 

FIG. 2 The Schematic Diagram of the Loading, Monitoring Systems  

Not to scale  
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TEST RESULTS AND DISCUSSION 

 

To examine improvement effect of the treatment, bearing capacity of the untreated 

soft clay was also tested to compare with the treated case.  Rigid plate was also 

employed in the untreated foundation loading test. Loading was applied in 8 steps and 

approximately 12kPa for each step. Figure 3 shows the relationship of the applied 

pressure and the settlement for three cases, namely, the untreated, rigid plate, and 

flexible plate. The bearing capacity of the untreated foundation of the soft clay is 

around 45kPa according to loading plate test. The settlement of the controlled 

modulus column foundation was smaller than that of the soft foundation at a given 

pressure. The measured vertical pressures in Figures 4(a) and 5(a) show that the 

columns carry most of the applied load.  The average stress concentration ratios of 

column to soil are approximately 5.0 under the rigid plate and 2.0 under the flexible 

plate, respectively.  It is understandable that the pressure distribution underneath the 

flexible plate is more even because the flexible plate has more flexibility of being 

adjusted to the deformation subsequently more load can be transmitted to the 

surrounding soil.  From Figures 4(a) and 5(a), the stiffness of the load plates can 

influence the stress distribution. Therefore, if the cushion stiffness in real projects is 

controllable, the stress concentration ratio of column to soil can be controlled which 

may be considered to adjust the differential settlement and/or reduce the total 

settlement of the composite foundation. This topic will be investigated detailed in the 

near future.  

 

FIG. 3 Q-S Curves of Untreated foundation,  

Rigid and Flexible Plate Loading Tests   
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(a) (b) 

 

  FIG. 4 Results of the Plate Loading Test using the Rigid Plate: (a) Vertical 

Load versus Applied Pressure, (b) Average Stress Concentration Ratio of 

Column to Soil 

 

  

(a) (b) 

 

FIG. 5 Results of the Plate Loading Test using the Flexible Plate: (a) Vertical 

Load versus Applied Pressure, (b) Stress Concentration Ratio of Column to Soil 

 

   The presented results are the primary work for this series of physical model tests. 

For the columns included in this paper, only a kind of grouting material was prepared 
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which was based on the required compressive strength 2.0~15.0 MPa. Different 

proportion of components tests was employed to obtain the desired modulus value. 

The detail will not be presented due to the paper length limitation.  Eventually, the 

magnitudes of different components were determined as described before. The 

modulus of the column strongly depends on the comparison of cement and sand. The 

modulus of columns can be changed by the adjusting the inclusions magnitudes 

purposefully.  The relation of the column modulus and the inclusions magnitudes 

will be proposed successively in future publications about this study.  Overall, the 

main objective of this study is trying to use the physical model test method to 

determine modulus related components proportion of the grouting material and 

investigate the geotechnical behavior of the CMC.  

 

CONCLUDING REMARKS 

 

The quality of soil-cement columns is affected by a number of factors and difficult 

to be controlled during construction. The CMC method can easily control the quality 

of the columns through changing the types and magnitudes of the components of the 

grout material.  The columns can be designed based on the requirements for 

tolerable total and differential settlements of the embankment.  Laboratory model 

tests were conducted in this study to evaluate the effectiveness of the CMC method.  

The test results demonstrate that the composite foundation with CMC can reduce the 

settlement of the embankments significantly. Two load plates with different stiffness 

were adopted in the test. The test result has shown that the stress concentration ratio 

of columns to soil is sensitive to the plate stiffness. Derived from this phenomenon, 

the stress concentration ratio of columns to soil can be controlled by changing the 

cushion stiffness which may be effective to reduce the differential and total settlement 

in practice. The topic about the cushion stiffness influence on the embankment 

performance will be the next target. The controlling deformation design can be 

fulfilled by the combination of CMC and the controllable cushion stiffness of 

composition foundation in highway projects. 
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ABSTRACT:  The construction of a large diameter thin-wall cast-in-situ concrete 

pipe (PCC) pile for ground improvement for embankment construction in Yan-Tong 

Expressway in China is presented in this paper. PCC piling is a new piling technique 

which combines the advantages of a few techniques, including prestressed concrete 

pile, the vibratory drilled pile, and the vibro-piling cased curtain. A PCC pile has an 

outer diameter of approximately 1 m with a wall thickness about 0.1 m. The 

construction parameters including the slump, casing pulling speeding, and piling 

sequence were studied in the field. The possible quality problems are also discussed in 

the paper followed by preventive measures and solutions.  

INTRODUCTION 

   A large diameter thin-wall cast-in-situ concrete pipe pile (PCC), patented by the 

Geohohai Institute of Hohai University in China, is a new technique for ground 

improvement (Liu et al. 2003 a, b and Liu and Chen 2003). A PCC pile has an outer 

diameter of approximately 1 m with a wall thickness about 0.1 m. It combines the 

advantages of a few construction techniques, such as the prestressed concrete pile, the 

vibration drilled pile, and the vibro-piling cased curtain wall. The piling equipment 

can extract soil automatically and cast concrete in the borehole.  

   A twin-tube casing with collapsible pedals is driven into the ground to the desired 

depth by the vibratory force from a hammer sitting on the top of the casing.  Concrete 

is poured into the annular borehole after the soil has been extracted from the casing. A 

pile is formed after the casing is totally extracted from the ground and concrete is 

placed inside the annular borehole.  
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   PCC piling is a new technique, which executes driving, excavating, and casting in 

one operation.  This paper presents a case history of the construction of PCC piles for 

ground improvement for embankment construction during Yan-Tong Expressway 

construction in Jiangsu, China. This piling technique can also be used for deep 

foundation for various structures in soft ground, including bridge and building 

structures. This paper focuses on the influence of construction parameters, quality 

control, and possible construction problems and suggested solutions. Since PCC piling 

is a new technique, the loading and deformation mechanisms have been thoroughly 

investigated through field tests and numerical modeling. For example, the load 

distribution of the pile system can be found in Liu and Zhang (2008), the negative 

friction development can be found in Zhang et al. (2005), a simplified design and 

analysis method in Fei et al. (2004), and the field performance and numerical 

modeling of PCC pile foundation in Fei et al. (2004).  

PRINCIPLES OF PCC PILING 

PCC Piling Equipment 

   A PCC piling machine is schematically shown in Fig.1. It consists of the following 

main components: 1. a chassis with winches; 2. a drilling rig; 3. a vibro hammer; 4. a 

steel casing; 5. a pile shoe equipped with collapsible pedals; and 6. a concrete 

dropchute.  

   The main functions of the components are listed below.  

1. The chassis is a rectangular steel frame with plan dimensions of 5x9 m. It is 

made of I beams to support other components. 

2. The drilling rig provides required forces during construction Compared to 

drilled pile or deep mixing equipment, a PCC pile machine needs a relatively 

higher uplifting force during casing extraction because of the friction forces 

applied on twin tubes of the casing.  

3. The uplifting components provide the required high lifting forces during 

construction to overcome the large friction forces due to the large diameter of 

the pile and twin-tube frictions.  

4. The borehole casing is made from two concentric steel tubes. The two tubes 

can be welded together to facilitate the construction if a plain concrete pile is 

used, otherwise the two tubes are separated during drilling.  

5. The pile shoe is to penetrate the casing into the soil with pedals to collapse the 

obstructions.  

6. The concrete dropchute is to help free-falling the concrete without striking the 

sides.  

   If additional pressure is required, the weight of the equipment can be applied on the 

casing to help facilitate drilling. The pile shoe assembles with collapsible pedals 

during drilling, as shown in Fig. 2 and separates from each other automatically during 

casing extracting. The construction procedures are schematically shown in Fig. 3.  

1. Position the pile driving frame. 

2. Drive the casing to the desired depth to form the annular borehole. 

3. Remove soil from annular cavity while drilling. 

4. Pour concrete into the annular borehole with care while extracting the casing. 

5. Pour concrete until the pipe pile is completely constructed. 
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   Wet method can be used where caving can occur in the borehole after excavation. 

This machine is normally used in a gentle ground and can be modified to 

accommodate to a ground surface with a steeper slope. Since the pile is formed in-situ, 

it may create a big construction issue when the subsoil consists of lots of gravel, 

boulders, and obstructions. 

 

Fig. 1.  Front and side views of the PCC piling equipment 

 

 
 

Fig.2. Pile pedaled shoes 

 

Mechanism of Drilling during PCC Piling 

   The construction of a PCC pile is fundamentally different from that of a vibration 

drilled pile although the equipment looks similar to each other. The casing in a PCC 

pile consists of two concentric steel tubes where the outer tube is 200 to 300 mm 

larger than that of the inner tube. The casing is drilled into the ground under protection 

of pile pedaled shoes when the vibratory force, R, is larger than the sum of the three 

resistance forces: vertical component of the resistance at the pile tip, N; force exerted 

upwards at the tip, F; and the two-sided friction along the casing, P, as shown in Fig.4,  
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instead of only one-sided friction in regular vibration pile. The machine stops drilling, 

once it reaches its desired depth. 

   The soil experiences partial dilation or liquefaction failure under the vibratory force. 

The angle of friction decreases rapidly under the dynamic loading, which accelerates 

the rate of sinking. Soil outside of the casing is compacted during the placement of 

casing. The compaction zone and influence zone are related to the soil conditions and 

the intensity of vibration and compaction during casing placement. 

   The whole process including drilling, casing extraction and concrete placement is 

finished in one operation without changing the machines. This maintains the stability 

of the borehole and provides sufficient concrete to obtain a high quality pile.  

 

 

Fig.3 Construction sequences of a PCC pile 

 

 

Fig.4. A schematic diagram of forces during PCC piling 

 

Forming A PCC Pile 

   The casing is drilled into the ground with vibratory force. Concrete is poured into 

the annular borehole from the bottom while extracting the casing. The necking of 

Casing 

Influence zone 
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concrete are prevented since the casing works as an apron slab. The equipment makes 

trenching, reaming, concreting at one operation to create a quality pile.  

    The concrete is pounded continuously and sufficiently to be dense and uniform 

during casing extraction. The wall thickness of the pile will be increased by the 

squeezing effect from the concrete. The soil between piles can be somewhat 

compacted by the vibration, squeeze, and the displacement of soil during the 

construction. The influences of the compaction on the influence zone and the wall 

thickness of the pile are related to the soil conditions.  

 

Features of A PCC Pile 

   The main features of a PCC pile and the specifications of the equipment are listed as 

follows: 

1.  The sinking depth is up to 25 m. 

2.  The diameter of the pile is 1000~1500 mm. 

3.  The thickness of the pile is 100~150 mm. 

4.  The load capacity of a single pile can reach 3000kN in Liu and Zhang (2008).  

5.  Concrete can be poured in many steps. 

6. The uplifting force is 30 tons. The drilling force added to the high frequency 

vibratory force can go up to 100 tons. 

CONSTRUCTION OF A PCC PILE 

   As PCC piling is a new technique for ground improvement. There is limited 

information available regarding construction method, pile interaction, quality control, 

etc. This paper presents the application of PCC piles in ground improvement for the 

construction of Yan-Tong Expressway in Jiangsu, China. This paper focuses on the 

construction aspects of PCC piling in this project.  

 

Influence of Concrete Workability 

   The workability of concrete directly affects the quality and strength of the pile after 

construction. The slump test is normally chosen to measure the workability of concrete 

at the jobsite. A lower slump should be used in a soil stratum with high water content. 

Because the wall thickness of a PCC pile is only about 120 mm, the diameter of coarse 

aggregates should not be more than 20 mm in order to achieve better workability and 

better quality control in the pile.  

   The optimum slumps for various ground conditions are investigated in this paper. 

Four kinds of slumps were tested, including 30~50 mm,50~70 mm, 70~90 mm and 

90~130mm. Ten 1.0 m diameter piles with a pile thickness of either 100 mm or 120 

mm were used in the study. The results are listed in Table 1. Based on the tests, the 

influence of the slump on the concrete can be summarized as follows; 

1.  Neither excessively high nor low slump was beneficial to the quality of pile. 

2.  The concrete with a slump lower than 50 mm tended to cause clogging and 

eventually necking and gapping inside the pile. The thickness of the pile was 

not uniformly distributed based on the inspection of the exposed piles.  

3.  A slump higher than 100 mm tended to cause segregation and non-uniform 

distribution of coarse aggregates. More coarse aggregates were found at the 
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side close to the concrete dropchute. 

4.  The optimum slump is from 50 to 100 mm, where the workability of concrete 

is good and will result in a good quality pile. This was approved from field 

inspections.  

 

Table 1. Influence of workability of concrete on concrete quantity 

Pile 

No. 

Stationing Slump 

(mm) 

Diam.  

(mm) 

Thick. 

(cm) 

Extract. 

(m/min) 

Clog. 

A17-8 K31+509-K31+559 30-50 1000 10 1.2 2 

A1-8 K31+509-K31+559 30-50 1000 10 1.2 2 

A17-9 K31+509-K31+559 70-90 1000 10 1.2 0 

A17-10 K31+509-K31+559 50-70 1000 10 1.2 0 

A17-12 K31+559-K31+600 100 1000 12 1.2 1 

A2-10 K31+559-K31+600 100 1000 12 1.2 1 

A2-15 K31+559-K31+600 90 1000 12 1.2 0 

A2-11 K31+559-K31+600 30-50 1000 12 1.2 1 

A6-8 K31+559-K31+600 30-50 1000 12 1.2 1 

 

Influence of Casing Extraction 

   Due to the existence of soil inside the inner tube, the stability of borehole is 

significantly influenced by casing extraction. The casing extracting or pulling speed 

will affect the sufficiency of concrete. Pulling too fast will lead to necking. The speed 

is normally kept at around 1.2 m/min. 

   A field test was performed to investigate the influence of casing extraction on the 

quality of the pile. Two kinds of soil were selected: silty clay and silty sand. The same 

depth was selected as 6 m below the ground surface in order to obtain more 

comparable results. Two speeds, 1.5 m/min and 1.8 m/min, were used in the test piles 

with a wall thickness of either 10 mm or 12 mm.  Different stop depths and stop 

durations were selected in the tests. The relationship between casing extraction and 

concrete quantity is shown in Table 2, where volume ratio is the ratio of used concrete 

volume to the theoretical volume. The relationship between concrete quantity and stop 

durations is shown in Table 3.  

 

Table 2 Influence of casing pulling speed on concrete quantity 

Pile 

No. 

Stationing Diam. 

(mm) 

Thick. 

(cm) 

Extract. 

(m/min) 

Vol. 

ratio 
A16-8 K31+509-K31+559 1000 10 1.5 1.45 

A16-9 K31+509-K31+559 1000 10 1.5 1.48 

A3-8 K31+509-K31+559 1000 10 1.5 1.45 

A17-9 K31+509-K31+559 1000 10 1.5 1.48 

A1-7 K30+808-K30+898 1240 12 1.5 1.45 

A2-7 K30+808-K30+898 1240 12 1.5 1.47 

A3-7 K30+808-K30+898 1240 12 1.5 1.49 

A1-17 K30+808-K30+898 1240 12 1.8 1.44 

A4-24 K30+808-K30+838 1000 12 1.8 1.45 

A11-1 K30+808-K30+838 1000 12 1.8 1.46 

A9-22 K30+838-K30+868 1000 12 1.8 1.45 
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Table 3 Influence of construction stop on concrete quantity 

Pile No. Stationing Stop depth 

(m) 

Duration 

(sec) 

Counts  Concrete 

volume (m
3
)  

A4-13 K30+808-K30+838 4.5-5 20 5 0.3 

A4-18 K30+724-K30+808   4.5-5 20 5 0.3 

A3-7 K30+724-K30+808 8.5-9 15 4 0.2 

A2-15 K30+724-K30+808 9-9.5 15 5 0.18 

A1-13 K30+724-K30+808 10-11 10 4 0.11 

 

   Based on the test results above, it can be found that the quantity of concrete 

increased significantly during stop, especially at the depths lower than 5 m from the 

ground surface. It is believed that the increase of concrete volume was due to the facts 

that there was a lower confining pressure and the soil inside the inner tube was 

partially plugged at a relatively lower weight. Another reason is that the concrete in 

annular casing was put into soil under self weight and machine vibration. 

 

Analysis of Volume Ratio 

   The majority of volume ratios were from 1.4 to 1.5 in this project. For a PCC pile, a 

small expansion of the outer diameter and contraction in inside diameter will 

significantly increase the sectional area. Additionally, soil plugging inside during 

casing extraction will also increase the volume ratio. The volume ratio in a PCC pile is 

generally larger than that of a regular shaft.  

   It was found from the field test that the volume ratio of a PCC pile is mainly 

influenced by the following factors: 

1. The diameter and the wall thickness of the pile. The increase of the external 

diameter and the decrease in the wall thickness will increase the volume ratio.  

2. The conditions of soil. The volume ratio increases with the void ratio and 

water content in the soil. 

3. The soil height inside the casing. The squeezing effect from vibratory concrete 

placement increases substantially once the soil height inside the casing is low. 

The volume ratio increase when the soil plug increases at a low soil height.  

4. The casing pulling speed. The pulling speed has some influence, especially in 

saturated silty clay. Less influence was found in high strength soil.  

5. The stop duration and depth. The concrete quantity increased substantially 

when the stop occurred at a depth lower than 6 m from the ground surface and 

stop durations remained longer than 20 s. Since the soil plug in the casing 

increased substantially under those conditions.  

 

Influence of Piling Sequence 

   The piling sequence is normally considered mainly for the convenience of 

construction. The influence of the piling sequence on adjacent piles were planned and 

investigated in this project.  

   In the first piling sequence, as shown in Figs. 5, only one machine, #1, was used to 

follow the same piling sequence. No fountains were found during the construction. 

   In the second piling sequence, shown in Fig. 6, three machines were started 
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simultaneously from three sides and only one side was left without construction. The 

piling equipment moved gradually from the edges to the center area. The ground had 

settled about 10 to 15 mm and fountains occurred in the central zone when the 

machines were about 15 m from the center. Groundwater sprang out abruptly near the 

machine #3 when there were only three rows of piles to be installed. Based on the 

results, the one-way direction piling sequence in Fig. 5 is suggested for practice. The 

sequence of piling from the edges to the center should be avoided if possible.  

 

Fig. 6. Piling sequence for machine #2, 3 and 4 

INSPECTION METHODS OF A PCC PILE 

   A PCC pile can provide a high bearing capacity with its large diameter and pile 

spacing. However, the quality of the pile should be rigorously controlled because of its 

thin wall thickness.  Non-destructive testing methods including low strain dynamic 
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Fig. 5. Piling sequence for machine #1 
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pile load testing (LST), high strain dynamic pile load testing (HST), static testing, and 

exposure method can be adopted with a PCC pile. 

   LST is mainly used to test the integrity of the pile. For a PCC pile, four symmetrical 

testing points shall be used on the top of the pile in the dynamic load testing due to the 

existence of soil inside the core. A hammer made of either nylon or iron can be used to 

strike the pile and the optimum distance between the striking point and the motion 

sensing devices shall be strategically selected to collect the signals. The integrity of 

the pile will be inspected based on the response. Based on the field test, LST is 

feasible for testing the integrity of a PCC pile. 

   HST is mainly used for testing the bearing capacity of the pile. Protective measures 

shall be used to prevent damages to the pile. The bearing capacity of a PCC pile is 

mainly from the friction. A high displacement may occur under the strike from a 

heavy hammer.  

   Static load testing can be used to test the ultimate bearing capacity of a single pile. 

The test shall be conducted after capping the pile and the step loading method shall be 

applied to increase the loading up to twice the design load.   

   A total of fourteen piles were exposed in the field, with the maximum excavation 

depth of 12.5 m. The quality of PCC piles was well controlled in this project with 

smooth and uniform surfaces founded in all the piles. No anomalies including 

gapping, necking, bulging, segregation, etc were observed in those piles.  

POSSIBLE PROBLEMS AND QUALITY ASSURANCE METHODS  

   Necking occurs due to the collapse in the borehole before filling with concrete.    

Some preventive measures include a slow casing pulling speed and sufficient concrete. 

The casing shall be extracted slowly in a controlled manner. An intensive vibration 

shall be used to increase the flow of concrete and a 2 m head of concrete shall be kept 

above. In low strength soil, a lower speed shall be selected with more stops at the 

interface regions between different strata.  

   Gapping occurs when parts of a pile separate from each other. There are many 

factors to cause gapping in a pile during construction. If the casing extraction is too 

fast, soil falls  inside the borehole and causes gapping. In closely spaced piles, a pile 

may be damaged during construction of an adjacent pile. If wet construction is used, 

pulling the casing too fast with insufficient concrete inside will allow slurry to be 

trapped in the hole and cause gapping. Similar preventive measures in necking can be 

used to prevent gapping. For a group pile, a piling sequence shall be optimized to 

minimize the influence of piling around existing piles.  

   Vertical misalignments will occur if the casing is not vertically positioned or the 

construction of an adjacent pile moves the pile out of its original location. The 

preventive measures include positioning the equipment correctly, free-dropping the 

casing without too much push, and limiting the inclination within 1 %. For the 

construction of a group of piles in very soft ground, construction parameters including 

a piling speed and a piling sequence should be carefully selected to minimize the 

influences from the construction of adjacent piles. 
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CONCLUSIONS 

   A large diameter thin-wall cast-in-situ concrete pipe (PCC) piling is a new technique 

for ground improvement. Based on the field application of this technique in Yan-Tong 

expressway in China, some valuable experiences were gained in this project for 

reference in the future. The slump of the concrete shall be between 60 to 90 mm to 

have a good workability in concrete and a quality pile. A proper piling sequence shall 

be planned carefully to minimize the influences from surrounding construction. It is 

suggested to construct the piles from the center toward the sides, if possible. Stopping 

periods during concrete casting is an effective way to prevent gapping in a pile. The 

quantity of concrete increases substantially, if the stop time is longer than 20 s. A bell 

or a bamboo shaped pile can be constructed by controlling stops during construction. 

   Most testing methods used for drilled shafts can be used to test the integrity and 

bearing capacity of a PCC pile, including low strain dynamic pile load testing, high 

strain dynamic pile load testing, static testing, and the exposure method.  
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ABSTRACT: The effectiveness of Deep Soil Mixing (DSM) treatment method was 

evaluated in terms of reducing heave movements of expansive subsoils underlying 

pavements and earth structures. Laboratory mix design study results were used to select 

a combined binder treatment approach utilizing lime and cement binders. DSM columns 

were designed and constructed in two pilot scale test sections. Surcharge equivalent to 

loads from base and surface layers was placed on top of these DSM treated sections 

through a fill placement. The two pilot test sections along with control sections on 

untreated soils were instrumented and monitored for period of two years. Monitored 

results showed that soil shrink-swell related movements in both vertical and lateral 

directions were lesser than those recorded in the untreated soil sections. Overall, this 

research showed the potential of DSM treatment method to minimize shrink-swell 

related movements from expansive subsoils of moderate depths. 

 

 

INTRODUCTION 

 

Expansive subgrades are commonly found in soils of various TxDOT districts in Texas. 

Due to seasonal related moisture fluctuations, swell and/or shrinkage related soil 

movements commonly occur in these subgrade soils underlying the infrastructures such 

as pavements, embankments and light to medium loaded residential buildings. These 

non-uniform soil movements in expansive soils often cause distress to structures resting 

on them. In case of pavements, these movements result in surface cracking thereby 

leading to pavement roughness and discomfort to riders.  

Like all other Department of Transportation (DOT) agencies, this type of pavement 

distress is a major challenge faced by the Texas Department of Transportation (TxDOT) 

mainly due to two reasons: a) road users discomfort and safety, and b) rehabilitation and 

maintenance costs of these effected pavements at millions of dollars annually. There 

have been continuous efforts from TxDOT to mitigate subgrade swell/shrinkage related 

pavement distress. TxDOT and UTA (The University of Texas at Arlington) as well as 

UTEP (The University of Texas at El Paso) research teams worked together to find 

suitable ground improvement techniques to stabilize expansive soils extending to depths 

greater than 3 m below the ground surface.  
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The research team at UTA proposed the application of the deep soil mixing (DSM) 

technique to stabilize expansive soils beneath pavements to mitigate the distress caused 

by cyclic shrink-swell movements. This method is expected to improve the long-term 

performance of these pavements. DSM is a commonly adopted technique to stabilize 

very soft to soft clays, organic soils, and loose sands and is widely applied in Japan, 

Scandinavian countries, and in some parts of the United States (Porbaha 1998).  

The objective of this research study is to evaluate the effectiveness of the DSM 

technique in stabilizing expansive soils of considerable depths supporting 

infrastructures including highways, embankments and other earth and residential 

structures. The deep mixing method has proven to be an effective method in stabilizing 

soft soils and studies confirming this can be found at the Swedish Geotechnical Society 

(Porbaha 1998). However, no studies were found evaluating this technique in stabilizing 

expansive soils.  

Since chemical stabilization is a preferred method for expansive soil improvement, 

this study would lead to a new treatment technology, if proven effective, in stabilizing 

expansive soils with active zones extending to depths greater than 3 m. The next section 

provides a brief description of the laboratory mix design used to select the binder type 

for field studies. 

 

LABORATORY MIX DESIGN 

Laboratory mix design studies include development of soil-binder mixing and 

Unconfined Compressive Strength, swell and shrinkage testing specimen preparation 

protocol (referred hereafter as laboratory mixing protocol). This is followed by 

evaluation of research variables such as soil type, binder type, binder contents, binder 

proportions, curing period, curing conditions and water to binder ratio influence on the 

stress strain (strength-deformation properties) and volume change (swell-shrink 

properties) response of the treated soil. The water to binder ratio of 1.0 was chosen here 

since it is the most commonly adopted water to binder ratio during the field installation 

of the Deep Soil Mixing columns (Babasaki et al. 1996, Japanese Geotechnical Society 

2000, Hampton 2004). The parameters and their ranges studied in this research are 

presented in Table 1. Following the laboratory mixing protocol developed in this 

research and reported in Bhadriraju et al. (2008), the UCS, shrink and swell specimens 

were prepared and tested along with untreated soils as per TxDOT and ASTM 

standards. 

Table 1. Ranges of Parameters Studied 

Description Variables 

Soil types 2 [medium and high PI clays] 

Binder content  

(kg binder/m
3
 soil) 

100, 150 and 200 (kg/m
3
) 

Stabilizer (L:C) 100:0, 25:75,  75:25, 0:100 

Curing time 7 and 14 days 
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Results and Discussion 

The following section discusses the results from the Atterberg, UCS, swell and 

shrinkage tests conducted on untreated and treated soils. 

 

Untreated soils  

The Plasticity Index of untreated or control soil at various depths ranged from 22 to 

39% and 32 to 58% for sites 1 and 2, respectively. These PI values indicate that site 1 

and site 2 represent moderate and high expansive clays, respectively. The natural 

moisture content of control soils from both sites remained nearly constant in the top 4 to 

5 m of sampling depth, ranging from 20 to 30%. The average bulk unit weight 

estimated from undisturbed core samples were 21 and 20 kN/m3 for site 1 and site 2, 

respectively.  

The potential swell strain with depth was determined by conducting free swell tests 

on samples extracted from undisturbed cores. The range of swell strains for site 1 was 5 

to 22% and 1 to 18% for site 2 with the highest free swell recorded at depths of 1.2 to 

2.4 m and 2.7 to 3.3 m, respectively. The active depth noted from previous records by 

the TxDOT (Texas Department of Transportation) from potential vertical rise (PVR) 

calculations pertaining to current sites were approximately 4.5 to 6 m. Hence, the deep 

mixing treatment was recommended to stabilize expansive soil strata up to the active 

depth.  

The linear shrinkage bar test (Tex-107-E) performed on control soil samples from 

Sites 1 and 2 yielded shrinkage strain values of 22.5 and 18.3% respectively. The UCS 

tests were also performed to characterize the soil based on strength and to study the 

effect of binder dosages and the extent of improvement. The UCS values for site 1 

ranged from 70-275 kPa, and for site 2 from 100-300 kPa. Based on the average UCS 

values with depth, the control soil from both sites can be classified as medium to stiff 

clays. 

 

 
 

Note: CS – Control Section 

Fig. 1 Effects of binder dosage, proportion and curing period on linear shrinkage strain 

properties of both sites 
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Treated Soils 

Linear shrinkage tests were conducted on treated soils at both molding water content 

(total clay-binder water content) and liquid limit of the soil-binder mixture. The 

specimens prepared at the molding water content resulted in mean bulk unit weight of 

17 kN/m
3
 and standard deviation (�’) of 0.66 kN/m

3
 and those at liquid limit water 

content yielded 16.1 kN/m
3
 and standard deviation of 0.36 kN/m

3
, respectively. Similar 

observations were made in preparation of both free swell (�’ = 0.48 kN/m
3
) and UCS 

(�’ = 0.69 kN/m
3
) specimens. These low values in �’ indicate the specimen preparation 

was homogeneous and uniform.  

The effects of binder dosage, binder proportion and curing period are depicted in 

Fig 1. The shrinkage strains of all treated specimens improved considerably relative to 

the control soil and yielded values corresponding to those that are characterized as low 

severity levels. Though there is a negligible difference in the magnitude of percent 

shrinkage strains of different binder dosages and proportions, higher values were 

observed at dosages with high binder proportions. This could be due to greater heat of 

hydration of binder during curing. The shrinkage strains increased with increase in 

cement content at a given binder content, but decreased with the increase in binder 

content. Also, shrinkage strains decreased with increase in curing period. This could be 

attributed to the strength development with pozzolanic reactions and subsequent 

hardening with time. 

A maximum shrinkage strain value of 0.27% was noted for site 1 at 100% lime 

treatment and at a dosage rate and curing period of 100 kg/m
3
 and 7 days, respectively. 

The treatment was more effective in samples from site 2, with the maximum shrinkage 

strain of 0.17% for the above combination of variables. This could be due to high 

percent fines present in the control soil obtained from site 2. The effect of binders is 

predominant, irrespective of cement content, at 14 day curing period where the slopes 

tended to be more flat. The same can be noticed for a dosage rate of 200 kg/m
3
, as 

shown in Fig 1. The treatment was also effective in preventing any patterns of warping 

or curling of shrinkage bars after drying, as was the case in control soil. 

Free swell tests were conducted on treated specimens from both sites. The 

specimens did not undergo any swelling. Therefore no data was recorded, indicating 

that the swell strains were reduced to near zero. Thus, no data was reported in this 

paper. This may be due to the inter-particle bonding developed through pozzolanic 

reactions. 

 

Unconfined compression strength test results 

The effect of binder content and proportion on UCS values of treated soils from site 

2 was depicted in Fig. 2. The strength increases with increase in dosage rate for all 

proportions, and is almost linear. The slope of the line indicates an increase in rate of 

strength with increase in cement content. In other words, the increase in cement content 

resulted in a much steeper increase in UCS values. As expected, strength gain in treated 

soil specimens showed a consistent increasing trend with increase in curing period due 

to the formation and hardening of pozzolanic compounds with time.  

It was observed that 100% cement proportion at all dosage rates yielded the highest 

strength. The 14-day maximum strength achieved at dosage of 200 kg/m
3
 and 100% 

cement proportion for the sites 1 and 2 was 1900 kPa and 2000 kPa, respectively. The 
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addition of lime, however, decreased the rate of strength gain in treated soils. The 100% 

lime treated specimens did not show any significant increase in strengths with increase 

in dosage rate at both curing periods. This may be attributed to the low cementing 

nature of lime binder. The rate of increase in strength is also very low for both 100 and 

75 % lime treatments (Fig. 2). Results of this study showed that binders composed of > 

75% of lime yielded strengths of about 1.8 to 5.2 times the strength of the untreated 

soils. The binders with dominant amounts of cement produced strengths of about 5 to 

12 times the strength of the untreated soils.  

Based on the analyses of results from current laboratory mixing studies a binder 

dosage of 200 kg/m
3
 for a lime-cement proportion of 25 and 75%, respectively, at a 

water/binder ratio of 1.0 was recommended for the pilot scale studies. 

 

 

Fig. 2 Typical results of effect of binder dosage and proportions on UC strengths of 

both sites 

 

DESIGN AND CONSTRUCTION DETIALS OF DSM COLUMNS  

 

The design of DSM columns in expansive soils is based on the heave prediction model 

originally proposed by Rama Rao et al. (1988) and later revised by Fredulund and 

Rahardjo (1993). The model for predicting heave of expansive subsoil was based on the 

variation of swell pressures with depth and is presented in the following equation 

(Fredulund and Rahardjo 1993): 

        (1) 

Where , , ,  and are the swell index, initial void ratio, final stress 

(overburden ± any changes in total stress), initial stress (swell pressure), and thickness 

of layer ‘i’ at depth z, respectively. The above equation is extended to predict the heave 

of the DSM-treated composite test sections and is as follows 
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       (2) 

where the parameters , ,  and  are the composite properties of 

layer ‘i’ in the treated ground. These parameters are estimated as shown below, based 

on the treated and untreated soil properties determined from laboratory studies. 

      (3) 

 

      (4) 

 

Based on the heave prediction models in Equations 1 through 4, the design steps and 

flow charts were developed and followed for determining the diameter, length and 

spacing of the DSM columns. More details about recommended design steps and design 

charts can be found in Madhyannapu (2007). 

Following the laboratory mix design and geometrical design results, two DSM sites 

were constructed on the median of an interstate highway in Fort Worth, Texas in May, 

2005. At each site, a 4.5 m by 12 m rectangular area was modified with DSM columns. 

The average plasticity indices (PI) of the untreated soils were about 30% (moderate PI) 

at Site 1 and 50% (high PI) at Site 2. Ground treatment was performed with a ‘Single 

Shaft Auger’ system by mixing the in-situ soil with lime (3% by weight of untreated 

soil) and cement (9% by weight of untreated soil) to produce columns of about 3 m in 

length.  Each column had a diameter of 600 mm. 

A total of 44 DSM columns (11 x 4 grid) were installed at Site 1 and 65 DSM 

columns (13 x 5 grid) were installed at Site 2. The nominal center-to-center spacing 

between the DSM columns at Sites 1 and 2 were 1 m and 0.9 m, respectively.  Tables 1 

and 2 summarize the material and geometrical design details and mixing conditions 

adopted during the construction of DSM columns. Tables 2 summarize the material and 

geometrical design details and mixing conditions adopted during the construction of 

DSM columns and Figure 3 depicts the soil-binder columns formed at the end of in situ 

mixing. 
 

Table 2 Material and Geometrical Design, and In Situ Mixing Details of DSM columns 

 Details Site 1 (Medium PI) Site 2 (High PI) 

PI 22 to 39% 40 to 58% 

Binder type Lime + Cement Lime + Cement 

Proportion 25% Lime+ 75% Cement 25% Lime+ 75% Cement 

Dosage rate (kg/m
3
) 200 200 

Water-binder ratio 1.0 1.0 

Length (m) 3 to 3.6 3 to 3.6 

Diameter (m) 0.6 0.6 

Spacing (c/c) (m) 1.05 (3.5 ft) 0.9 (3.0 ft) 

Area ratio 25% 35% 

No. of columns 44 65 

M
a
te

ri
a
l 

a
n

d
 G

e
o

m
e
tr

ic
a
l 

D
e
s
ig

n
 D

e
ta

il
s
 

Site dimensions (m) 
4.5�12  

(15 ft�40 ft) 

4.5�12  

(15 ft�40 ft) 
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 Penetration Withdrawal Penetration Withdrawal 

Shaft Velocity 0.76m/min 3.05m/min 0.76m/min 3.05m/min 

Mixing Blade 

Rotation 
40 rpm 40 rpm 40 rpm 40 rpm 

In
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Binder Injection 

Rate 
0.078m

3
/min 0.078m

3
/min 0.078m

3
/min 0.078m

3
/min 

 

 

 

Figure 4 Soil-binder columns formed at the end of in situ mixing. 

 

 

INSTRUMENTATION, MONITORING AND ANALYSIS OF RESULTS 

 

In evaluating the field performance of an engineering structure, instrumentation plays 

an important role in understanding the performance of the infrastructure with time. In 

the present study, different types of instrumentation were installed in both DSM treated 

composite sections at Sites 1 and 2 to observe the performance of the treated soil in 

minimizing soil movements from expansive subsoils and thereby the resulting distress 

on overlying infrastructure.  

The performance evaluation of the DSM treated sections is achieved through 

regular data collection and analysis related to surficial and underlying soil movements 

in the vertical and horizontal directions, moisture fluctuations and swell pressures with 

time. The instrumentation used at both sites included inclinometers, moisture probes, 

total pressure cells and settlement plates. This also helps in understanding the load 

transfer mechanisms between the DSM columns due to heaving and pressure 

distribution under the DSM column system. In order to facilitate the transfer of stresses 

produced from heaving of untreated soils between the DSM columns to the columns 

itself, a geogrid was laid at the interface of the treated ground and embankment fill. 

More information regarding installation and data collection procedures can be found in 

Soil-lime-cement columns 
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Madhyannapu (2007). Typical field pictures depicting installation of inclinometers and 

pressure cells are presented in Figure 5. 

    DSM treated pilot test sections were monitored through data collection from 

instrumentation and in situ testing for a period of two years; i.e., from June 2005 to 

August 2007. Inclinometers and settlement plates were surveyed once in two weeks and 

the data from pressure cells and moisture probes were continuously collected through a 

Data Logger. The data was downloaded to a laptop and the monitored data was 

analyzed to address the effectiveness of the DSM treatments for stabilizing expansive 

clays. The following section discusses these results. 

 

 

(a) Inclinometer installation 

 

(b) Pressure cell installation 

 

Figure 5 Typical field instrumentation of DSM sites showing installation of 

inclinometers and pressure cells. 

 

Results and Discussion 

 

Due to limitations of this paper, typical results obtained from Site 1 are only presented 

and discussed here. Both lateral and vertical deformations in the treated and untreated 

expansive soils at Site 2 were recorded through inclinometer instrumentation. Surveying 
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of inclinometer casings was performed by sending a probe into the casing and the data 

at each depth interval (0.3 m) were collected and stored using an inclinometer probe. 

The inclinometer data were then processed for any errors such as bias, rotation, and 

sensitivity.  

Vertical soil movements monitored from the horizontal inclinometers installed in 

the treated areas showed considerably less values (ranged from 6.3 mm at Site 2 to 19 

mm at Site 1) than those monitored in the untreated soil sections (21 mm. at Site 2 and 

27.4 mm. at Site 1) utilizing elevation surveys. The reduction in the surface movement 

in the DSM treated sections was attributed to the expansive clay improvement achieved 

through the DSM technique, thus, indicating effectiveness of the deep soil mixing 

method used in the present research. The ranges of maximum lateral and vertical swell 

pressures experienced in the treated sections are 2.1 to 20.7 kPa and 1.7 to 31 kPa, 

respectively, for the site 1 and 1.7 to 14.5kPa and 1.4 to 9.6 kPa, respectively, for the 

site 2. These values are lesser than those measured for control soils in the laboratory 

environment. 

Lateral soil movements recorded using the vertical inclinometers installed in both 

the treated and untreated sections were also low (17.7 mm. on untreated versus 10.1 

mm. around the columns at Site 1). The DSM columns recorded negligible movements 

and around the columns the movements are considerably smaller than those recorded in 

the untreated section due both to swell and shrink cycles. This observation is valid in 

both sites. Again, the enhancements were attributed to the deep soil mixing method 

adapted in the field. 

 

SUMMARY AND CONCLUSIONS 

 

This paper presents laboratory mix design, construction and field monitoring of deep 

soil mixing columns to stabilize expansive clay of moderate depths. Laboratory studies 

using lime and cement binders at various dosages and binder proportions showed that a 

combined lime and cement at binder proportions of 25 and 75% with a binder dosage of 

200 kg/m
3
 and a w/b ratio of 1.0 was appropriate for field implementation. 

Subsequently, two pilot scale test sections using the binder proportions were used to 

construct two test sections, which were instrumented and monitored for soil volume 

change movements due to seasonal moisture changes.  

Overall, the movements and pressures recorded in the field showed less values for 

field treated sections than the control or untreated sections. Based on these results, a 

step-by-step design methodology was introduced to design deep soil mixing columns 

for stabilizing active and expansive clays to mitigate their swell and shrink behaviors. 

Such treated systems are expected to provide stable and uniform support to overlying 

structures without inducing any heave related distress. 
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ABSTRACT: Deep mixing method is widely used for soft soil improvement in 

highway construction in China. Most of past studies have been mainly investigating 

mechanical properties of soil-cement, while its uniformity has not been well 

addressed. This study investigated the uniformity of deep mixed columns with 

electrical resistivity method. A series of electrical resistivity tests, unconfined 

compressive strength tests, and standard penetration tests were carried out on deep 

mixed columns. The uniformity difference between single slurry mixed columns and 

double slurry mixed columns is compared. The results indicate that the electrical 

resistivity and its derived parameters, such as the formation factor, the shape factor, 

and the anisotropy factor are effective indicators of the uniformity of deep mixed 

columns. It is also shown that the double slurry mixing method can significantly 

improve the mixing uniformity of columns than the single slurry mixing method. 

 

INTRODUCTION 

 

   Recently in China, deep mixing method is widely used for soft soil improvement in 

highway construction (Han, et al., 2002; Liu and Hryciw 2003). Most of past studies 

have been focused on mechanical properties of soil-cement, while its uniformity has 

not been well addressed. Larsson et al. (2005a, 2005b, and 2005c) investigated the 

uniformity of lime-cement columns by a large number of hand-operated penetrometer 

tests carried out on the excavated column cross-sections. Statistical multifactor 

analyses were used to evaluate the influence on the stabilizations effect and the 

coefficient of variation of several factors including the retrieval rate, number of 

mixing blades, rotational speed, air pressure in the storage tank, and diameter of the 

binder outlet hole. The retrieval rate and the number of mixing blades were found to 

have a significant effect, while the effect of rotational speed and the diameter of the 

outlet hole were found to be insignificant. The blade rotation number can be used as 
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an indirect value of the mixing work and can be used as a measure of the mixing tool 

effectiveness. Liu et al. (2008a) investigated the properties of the electrical resistivity 

of the reconstituted soil-cement and the in situ soil-cement columns, and proposed that 

the electrical resistivity method is a reasonable alternative due to non-destructive and 

time-effective advantages. Miao et al. (2003) studied the relationship between the 

electrical resistivity and the curing time, the unconfined compressive strength and the 

cement ratio of laboratory prepared soil-cement admixtures. However, none of these 

studies systematically investigated the uniformity of deep mixed columns using the 

electrical resistivity method. 

   The purpose of this study was to investigate the uniformity of deep mixed columns 

with the electrical resistivity method. A series of tests were carried out for cement-

stabilized soft soil, which was obtained from Suzhou City, China. The uniformity 

difference of single slurry mixed columns (a traditional deep mixing method used in 

China) and double slurry mixed columns is discussed in this paper. 

 

Electrical Resistivity Test Method 

 

   The electrical resistivity of the soil-cement was measured using the two-electrode 

probe method and a test apparatus developed by the Institute of Geotechnical 

Engineering, Southeast University (Liu, 2006). The electric frequency of the test 

apparatus was set at 50 Hz, which is consistent with it routine use in China. The 

reliability of the test apparatus was discussed by Liu (2006) by comparing the 

measured electrical resistivity of soil-cement admixtures with the measured values 

using the ASTM G187-05 standard test method. The schematic of this test method is 

shown in Figure 1, in which the electrical resistivity of the soil-cement admixture, �  

(�·m), is calculated based on the following equation:  

 

                                                                                                        (1) 

 

in which �U = the electrical voltage applied  to the soil (volts), I = the electrical 

current (amps) A = the cross section area (m
2
) through which electrical current 

conducts, and L = the length of the soil-cement admixture specimen (meter) parallel to 

the electrical current. 

 

 

FIG. 1.  Schematic of the two electrode probe method 
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   In this study, the copper electrode probes were placed on the top and at the bottom 

of the soil–cement specimens during the measurement of the electrical resistivity. All 

of the measurements of the electrical resistivity were performed under the controlled 

temperature of 20 ± 3ºC. A vertical pressure of 20 kPa was applied on the copper 

probes to ensure a well contact condition between the probes and the specimens during 

the electrical resistivity tests. 

   Based on the horizontal electrical resistivity (�v) and vertical electrical resistivity 

(�h), three parameters of electrical resistivity including the formation factor (F), the 

shape factor (f), and the anisotropy factor (A), can be derived using the method 

suggested by Arulmoli (1980) 

 

                                                                                                  (2) 

 

                                                                                                    (3) 

 

                                                                                                   (4) 

 

where, Fh=�h/�w, Fv=�v/�w, fh=-lnFh/lnn, fh=-lnFv/lnn, �w is the electrical resistivity of 

water, and n is the void ratio of soil. 

 

FIELD STUDY 

 

Site Conditions 

 

   A pilot field test site was selected along the Shanghai-Suzhou-Zhejiang highway in 

Jiangsu Province, China. The engineering geological profile of the site has four soil 

layers: the top clay layer with a thickness of 2.0m, the second mucky clay layer with a 

thickness of 12.0m, the third silty clay layer with a thickness of 2.5m, and the forth 

stiff clay layer. The boring did not penetrate the forth clay layer. The laboratory test 

results of the soil layers are presented in Table 1. Representative subsurface conditions 

depicted by piezocone tests are shown in Figure 2. The electrical resistivity of water is 

8.22 �·m. It is apparent that the mucky clay layer has high natural water content, high 

compressibility, low strength, and low permeability, which needs to be treated before 

highway embankment construction. In this case the slurry deep mixing method was 

chosen to improve the soft mucky clay. 

 

Test Program 

 

    Single slurry mixing method is a traditional deep mixing installation method in 

China (Figure 3), which has some disadvantages, such as insufficient mixing, grout 

spill, column strength decreasing with depth (Yi and Liu, 2008). To overcome these 

shortcomings, the double slurry mixing method was developed and used as a new deep 

mixing method.  
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Table 1.  Laboratory test results of the soil layer 

 Clay Mucky clay Silty clay Clay 

Natural water content (%) 32.6 69.7 24.6 25.3 

Unit weight (kN/m
3
) 18.5 16.2 19.9 19.8 

Plasticity index 14.6 21.6 12.3 22.1 

Liquidity index 0.83 1.60 0.39 0.07 

Void ratio 0.958 1.700 0.703 0.739 

Cohesion (CU test), ccu (kPa) 27.2 13.6 32.0 78.0 

Friction angle (CU test), �cu (°) 26.8 16.7 9.5 25.0 

Coefficient of compressibility, mv 

(MPa
-1

) 
0.09 0.46 0.17 0.11 

 

 

FIG. 2.  CPTU results of test site 

 

 

(a) Single mixing method           (b) Double mixing method 

FIG. 3.  Illustration of single and double mixing methods 
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    The deep mixed columns in the pilot project had a diameter of 500mm, a common 

size used in China. The cement used is equivalent to Portland cement Type I. The 

average dosage of the cement was 65 kg per lineal meter column. The deep mixed 

column installed with a length of 16.5m and with a jet pressure larger than 0.25 MPa. 

The spacing of the columns from center to center was 1.4m, arranged in triangular 

grid. The water-cement ratio was 0.5. The rotation speeds of the double slurry mixing 

method were 54 and 70 rev/min for inner and outer mixing shaft, respectively. While, 

the rotation speed of the single slurry mixing method was 70 rev/min. The retrieval 

rate was 1m/min for single and double slurry mixing methods. 

    In order to investigate the quality of the deep mixed columns installed with the 

traditional method and the double slurry mixing method, standard penetration tests 

(SPT) were performed inside the columns after cured for 28 days.  Since a hole was 

left in the middle of each column after the withdrawal of the mixing auger, the central 

blind zone is not representative of the overall quality of the column.  SPT tests were 

performed at a distance of 100 mm from the center of the column. Disturbed samples 

from the split spoon sampler were visually inspected for the uniformity of soil-cement 

mixture. In addition, undisturbed core samples were taken along of the columns using 

traditional core sampling equipment. The cores were taken from just above the SPT 

test depths. Unconfined compressive strength tests and electrical resistivity tests were 

complemented on the core samples in the laboratory. 

 

RESULTS AND DISCUSSION 

 

Electrical Resistivity of Core Samples 

 

   The electrical resistivity of single slurry mixed columns and double slurry mixed 

columns is shown in Figure 4. The results clearly show that the horizontal and vertical 

electrical resistivity of double slurry mixed columns core samples were almost 

uniformity along the depth (i.e., about 20�·m), while those of single slurry mixed 

columns were variable along the depth (i.e., from 10 20�·m to 40 20�·m). This 

comparison indicates that the double slurry mixed method can improve mixing 

uniformity of columns by providing effective mixing than the single mixing method. 

The main reason for the difference is that with the improvement of mixing efficiency, 

the reaction between soil particles and cement was enhanced so that the chemical 

reaction producted calcium silicate hydrate (CSH) and calcium aluminate hydrate 

(CAH) both in horizontal and vertical directions. Fine soil particles were bonded 

together resulting in a more homogeneous soil structure. This process leads to more 

homogeneous pathways for the flow of electrical current in the soil-cement mixture 

both in horizontal and vertical directions. Therefore, the horizontal and vertical 

electrical resistivity of the core samples was invariable along the depth. 

 

Formation Factor of Core Samples 

 

   The formation factor of samples denotes mainly the void ratio of soil (Mitchell et al., 

2005). With the increase of chemical reaction productions, the void ratio of the soil-

cement admixture decreased. As a result, the formation factor of the soil-cement 
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FIG. 4.  Electrical resistivity of deep mixed columns 

 

 

FIG. 5.  Formation factor of deep mixed columns 
 

admixture increased. The formation factor of core samples along the depth of double 

and single slurry mixed columns is presented in Figure 5. A decrease trend of 

horizontal and vertical formation factors of single slurry mixed columns core samples 

P P P
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is clearly shown with the increase of depth, while the horizontal and vertical formation 

factors of double slurry mixed columns core samples are almost constant. This 

comparison can be explained that cement slurry running in one direction in single 

slurry mixied method results in insufficient mixing. 

 

Shape Factor of Core Samples 

 

   The shape factor of sample reflects the shape and bond degree of soil 

particles(Mitchell et al., 2005). An increase of bond degree of soil particles results in 

an increase shape factor of sample. Figure 6 presents the shape factor of core samples 

along depth of double and single slurry mixed columns. It can be seen that the double 

slurry mixing method yielded a more homogeneous shape factor of core samples than 

thr single slurry mixing method. The shape factor of single slurry mixing core samples 

decreased from 5.5 �·m to 3.2 �·m along depth, while that of double slurry mixing 

core samples did not change (i.e., 4.3 �·m ). 

 

 

FIG. 6.  Shape factor of deep mixed columns 
 

Anisotropy Factor of Core Samples 

 

   The anisotropy factor of sample reflects the alignment of soil particles. The 

installation of deep mixed column destroy the nature alignment of soil particles, and 

the alignment of soil particles in soil-cement mixture becomes out-of-order. Therefore, 

the anisotropy factor of sample is a direct indicator of uniformity of soil-cement 

mixture. Figure 7 presents the anisotropy factor of core samples along the depth of 

double and single slurry mixed columns. The figure shows that the double slurry 

mixing method yielded a more homogeneous anisotropy factor of core samples than 
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the single slurry mixing method. The anisotropy factor of the single slurry mixing core 

samples varies from 0.8 to 1.2, while that of the double slurry mixing core samples is 

almost 1.0.  

 

 

FIG. 7.  Anisotropy factor of deep mixed columns 
 

SPT Blown Counts of Deep Mixing Column 

 

   Typical SPT N values of the columns installed with the single slurry mixing method 

and the double slurry mixing method are shown in Figure 8. In the case of single 

slurry mixed columns, the SPT N values decreased with the increase of depth, while 

the SPT N values of the double mixed column were almost invariable along depth. 

This comparison further indicates that double slurry mixing method can improve the 

quality of deep mixed columns by providing higher mixing efficiency. This finding is 

in good agreement with that by the electrical resistivity method. 

 

Unconfined Compressive Strength of Column Core Samples 

 

   Typical unconfined compressive strength of columns core samples installed with the 

single slurry mixing method and the double slurry mixing method are shown in Figure 

9. It can be seen that the unconfined strength of core samples of slurry singe mixed 

columns decreased with the increase of depth, while that of double mixed columns 

were almost invariable along depth. The average unconfined compressive strength of 

columns installed using the double slurry mixing method was much larger than that of 

single slurry mixed columns except for at 4.0m below the ground surface, especially in 

deeper layers. This finding is in good agreement with that by the electrical resistivity 

method and the SPT method. 
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FIG. 8.  SPT blown counts of deep mixed column 
 

 

FIG. 9.  Unconfined compressive strength of column core samples 

 

CONCLUSIONS 

 

   This study investigated the uniformity of deep mixed soil-cement columns by the 

electrical resistivity method. The contributions obtained from this study are 

enumerated as follow: 

   (1) The electrical resistivity and its derived parameters, such as the formation factor, 
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the shape factor, and the anisotropy factor, are direct indicators of uniformity of deep 

mixed columns. 

   (2) The situ SPT tests on columns and unconfined compressive strength of core 

samples are consistent with the electrical resistivity and its derived parameters of core 

samples. 

   (3) The double slurry mixing method can significantly improve the mixing 

uniformity of columns than the single slurry mixing method. 
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ABSTRACT: Quality control of ground improvement is a difficult but very important 
aspect of liquefaction mitigation construction. In this paper, an approach to evaluate 
the improvement level in liquefiable soils treated by stone columns was developed 
based on the liquefaction resistance-shear wave velocity-void ratio correlations of 
sandy soils. According to this method, the required level of ground improvement is 
supposed to be obtained once the target velocity is reached for a given earthquake 
magnitude, and this requirement will transfer to the void ratio control during stone 
column installation. A case study using vibro-stone column is introduced, where field 
tests including seismic testing (SASW) and SPT were performed before and after 
ground treatment, and the effectiveness of stone columns for liquefaction mitigation 
was properly evaluated by shear wave velocity. The high consistency between Vs-
based and SPT-N value-based evaluations indicates that shear wave velocity could be 
used to develop criteria for ground improvement needed to mitigate liquefaction.  
 
INTRODUCTION 
 
   Soil liquefaction and associated ground failures have been a major source of damage 
during earthquakes, which can be reduced by various ground improvement methods. 
Soil densification techniques using stone columns is a proven ground improvement 
method for liquefaction mitigation of loose saturated sands. (Andrus and Chung, 1995; 
Mitchell et al., 1995; Adalier and Elgamal, 2004). Densification of saturated sandy 
soils by vibro-stone column is essentially a process involving vibration of the soil 
causing excess pore pressure development and consolidation of the soil leading to 
concurrent densification. Vibro-stone column also involves expansion of a zero cavity 
and associated pore pressures and densification of the soil. However, no detailed 
procedures are available to determine the densification achievable during stone 
column installation or the effects of various construction choices such as stone column 
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spacing and diameter on the degree of improvement. The current state of practice 
depends mainly on previous experience or field test programs to determine the 
applicability of the technique at a given site (Baez and Martin, 1992; Shenthan et al., 
2004). The coarse nature of backfill materials often militates against penetrating 
methods such as SPT or CPT testing, while shear wave velocity measurements, being 
non-intrusive and directly correlated to density and stiffness of soils, do not suffer the 
same disadvantages, and can be used to assess liquefaction potential of ground either 
before or after improvement (Andrus et al., 2004; Baez and Martin, 1995). 
   In this paper, an approach to evaluate the improvement level in liquefiable soils 
treated by stone columns was developed based on liquefaction resistance (CRR)-shear 
wave velocity (Vs)-void ratio (e) correlations of sandy soils. According to this method, 
the required level of ground improvement is supposed to be obtained once the target 
velocity is reached under a given earthquake magnitude. And such critical velocity 
requirement could be readily transferred to the void ratio control during stone column 
installation. A case study using vibro-stone columns for liquefaction mitigation is 
introduced, where field testing including SASW and SPT were performed to monitor 
the liquefaction resistance before and after treatment, and the effectiveness of stone 
columns for liquefaction mitigation was properly evaluated by shear wave velocity.  
 
EVALUATION PROCEDURE OF GROUND IMPROVEMENT 
 
   In common practices of stone column installation, density (or void ratio) of ground 
is taken as the controlling parameter to determine the densification achieved by stone 
columns. However, void ratio itself does not reflect liquefaction resistance of soil 
deposits directly while shear wave velocity is well related to liquefaction resistance of 
soils. Therefore besides the CRR-Vs correlation, it is necessary to establish the bridge 
between void ratio and shear wave velocity of sandy soils. The following sections are 
presented to illustrate how to determine these correlations.  
 
CRR-Vs Correlation of Sandy Soils 
 
   In previous studies, Zhou and Chen (2007) established one semi-theoretical CRR-Vs 
correlation essentially based on a large dataset of observations of cyclic liquefaction 
tests and the power relationship between small-strain shear modulus and confinement 
(Hardin and Drnevich, 1972), and this correlation under field conditions could be 
expressed as follows 
 

( )
1/

2 /N
1

min

1
( )

n
n

c s
a

kCRR r V
P F e

ρ⎡ ⎤
= ⎢ ⎥

⎣ ⎦
                        (1) 

 
where rc = a constant of multidirectional shaking (0.9-1.0); Pa = reference overburden 
stress (= 100 kPa); kN = fitting value for a given number of cycles to failure N from 
cyclic triaxial test; n = power exponent in Hardin equation [i.e., Gmax = AF(e)(s�m)n]; 
emin = minimum void ratio and F(e) is void ratio function, F(e) = 1/(0.3+0.7e2); r = 
total mass density of the soil; Vs1 = overburden stress-corrected shear wave velocity. 
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   The power-law relationship in Eq. 1 reveals that CRR will vary proportionally with 
(Vs)4 in the statistical level (i.e., n = 0.5). This correlation was verified by 
comprehensive experimental investigations (Chen et al., 2005) and the global (CRR, 
Vs) database (Kayen et al., 2004). Detailed comparisons with in-situ case history data 
show that the present CRR-Vs1 curve agrees well with field performance criteria and is 
a reliable prediction of liquefaction resistance for soil deposits (see Fig. 1). In Fig. 1, 
soil parameters are assumed emin=0.6, r =1.90 g/cm3 and kN = 0.997 for the present 
CRR-Vs1 curve of clean sand, and the curve proposed by Andrus and Stokoe (2000) is 
also plotted for comparison purposes since it is the basis for Vs-based design in the 
US. For different types of sandy soils, the value of kN is recommended in Table 1 for 
practical use (Zhou and Chen, 2007).  
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FIG. 1.  CRR-Vs1 curve from Eq. 1 for liquefaction evaluation. 

 
  Table 1.  Value of kN (10-4 kPa-0.5) for Different Sandy Soils 
    

Earthquake 
Magnitude, Mw 

Equivalent cycles 
to failure , N 

Clean Sand 
FC�5% 

Silty Sand 
5%<FC<35% 

Silty Sand 
FC�35% 

8-1/2 26 0.932 0.912 0.938
7-1/2 15 0.997 0.959 0.982
6-3/4 10 1.073 1.024 1.042

6 5 1.173 1.113 1.132
5-1/4 3 1.300 1.216 1.225

    
Void Ratio-Shear Wave Velocity Relationship 

 
   In early studies, linear or nearly linear trends of the relationship between void ratio 
and shear wave velocity in common range of void ratios (i.e., 0.4-1.2) for a given type 
of soil under constant stress level were reported (Bryan and Stoll, 1989; Cha and Cho, 
2007). Therefore the shear wave velocity can be estimated from the void ratio for a 
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given state of stress and vice versa: 
 

sV A B e= + ∗                                                          (2) 
 
where A and B are experimentally determined constants. For a given type of soil, this 
relationship could be determined through laboratory tests performed on reconstituted 
specimens at different void ratio from loose to dense. Usually oedometer test with Vs 
measurement is capable of obtaining this relationship. 
   Generally stress levels in different depths change little before and after ground 
treatment, and Eq. 2 can describe the Vs-e relationship in a relatively accurate manner. 
Based on Eq. (2), the field measured shear wave velocity can be used to estimate the 
initial void ratio of in-situ soil deposits before soil improvement. 
 
Densification Estimation via Void Ratio 
 
   As shown in Fig. 2, there are two general patterns in stone column installations: one 
is triangular and the other is square. The stone column spacing and diameter are 
assumed L and d respectively. 
 

 
 (a)                                              (b) 

FIG. 2.  Installation pattern of stone columns: (a) triangular and (b) square. 
 
   Assuming that the depth of improvement is h0, the initial void ratio is e0, and 
omitting the vertical settlement after improvement since it is very small compared to 
h0 as observed widely in engineering practice, one may readily obtain the average void 
ratio e1 after improvement as follows: 
 

( )2 2
1 0 0(1 ) 4e e e d Lπ= − + ,                                                                                          (3) 

 
for square pattern and  
 

( )2 2
1 0 0(1 ) 3 6e e e d Lπ= − +                                                                                       (4) 

 
for triangular pattern. 
   Obviously the change of soil density is dominated by the diameter-to-spacing ratio 
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(d/L) of stone columns, and the densification effect of stone column treatment could 
be estimated from the diameter and spacing parameter in a conservative manner.  
 
Procedure of Liquefaction Evaluation and Quality Control 
 
   Fig. 3 shows a flowchart for quality control of stone column treated ground based on 
the CRR-Vs-e correlations mentioned above.  
 

 
 
FIG. 3.  Flowchart for evaluation of ground improvement by shear wave velocity. 
 
   For the site of interest, geophysical methods such as spectral analysis of surface 
waves (SASW) test is performed to obtain the shear wave velocity (Vs0) before 
treatment, and sample at site for laboratory tests. In laboratory, the CRR-Vs and Vs-e 
correlations are established via element test with shear wave velocity measurements 
(e.g., cyclic triaxial apparatus with bender elements) (Zhou et al., 2005). Then the 
liquefaction resistance before ground improvement is estimated by Eq. 1 with the aid 
of Table 1. If the soil deposits will liquefy at a given earthquake intensity, stone 
column treatment is adopted to densify the ground until the required CRR is reached, 
which means the critical shear wave velocity (Vscr) is reached. According to Eq. 2, this 
requirement in turn defines the limiting void ratio (ecr) for stone column installation, 
that is 
 

0

0 0

1scr scr
cr

s s

V VAe e
V B V

⎛ ⎞
−⎜ ⎟⎜ ⎟⎝ ⎠

= +                                                                   (5) 

 
   If the average void ratio after improvement e1 is larger than ecr, then the ground is 
assumed not to liquefy and the quality is insured. Replacing e1 in Eqs. 3 and 4 by ecr, 
the minimum diameter-to-spacing ratio for square and triangular patterns are 
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respectively. 
   After improvement, SASW method is used to measure the shear wave velocity and 
check whether the required CRR is obtained or not.  
 
CASE STUDY 
 
Site Description and Stone Column Installation 
 
   The construction site is located in Hangzhou city. The ground water table is 1.5 m 
below the soil surface. In the depth range from 2 to 16 m the soil profile contains 
liquefiable silty sands which are underlain by 15-20 m depth of clayey soils. Before 
ground improvement, an SASW test, laboratory tests and detailed analysis were 
carried out based on Eqs. 1, 2 and 5, and the critical values concerned in design are 
listed in Table 2.  
 

Table 2.  Soil Profile and Main Indexes 
 

Soil Layer Soil Type Depth 
(m) Gs e0 ecr n 

1 Reclaimed 0-1.5 2.68 0.85 0.70 0.56 
2a Silt 1.5-4.0 2.66 0.80 0.54 0.48 
2b Silty sand 4.0-8.0 2.66 0.68 0.52 0.51 
2c Silty sand 8.0-9.5 2.65 0.76 0.59 0.53 
2d Silty sand 9.5-12.4 2.65 0.63 0.50 0.53 
2e Silty sand 12.4-13.0 2.66 0.81 0.54 0.49 
2f Silt 13.0-15.6 2.67 0.90 0.68 0.49 

 
   The vibro-stone column technique was adopted to densify the upper part of the 
subsoil, increasing the liquefaction resistance and the bearing capacity. And stone 
column itself offers a drain path and helps the dissipation of excess pore pressure 
when earthquake occurs. The depth of improvement is 15 m. In the range of 
foundation, the stone columns with diameter of 0.8 m were installed at a center-to-
center spacing of 1.8 m in a square pattern. While outside this range, stone columns 
were installed in a triangular pattern. The power rating of the vibratory probe is 30 kW 
(Chen et al., 1993). 
 
Site Investigation Before and After Improvement 
 
   To monitor the quality of ground improvement, shear wave velocity was measured 
by SASW method before and after improvement. Cross-hole tests were also carried 
out to check the accuracy the SASW testing at this site. Standard penetration testing 
(SPT) was performed in parallel for comparison purposes. The field testing 
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arrangements are shown in Fig. 4.  
   Fig.5 shows the SASW test results before and after ground improvement, and the 
parallel measurements in the depth from 2 to 7 m before improvement manifested the 
accuracy of SASW testing compared with the cross-hole testing. As shown in Fig. 5, 
sandy soils in this area could be effectively densified by vibro-stone columns at a 
spacing of 1.8 m, especially for relatively loose silty sands (e.g., layer 2c and 2e). 
Nevertheless, a slight drop of density was observed in a few parts of the subsoil after 
treatment (e.g., 2b), which is most probably due to the dilation of relatively dense 
sands caused by improper installation of vibro-stone columns, and will not affect the 
liquefaction resistance and bearing capacity of subsoil significantly. 
 

       

SPT
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Cross-hole
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FIG. 4. Layout of seismic wave and SPT tests. 
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FIG. 5. SASW tests before and after ground improvement. 
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Liquefaction Evaluations 
 
   Fig. 6 shows the liquefaction resistance ratio determined by Eq. 1 before and after 
ground improvement, and the earthquake-induced CSR at peak ground acceleration 
amax = 0.15g is also plotted. As shown in Fig. 6, soil layers 2c and 2e will liquefy 
before ground treatment while after treatment they don’t. This evaluation result agrees 
well with that from SPT indexes (see Table 3). 
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FIG. 6. CRR estimation based on shear wave velocities. 

 
  Table 3.  Liquefaction Evaluation by SPT Indexes 
 

Pre-improvement Post-improvement 
Soil Layer 

Critical 
value, 

Ncr 
SPT-N 
value Liquefaction? SPT-N 

value Liquefaction?

Silty sand (2b) 11.6 19.9 No 24 No 
Silty sand (2c) 13.9 4.7 Yes 24 No 
Silty sand (2d) 15.7 16.8 No 30.2 No 
Silty sand (2e) 18.0 12.0 Yes 20.1 No 

    
 
CONCLUSIONS 
 
   In this paper, a procedure to evaluate the improvement level in liquefiable soils 
treated by stone columns was developed based on the liquefaction resistance-shear 
wave velocity-void ratio correlations of sandy soils. According to this procedure, the 
required level of ground improvement is supposed to be obtained once the target 
velocity is reached after improvement for a given earthquake magnitude, and this 
requirement will transfer to the void ratio control during stone column installation. 
Well defined CRR-Vs and Vs-e correlations are proposed, and specific expressions for 
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void ratio control associated with stone column diameter and spacing are given for 
different patterns of installations. 
   A case study using vibro-stone column treatment is introduced, where field tests 
including seismic testing (SASW) and SPT were performed before and after ground 
improvement, and the effectiveness of stone columns for liquefaction mitigation was 
properly evaluated by shear wave velocity. The high consistency between Vs-based 
and SPT-N value-based evaluations indicates that shear wave velocity in conjunction 
with other soil parameter (e.g., void ratio) could be used to develop criteria for ground 
improvement needed to mitigate liquefaction.  
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ABSTRACT: Pre-fabricated vertical (wick) drains have been used in conjunction 

with stone columns to improve treatment effectiveness in sands with high fines 

content.  However, no comparison testing has been performed with and without drains.  

In this study, side by side comparisons demonstrated improved performance of stone 

columns with drains relative to that without drains. Despite the presence of wick 

drains, improvement effectiveness still decreased as the fines content increased.  The 

average increase in SPT (N1)60 was 114% in a zone with an average of 31% fines, but 

decreased to about 70% in a zone with an average fines content of 43%.  Treatment 

effectiveness was often minimal in layers containing 15% or more clay sized particles.  

Significant increases in SPT values were observed with time after treatment in the test 

areas with drains, but little improvement with time was observed in areas without 

drains.  Increased penetration resistance was similar to that observed at other stone 

column projects where similar soils were encountered and wick drains were also used. 

  

INTRODUCTION 

 

   Stone column treatment has become a very common method for mitigating 

liquefaction hazards.  Although this approach has proven effective in densifying clean 

sands, the effectiveness typically decreases substantially as the fines content increases 

above 20% (Mitchell, 1981).  Higher fines content tends to decrease the soil 

permeability and strengthen the soil structure, both of which reduce compaction 

efficiency. To improve the efficiency of stone column treatment in sands with high 

fines content, pre-fabricated vertical drains (wick drains) have been employed along 

with stone columns at relatively high replacement ratios (� 25%) (Rollins et al. 2006, 
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Leurhing, 2002).  While reasonable improvement has been achieved, there is some 

question whether this is a result of improved drainage provided by the drains or simply 

the high replacement ratio.  Unfortunately, at sites where wick drains have been 

employed, comparison tests have not been performed without drains to determine how 

much of the improvement was associated with the drains.  As a result, some 

uncertainty about the efficacy of the method remains. To evaluate the influence of 

wick drains on stone column effectiveness in soils with high fines contents, tests were 

conducted with and without wick drains.  This paper describes the soil conditions, the 

treatment approach, and the improvement achieved by stone column treatment with 

and without drains.  

 

GEOTECHNICAL AND SEISMIC CONDITIONS 

 

   The site was located at the 24
th

 street overpass on Interstate 15 in Ogden, Utah.  This 

site is located within a few kilometers of the Wasatch fault which is capable of 

producing a M7.4 earthquake.  The peak ground acceleration with a 2% probability of 

being exceeded in 50 years (~2500 yr recurrence interval) was estimated to be 0.57 g.  

In the upper 12 m of the soil profile, the soil is composed of loose to medium dense 

silty sands and sandy silts susceptible to liquefaction and mitigation was required. Pre-

treatment test borings were initially made at each of four test areas with nearly 

continuous sampling to define the soil conditions.  The soil profiles were quite similar 

across the site.  A generalized soil profile at the site is provided in Figure 1 along with 

profiles of the fines content and clay content.  To a depth of 4 m the silty sand has an 

average fines content of 26% and a clay content of 6%.  Below this depth the average 

fines and clay contents increased, along with the variability in these values, owing to 

the interbedded nature of the soil at depth.  Between 6 and 12 m below the ground  
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FIG. 1. Idealized soil profile along with fines content and clay content profiles. 

161ADVANCES IN GHOUND IMPROVEMENT



 

FIG. 2.  Results from SPT testing in (a) two test areas without wick drains and 

(b) two test areas with wick drains during stone column treatment. 

 

surface the average fines content is 45% with an average clay content of 14%.  These 

variations in soil properties would be expected to produce significant variations in the 

success of the stone column treatment.  Pre-treatment blow count profiles in the four 

test areas are plotted in Figure 2.   
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STONE COLUMN TREATMENT LAYOUT 

 

   To prevent liquefaction, the average (N1)60 value was specified as 23 and the 

minimum value was set at 18.  Stone columns were installed to a depth of 12 m to 

increase the SPT blow counts to the desired levels. The stone columns, with a 

diameter 1.07 m, were spaced at 2 m on centers in a triangular pattern to produce an 

area replacement ratio of 26%.  During phase 1 of the project, four test areas were 

treated as shown in Figure 3. Prior to stone column installation, wick drains were 

installed at the midpoint between each column as shown in Figure 3 in two of the four 

test areas while drains were not used in the other two areas.  Treatment was performed 

using the dry, bottom-feed approach. The columns were installed with a Keller System 

S23120 unit (380 Volts, 1775 rpm). During installation, the maximum amperage 

ranged from 150 to 300 amps and the time for installation was typically about 30 

minutes.  In phase 2 of the project drains were used with stone columns in all areas. 

 

 

FIG 3.  Layout of stone columns and wick drains.   

 

POST-TREATMENT TESTING 

 

   Post-treatment test holes were drilled at each of the four tests areas within one to 

three days after stone column treatment.  Once again sampling was essentially 

continuous to identify potentially soft zones in the profile and their thickness. Plots of 

the post-treatment SPT blows counts as a function of depth are provided in Figure 2 

along with the pre-treatment profiles.  Test holes in the areas without drains are shown 
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in Figure 2(a), while the two test holes in areas with drains are shown in Figure 2(b).  

For both test areas with and without wick drains, the average SPT blow count of 23 

was typically achieved; however, there were a number of locations where the 

minimum blow of 18 was not reached.  In this regard, there were more instances of 

unacceptable minimum blow counts for the test areas without drains.  Generally, these 

low blow counts could not be explained by clay contents greater than 15%.   

 

   Because the post-treatment SPT borings in the test areas were performed so soon 

after stone column treatment, it was speculated that some increase in blow count might 

occur with time after treatment, as has been observed with other liquefaction 

mitigation methods (Mitchell and Solymar 1984, Schmertmann 1991). Therefore, 

additional test borings were made 13 to 14 days after treatment at each of the four tests 

areas and the blow count profiles shown in Figure 2 were obtained.  From a research 

standpoint, it would have been desirable to conduct SPT testing over the entire 

treatment depth, but to minimize testing costs, the re-testing was only performed in 

depth intervals where minimum blow counts had not been achieved. As shown in 

Figure 2, the measured blow counts typically showed significant improvement in test 

areas where wick drains had been installed; while relatively little improvement was 

observed in areas without wick drains.  Some of the remaining low blow count layers 

were eliminated from further evaluation because the clay content was approximately 

15%; however, some zones still had blow counts less than 18.  Finally, a third post-

treatment SPT test was performed 20 days after treatment at one test area without wick 

drains where minimum values were not obtained.  Despite the additional time, little 

improvement was observed in that test area. Further soil treatment was not pursued for 

this test area because of project provisions that allowed for reduced acceptance criteria 

for experimental sections where wick drains were not installed.      

 

ANALYSIS OF TREATMENT EFFECTIVENESS 

 

Effect of Time After Treatment on Improvement 

     

   To evaluate the effect of time on the improvement in the post-treatment SPT blow 

count after stone column treatment, the test results from the entire site were separated 

into two time intervals (1-6 days following treatment and 7-14 days following 

treatment) and plotted versus the pre-treatment blow count.  The test results were also 

analyzed separately for test areas with and without wick drains.  The results for the 

areas with wick drains are plotted in Figure 4, while results for areas without drains 

are plotted in Figure 5.  The plots show significant scatter in the data which is more 

severe for the 7-14 day interval than for the 1-6 day interval.  This scatter can, at least 

partially, be attributed to the variation in fines content and clay content which are not 

accounted for in these plots.  Despite significant scatter in the test results, the trend 

lines show an average increase of 10 to 20 blows for the 7-14 day time interval 

relative to the 1-6 day time interval where drains were present.  The improvement with 

time is greater for the soils with lower pre-treatment blow counts.  In contrast, the data 

for test sites without wick drains show no increase with time after treatment, but 

actually show a decrease.   
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FIG. 4.  Post-treatment (N1)60 vs. pre-treatment (N1)60 data for two time intervals 

after stone column treatment with wick drains. 

 

FIG. 5.  Post-treatment (N1)60 vs. pre-treatment (N1)60 data for two time intervals 

after stone column treatment without wick drains.  
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 Effect of Drains on Improvement 

 

    Figure 6 presents a plot of the increase in post-treatment (N1)60 vs. pre-treatment 

(N1)60 for stone column treatment with and without drains.  In cases, where a layer was 

re-tested to allow for strength gain with time, the later value was used.  Once again, 

the scatter is significant, nevertheless, the trend lines clearly show greater 

improvement for the areas where drains were used relative to areas without drains.  

For areas without drains the average increase was about 10 and was relatively 

independent of the initial blow count.  In contrast, in areas with drains, the average 

increase was about 30 for low initial blow counts (�6) but decreased to about 15 for 

higher initial blow counts (�30).  This trend has been observed previously (Rollins et 

al 2006) and reflects the fact that it is simply easier to improve the blow count of 

looser soils than that of denser soils.  This is not particularly problematic; however, 

because smaller improvements are required to prevent liquefaction of denser sands.  

 

FIG. 6.  Increase in (N1)60 vs. pre-treatment (N1)60 for stone column treatment 

with and without drains excluding clay layers. 

 

Effect of Fines and Clay Content on Improvement 

 

   As indicated previously, the fines content and clay content in the soil profile at the 

test site both tend to increase with depth.  To evaluate the influence of fines content on 

the improvement, the change in (N1)60 vs. pre-treatment (N1)60 was plotted at depth 

intervals with lower fines (<6 m, 30% fines) and higher fines (>6m, 43% fines) for the 

areas treated with drains.  As shown I Figure 7, the improvement is clearly greater in 

the upper 6 m of the profile relative to that in the lower 6 m of the profile. A 

significant number of data points exhibit increases  greater than 40 in the upper 6 m, 

whereas, improvement is more  typically  between 10  and  25  for  the lower 6 m of 

the profile.  In a number of cases in the deeper part of the profile, little improvement 
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was observed.  For several of these points where the blow count was lower than the 

minimum, the clay content was also measured and found to be higher than 10 to 15% 

as shown in Figure 7.  Therefore, high clay contents could potentially explain the low 

improvement in some cases.  For this project, samples with >15% clay were 

considered non-liquefiable based on the Chinese criterion.  Unfortunately, clay content 

was not typically measured at locations where the blow count was higher than the 

minimum value so it is impossible to completely confirm this hypothesis.  It should be 

noted, however, that several locations containing high clay contents still exhibited 

significant increases in blow count (see Figure 7). 

 

   Wick drains were also used with stone column treatment to improve liquefiable silty 

sand and sandy silt layers with 40 to 65% fines below approach fills at the Shepard 

Lane overpass in Utah (Rollins et al 2006).  In that case, the Ar value was  27.4%.  The 

curve representing the average increase in penetration resistance vs. initial (N1)60 value 

from Shepard Lane is also plotted in Figure 7 and it is almost identical to the curve for 

the depth range greater than 6m in this study.  Similar average increases in (N1)60 were 

also reported for the stone column treatment of an earth dam at Salmon Lake, 

Washington (Ar=30%) where wick drains were used in silty sands with fines contents 

near 50% (Leuhring et al 1998).  These results suggest that it may be possible to 

develop consistent average improvement curves based on fines content and area ratio. 

 

   A more direct evaluation of the effect of fines and clay content on blow count 

improvement from stone column treatment with wick drains is provided in Figure 8.  

In Figure 8, the increase in (N1)60 is plotted as function of fines content.  In addition, 

points with clay contents of 15% or higher are identified with a box around the data 

point.  Although there is a clear downward trend in the improvement as the fines 

content increases, there is also significant scatter indicating an erratic response that 

could partially be explained by variability in the initial SPT (N1)60. At 20% fines 

content, the average improvement is about 20, but this decreases to an average 

improvement of about 10 at a fines content of 60%.  Data points with high clay 

contents tend to fall within the 0 to 10 blow count improvement range.   A summary of 

the average fines content and SPT test result data for sites with and without wick 

drains is provided in Table 1.  These results simply indicate the improved 

effectiveness of the stone column treatment with drains and the effect of fines content 

in decreasing effectiveness.  

 

Table 1.  Average improvement from stone column treatment with and without 

wick drains. 

 

Depth 

Interval 

Drainage 

State 

Avg. % 

Fines 

Avg. Pre-

Treatment 

(N1)60  

Avg. Post-

Treatment 

(N1)60 

Avg. % 

Increase in 

(N1)60 

0-6 m Drains 31 17 41 114 

0-6 m No Drains 30 19 34 79 

6-12 m Drains 43 15 26 73 

6-12 m No Drains 40 15 20 33 
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FIG. 7.  Increase in (N1)60 vs. pre-treatment (N1)60 for stone column treatment 

with drains at depth intervals with lower fines (<6 m) and higher fines (>6m).  A 

curve for similar soils at Shepard Lane is also plotted (Rollins et al 2006). 

 

 
Fig. 8.  Increase in (N1)60 vs. fines content for stone column treatment with drains. 
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 CONCLUSIONS 
 

Based on the results of the field and laboratory testing conducted during this study the 

following conclusions appear to be justified: 

 

1. The use of pre-fabricated vertical (wick) drains in connection with stone 

column treatment led to significant increases in the average SPT (N1)60 values 

for silty sand to sandy silt layers.  In contrast, improvement was significantly 

less in test areas where drains were not employed. 

2. Despite the presence of wick drains, improvement effectiveness decreased as 

the fines content increased.  The average increase in SPT (N1)60 was 114% in a 

zone with an average of 30% fines, but decreased to 73% in an area with an 

average fines content of 43%. 

3. In general, effectiveness of stone column treatment was minimal in layers 

containing 15% or more clay sized particles. 

4. Significant increases in SPT (N1)60 values were observed with time after 

treatment in the test areas with drains, but little improvement with time was 

observed where drains were not installed prior to stone column treatment.    

5. The average increased penetration resistance was similar to that observed at the 

Shepard Lane and Salmon Lake Dam projects where similar soils (�50% fines, 

< 5% clay) were encountered and wick drains were also used. 
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ABSTRACT: This paper presents a case history on the efficacy of Rodin Jet Grout 

(RJP) construction in the soft deposit of Shanghai. The RJP columns were employed 

to improve the soft deposit in a deep excavated pit. The excavation depth was about 43 

m. Jet grouting reached to the depth of 50 m, in which the soil types varied from soft 

clay, silt, stiff silty clay (SSC), and sand. Field construction was performed with 

different construction parameters such as jetting pressure, nozzle diameter, and 

retrieving speed. The diameter and mixing uniformity of the columns was measured 

and checked layer by layer during the excavation of the pit. The results showed that 

except for the layer SSC, the column diameter is over 1.8 m with the largest diameter 

of 3.3 m in soft clay layer at a depth of 15.3 m. In cohesive soil layer, mixing quality 

is good. However, in cohesiveless soil, although the eroding range reached 2.0, the 

soil and cement was separated and mixing uniformity was poor.  

 

INTRODUCTION 

 

   Jet grouting technology is widely used for soft ground improvement in various 

underground projects, including the bottom improvement for deep excavating pits, 

improvement of the entrance and departure site of a shield machine, the sealing of the 

joint of diaphragm walls. Jet grouting was initially invented by Nakanishi in 1968, and 

was originally called the chemical churning pile (CCP) method (Nakanishi et al. 

1997). Since then, further development in the construction process and supporting 

equipment have been made, including the double-rod method, triple-rod method 

(TSG), multi-rod method (SSS-MAN), Rodin Jet Pile (RJP) and Metro jet system 

(MJS) (Nakanishi et al. 1997; Brill et al. 2003; Burke 2004). 

   In RJP, soil-cement columns are created through mixing in-situ soil with cement 

slurry under high pressure of fluid. In RJP, the in-situ soil is eroded twice: the first 

erosion is conducted under high pressure water surrounded by compressed air and the 

second erosion is conducted under high pressurized cement slurry, which is also 

surrounded by compression air. The surrounded compressed air can improve the 

eroding ability of the high pressure fluid flow. Then, the eroded soil is mixed with the 

170



high speed cement slurry to form a soil-cement column. The diameter of the column 

can be enlarged via the double erosion of in-situ soil. The diameter of solidified 

columns produced by the RJP method can reach to 3 m (Nakanishi et al. 1997). 

    The objective of this study is to investigate the influence of soil properties on the 

quality of the RJP column through field test construction in the soft deposit of 

Shanghai.  

 

 

FIG. 1. Geotechnical profile and soil properties at the test site (based on Bai, 2006) 

 

SITE CONDITIONS 

 

   The test construction site in the remediation project of Metro tunnel in line No.4 is 

located along the west bank of the Huangpu River in Shanghai. The tunnel was 

remediated using open cut and the excavated foundation pit was separated into three 

parts (east, middle, and west part). The total length of the pits was about 250 m and 

the excavation depth reached 43 m. A diaphragm wall system served as the retaining 

wall for the excavation. The thickness of the diaphragm walls were 1.2 m and the 

depth of the walls were 65 m. 

   The elevation at the construction site is about 4 m over sea level. The groundwater 

level fluctuates between 1 to 2 m below the ground surface. The soil profile and 

geotechnical properties are presented in Fig. 1. From the surface to the depth of 7.5 m, 

it is a backfill layer. The results from cone penetration (CPT) test show that the 

strength of these fills was very low. The cohesion of this layer is from 10 kPa to 20 

kPa. Below the fill layer, there was a clayey silt layer (CS), in which the water content 

was approximately equal to the liquid limit. The cohesion of CS layer is around 10 

kPa. Under CS layer, it is a soil layer of very soft clay (MC) with a high water content 

and compressibility. The cohesion of this layer is over 15 kPa. A stiff silt clay (SSC) 
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layer is underlain the MC with very low water content (lower than 25%) and very low 

compressibility and high cohesion. The CPT resistance of SSC is over 20 MPa and the 

cohesion is over 40 kPa. The stiff silty clay was underlain by a layer of sandy silt with 

the cone resistance of 12 MPa. Below this silt layer, a silty to fine sand layer is 

presented in the medium to dense state. This sand layer has a high CPT resistance, low 

compressibility, and low cohesion.  

 

 

 

FIG. 2. Layout of the four sets of test columns using the RJP method 

 

FIELD INSTALLATION OF RJP COLUMNS 

 

   In order to confirm the efficacy of RJP in the soft deposit of Shanghai, a serious 

field construction tests were conducted at the tunnel remediation project of Metro line 

No.4. Four sets of test columns (labeled as ST, C1, C2 and C3) using the RJP method 

were installed. Figure 2 illustrates the layout of the columns. ST was constructed 

inside the pit before pit construction from ground surface to a depth of 7.0 m to check 

the efficacy of different jet grout method such as RJP, TRG and SJS, in this paper only 

RJP column is presented. C1 column was installed from the depth of 7.0 m to a depth 

of 46 m and it was installed using standard RJP parameters to confirm the efficacy of 

RJP in different type of soils. The other two columns, C2 and C3, were constructed 

from 10 m to 50 m below the ground surface and these two columns are used to verify 

the relationship among diameter, strength and construction parameters. The 

construction parameters for the RJP method were listed in Table 1.   

   Field investigations on the diameter and strength of the columns were performed 

during the excavation of the pit. The diameter and unconfined compressive strength 

(UCS) of the three columns were measured and the uniformity of mixing was 

investigated layer by layer. The edge of column (to determine diameter) and 

uniformity of the grout column were determined by three approaches: manual cone, 

visual observation and manual excavation. In the clayey soil layer, manual cone was 

mainly used. The position, where the cone resistance obviously decreased, was 

considered as the edge of the grout column. In the sandy soil layer, the edge of the 

grout column can be directly observed between the grout column and the surrounding 

soil. Moreover, the difficulty or easiness when manual excavation by spade is an 

another mean to determine the column edge. Then, the diameter was directly measured 

using steel tape in various directions and the average value was set as the column 

diameter. The uniformity of the RJP columns was evaluated by visual observation. If a 
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RJP column had smooth surface with no cement blocks or soil clods, the column could 

be considered as uniformity. Finally, the samples of the RJP columns were taken and 

the unconfined compression test was conducted after 28 days curing to determine UCS 

strength in the laboratory.  

 

Table 1. Field jet grouting parameters used for the RJP columns 

 

Quantity 
Parameter Unit 

ST, C1 C2 C3 

Water pressure MPa 35 35 38 

Water flow rate l/min 75 75 75 

Air pressure MPa 0.5 0.6 0.7 

Air flow rate l/min 3.0 6.0 6.0 

0~ 30 m deep 1:1 Water-cement ratio kg/kg 

> 30 m 0.9:1 

Slurry pressure MPa 20 30 40 

0~ 30 m deep 80 90 95 Slurry flow rate l/min 

> 30 m 70 90 80 

0~ 30 m deep 440 460 480 Cement content kg/m
3
 

> 30 m 480 500 520 

0~ 30 m deep 4.0 5.0 6.0 Uplift rate of rod cm/min 

> 30 m 4.0 4.5 5.0 

Rotate speed r/min 5 6 7 

Nozzle diameter mm 1.7, 2.8 2.8, 3.0 2.8, 3.0 

 

Table 2. Diameter and uniformity of the RJP columns in different soil layers 

 

Soil layer Depth (m) Column diameter (m) 
Uniformity of 

column 

Backfill <7.5 2.0~3.0 uniform 

Clayey silt 7.5~16 1.6~2.6 uniform 

Very soft clay 16~25 1.8~3.3 uniform 

Stiff silt clay 25~30 0.8~1.2 uniform 

Sandy silt 30~38 1.9~2.3 non-uniform 

Silty sand > 38 ~2.0 non-uniform 

 

CONSTRUCTION PARAMETERS 

 

   The eroding ability of the high pressure jet flow is related to many factors, such as 

soil type and soil properties, flux and rate of jet flow, jetting out pressure at nozzle, 

and moving velocity of nozzle. Therefore, construction parameters have great effect 

on the eroding range and mixing quality of soil-cement columns created by the jet 

grouting. The field construction parameters used in the remediation project of Metro 

line No.4 are tabulated in Table 1. The hardening agent used herein is cement. These 
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construction parameters were determined based on the experience of the operating 

engineer according to the soil properties and the requirements for the jet grouting 

columns. 

 

TEST RESULTS AND ANALYSIS 

 

Quality of RJP columns 

   Table 2 tabulates the observed result on the quality of the columns. Figure 3 

illustrates the pictures of excavated columns in each soil layer. As shown in Fig. 3 and 

 

  
(a) In backfill layer                                   (b) In clayey silt layer 

 

  
(c) In very soft clay layer                                  (d) In stiff silt clay 

 

  
(e) In sandy silt                                              (f) In silty sand 

 

FIG. 3. Excavated RJP column in various soil layers 
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(a) In stiff silt clay                                      (b) In silty sand 

 

FIG. 4. Fragments from RJP column 

 

Table 2, in different soil layer the eroding ability and mixing uniformity are much 

different owing to the different of soil properties. In the layers of backfill, clayey silt, 

and very soft clay (from the ground surface to the depth of 25 m), column was in a 

very good state and the cement uniformly mixed with soil. In the stiff clay layer (from 

depth of 25 to 29 m), column can be created in a good quality; however, the eroding 

ability in this layer is very poor. The diameter of the column is only about 0.8 to 1.2 m. 

In the layers of sandy silt and silty sand (under 30 m), the eroded range is much lager 

than that in the upper stiff silty clay. However, the mixing uniformity in these two 

layers is very poor. Figure 4 shows the fragments from RJP columns. As shown in Fig. 

4a, in clayey soil, the high quality hardened mixture with soil-cement can be found; 

however, in sandy soil layer, cement is separated with the sand soil, as seen Fig. 4b, 

the hardened cement block can be obtained. 

 

Column diameter 

 

   Figure 5 illustrates the distribution of the diameter of ST and C1 to C3 columns with 

depth. The column diameter at the depth over 25 m was larger than 1.8 m. The 

maximum diameters were over 3.0 m, which were found in the backfill layer and the 

very soft clay layer. At these depths, the soil layers were comprised mostly of soft soil 

with a CPT resistance less than 0.5 MPa. Therefore, the resistance ability of these 

layers to the erosion from high pressure fluid jetting is weak. The eroded range 

induced by jetting fluid under high pressure in these layers could reach a larger value. 

For the depth between 25 m and 30 m, the diameter decreased to 0.8 m to 1.2 m. The 

soil layer at this depth is the stiff silt clay with much high cohesion. In this layer, the 

soil strength increased to a CPT resistance over 25 MPa. The decrease of diameter of 

RJP column is due to the increase of cohesion of the soil layer, which made the 

erosion of in-situ soil be more difficult than that in sand and clay with low cohesion 

(Burke 2004). In the sandy silt layer, the column diameter increased to 2.0 m though 

the CPT resistance was over 12 MPa. When the RJP method is applied in a sand layer, 

localized liquidizing and cavitations may be occur due to the water jet under high 

pressure. This makes the erosion in a sandy layer much easier; therefore, a larger 

column diameter can be formed in sandy layers. However, sand and cement in the 

liquid state of the admixture may separate each other before hardening (and/or gelling). 

Consequently, the uniformity of soil-cement admixture in sand layer becomes very 
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poor. This phenomenon should be confirmed in the future study in laboratory.   

 

 

FIG. 5. Diameter and strength of the RJP columns with depth 

 

Unconfined compressive strength (UCS) 

 

   Figure 5 also illustrates the UCS of the RJP columns with depth. The UCS of the 

RJP columns also varies with soil type. The UCS of the RJP columns over a depth of 

20 m, where the soil types are mainly clayey soil, ranged from 0.9 to 2.5 MPa. The 

UCS in the stiff clay was slightly larger than that in the upper soft clay. The reason 

may be due to the high strength of the stiff clay and the uniform mixing of soil and 

cement. The UCS of the RJP column from a depth of 30 m to 46 m, where the soil is 

sandy silt, is very scattered and varied from 0.8 to 8.1 MPa. In this study, there is no 

obvious relationship between construction parameters and UCS.  

   The great difference of the UCS at this depth was due to the non-uniform mixing of 

soil and cement. Although the diameter of eroding during RJP column construction 

reached 2 m (Fig. 3 and Fig. 5), the field observations showed that the mixing 

uniformity in the sandy layer is very poor and there is some cement blocks separated 

from the sandy soil, as shown in Fig. 4b. Therefore, the samples taken from the 

column are either loose sandy soil or gelled cement block, instead of the well mixed 

soil-cement column. The UCS of the cement block was over 8 MPa and was much 

higher than that of the soil-cement column. In order to solve this problem, a new 

technology called Twin-Jet was invented, in which cement slurry and an accelerating 

agent such as sodium silicate (and/or other environmental friendly material) is jetted 

into ground simultaneously and mixes with sandy soil and the admixture can be gelled 

within several seconds, that is, the liquidizing admixture can become plastic stick 

material immediately after jetting (, Kim 2004, Shen et al 2008, 2009).  
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CONCLUSIONS 

 

   The RJP method erodes the in-situ soil twice and, therefore, can form large diameter 

soil-cement columns. The effect of this technology in soft ground improvement was 

verified via application in a soft deposit in Shanghai. The following conclusions on the 

efficacy of the RJP method can be drawn as follows:  

(1) The application of the RJP method in a soft soil deposit in Shanghai indicates that 

the diameter of the solidified column was between 0.8 m and 3.3 m, while the 

unconfined compressive strength of the column after 28 days was between 0.9 and 

8.1 MPa; 

(2) In the soft clayey soil, uniformly mixed columns can be formed and the daimeter 

was over 1.8 m with the maximum value of 3.3 m.  

(3) In stiff silt clay layer, since the cohesion is very large, it is difficult to form large 

diameter column with the construction parameters as presented in this study. The 

column diameter in this layer was smaller than 1.0 m.  

(4) Erosion of sandy soil under the ground water is much easier than that of clayey 

soil and large eroding range can be achieved in sandy layers. However, the quality 

(uniformity) of mixed column was very poor. 
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ABSTRACT With the fast development of subways, tunnels, and high-rise buildings 

in Shanghai in the past 10 years, jet grouting technology has been widely used in 

various projects which also further promote its development. In addition to the single, 

double and triple pipe methods, an engineering method similar to RJPI has been used. 

The treatment depth has increased to approximately 50m from 20-30m  

   The main objectives of using jet grouting technology in the above projects are: 

foundation reinforcement and formation of water insulation curtain. Since soil 1ayers 

in Shanghai are soft, adopting jet grouting technology to form vertical or horizontal 

water-resisting bodies of different depths and thicknesses has become an important 

means to achieve this purpose.  

   In combination with the actual examples of application, this paper presents the 

status of jet grouting applications in Shanghai area in the past 10 years and looks into 

the prospects for technological developments in the future. 

 

 

PREFACE 

 

   Shanghai is located in the land formed by marine deposition. From the ground 

surface to approximately 30 to 40m deep, it mainly consists of soft clay, which has 

water content of about 40% and plenty of thin silt layers. Below -40m are thick layers 

of silt sand and fine sand with medium density and confined water.  The ground 

water level in Shanghai is about -1.0m. 

   With rapid development of municipal construction and high-rise buildings in 

Shanghai in recent ten years, the construction of underground structures including 

metro stations, tunnels, and basements of high-rise buildings has been significantly 

increasing. To ensure safe and prompt construction, it is necessary to improve the 

ground to avoid weakness and permeability issues of Shanghai soil. 
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   The main goals for jet grouting in underground engineering include increasing the 

soil strength and decreasing the soil layers’ water permeability. An increase of the soil 

strength can also reduce the deformation of the soil during the excavation to ensure 

the safety of the foundation pit and preserve the adjacent buildings and underground 

pipes, the safety of metro and tunnels, or sometimes forming soil-retaining structures. 

Jet grouting reduces the water permeability of soil mainly by forming a water 

insulation curtain to prevent quicksand and piping and ensure the safety of foundation 

pits. 

   Jet grouting is now becoming one of the primary ground improvement methods in 

Shanghai. With the increase of quantity and complexity of the underground 

engineering, jet grouting needs to be developed into a technology, which can adapt to 

the engineering necessity.  

 

 

DEVELOPMENT OF TECHNOLOGY 

 

   The advancement of the jet grouting method includes the widespread 

development and application of this technology in construction.  Deep pit excavation 

for the construction of industrial and municipal structures has adopted since the late 

1970s.  The jet grouting, especially the triple tube method, has become the way to 

prevent landslide and water inflow during the excavation process. The jet grouting 

method has been increasingly used with the development of the underground 

engineering including metro, tunnels, and basements of high-rise buildings since 

1990s. Double tube method has been applied even though the triple tube method is 

more common. The diameter of the jet grouted pile is usually 0.8 to 1.0m using 

double tubes and 1.0 to 1.5m using triple tubes. Since 2004, due to the construction 

need for increasing the pile diameter, jet grouting with higher pressure water and 

grouting (more than 25MPa) has been adopted to form piles of 1.8 to 2.3m in 

diameter, which is similar to the RJP method. In addition to the pile diameter, the 

treatment depth has been deepened. The depth of Jet grouting piles has been increased 

from its earlier depth of 20m to 30m, 40m, 50m, and now the deepest in 55m.   

There has also been a significant development of the construction machines.  

Nowadays, the grouting machines are mainly relied on the ones made in China. The 

applications of the jet grouting have also been broadened. Jet grouting is now usually 

used in the stabilization of the bottom and lateral wall of the metro station 

construction, the reinforcement of the shield machine’s working well, the move-in 

and move-out shield machine’s working face in metro tunnels and other traffic 

tunnels, and the protection of the adjacent metro stations, tunnels, main underground 

pipes, etc. 

   Formed as a block water drapery and a bottom plate is a primary usage for jet 

grouting to prevent lateral and bottom water inflow. With the deepening of the 

excavation pit, more sand layers are encountered in the lateral and the bottom of the 

pit, therefore, it is necessary to form a reliable block water drapery and bottom plate. 

This technology has been successfully used in the lateral block water in a 40m deep 

pit and the large-area horizontal bottom plate at 18m deep. 
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The layout of the jet grouted piles in the excavation pit depends on the 

construction features and stratum conditions, which includes wall-type, plate-type and 

single-pile type. The range of treatment is estimated based on the calculation and the 

past experience. Figure 1 shows the commonly used layouts of the pit reinforcement 

range. 

 

 

Full Space Type Hollow Type Grid Type Sprout Type 

 

        Skirt-edge Type Pier Type Wall Type 

 

Design of the Plane Inside Reinforcement of the Foundation Pit 

 

 

Full Space Type Hollow Type Grid Type Sprout Type 

 

Design of the Reinforcement of the Foundation Pit 

 

Figure 1. Layouts of the pit treatment by jet grouting 

 

While jet grouting is used to bearing the soil pressure and water pressure, the 

traditional calculation models for soil pressure, retaining wall, beam and board in the 

soil mechanics, material mechanics and structural mechanics are being used. However, 
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when it is used in reducing the distortion of foundation pit, jet grouting will only be 

used as a part of the calculation system composed by the diaphragm wall, supporting 

system and foundation improvement to be analyzed. Even though, engineers should 

judge which parameter and safety factors would be chosen based on their experiences 

and the importance of the projects. 

The general construction parameters of jet grouting are listed in Table 1, generally 

the lift speed is 5-30cm/min, rotation speed is 10-20r/min. Equally, these parameters 

should also be distinguished chosen based on the feature of the projects and 

experience of the contractors. 

 

Table 1. General parameters of jet grouting 

 

Category Pressure(MPa) Flow rate 

High pressure water 20-40 70-80 L/min 

Grout 0.5-30 70-80 L/min 

Air 0.6-0.8 1-3 M
3
/min 

 

The cases listed in this paper are several typical engineering which used the above 

design methods and engineering technologies in the past several years. . 

 

 

CASE HISTORIES 

 

Reinforcement for Reduction of Foundation Deformation - Metro Line 4 

Reinforcement inside the Pit 

The tunnel section from the South Pudong Rd Station to the Nanpu Bridge Station 

of Metro Line 4 in Shanghai is across the Huangpu River. The length of this section is 

approximately 2,000m, in which 440m is in the river. This section included 3 pits, i.e., 

the East, Middle and West pit.   

The diaphragm wall of the foundation pit was 1.20m thick and 65.5m deep and 

the deepest excavation reached 41m. There were 9 supports from the top to the 

bottom (10 supports at certain locations). According to the design and construction 

requirement, several portions were improved by jet grouting, which include inner the 

circumjacent pit and the underground lateral block water drapery. 

In-situ tests were conducted before the construction. During the tests, different 

construction parameters were used and the excavation check after the tests was 

carried out. The diameter of the jet grouted piles reached 2.1 to 2.3m.  Figure 2 

shows the cross-section of the exposed pile. 

�
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     Figure 2. Cross-section of exposed pile 

 

 

 

 

2 gray clayey silt

1 gray clay

2 gray silty clay

 dark green silty clay

1 grass yellow sandy silt

2 gray yellow silty sand

 Miscellaneous fill

Ground Reinforcement Cross Profile

Figure 3. Cross-section of excavation pit and jet grouting treatment 
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The construction site is located in the west bank of the Huangpu River and the 

ground level is approximately at 3.52 to 4.82m, which belongs to the coastal plain 

landform. 

The groundwater at a shallow depth in the field is phreatic water, which is 

recharged from precipitation and surface water. The confined water is in Layer (5), 

which is the 1st layer of Shanghai’s confined water. The excavation pit in this project 

was deep enough to reach the 1st layer of the confined water. The stabilizing depth of 

Jet grouting reached the 2nd layer of the confined water in Layer (7).  

The cross-section of the excavation pit and the jet grouting are shown in Fig. 3.  

This is a quite complicated project of ground improvement because its excavation 

depth is 41m and it has a plenty of underground obstacles. In spite of the difficulties, 

the project achieved the final success without water discharge and with limited pit 

deformation. 

 

Reinforcement for Horizontal Block Water Drapery - Horizontal Seal of the 

Liyang Station Pit Bottom 

The Liyang metro station is located in the urban area of Shanghai, oriented from 

the north to the south, and perpendicularly crosses the Hailun Station of Line 4, which 

has already put into operation. The main part of this station is a 2-storey underground 

rectangular framework structure. The length of this structure is 192m and the width is 

20.78m in the standard section. The excavation depth of the pit reached 18.3 m in the 

work well while the excavation depth in the standard section was 16.3m. The 

retaining structure of this station is a diaphragm wall, which has a thickness of 

800mm. 

The field investigation up to a depth of 55m revealed 7 soil layers as listed in 

Table 2. The groundwater near the surface is phreatic water and located at a depth of 

0.9 to 1.5m. Layer (5)2, a sandy silt layer, contains slightly confined water and the 

depth of this confined water is at 18.0 to 19.5m. Layer (7)1, a grass-yellow to gray 

sandy silt layer, and Layer (7)2, a grass-yellow to gray silty fine sand layer, are the 

2nd layer of the confined aquifer, which is at a depth of 28.3 to 37.2m.  The water 

head for the 2
nd

 confined aquifer layer is 3.0 to 10.0m below the ground surface.  

The water levels of the slightly confined water and confined water layers vary 

periodically. Layers (5)2 and (7)2 are partially connected in the south part. The bottom 

of the excavation pit entered into Layer (5)2. 

The bottom of the excavation pit at certain locations reached Layer (5)2 without the 

impermeable layer (5)3. In order to prevent water inflow from the bottom, jet grouting 

was conducted to form an impermeable layer in the horizontal bottom and outside the 

excavated range in strips to reduce the deformation of the excavation pit.  The 

cross-section views of this excavation pit are shown in Fig. 4. 
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Table 2. Description of the Soil Strata 

 

No. 

 

Soil type 

Depth 

of the bottom (m) 

Description of the Soil Stratum 

(2)1 Fills 1.60 to 3.00 

Loose ,with a plenty of gravel, bricks, etc. in the upper and mostly 

clay in the lower part 

(2)3 

Brownish-yellow to gray sandy 

silt 

12.60 to 15.50 

Plastic to soft plastic, with medium to high compressibility 

(3) Gray clay 18.00 to 29.40 Flow plastic, with mica, high compressibility 

(4)2 Gray sandy clay 21.30 to 40.00 Soft plastic, medium to high compressibility 

(4)3 Gray silty clay 25.80 to 37.20 Soft plastic, medium to high compressibility 

(4)4 Gray-green silty clay 39.5 Slightly dense, medium compressibility 

(5) Dark-green clay 28.30 to 31.20 Medium dense, medium compressibility 

(6)1 Grass-yellow to gray sandy silt 35.00 to 41.00 

Partially absent; saturated, medium dense to dense,  

partially clayey silt, medium compressibility 

(6)2 

Grass-yellow to gray silty fine 

sand 

43.80 to >50.00 

Well distributed; saturated, dense, homogeneous, medium to low 

compressibility  

(7)1 Gray clay Borehole terminated 
Soft plastic, homogeneous, medium compressibility 

 

The bottom of the excavation pit at certain locations reached Layer(5)2 without the 

impermeable layer(5)3. In order to prevent water inflow from the bottom, jet grouting 

was conducted to form an impermeable layer in the horizontal bottom and outside the 

excavated range in strips to reduce the deformation of the excavation pit. The 

cross-section views of this excavation pit are shown in Fig. 4. 

There was no water inflow observed in the bottom of the pit when excavated to the 

designed elevation. At the same time, the adjacent metro in operation is preserved. 

 

Reinforcement for Vertical Water Barrier Wall 

The excavation pit is approximately 30m deep and 50m wide. The east side of this pit 

is immediately near the Huangpu River and the south end of the field is only several 

meters from the Huangpu River. This pit is supported by steel pipe piles with a 

diameter of 1.19m and a length of 40m. Below each steel pile at the elevation of 

-22.5m are bored piles. The bored piles are about 10m long, 1.1m in diameter, and 

1.47m in spacing. To avoid water inflow and improve the stability of nearby subsoil, 

jet grouting was used in the lateral side of the steel pipe piles and bored piles. The 

unconfined compressive strength of the stabilized soil was greater than 1.5 MPa. No 

lateral leakage and water inflow from the bottom was observed during the 

construction; therefore, it is proved successful to use jet grouting as the waterproof 

method. 
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Figure 4. Cross-section views of the excavation pit at the Liyang Station 

 

 

Figure 5. Ground Improvement for the Lateral Side of the Foundation Pit nearby 

the Huangpu River 

 

The cross-section of jet grouting in the lateral side of the foundation pit is shown in 

Fig. 5. 

Jet Grounting Pile 

Bored Pile

Jet Grouting Pile

Steel Pipe Pile

G ray Clay

G rass Yellow  - Gray 
Sandy Silt

Grass Yellow  Silty Clay

G ray Sandy Silt

Gray Clay

G ray M ucky Clay

Gray M ucky Silty Clay

Gray Sandy Silt

Gray-yellow Silty Clay

Brownish-yellow  Silty Clay

Fills

S e teel Pipe Pil

Jet Grounting Pile 

B  ored Pile

186 ADVANCES IN GHOUND IMPROVEMENT



PROSPECT 

 

Jet grouting method has been applied in more and more construction projects in the 

past 10 years in Shanghai, China. It has shown great value and superiority of this 

method under certain site conditions, such as saving project cost, shortening 

construction period, and ensuring the safety of underground structures. Jet grouting has 

been one of the widely-used ground improvement methods and has a good effect on the 

waterproof and reducing the deformation of the subsoil in foundation. Jet grouting has 

solved a number of key problems in many complicated foundation pit projects and 

tunnel projects. 

Even though a number of projects have been completed, problems still exists.  

One of the main problems is how to accurately estimate the diameter of jet grouted 

piles and their strength distribution, which demand for further research. Furthermore, 

projects with different geotechnical conditions have different requirements for design 

and construction of jet grouting. 

The quality of jet grouting is directly related to the selection of the construction 

parameters and the quality control during the construction process. It is important to 

have quality assurance with an automatic and continuous record of the construction 

process. Nowadays, however, this record still cannot be achieved, thus further work is 

required. 

Jet grouting is one of the major ground improvement methods with some 

unidentified factors in technology; therefore, constructors’ experience and management 

become the key to prevent the failure in engineering projects.  
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ABSTRACT: Rigid pile composite ground is a type of artificially improved ground 

widely used for high rise buildings in northern China. Its seismic behavior is of 

concern to many engineers. This paper summarizes the study carried out by the 

author’s group. Both shaking table tests and dynamic finite element analyses were 

carried out to investigate the seismic behavior of this type of composite ground. It is 

shown that the earthquake resistance capacity of this type of composite ground is 

sufficient for usual situations. However, for buildings of more than 30 storeys on 

layered soils with larger difference in modulus there can be damage to the piles under 

strong earthquakes. In addition, a simplified calculation method is proposed to 

analyze the seismic response of the piles, and its applicability is validated through a 

number of comparative calculations.  

 

INTRODUCTION 

 

Rigid pile composite ground is a type of artificially improved ground, in which 

the soil is reinforced by relatively rigid piles, such as CFG (cement-fly ash-gravel) or 

concrete piles. As the stiffness of the pile is quite large compared with sand gravel or 

soil-cement mixed piles, the bearing capacity of the ground can be increased by a 

relatively large amount. The configuration of this composite ground is also different 

from that of ordinary pile foundations in that the piles in the composite ground are not 

directly connected with the footing or raft foundation. Instead, there is a sand gravel 

cushion between the foundation and the pile top as shown in Fig. 1. This cushion can 

adjust the distribution of load between the pile and the soil so that fewer and shorter 

piles can be used. Moreover, reinforcement is often not needed in the piles as it is just 

considered to be an extension of gravel piles or soil-cement piles. Thus, the cost of 

this type of composite ground is much lower and its construction is more convenient 

than that of ordinary pile foundations. Due to the above advantages, this type of 

composite ground is widely used in northern China, especially in the surrounding 

regions of Beijing (Yan and Zhang, 1999). 
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However, many regions in China can be subjected to strong earthquakes, 

including Beijing and its surrounding regions. The seismic behavior of the rigid pile 

composite ground is therefore of much concern to many Chinese engineers, especially 

when this type of composite ground is employed for some high-rise buildings. 

Nevertheless, little work has yet been done with regard to this problem, except some 

static model tests, which investigated the pile performance under lateral loading (Yan 

and Zhang, 1999). 

 

 

FIG. 1. Composite Ground with Rigid Piles 

 

In order to study the anti-seismic behavior of this type of artificially improved 

ground, much effort has been made by the research group at Tsinghua, lead by the 

first author. In this paper, the main results of these studies are summarized. Both 

dynamic finite element analyses and shaking table tests have been carried out. The 

seismic response mechanism of this type of composite ground has been investigated 

and a simplified analysis method is proposed. All this work may be helpful to the 

engineers in evaluating the anti-seismic behavior of the rigid pile composite ground 

and improving the design of this ground. 

  

EXPERIMENTAL STUDY USING SHAKING TABLE TESTS 

 

Test Model and Procedure 

 

Shaking table tests were performed to study the seismic behavior of the rigid pile 

composite ground. The geometric similarity ratio is 1:10. The layout of the test model 

is shown in Fig. 2. 

Attention is paid to ensure the quality of the test results. Especially the following 

three points are worth mentioning: 

 

(1) The Use of a Flexible Container 

 In order to simulate the seismic deformation of the soil layers, a flexible 

container was employed, the wall of which was made of a rubber plate rounded by 

thin steel bars. Both the diameter and the height of the container are 1.5m. The inner 

side of the rubber wall and the container bottom plate were roughened to prevent 

sliding of soil against the inner surface of the container. This flexible container allows 

the soil to deform in a similar way as that in the field subjected to a horizontal 

movement under an earthquake (Meymand, 1998). However, it is not yet certain 

Pile 

Soil 

Cushion 

Foundation 
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whether the flexible wall can serve as a transmitting boundary. Hence, care was taken 

to make the diameter of the container much larger than the footing dimension at a 

ratio of 4. 

 

 

FIG. 2. Photo of the shaking table test model 

 

The acceptability of the container was checked by comparing the responses of the 

points in the middle between the footing edge and the container wall for different 

structures. It was also checked by comparing the measured response with that 

calculated by SHAKE using the corresponding soil properties and earthquake input. 

The comparison indicated that the response of these points is similar to that in the free 

field.  

 

(2) Measures to Remedy the Non-similarity in the Gravity Acceleration 

Constrained by the choice of material, a type of silty clay found in most 

construction sites in Beijing region was used. Then the similarity ratio for the material 

density is 1. The similarity ratio for the soil modulus was set to 4 and for the 

geometric length was 1:10. According to the Bockingham � theorem, the similarity 

ratio for the acceleration was 2.5:1, which also applies to the gravity. However, for 

the shaking table test, the gravity is the same for the model and the prototype. This 

condition causes smaller weight and lower stresses due to smaller self weight. This 

problem cannot be solved by increasing the weight of the model because it also 

increases the mass and the inertia forces.  

In order to solve the above problem, two pulling cables were used to apply 

vertical forces on the foundation of the model. This measure would make the base 

pressure approximately satisfy the similarity ratio. Although this approach cannot 

completely solve the problem, it addressed the most important part of the problem. 

 

Table 1. Amplification Factor under a 0.05g Earthquake 
 

Dampers Soil Amplif. Structure Amplif. 

No  1.59 4.48 

Yes 1.60 2.91 

 

(3) Dampers to Make the Damping Ratio Close to Reality 

In the tests, a simplified model was used to simulate a real building. A common 
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problem is that the damping ratio of the model is much smaller than that of the 

prototype building. The difference in the damping ratio would induce the difference 

in the response of the model from that of the prototype. In order to solve this problem, 

additional dampers were mounted on the model structure to increase the damping 

ratio from less than 1% to approximately 3%. A minor problem noted herein was that 

the oil dampers could increase the stiffness of the model especially for small 

amplitude vibrations. Table 1 shows different amplification factors obtained with and 

without the dampers. The large difference in the factors indicates the necessity of 

using the dampers. 

 

Test Results and Discussion 

 

Two models were made to simulate 10-storey and 20-storey buildings, 

respectively, on a medium hard ground. Different earthquake acceleration records, 

including the El Centro, Kobe, Tianjin, and Beijing earthquakes were used as the 

earthquake inputs. The peak acceleration was adjusted to different values 

corresponding to different earthquake intensities. Measurements were taken for 

accelerations, displacements, soil pressures, and pile strains, etc. during the testing. 

Figure 3 shows the measured maximum bending strains in the piles, which were 

obtained for the 20-storey building under different earthquakes with 0.25g peak 

acceleration. Obviously, due to the existence of the cushion layer, the bending strain 

at the pile top was nearly zero. The bending strain at the pile top is a major difference 

for the piles in the composite ground from that in the pile foundation. It is expected 

that the existence of the cushion layer also significantly reduces the maximum pile 

bending deformation in the composite ground as compared with that in the pile 

foundation. The maximum bending deformation occurred at 20cm below the pile 

head in the model, which is equivalent to 2m in the prototype. 

 

 

 

FIG. 3. Bending strains in the piles under the 20-storey building  

 

It was noted through these tests that, under an earthquake of the design intensity 

0.5g in the model, there was minor separation between the footing and its surrounding 

soil and no damage in the pile. The measured maximum bending strain, the maximum 

shear strain, and the maximum axial strain in the pile were approximately 40μ�  
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90μ� and 20μ�, respectively. The limit shear strain and the tension strain for the 

concrete used for the piles are 170μ� and 150 μ�,  respectively.  Obviously, the actual 

strains were much smaller than these limit values. On increasing the intensity of the 

earthquake by 1 degree from the design intensity, namely to double the peak 

acceleration, there was still no damage in the piles. However, the soil surrounding the 

footing cracked and the dynamic behavior of the system changed significantly.  

It was also noted that the piles deformed with their surrounding soil. The lateral 

constraint provided by the soil beside the foundation is important in resisting the 

overturning moment induced by the earthquake. 

The above test results and discussion demonstrates that this type of composite 

ground is strong enough to resist earthquakes, at least for the cases closely resembling 

the test model.  

 

DYNAMIC FINITE ELEMENT ANALYSES 

 

Due to a limited number of shaking table tests, finite element simulations were 

also conducted to investigate the dynamic behavior of this type of composite ground.  

 

The Finite Element Modeling 

 

In the finite element modeling, an equivalent linear method was used to represent 

the non-linearity of the soil. However, only the modulus and the damping of the soil 

directly under the structure were determined through iterations. For other parts of the 

soil, the parameters were determined by using the SHAKE to conduct the free field 

response analysis. A visco-elastic transmitting boundary was employed to model the 

infinity of the ground. In a complete analysis, static calculations were first carried out 

and then dynamic calculations were performed. This model was validated through 

simulating the model tests. The details of this finite element analysis can be found in 

Wu’s thesis (Wu, 2007) and the main findings are presented below. 

 

Main Findings 

 

A large number of computations were performed to investigate the seismic 

behavior of this type of composite ground. The pile spacing center to center was 

taken to be 4 times the pile diameter as in most engineering projects. The main results 

are summarized below: 

(1) Effect of the sand gravel cushion. Since the piles in the composite ground are 

not connected to the building foundation, due to the existence of the sand gravel 

cushion, the bending moment at the pile head is nearly zero. In pile foundations, 

however, the maximum bending moment usually occurred at the pile head. This 

difference results in the maximum bending moment in the pile in the composite 

ground being much smaller than that in pile foundations. 

 (2) Effect of soil layer. When a harder or softer soil layer was located at a depth 

along the pile length, the magnitude of the bending moment in the pile sections near 

the interface between two layers increased drastically. For instance, when a 2m thick 

weaker soil layer with a shear wave velocity of 150m/s was inter-bedded near the 
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middle of a 10m long pile where the rest of the soil profile had a shear wave velocity 

of 250m/s, the maximum bending moment of the pile increased by a factor of more 

than 5. 

(3) Effect of the inertia force of the superstructure. Numerical results indicate that 

the influencing depth of the superstructure is quite large, especially for layered soil. 

This is also different from ordinary pile foundations. 

(4) Effect of embedment depth. When the embedment depth of the foundation 

decreased, the force and bending moment in the upper part of the pile increased 

significantly. For instance, in a particular calculation, when the embedment depth 

decreased from 8m to 4m, the bending moment in the upper part of the pile increased 

by more than 60%. 

(5) Effect of soil modulus. The modulus of the soil below the cushion had a 

significant effect on the force and bending moment in the piles. The soil with a higher 

modulus resulted in a lower force in the pile. In a calculated case, when the modulus 

decreased by 40%, the moment in the pile increased by 100%. The analysis also 

indicated the necessity to consider the nonlinearity of the soil. 

(7) Effect of pile diameter. When the pile diameter increased, the force and 

bending moment in the pile also increased. The numerical results showed that the 

bending moment in the pile increased with the square of the pile diameter. However, 

the bending stresses showed more complex behavior. In the upper part of the pile, the 

bending stress decreased with an increase of the pile diameter, whereas in the lower 

part of the pile, the bending stress increased with the pile diameter. 

(8) Effect of pile length. The pile length had a limited influence on the maximum 

force and moment in the pile since the maximum force and moment usually occurred 

in the upper section of the pile. However, when the pile penetrated through different 

soil layers with different moduli, the bending moment could increase drastically. 

 

A SIMPLIFIED ANALYSIS METHOD 

 

Procedure of the Method 

 

Based on the understanding of the dynamic behavior of this type of composite 

ground, a simplified calculation method was proposed to evaluate the dynamic 

response of the piles in the composite ground. The main components of this 

simplified method are summarized as follows: (1) the response of the piles is 

considered as the combined action of the inertia effect of the superstructure and the 

soil deformation; (2) the pseudo static analysis is used instead of a fully dynamic 

analysis; and (3) the equivalent linear method is used to determine the soil modulus.  

The procedures of this simplified method are presented below:  

(1) Calculate the initial modulus of the soil using the following formulae: 

 

 for                                   (1a) 

             for                                   (1b) 
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where and are the initial moduli of the soil before and after the construction of 

the building, respectively;  and  are the vertical stresses before and after the 

construction of the building, respectively.  can be determined using the measured 

wave velocity of the soil. These moduli are used in the subsequent pseudo static 

calculation. 

(2) Calculate the free field response using the equivalent linear method, and 

determine the peak inertia forces and the moduli of each layer through this 

calculation. 

(3) Establish a finite element mesh, which contains the foundation and the 

composite ground. Apply the peak base shear force and moment obtained from the 

superstructure analysis. Use the moduli determined from Steps 1 and 2. 

(4) Apply the peak inertia force obtained from the free field analysis in step 2. Use 

the same moduli as used in Step 3. 

(5) Calculate the strains of the soil under the combined action of the superstructure 

and the soil deformation using the following equation: 

 

                                                           2  

 

where �s and �f are the strains calculated in Steps 3 and 4, respectively. 

(6) Determine the soil modulus again using the newly calculated strains. If these 

moduli are different from the previous ones, Steps 3, 4, and 5 are repeated, otherwise, 

move to the next step. 

(7) Calculate the forces in the pile using the following formula:  

 

                                                          3  

 

where Fs and Ff  are forces in the piles, calculated in Steps 3 and 4, respectively. 

 

Validation of the Proposed Method 

 

This simplified method has been used for a number of projects and has also been 

checked against the dynamic finite element analysis. Due to the page limit, only part 

of the results from a numerical analysis is presented below. 

In this numerical analysis, a unit of a relatively long structure was selected for a 

two-dimensional analysis. The height of the building under consideration was either 

20-storey or 30-storey. The embedment depth of the foundation was 6m and the pile 

length was 15m. The records of the Beijing, El-Centro and Lanzhou earthquakes were 

used as inputs. According to the Chinese design code, the averaged results from the 

three acceleration records are taken as the values used for the design. 

Three subsoil conditions were considered: (1) a 2m thick hard soil layer in the 

ground; (2) a 2m thick weak soil layer in the ground; and (3) one hard soil layer and 

one soft soil layer. Different heights of the building were considered in the analysis. 

For each soil condition, the location of the specific soil layer varied in the ground.  

For example, the position of the hard layer in Condition 1 could be located either 
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close to the pile head, or close to the pile end, or in the middle of the pile length.  

As an example, the results for one condition are presented in Fig. 4. In this case, a 

2m thick soft layer was located in the middle depth of the pile length. Figure 4 shows 

the satisfactory comparison between the simplified method and the dynamic FE 

method. 

FIG. 4.  Comparison of the calculated bending moments in piles 

(left: center pile; right: edge pile) 

 

CONCLUSIONS 

 

A comprehensive research was carried out on the seismic response of the rigid pile 

composite ground, a type of artificially improved ground employed for many 

buildings in China. Both shaking table tests and dynamic finite element analysis were 

conducted. In addition, a simplified analysis method was proposed to analyze the 

seismic response of the piles. Based on all these studies, the following conclusions 

can be drawn: 

(1) The force and moment in the piles in the rigid pile composite ground are 

smaller than those in the pile foundations due to the existence of the cushion layer 

between the pile top and the foundation. Under uniform or nearly uniform soil 

conditions, the piles are unlikely to be damaged even under an earthquake with a 

relatively strong intensity. 

(2) For buildings of 30 storeys or higher on layered soils with relatively large 

modulus difference between adjacent soil layers, there is possibility for the force and 

moment in the pile at the interface between these layers to be higher than its strength 

limit.  

(3) The proposed simplified method is applicable for the analysis of the rigid pile 

composite ground and more efficient than the fully dynamic analysis method 

although further simplification may be desired. 
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ABSTRACT: This paper presents a post-grouting technology specifically 

developed for slurry bored piles, including its principles, strengthening mechanism, 

empirical formula, and a case study. This technology was successfully used for more 

than 18000 bored piles in the Terminal 3 project of the Beijing Capital International 

Airport. Static load test results from 72 preliminary test piles installed in 14 test 

zones in the T3 site area are summarized and analyzed in this paper. The results 

demonstrate that post-grouting significantly improve the settlement behavior and 

bearing capacity of bored piles.  

 

 

INTRODUCTION 

 

In China and around the world, bored piles drilled using of slurry for preventing 

borehole collapse are widely used as foundation piles for high-rise buildings and 

bridges. However, for slurry bored piles the inherent defects from construction 

process are obvious: soft piletoe slime and weak pileshaft mud-cake, which all the 

time are the critical factors influencing bearing capacity and deformation 

characteristics of piles. Therefore, it is highly required to develop an effective 

technology to overcome the slime and mud-cake problems and thus to improve 

bearing capacity and settlement performance of bored piles. 

This paper presents the details of the post-grouting technology which was 

specifically developed for slurry bored piles and its application in the Terminal 3 

project of the Beijing Capital International Airport. 
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POST-GROUTING TECHNOLOGY 

 

Piletoe and Pileshaft Post-grouting  

 

Piletoe post-grouting technology was successfully developed by the Institute of 

Foundation Engineering of China Academy of Building Research (CABR) in 1993, 

following by pileshaft post-grouting technology (Liu, 1995; Liu, et al., 1997). As 

shown in Figure 1, the patented post-grouting facilities, in comparison with other 

oversea ones, are technically straightforward, cost-effective, easy to operate and 

reliable. Up to now this technology has been successfully applied in more than 1000 

bored pile projects in China, and recently it has been included in the Chinese Code 

for pile foundations (JGJ94-2008, 2008). 

 

 

 

 

 

 

Figure 1 Piletoe and pileshaft post-grouting facilities 

 

In piletoe post-grouting, cement slurry with W/C ratio at 0.5 to 0.6 is pumped 

under high pressure through steel pipes which was pre-fixed on the steel cage of the 

bored pile. The cement slurry is flushed through back valves (one-way valves) into 

the soft soil at piletoe and the surrounding soils up to certain range under seeping and 

fracturing effects. In addition to solidifying the soils at piletoe area, cement slurry 

also flushes along the weak pileshaft and soil interface up to 10 to 20m high above 

the piletoe. 

In pileshaft post-grouting, cement slurry is pumped under high pressure through 

steel pipes, and subsequently flushing into pileshaft and soil interface horizontally 

through one-way grouting valves. The pileshaft grouting valve is made of reinforced 

PVC pipes with “petal-shape” in cross section. According to soil properties and pile 

length, 1 to 3 grouting sections can be alternatively arranged along pile length, like 

“wave” in vertical view. After grouting, cement slurry forms a “stabilizing bulb” at 

the grouting section and “enhanced interface” along the pileshaft. 
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Strengthening Mechanism of Post-grouting 

 

In order to study the strengthening mechanism of post-grouting and the behaviors 

of bearing capacity and settlement of the post-grouted piles, comprehensive 

large-scale model tests have been conducted (Gao, 1997). On the other hand, in some 

projects the post-grouted piles were excavated to inspect the effects of post-grouting. 

Figure 2 shows some photos of excavated post-grouted bored piles in the T3 project. 

Based on model tests and site inspections, the strengthening mechanism of 

post-grouting can be directly observed and examined. 

 

Filling and bonding effect 

 

When post-grouting is implemented in pebble, gravel and sand, voids of soil can 

be filled with cement slurry and soil grains can be bonded together. As a result, the 

strength and stiffness of soil can be improved significantly. When post-grouting is 

located at piletoe, end-bearing resistance can be enhanced from “expanded pile 

bottom”; when post-grouting is located at pileshaft, skin friction can be enhanced 

from “enlarged pile size”. 

 

Solidification effect 

 

Piletoe slime and pileshaft mud-cake can be solidified during the process of 

physical and chemical reactions taking place in grouted cement slurry, resulting in 

significantly increased end bearing resistance and skin friction, which is classified as 

“solidification effect”. In addition, as variable thickness of cemented soils is adhered 

to piletoe and pileshaft, the effective pile bottom size and pile diameter can be 

expanded to certain extent. 

 

Reinforcement effect  

 

When post-grouting is implemented in clayey and silty soils, the originally 

uniform soil can be reinforced into composite soil with net-shape fractured cement 

grouting reinforcements. The strength and deformation performance of composite 

soil can be greatly improved because of this “reinforcement effect”. In the meantime, 

soil consolidation and chemical stiffening also occur during post-grouting process. 

Thus, the composite soils are able to transfer and bear the applied loading more 

effectively, and to achieve higher total pile shaft friction and end bearing resistance.  
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Figure 2 Excavated bored piles in T3 project 

 

Empirical Formula for Post-grouting Calculation 

 

Based on results of model tests and in-situ pile load tests from more than 100 

projects, empirical formula for the estimation of ultimate bearing capacity of 

post-grouted single pile has been established (JGJ84-2008, 2008): 

        (1) 

where  are the characteristic values of ultimate shaft friction and piletoe 

resistance;  is the i layer soil thickness;  is the pile perimeter;  is the pile 

cross section area;  and  are the enhancement coefficients for pileshaft 

friction and piletoe resistance respectively, which can be checked from Table 1 or 

preferably based on local experience, if available.  

 

 

 

 

Solidification 

Effect 

Solidification 

Effect 

Reinforcement 

Effect 

 

Bonding 

Effect 
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Table 1  Enhancement coefficients of pileshaft friction and piletoe resistance  

 

Soil 

type 

Peat, 

peaty 

soil 

Clayey 

soil, silt 

Fine 

sand 

Medium 

sand 

Coarse 

/ gravel 

sand 

Gravel, 

pebble 

Fully / 

Highly 

weathered 

rock 

 1.2~1.3 1.4~1.8 1.6~2.0 1.7~2.1 2.0~2.5 2.4~3.0 1.4~1.8 

  2.2~2.5 2.4~2.8 2.6~3.0 3.0~3.5 3.2~4.0 2.0~2.4 

 

POST-GROUTING IN T3 PROJECT 

 

The new Terminal 3 of the Beijing Capital International Airport extension project 

comprised more than 18000 post-grouted bored piles. Before installation of working 

piles, 72 preliminary test piles were installed in 14 test zones of the site area for the 

purposes of determining pile design parameters and post-grouting criteria. 

 

Soil Conditions  

The site ground level is generally flat. From ground level to 50m exploration 

depth, the ground conditions are reclaimed soil and Quaternary (Q4) alluvium soils, 

which are consisted of alternatively-layered silty clay, clayey silt, clay, fine-medium 

sand and medium-coarse sand. Soil properties are summarized in Table 2. 

 

Table 2  Summary of soil properties  

 

Layer Soil type 
  

 

(m) 

 
 

(%) 

 
 

(g/cm
3
) 

  
 

(MPa) 

 

 

(kPa) 

 
 

(kPa) 

1 Misc. fill 1.2 16.3 1.94 4.8  / / 

2 Silty clay 2.1 25.0 1.96 6.0  35-40 / 

3 Silty clay 3.8 26.2 1.93 7.5  45-55 / 

4 Silty clay 3.1 25.5 1.98 6.3  50-60 / 

5 Fine sand 4.6 25.6 1.95 30.0  55-65 / 

6 Clayey silty 3.0 21.8 2.03 15.0  55-65 / 

7 Fine sand 5.6 23.5 1.96 40.0  60-75 800-1000 

8 Powdery clay 6.8 19.9 2.06 15.4  60-80 / 

9 Fine-med. sand 5.0 21.1 2.08 50.0  65-75 800-1200 

10 Silty clay 7.2 22.2 2.02 18.2  70-80 / 

11 Fine-med. sand 6.9 29.9 1.93 61.7  65-80 1400-1600 

12 Clay 6.7 28.4 1.94 16.0  75-85 / 

13 Fine sand 6.5 32.5 1.91 71.7  75-90 1400-1600 

14 Silty clay 22 21.5 2.07 18.9 / / 

15 Fine-med. sand 19.2 / / 75 / / 

, averaged layer thickness; , module of compressibility 
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Preliminary Test Piles 

 

Based on the expected column load distribution, bored pile sizes and soil 

conditions, in the preliminary design stage the 9th, 11th or 13th sand layers were 

selected as the end-bearing layer for bored piles with post-grouting. Prior to the 

finalization of piling layout, total 14 preliminary test zones, each consisting of 3 to 8 

test piles, were arranged outside the T3 building at the locations where the soil 

properties are representative and relatively poor (with thicker clay). In summary, 

there were 56 post-grouted compression piles (classified as 15 pile types according to 

their locations, sizes and bearing layers), 6 non-grouting compression piles (for the 

purpose of comparison with the most typical pile Type 3, 4 and 7), 6 post-grouted 

uplift piles, and 4 post-grouted lateral resistance piles (not discussed in this paper). 

All test piles were drilled using reversed circulation rotary drilling machine. The 

concrete grade of bored piles is C40 and it is full length reinforcement. Tables 3 

gives a summary of test results of the 15 types of compression piles. 

To ensure the effect of post grouting, both cement amount and grouting pressure 

should be well controlled. Post-grouting was carried out using dual control criteria 

for the two controlling parameters. For all compression test piles, the maximum 

piletoe grouting pressure was 2.5MPa with designated cement amount 1000kg. The 

maximum grouting pressure for pileshaft was 1.5MPa. For piles of effective length 

less than 30m, only one pileshaft grouting section was proposed with designated 

cement amount 600kg, while for piles with length greater than 30m two grouting 

sections were proposed with cement amount 400kg for each section. 

 

Load Test Results and Analyses 

 

Enhancement in Bearing Capacity 

 

For each pile type, in general, results from load tests were similar and consistent. 

The average ultimate pile capacities for each type of bored piles are summarized in 

Table 3. It should be pointed out that for the most typical three pile types of Type 3, 

4 and 7, corresponding non-grouting piles were installed and tested. For these three 

pile types, the differences between the measured and the calculated ultimate bearing 

capacities (using Eq. 1) were less than 10%, which indicates that it is reliable to use 

Equation 1 for the calculation of pile bearing capacity for the other pile types to 

evaluate enhancement effect of post-grouting. 

Table 3 demonstrates that post-grouting technology can significantly improve the 

bearing capacity of bore piles. Except for pile Type 12, the enhancements of bearing 

capacity were more than 80% or even up to 158% for the Type 1. These results well 

demonstrate that with proper control in grouting parameters and construction process, 

post-grouting is an effective and reliable technology to enhance bearing capacity of 

bore piles in fine sand and medium sand layers. 
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Improvement on Load-Settlement Performance 

 

Figure 3 shows the measured load-settlement curves (Q-S curves) from all the 5 

test piles of Type 3. 

 

Table 3  Summary of load test results for compression test piles  

 

  

(kN) 

Enhancement 

in bearing 

capacity (%) 

Type 

of 

pile   

Pile 

size 

(mm) 

Bearing 

layer 

 

(m) 

 

(kN) 
Mea. Cal.  

1 4 800 9 24 11200 / 4336 158 

2 6 1000 9 24 12000 / 5576 115 

3 5 800 9 25 10000 4100 4486 144 

4 9 1000 9 25 12100 5500 5766 120 

5 6 1000 9 26 13000 / 6238 108 

6 3 800 11 27.5 10200 / 5530 84 

7 5 1000 11 27.5 13800 7000 7148 97 

8 3 800 11 28 12300 / 5678 117 

9 3 800 11 30 12200 / 5969 104 

10 3 1000 11 30 14300 / 7696 86 

11 3 1000 11 32.5 15000 / 8208 83 

12 3 1200 11 32.5 17900 / 10134 77 

13 3 1000 11 37 17700 / 8958 98 

14 3 1000 13 42.5 20000 / 10690 87 

15 3 1200 13 47.5 23500 / 11742 100 

, numbers of test piles of this type; , effective pile length; , averaged bearing capacity of 

post-grouted piles; , bearing capacity of non-grouting piles 

 

It can be seen from Figure 3 that the settlements of the two no post-grouting piles 

was increased sharply when the applied loads were more than 4000kN. This result 

reveals that these piles are of the typical characteristic of friction piles. The 

mobilization of end bearing was significantly reduced due to the soft deposit at pile 

toe. In contrast, Q-S curves of the other three post-grouted piles show to be 

obliviously gentler, and with much longer mobilization period for end bearing 

capacity. It illustrates that piletoe post-grouting has significantly enhanced the end 

bearing capacity of bored piles. From Figure 3 it can be summarized that for pile 

Type 3, the averaged ultimate bearing capacity was 10000kN for post-grouted piles 

and 4100kN only for piles without post-grouting. The enhancement of bearing 

capacity was 144%. Similar Q-s curves were obtained for pile Types 4 and 7. 
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Figure 3 Load-settlement curves of Type 3 test piles 

 

Effects of Post-grouting on Pileshaft and Piletoe 

 

In addition to the 62 compression test piles, 6 uplift piles with 800m diameter and 

25m length were installed and tested. The measured average ultimate uplift capacity 

was 5800kN, which was 69% higher than the calculated 3440kN for no-grouting 

uplift piles. On the other hand, among the 72 preliminary test piles, 4 compression 

piles were extensively instrumented. Strain gauges were installed along steel cages to 

monitor the development in internal forces and to assess the mobilization of pileshaft 

friction and piletoe end bearing. Table 4 lists the percentages of pileshaft and piletoe 

resistances under ultimate bearing capacity.  

 

Table 4  Percentages of pileshaft and piletoe resistance 

 

Post-grouted pile Non-grouting pile 
Type of pile  

pileshaft piletoe pileshaft piletoe 

5 77% 23% 84% 16% 

11 83% 17% 87% 13% 

12 80% 20% 85% 15% 

15 81% 19% 88% 12% 

 

post-grouted 

piles 

non-grouting 

piles 
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It can be seen from Table 4 that for the bored piles in T3 project skin friction 

mobilized along pileshaft governed the ultimate bearing capacity, no matter whether 

it was post-grouted or not. Furthermore, Table 4 shows that the percentage of 

mobilized piletoe resistances for post-grouted piles was greater than that for the 

non-grouting piles, implying the effect of piletoe post-grouting is superior to that of 

pileshaft. This observation agrees with measured results in Table 1 and other 

engineering study records (Wu et al., 2007). However, it should be also highlighted 

that this superior effect of piletoe post-grouting comes from not only the enhanced 

end bearing but also more from the enhanced mobilization of skin friction, especially 

for long piles. 

 

CONCLUSIONS 

 

From the studies, the main conclusions can be summarized as follows: 

(1) In the past decade, post-grouting has been developed in China as an effective 

and reliable technology to enhance the performance of bored piles, especially for 

piles installed in sandy soils. 

(2) Results from the comprehensive preliminary test piles of Beijing T3 project 

well demonstrate that with post-grouting, both bearing capacity and settlement 

behavior of bored piles are improved significantly. 

(3) This technology has been used successfully for more than 18000 foundation 

bored piles in the Terminal 3 of the Beijing Capital International Airport, 

accomplishing remarkable technical achievements and economic benefits. 
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ABSTRACT 
 

   A new warehouse building was planned for Home Depot in Camarillo, California. 

The geotechnical investigation at the site indicated the liquefaction hazard in loose 

sandy soil layers under the design earthquake and static settlement problems in soft 

clay layers under the building loads. The specialty geotechnical contractor designed 

and performed soil improvement at the site. Vibro stone columns were installed to 

mitigate the site liquefaction by providing densification, reinforcement, and drainage 

in the loose sand soil layers. Deep soil mixing columns were installed to support 

heavy building column loads. Liquefaction analyses were performed on the CPT 

records before and after the vibro stone column treatment. FLAC analysis on the soil 

mixing treatment was performed to optimize the mixing column penetration depth. 

Full size static load tests on soil mixing column groups proved that the FLAC 

analysis correctly simulated the site condition. This paper covers design 

methodology, production work, and quality control and testing, with supporting 

figures.  

 

INTRODUCITON 

 

   An 114,981 square foot home improvement store and 25,480 square foot garden 

center were planned for construction in Camarillo, California. The initial geotechnical 

investigation indicated a liquefaction hazard in loose sandy soil layers under the 

design earthquake, and static settlement problems in soft clay layers under the 

building loads (GPI, 2000).  The dynamic settlement was estimated to be as much as 

1 inch, with the majority of the settlement obtained from the loose sandy soils 

occurring between the depths of 9 and 16 ft. 

   Budgetary constraints ruled out the use of driven piles for the building support, 

which required 80 ft to 100 ft-long piles to reach the competent bearing layer.  The 

majority of the pile load came from the down-drag force due to the liquefaction in 

sands and consolidation settlement in soft clays.  
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   In 2001, the geotechnical contractor, Hayward Baker, Inc designed and installed a 

dual-system ground improvement program consisting of Vibro replacement stone 

columns and wet soil mix columns. The Vibro replacement stone columns 

economically improved the liquefaction potential of the site by providing 

densification, reinforcement, and drainage in the loose sandy soil layers. The soil mix 

columns supported the wall loads and the building column loads, up to 120 kips. 

 

 

 

Figure 1. The Home Depot at Camarillo, California sits on vibro stone columns and 

soil mix columns over inter-bedded soft clay and loose sand layers. 

 

   The acceptance criteria was designed to meet the owner’s performance criteria of 

static and liquefaction settlement not to exceed 1 inch with maximum differential 

settlement of 0.5 inch in 50 feet.  

 

BACKGROUND AND GEOTECHNICAL PROFILE 

 

   The soil profile was determined by SPT borings, CPTs, and soil lab tests. An 

extensive number of CPTs was performed before and after stone column installation, 

as well as CPTs inside soil mixing columns.  

   The soil profile is composed of layers of inter-bedded sands and clays, as shown in 

Figures 2 and 5.  The top 5 ft is medium stiff to very stiff clays, with Over 

Consolidation Ratio (OCR) ranging between 2 and 10.  The site design water table 

depth is 5 ft.  Between the depths of 5 to 9 ft, there is a very soft clay layer under 

normal consolidation condition.  The lab consolidation test indicated Cce = 0.19, 

suggested significant consolidation under the building load.  Between the depths of 9 

to 12 ft, there is a medium dense sand layer.  Under the design earthquake magnitude, 

this sand layer will be liquefied and cause significant dynamic settlement.  Below the 

sand layer, a 6 ft thick soft to medium stiff clay is slightly over-consolidated.  From 

the depth of 18 ft to 32 ft is a medium dense to dense sand layer inter-bedded with 

overly consolidated stiff clay.  At the depth of 32 ft to 36 ft is a stiff Overly 

Consolidated (OC) clay layer.  A medium stiff clay layer between the depths of 36 ft 
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and 45 ft has an OCR value ranging from 1 to 1.5 and Cce=0.03 from the 

consolidated test.  This layer may have consolidation settlement under the building 

load.  Because this clay layer is confined by OC clay layers, with very low 

permeability, the consolidation could take a very long time to achieve.   From the 

depth of 45 ft to 52 ft, a stiff to very stiff clay is detected from CPT38 and Virgin, a 

pre-treatment CPT by the geotechnical contractor.  Below the depth of 52 ft is a very 

dense sand layer. Any measurable settlement below this depth is unlikely. 

 

 

 

Figure 2. Typical CPT profile before vibro replacement treatment (Virgin) and after 

Vibro replacement treatment (89E1F1) at the same location. 

 

GROUND IMPROVEMENT SOLUTION 

 

   The project site was treated by Vibro replacement (stone columns) and soil mix 

columns, the layout of which is shown by Figure 3.  The stone column treatment can 

effectively mitigate possible liquefaction in the medium dense sand layers.  In 

addition, the stone columns provides vertical drainage path to accelerate the 

consolidation in the clay layer.  The stone columns compressed surrounding clay soil, 

to increase the soft clay strength and OCR, which can be observed from Figure 2.  

The stone columns, with the average diameter about 3 ft, also provided reinforcement 

in the clay layer to reduce the settlement under the store floor pressure of 650 psf.  

Based on Priebe’s (1995) method, the soil improvement factor on the static settlement 

reduction is 1.63 for 10 ft x 10 ft for the stone column grid up to 20 ft in depth.  
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   The Vibro replacement stone column method imparts energy by means of 

vibrations that are generated close to the tip of a down-hole electric vibrator. To 

install a stone column the vibrator is suspended from a crane. The dry, bottom feed 

method of constructing Vibro replacement stone column, as used on this project, 

consists of the vibrator being lowered into the ground under the action of its own 

weight, vibrations, and air jetting. Upon reaching the design depth, the vibrator is 

lifted in stages as the stone is fed through a side pipe and expelled at the tip of the 

vibrator. Cohesionless soils are densified while cohesive soils are reinforced by the 

installation of the column. 

 

Figure 3. Layout of vibro stone columns, soil mix columns, and settlement plates. 
 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Figure 4. Static settlement measurement during the surcharge program, and the 

comparison with FLAC analysis model. 
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   Concerned about the store floor settlement under 650 psf static pressure, the 

geotechnical contractor applied 6 ft of fill as a surcharge program after all the vibro 

stone columns were installed. The settlement plates, as shown in Figure 3, measured 

the static settlement ranging from 1.2 to 4.4 inches, with the average value of 2.2 inch 

(Figure 4). With the drainage paths provided by stone columns and sand lenses, the 

consolidation reached 90% quickly, usually in 1 to 3 weeks.  However, the spread 

footings under structural columns will take 120 kips of load and apply 2,500 psf to 

the vibro stone column treated soil. After back calculating the soft clay layer 

consolidation parameter from the surcharge program, the author considered that the 

spread footing settlement could be excessive without further treatment.   To further 

reduce settlement of the spread footings, the author used soil mix columns to provide 

additional bearing capacity and reduction of settlement under spread footing and wall 

strip footings. The wet soil mix column installation process creates a hardened 

column of soil-cement (soilcrete). An auger attached to a drill rig is bored into the 

ground, while the cement grout slurry is injected through ports on the auger.  The 

mixed soilcrete strength depends on the original soil types and cement binder dosage.   

 

FLAC ANALYSES 

 

   To investigate the stability and settlement of footings constructed on soil mix 

columns under various loads and footing sizes, the author performed FLAC analyses 

using the soil parameters calibrated with the site surcharge data. FLAC software is a 

two-dimensional explicit finite difference program for engineering mechanics 

computation. The explicit, Lagrangian calculation scheme and the mixed-

discretization zoning technique used in FLAC ensure that plastic collapse and flow 

are modeled accurately.  

 

 

Figure 5. 2-D axial symmetric FLAC model of a group of 4 soil mix columns 

0~5’ Unsat. OC clay 

Cre=0.01 

5~9’ Sat. soft clay 

Cce=0.19 

9~12’ Vibro_treated 

dense sand, qc=110tsf 

12~18’ med. NC clay 

Cce=0.036 

18~21’ dense sand, 

qc=90tsf 

23~32’ dense 

sand, qc=90tsf 

21~23’ stiff OC 

clay Cre=0.008 

32~36’ stiff OC 

clay Cre=0.01 

36~45’ med. Stiff NC 

clay, Cce=0.03 

45~52’ stiff OC clay 

Cre=0.008 

Soil Mix Column as 

plotted in Figure 7 
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   To model a group of 4 soil mixing columns under a 7 ft x 7 ft spread footing, a 2-D 

axial symmetric FLAC model simulates from the center of the column group to a 30 

ft radius and to a depth of 52 ft. The 4 ft diameter soil mix columns were installed 

side-by-side in a 4 ft square center-to-center pattern. The FLAC model used a large 

single column, with the cross sectional area equivalent to the 4 side-by-side soil 

mixing columns.  This FLAC model includes totally 1,456 elements and 1,537 nodes, 

as shown in Figure 5.  In the FLAC analyses, large deformation with node coordinate 

update was adopted. 

   Mohr-Coulomb material properties for the soils and soilcrete were used based on 

the lab test results and CPT data. Table 1 and Figure 6 provide the strength and 

modules of the soil and the soilcrete. The soil-drained modulus is based on the CPTs 

after stone column treatment, and before the surcharge program, as well as calibrated 

by the consolidation test results. Although the FLAC model did not include stone 

column elements, the reinforcement effects of stone columns were considered in the 

material properties of the soil-stone column matrix, according to Priebe’s (1995) 

method. The soil-stone column matrix modulus in the analysis was increased 1.63 

times from the original modulus values of soil layers.  The shear strength of the soil-

stone columns matrix was calculated based on the stone column replacement ratio and 

the soil strength in each layer, as listed in Table 1. This FLAC analysis used soil 

drained properties, and assumed the load induced excess pore water pressure fully 

dissipated with the benefit from stone columns, without its time effects. 

 

Table 1. Composite soil-stone column shear strength in FLAC analysis 

Soil Profile Top of Layer 

(ft) 

Bottom of 

Layer (ft) 

Friction Angle 

(degree) 

Cohesion 

(psf) 

Upper OC clay layer 0 5 30 100 

Upper NC clay layer 5 9 22 50 

Upper Sand layer 9 12 32 0 

Middle NC clay layer 12 18 22 50 

Middle Sand layer 18 21 32 0 

Middle OC clay layer 21 23 25 100 

Lower Sand layer 23 32 32 0 

Lower OC clay layer 32 36 25 100 

Lower NC clay layer 36 45 22 50 

Bottom OC clay layer 45 52 25 100 

 

The soilcrete strength and modulus were conservatively calculated from CPT tests 

inside soil mixing columns 14 days after the mixing test program. The soil mix 

columns extended to 20 ft below the ground surface. 

�  The FLAC model was first calibrated by the surcharge settlement records, after the 

vibro stone column installation and before the soil mixing work. A total of 660 psf 

surcharge load was applied on the ground surface and created 2.93-inch settlement 

from the FLAC model. The calculated settlement is the total settlement, including the 

footing immediate settlement and consolidation settlement, and on the conservative 

side of the field measurement (Figure 4).   Then, the equivalent soilcrete column was 

created in the FLAC model and various loads were applied on the footing. The 

column and surrounding soil settlement under the footing load of 120 kips was 

plotted in Figure 7.�����
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Figure 6. Young’s modulus of the soil and the soilcrete used in the FLAC model. The 

right chart shows the soilcrete shear strength. 

 

 

Figure 7.  Four 4 ft diameter soilcrete columns under 120 kips load, vertical 

displacement (ft) 

 

   Similarly, single 4-ft diameter and single 6-ft diameter soilcrete columns were 

analyzed under various loads, as “virtual load tests”, and plotted in Figure 8. On the 

right side of Figure 8, the vertical settlement within the soil mix column and below 

the column is plotted as a function of depth. After careful comparison of all loads and 
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column combinations, as well as different soil mixing penetration depths, the author 

obtained the optimized soil mix design. 

  

 
  

Figure 8.  Comparison of the FLAC “virtual load tests” with a full-scale field load test 

(left).  Settlement calculation of four soilcrete column under 120 kips of load (right). 

 

   In order to verify that the FLAC analysis correctly simulated the site condition, the 

geotechnical contractor performed a full-scale static load test on soil mix column 

groups (Figures 8 and 9). Because of the time effect of clays consolidation, only two 

loading stages were tested according to ASTM D-1143 slow test procedure.  The field 

measurement of two data points in Figure 8 took over a week. The load test approved 

the sol mixing column design and the FLAC model to be conservative, and satisfy the 

soil improvement acceptance criteria.  

 

 

 

Figure 9. Full-scale static load test on a group of 4 soil mix columns. 
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VERIFICATION OF LIQUEFACTION MITIGATION 

 

   Verification of the liquefaction mitigation was undertaken by penetration testing 

(CPT) before and after stone column installation. The site was divided into 

approximate quadrants (sectors) of 70 ft x 70 ft (4,900 sf) for the evaluation of 

acceptance.  The contractor analyzed the CPT result for each sector using accepted 

correlations and methods outlined in NCEER, (1997), and Martin and Lew, (1999). 

Conversions of tip resistance between CPT and SPT utilized the 4 and 5 ratios 

depending on the zone classification system (Baez, et. al, 2000) and whether the soil 

was considered to be silty sand or clean sand. The liquefaction settlement was 

evaluated for each CPT performed based on Tokimatsu and Seed, (1984) procedures. 

Effect of stone column reinforcement was taken into account during calculating a 

post-improvement liquefaction settlement. A typical comparison between the pre and 

post vibro stone column treatment CPT results is provided in Figure 10. The sand 

layer between the depths 10 ft to 12ft was densified, and the liquefaction induced 

settlement was reduced below the soil improvement acceptance criteria. 

 

 

Figure 10. Post vibro stone column treatment CPT-89E1F1 and pre-treatment CPT-

Virgin at the same location. 

 

CONCLUSION 

 

   The ground improvement program was a successful and economical alternative to 

driven piles. The CPTs verified that the vibro replacement stone columns effectively 

mitigated the liquefaction potential of the targeted site soils. Soil mix columns can 

spread the heavy structural load to medium stiff clayey soils, with acceptable 

settlement. The FLAC analysis proved to be an effective tool in predicting static 

settlement of the soil mix column design.  The commercial building has been in 

operation for over 7 years and no distress of its foundations has been observed.  
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ABSTRACT: This manuscript provides insight into a new approach to chemically-based 

soil improvement with organosilanes (OS). In particular, OS creates a hydrophobic 

surface on virtually any silica-based material through covalent bonding. In contrast to 

ion exchange techniques, grafting OS on soils results in near permanent modification. 

As an illustration, laboratory testing was conducted to evaluate the influence of OS 

modification on the compaction, strength, swell, erosive and hydraulic properties of 

several soils. OS modification resulted in modest changes to strength and swell 

potential and a dramatic reduction in infiltration capacity. Likewise, use of OS on a 

2H:1V slope reduced the mass of eroded soil by a factor of nearly 50. Overall, these 

results suggest that OS modification may have wide application in geotechnical and 

geoenvironmental engineering.  

 

INTRODUCTION 

 

   Ground modification is often performed to improve strength, reduce volume change, 

and or alter the hydraulic characteristics of soil. Chemical additives used in this 

process typically bind particles together (e.g., resins, polymers, cement) and/or react to 

change the prevailing physicochemical force balance (e.g., ion exchange reactions).  

More recently, a form of organic modification that uses organo silanes (OS) to 

covalently bond with soil particles has been introduced (Daniels et al. 2009). Relevant 

background of this area is more readily found in the fields of applied clay science and 

catalysis. For example, the process of permanently grafting organic molecules to 

various substrates has been explored to develop polymer-clay nano composites Dean 

et al. (2007), Tartaglione et al. (2008), Xue and Pinnavaia (2008) and to strengthen 

calcium silicate hydrates in cement paste systems Pellenq et al. (2007). The purpose of 

this manuscript is to present example data related to soil improvement, as assessed in 

the laboratory through compaction, strength, swell and hydraulic conductivity as well 

as in the field through infiltration and erosion measurements. 
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MATERIALS AND METHODS 

 

   The work presented herein comprises two separate experimental components.  First, 

the influence of OS on laboratory measurements of compaction, strength, swelling and 

hydraulic conductivity was evaluated for local Piedmont residual soil (PRS). 

Separately, a field trial was conducted to evaluate the potential for OS use in erosion 

control, also for a local PRS. OS was obtained from Zydex Industries (Vadodora, 

India) through Hero Global Services (Fort Mill, SC, USA) and has the commercial 

names Zycosil and Zycosoil. Details regarding the source product have been presented 

in Daniels et al. (2009). Briefly, the source product consists of a mixture of 3-

(trimethoxysilyl)propyl dimethyloctadecyl ammonium chloride and ethylene glycol. 

This solution is then diluted in water and applied to soil where siloxane (=Si-O-Si=) 

bonds form with individual particles. In addition, there is an organic group with a long 

alkyl chain (C18H37) which imparts molecular level hydrophobicity on the treated 

surface.  

 

Laboratory Measurements 

 

   Two bulk disturbed samples of a local PRS are collected and visually classified as a 

red-brown elastic silt and a brown micaceous silt. For this work, a grain-size 

distribution and plasticity index were not determined. Treated soils were prepared by 

mixing dry soil with a solution composed of 100 parts water for every part of OS 

(100:1, by volume). This mixture was then allowed to fully air-dry prior to subsequent 

testing, which included adjusting the moisture content to within 2% of optimum 

moisture content. Treated and untreated samples were tested for both soils for 

moisture-density relationships and California Bearing Ratio (CBR) while the elastic 

silt was also evaluated for hydraulic conductivity.  Samples used for CBR or hydraulic 

conductivity were prepared at or above 94% of the maximum dry density. One 

dimensional swell tests were also conducted with the elastic silt modified with 5% 

bentonite, by dry weight. The bentonite was added to create a high plasticity soil 

which would exhibit a greater change in physical properties (e.g., swell) in response to 

OS treatment. The bentonite has the commercial name Quik-Gel Powder, has procured 

from�Barold Industrial Drilling Products, Houston, Texas. 

   Current ASTM standards were generally used to guide laboratory protocol, as 

follows (ASTM 2008a,b,c,d). Moisture-density relationships were evaluated in 

accordance with ASTM D698, Method A with standard Proctor effort. The CBR test 

was conducted as per ASTM D1883. Hydraulic conductivity was evaluated in 

accordance with ASTM 5084 using the constant head method, a back pressure of 345 

kPa and a hydraulic gradient of 12.5. Swell was measured as part of ASTM D1883, 

and in the case of bentonite modified elastic silt, as part of ASTM D4546 using a 1.55 

kg surcharge.  

 

Field Measurements 

 

   Infiltration and erosion measurements were made on a 2.75 m length slope 

(~2H:1V) constructed with a local PRS in Charlotte, NC. The soil was visually 

218 ADVANCES IN GHOUND IMPROVEMENT



�  

classified as a red-brown silty clay loam. A 1.5 m wide section of the slope was 

manually treated by pouring a 64:1, by volume, OS solution from an 8 liter container 

outfitted to an outlet with ~2 mm apertures. An additional 0.5 m section at the top and 

base of the slope was treated such that the entire exposed surface area of treatment was 

3.25 m x 1.50 m or nearly 5.0 m
2
. In an effort to isolate erosion measurements from 

the rest of the site, a brick sediment trap was installed at the top and base of the treated 

section as well as at a corresponding control section. A sheet of plastic (60 cm x 71 

cm, 0.42 m
2
 in area) was placed at the base of the treated and untreated slope sections 

to capture soil eroded in response to a rain event. Approximately two days after OS 

application, approximately 33 mm of rain fell on the site. Soil collected on the plastic 

sheets were collected, dried and weighed.  

   Soil infiltration properties were evaluated with a Mini Disk Infiltrometer from 

Decagon Devices. The device works by measuring the rate of seepage into partially 

saturated soils using a slightly negative (suction) pressure. Measurements were taken 

at a constant suction of -0.5 cm. Details on this device and its application may be 

found in the manual (Decagon 2007) with additional background discussion provided 

by Zhang (1997) and a comparison with other field techniques given by Daniels and 

Das (2008).  

 

RESULTS AND DISCUSSION 

 

   The results for the moisture density relationships, hydraulic conductivity and CBR 

tests are provided in Table 1. The results from the one dimensional swell test of the 

bentonite-modified elastic silt are reported separately in the discussion below. 

 

Table 1. Summary of experimental results 

 

CBR**** Swell 

(%) 

 

Soil OMC
* 

(%) 

MDD
** 

(kN/m
3
) 

K20 
*** 

(cm/s) 

@2.5 

mm 

@5.0 

mm 

@ 4.5 kg 

surcharge 

during 

CBR soak 

Elastic silt  

(Untreated) 
29.2 14.0 1.5 x 10

-6 
13.0 10.3 0.4 

Elastic silt  

(OS Treated) 
28.4 14.2 3.9 x 10

-7
 17.0 13.2 0.6 

Micaceous silt 

(Untreated) 
17.1 16.8 Not tested 0.9 1.4 6.5 

Micaceous silt 

(OS Treated) 
18.8 16.2 Not tested 5.4 6.5 0.8 

*Optimum Moisture Content, **Maximum Dry Density, ***Hydraulic Conductivity, corrected for 

20°C, ****California Bearing Ratio, calculated at penetration shown 
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   As indicated by Table 1, the influence of OS treatment on the optimum moisture 

content and maximum dry density was relatively modest. By comparison, Daniels et 

al. (2009) also reported a modest but consistent trend of increasing OS dosage 

correlating with increasing dry density and decreasing optimum moisture content for a 

Class F coal combustion fly ash. No such trend was observed here and this is 

attributed to the differences in material mineralogy. Likewise, OS treatment resulted in 

a reduction of hydraulic conductivity by a factor of four for the elastic silt. This is 

considerably more modest than observed previously in Daniels et al. (2009), whereby 

the hydraulic conductivity of an A-7-5 soil was reduced from 9.2x10
-5

 cm/s to 1x10
-7

 

cm/s at a similar level of OS treatment. In terms of CBR results, the strength of both 

soils increases, with more dramatic results observed for the micaceous silt. 

Specifically, there was an approximately five fold increase in penetration resistance, 

with a commensurate reduction in swell. These results are also consistent with the 

aforementioned A-7-5 soil where the CBR increased from 3.2 to 6.3 in response to OS 

treatment. For the elastic silt, the influence of OS-treatment is not particularly 

significant in terms of swelling measured as part of the CBR test (while soaking), 

consistent with a lack of plasticity that was observed by handling (although not 

measured specifically in terms of a plasticity index). However when the elastic silt 

was modified with 5% bentonite, the swell as measured by the one-dimensional swell 

test at 48 hours was found to be 7.9% and 3.7% for the untreated and OS-treated 

samples, respectively. As such, OS-treatment appears to mitigate volume changes in 

soils that would otherwise be susceptible to swelling.  

    

   As for the field investigation, Figure 1 shows a picture of the slope after treatment 

and the rain event. Figure 2 shows a picture of the soil retained by the plastic liners at 

the base of the slope.  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

FIG. 1. Elevation view in the down slope direction, after instrumentation and 33 

mm rain event during a ~24 hour period.  

Untreated Control Section Treated Section 

Sediment Traps 

Plastic Liners

1.5 m 

3.25 m 

220 ADVANCES IN GHOUND IMPROVEMENT



�  

 

 

 

 

 

 

 

 

 

 

 

 

 

 

FIG.  2.  Close-up picture of soil retained by plastic liners at base of slope. 

 

    As noted in Figure 2, the dry mass of soil retained on the plastic liner at the base 

sediment trap was 5028.0 g and 108.0 g, for the untreated and treated sections, 

respectively. Assuming the upslope sediment traps relegated much of the erosion to 

the individual study slope sections, which covered an area of approximately 5 m�, the 

individual erosion rates correspond to 1005.6 g/m
2
 and 21.6 g/m

2
. It appears that much 

of the soil loss could be attributed to sheet and rill erosion. By way of context, the US 

Department of Agriculture estimated the average of such water-induced erosion to be 

762 g/m
2
/year for the entire South Atlantic Gulf region, in which the site is located 

(reported as 3.4 tons/acre/year in NRI 2003). Normalizing this value to the amount of 

rainfall for Charlotte NC (1105 mm/year), the average rate of erosion may be 

computed as 0.69 g/m
2
/mm rain.  Likewise, the results herein may be reported as 30 

g/m
2
/mm rain (untreated) and 0.65 g/m

2
/mm rain (treated).  Note that the relatively 

high rate of erosion for the untreated section is consistent with the higher water 

velocity that develops along the steep slope of the site (~50%) as compared to the 

average slopes for the entire South Atlantic Gulf region (on the order of a few 

percent).  In this sense, the net effect of OS-treatment is analogous to flattening of the 

slope. The figures presented here, the average rate of a erosion and an overall 

assessment of the site suggest that untreated soil may be somewhat dispersive and 

therefore subject to this type of erosion Sherard et al. (1976), Mitchell and Soga 

(2005). 

   The infiltration data are presented in Figure 4 where cumulative infiltration is plotted 

against the square root of time, as per Zhang (1997).  

Untreated 

Dry Mass of Soil Retained = 5028.0 g 

Treated 

Dry Mass of Soil Retained = 108.0 g 
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FIG. 3.  Plot of cumulative infiltration versus square root time for estimation of 

hydraulic conductivity 

 

   As noted in Decagon (2007) the polynomial used to fit the infiltration data collected 

on the untreated section is of the form: 

 

         (1) 

 

   In Eq. 1, I is the cumulative infiltration, C1 is related to the hydraulic conductivity, 

C2 is related to the soil sorptivity at t is the elapsed time. Inspection of Fig. 3 indicates 

values of 0.002 and 0.0432 for C1 and C2, respectively. Hydraulic conductivity, k, is 

then given by: 

 

          (2) 

   

   In Eq. 2, A is computed for a given level of suction pressure and soil properties, as 

per details provided in Decagon (2007). In particular, it is related to van Genuchten 

parameters, as tabulated for example in Carsel and Parrish (1988). Accordingly, a 

value of A equal to 8.1 was selected, which approximates a silt loam at the -0.5 cm 

suction applied by the infiltrometer to measure hydraulic conductivity. Note that the 

value computed by Eq. (2) is the corresponding in situ hydraulic conductivity at the 

prevailing moisture content and level of suction. The hydraulic conductivity for the 

untreated section was found to be 2.8 x 10
-4

 cm/s and 0 cm/s (i.e., no measurable 
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infiltration) for the treated section. Note that this soil (silty clay loam) is not radically 

different from the soil tested for saturated hydraulic conductivity (elastic silt). 

Likewise, the OS treatment level is relatively similar (100:1 vs. 64:1). As such, it's 

worth considering why laboratory samples responded modestly (factor of four) in 

terms of saturated hydraulic conductivity while the influence was far more dramatic 

(several orders of magnitude) in the case of infiltration-derived values of unsaturated 

hydraulic conductivity. These results underscore a critical point as it relates to 

determining the value of hydraulic conductivity in the laboratory, versus what may 

realistically manifest in the field. In particular, saturated hydraulic conductivity is 

typically used as a design variable, and laboratory tests commonly ensure saturation 

through back pressurization, as was likewise reported herein (345 kPa) for the elastic 

silt. Indeed the hydraulic conductivity of a soil is at a maximum in the saturated 

condition, which with time, can develop in natural field conditions (e.g., near or below 

the groundwater table, landfill liners with sufficient head, etc.). However, it is not at 

all clear that soils treated with OS can be saturated in the absence of a considerable 

artificial pressure.  Soil water interaction is more often characterized by a contact 

angle of approximately zero, implying near perfect wettability (Fang and Daniels 

2006). After OS-modification, however, the contact angle is likely greater than 90° 

Daniels (2009). The relationship between moisture content and suction pressure was 

not measured. However the results indicate, by definition, that for the in situ condition, 

the prevailing matric potential was approximately zero (> -0.5 cm), i.e., there was no 

apparent suction for the treated soil. As such, one can make a comparison between 

water/OS-modified soils system and a Mercury/unmodified soil system. The reader 

may recall a technique referred to as the mercury intrusion method (Mitchell and Soga 

2005) which measures the pressure required to force mercury into soils. This pressure 

varies according to pore size and so one can determine the prevailing pore size 

distribution. Likewise, water only penetrates OS-treated soils provided sufficient 

pressure is available. This characteristic implies a need to carefully match laboratory 

testing against anticipated field conditions. 

 

CONCLUSIONS 

 

   OS modification represents another approach to soil improvement, with possible 

increases in strength and reductions in swell potential and hydraulic conductivity.  

More dramatic results were observed for in situ measurements of infiltration and 

erosion. In particular, the hydraulic conductivity, as measured with a negative pressure 

of -0.5 cm, was reduced from 2.8 x 10
-4

 cm/s to 0 cm/s, upon treatment with OS. 

Likewise use of OS on a 2H:1V slope reduced the mass of eroded soil by a factor of 

nearly 50. For all of these observations, water repellency is a mechanism which would 

explain such improvements. These results suggest that OS modification may find 

considerable use in geotechnical and geoenvironmental engineering.  
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ABSTRACT: Large amount of dregs has been generated during the manufacturing of 

pure alkali in Tianjin Alkali Works. The urban environment is seriously affected by 

this material. So studies on the behavior and the utilization of the alkali residues and 

its influence on the environment were conducted by using simulated tests in 

laboratory and field as technical measures. Meanwhile, the influences on environment 

are evaluated through specific projects. This research shows that alkali residue may 

be used as soil of engineer. Not only to be used in large scale for filling low land 

areas and beach zones in Tanggu, but also to be used to improve the ecological 

environment. This utilization would solve the problem associated with the storage of 

alkali residue. It also has remarkable social, economic, and environmental benefits. 

INTRODUCTION 

Tianjin Alkali Factory was built in 1923 and it is one of the earliest alkali factories 

in China.  Waste liquid from this factory has been discharged from the bottom of a 

distillation tower and pumped into an alkaline slag yard for sedimentation.  For 80 

years, the alkali production has accumulated more than 15,000,000 ton waste slag 

with a stocking pile over 10m high. This stocking yard has collapsed three times. The 

maintenance cost of this slag yard has reached 2 million RMBs annually. Following 

the establishment of the Tianjin development zone, the Tianjin bonded zone in coastal 

regions, the low land area and the beach zone for stocking alkaline slag have been 

eliminated. The capacity of the old slag yard has almost reached its limit; therefore, it 

is an urgent issue to properly resolve the stocking of alkaline slag.  

The Tianjin Alkali Factory has been looking for various alternatives for 

comprehensive utilization of alkaline slag. Although alkaline slag can be used as the 

secondary energy resource in industrial production, the quantity of utilization is  

limited; it is an urgent task to find an appropriation solution to the alkaline slag 
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discharge problem within the next few years. This research aims to provide a solution 

to utilize this waste material.  

PROPERTIES OF ALKALINE SLAG  

Composition of alkaline slag 

  

   Alkaline slag is a byproduct of alkali production process, mainly consisting of 

calcium carbonate, calcium oxide, and calcium chloride, etc.  

   Chemical analysis of soluble salt shows that waste material has a PH value of 9.2. 

The total salt content is 13.88% and the 

main content of salt is calcium chloride, 

which accounts for 92.3% of the 

soluble salt. The remaining 7.7% are 

other salts such as magnesium chloride, 

sodium chloride, and calcium sulphate.  

Differential thermal analysis, 

energy spectrum analysis, X-ray 

diffraction analysis, and scanning 

electron microscope analysis, etc. can 

be used to evaluate the microstructures 

of alkaline slag. Two heat absorption 

sections of 433
o
C and 587

o
C on the 

differential thermal analysis curve in 

the DSC curve for the slag sample 

(Fig.1 shows that the solid substance is 

aragonite, which is calcium carbonate 

with worse crystallization and can be 

easily changed into calcite ender 

exposure to air. For 138
o
C of curve, 

there is still a low temperature heat 

absorption section, indicating a large 

quantity of water content in the solid 

waste.  

The X-ray diffraction spectrum  of 

the air dried solid powder shows that 

the solid substance is calcite.  

The energy spectrum analysis result 

shows that the main content of the 

alkaline slag is calcium carbonate;                

 

 

 

Fig. 1 Differential heat analysis curve 
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others include by chloride and small amount of oxide, etc. According to the images 

from the scanning electron microscope and the results from the energy spectrum, the 

main component of the alkaline slag is grained secondary crystallization of calcium 

carbonate, i.e., aragonite, together with minor calcite of rhomb crystal contained. 

According to the analysis of the scanning electron microscope, the alkali slag is a 

solid waste with large pores and fine grains.  Its main mineral content is aragonite, 

the grains of which are very fine, ranging from 2 to 5 microns. Aragonite is aggregate 

constituted by multi aragonite grains instead of single, independent single grains. 

Aggregate can further form polymers constituting a loose structural system.  

Diameter of the aggregate is generally approximately 10 microns while that of the 

polymers is up to 15-25 microns.  

The slag is a solid waste with a well developed pore system, consisting of grained 

pores, aggregate pores, and polymers pores.  It is characterized with large pores and 

high water content. To reduce water content and void ratio, measures may be taken to 

densify the skeleton of aggregate and polymers by, to eliminating large pores between 

aggregate and polymers. These measures reduce pore volume and water content. 

 

Engineering properties of alkaline slag soil 

 

The main chemical compositions of the alkaline slag are soluble salt, such as 

calcium carbonate, calcium sulphate, and oxide of Al, Fe, and Si. Calcium carbonate 

can incur cementation among soil grains. The other components, such as calcium 

chloride and sodium chloride, are easily dissolved in water, and gradually disappear 

during the long term spraying and washing process. Therefore, the alkaline slag itself 

can be recycled as an engineering soil. 

Alkaline slag soil can be formed by blending the alkaline slag with other materials 

at different ratios. For example, another waste of pulverized fuel ash can be 

mechanically blended with the alkaline slag at a certain ratio to form an alkaline slag 

soil. Other materials, such as fly ash, etc. can be blended with the alkaline slag to 

form an alkaline slag soil. 

 

Physical indices of the alkaline slag soil  

 

Water content: Since the alkaline slag itself has fairly good hydrophilicity together 

with a large pore ratio, the alkaline slag has fairly high water content after being 

blended with a certain proportion of pulverized fuel ash, although partial water has 

been absorbed by the pulverized fuel ash. During drying, the water in the alkaline slag  
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soil can easily evaporate and the soil can reach or approach to the optimum water 

content.  

Specific gravity: the specific gravity of the alkaline slag soil is 2.35.  

Soluble salt content: the soluble salt content is approximately 10%.  

Plastic and liquid limits: plastic limit = 62.1%, liquid limit = 80.2%, plastic index 

= 18.1. The alkaline slag soil has fairly high plastic limit and liquid limit. The reasons 

for the high limits are: (1) the alkaline slag soil skeleton mainly contains CaCO3, 

which has fairly strong hydrophilicity; therefore, the alkaline slag soil has a fairly 

strong structure, (2) the specific gravity of the alkaline slag soil is relatively low due 

to its strong hydrophilicity and structure; therefore, it has great thixotropy.  

Grain size analysis: 80% of the alkaline slag soil particles are within 

0.074~0.01mm.  

Compaction test: standard compaction tests can be used to determine the 

maximum dry density and the corresponding optimum water content. The test results 

of the alkaline slag soil are shown in Fig. 2. The maximum dry density �d is small 

(ranging from8.7 to 9.0kN/ m
3
 ) at a large water content range (w=40% to 70%). This 

result shows that within a quite large water content range, the alkaline slag can be 

compacted to the maximum dry density; therefore, the difficulty of compaction can be 

minimized. As compared with typical soils, the dry density of the alkaline slag soil is 

much lower. When it is used as backfill, it would reduce overburden stresses as 

compared with typical soils.  When the alkaline slag soil is used to increase 

elevations and bearing capacity is not a concern, the slag soil can have high water 

content.  

 

 

 

 

 

 

 

 

 

 

 

 

Hydraulic Permeability (k): at the maximum dry density of 9.0 kN/m
3
 and the 

optimum water content, the hydraulic permeability was determined as 1.8�10
-5

cm/sec, 

which is within the range for a silty soil (10
-3

-10
-6

cm/sec).   

Fig. 2 Compaction curve: alkaline slag (90%) + pulverized fuel ash (10%) 
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Collapsibility and expansibility: test results indicate that, the alkaline slag does 

not have any collapsibility and expansibility.  

 

Mechanical properties of the alkaline slag soil  

 

Direct shear test: At the optimum water content (the dry density of 9.0 kN/m
3
 and 

the water content W=53%), the compacted samples were tested using a direct shear 

apparatus and the test results are shown in Fig. 3. According to Figure, quick shear 

index shall be very great (c=34.8kPa, �=35.1°) & it cannot be compared by general 

soil. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 3 Direct shear tests of the compacted soil samples 

 

Triaxial test: The unconsolidated-undrained triaxial soil samples at the optimum 

water content were also tested using a triaxial shear apparatus. As shown in Fig.4, the 

cohesion and friction angle of this soil are c=30kPa and �=28.5° respectively.  

Confined compression test: Confined compression tests were conducted for the 

alkaline slag soil at the dry density of 9.0 kN/ m
3
 and the water content of 53%. Test 

result shows that the compression coefficient of the alkaline slag soil ranges from 0.1 

to 0.5.  

 

Unconfined compressive strength: Uniaxial compression test for samples of 

different dry density was performed immediately after compaction. The stress-strain 

relationship curve of uniaxial compression test is shown in Fig. 5, and which are 

near-linear dependency. Longitudinal cracks with brittle failure developed in the test  
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sample under small strain. 

 

 

 

 

 

 

 

 

 

 

 

 Fig. 4: Triaxial undrained strength of the compaction soil samples 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Fig. 5 Uniaxial compression curve: old alkaline slag & pulverized fuel ash 

 

The relationship between dry density and unconfined compressive strength is a 

straight line as shown in Fig. 6. 

 

Physical mechanical property index of alkaline slag soil under different mix 

ratios & different material conditions  

 

To form an alkaline slag soil, alkaline slag can be blended with different materials 

(such as fly ash of power plant at Junliangcheng and cement, etc.).   Each  type of  
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alkaline slag soil has a similar property, which means some characteristics of alkaline 

slag can still be maintained after the dry density and the strength of alkaline slag soil 

having been improved through blending with certain pulverized fuel ash. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

Site foundation bearing capacity test  

 

Field tests were conducted to check out the indoor test result and engineering 

property effect acquired by different construction methods under different 

construction conditions as well as different usage conditions. The following 

observations can be made: 

  

(1).The foundation bearing capacity test of alkaline slag with different blending 

proportions: Although the construction quality is different, the load corresponding 

to sedimentation as 0.01b=3mm on p-s curve has been take as the basic value of 

foundation bearing capacity, and all of them are above 80kPa to meet the design 

requirements.  

(2).The bearing capacity test of site filled foundation under water condition: Result 

shows that the effect of water compromise the foundation performance; 

nevertheless, its bearing capacity is still no less than 80kPa.  

(3).The remolded test: The bearing capacity of remolded alkaline slag soil in 

secondary excavation and backfill is above 80kPa; therefore, alkaline slag soil can 

be reused similar as general plain soil.  

(4).The water soaking test: Test shows that structure of compacted alkaline slag soil  

 

Fig. 6 Dry density vs. compression strength curve 
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becomes loose after water soaking; the shear strength after water soaking is also 

lowered. The bearing capacity of backfill alkaline slag soil foundation decreased 

after water soaking.  

(5) The optimum water content from compaction test: Result shows that the bearing 

capacity at optimal water content is above 180kPa, which meets the requirements 

of settlements and bearing capacity criteria for road foundation, etc.   

RESEARCH ON ALKALINE SLAG SOIL ENGINEERING UTILIZATION 

Alkaline slag soil characteristics after carbonization and pressure filtration 

 

Alkaline slag that are treated with carbonization, washing, pressurized filtration, 

enables 1/3 of volume reduction of alkaline slag to extend the utilization period of 

slag yard. After washing, salt content of alkaline slag below 1%. Alkaline slag can use 

as the raw material in construction, expanding the utilization. After treatments of 

alkaline slag, water content decreases while strength increases. Therefore the slag can 

be used as backfill soil.  

 

Soft foundation reinforcement  

 

According to the indoors vacuum pre-compression reinforcement model test and 

compression reinforcement model test of alkaline slag as well as vacuum 

pre-compression test of alkaline slag at site, the following conclusions can be made: 

Prior to improvement, alkaline slag has high water content, large pore ratio, high 

compressibility and low strength, cannot be directly applied as engineering 

foundation soil. It must be improvement being utilized  

 

INFLUENCE OF ALKALINE SLAG ON ENVIRONMENT 

According to the investigation of building structure on alkaline slag foundation 

and supervision of groundwater in the backfill zone, it shows that, alkaline slag does 

not affect surrounding building structure, and does not corrode the underground pipes, 

cement mortar and steel bars after regular anti-corrosion treatment. Salt accumulation 

in soil has not been discovered, and chloride content is too far lower than salt soil in 

Binhai region, and content of K, Na and Mg is equivalent to Binhai salt soil together 

with certain increase of Ca content. It’ll nourish the soil in this region.  
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CONCLUSIONS 

It is feasible to apply the alkaline slag as backfill material in place with common 

plain soil. Tianjin alkaline slag soil can be applied as foundation and engineering 

construction. It can thoroughly improve residential environment of Tanggu district, 

reduce pollution, eliminate the alkaline slag hills gradually and make a better 

utilization. It will have distinctive economic, environmental and social benefits.  
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ABSTRACT: Compaction grouting is a ground improvement technique that involves 

injection of a thick-consistency soil-cement grout under high pressure into the soil 

mass, consolidating, and thereby densifying targeted soil in-place. This technique is 

often used to lift or re-level any settled or tilted structure. Inclined grout injection is 

necessary to perform grouting below any existing foundation. For an efficient inclined 

grouting operation, prior estimation of heave at the ground surface is important. In this 

study, we estimate the upheaval of the ground surface just above the inclined grout 

column based on the elastic continuum approach. Influence factors are derived for the 

estimation of ground heave. Using these influence factors, vertical displacements due 

to the radial pressure exerted by the grout column are estimated at different points. A 

parametric study is performed to investigate the effects of grout column length, depth 

of injection of grout and inclination of the grout column on the heave at the ground 

surface. 

 

INTRODUCTION 

 

   Ground improvement technologies are used to improve poor and marginal soil 

conditions to meet the requirements of various civil engineering projects. These 

technologies provide for unique solutions to the increasing demand for land. Grouting 

of soil (or rock) is one of the most widely practiced ground improvement techniques 

throughout the world. The purpose of compact grouting is to compress the soil mass 

with a volume of grout which usually remains as a homogeneous mass (grout bulb) 

with a clear interface with the surrounding soil. During grouting, the growing grout 

bulb (generally cylindrical in shape, sometimes spherical or tear-drop in shape, 

Nichols and Goodings 2000) acts as a hydraulic jack that pushes against the 

surrounding soil. Successive injection of grout bulbs forms a grout column. 

Compaction grouting is applicable mostly to sands and/or gravel but it can also be 

used in soils containing fines provided that drained conditions prevail. 

   In addition to the densification effect, compaction grouting can also be successfully 
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used to arrest foundation settlement and to lift and re-level settled structures (Warner 

1978a, 1978b). To perform grouting below any existing foundation, inclined injection 

becomes necessary. The inclination of the grout column (with the vertical) may vary 

depending upon the uplift required and other site-specific situations. Settled 

foundations can be repositioned by simultaneous injections of grout at multiple points 

around the foundation with inclined grout pipes (Figure 1a). Given a wide variation of 

loading and subsurface conditions in practice, some structures may be subjected to 

distortion and tilting due to differential foundation settlement. In some cases, 

differential settlement may be pronounced, imparting damaging stresses to the 

building’s framework. Compaction grouting can be used in these cases to restore a 

tilted structure to an improved relative elevation, and thus to reduce the damaging 

stresses (Figure 1b). 

 

  

  (a)      (b) 

FIG. 1.  Use of compaction grouting in foundation engineering: (a) correction of 

overall settlement, and (b) correction of tilt. 

 

   In this paper, a methodology, based on the elastic continuum approach, is proposed 

for the estimation of the amount of heave at the ground surface due to inclined 

compaction grouting. The effects of grout column length, depth of grout injection and 

inclination of the grout column on the heave at the ground surface are investigated 

through a parametric study. The influence coefficients for vertical displacement 

(heave) at the ground surface are derived. Initially the solution is obtained for an 

inclined ring load (center at a depth co below the ground surface) with uniform radial 

line load p (Figure 2a). The solution for the ring load is numerically integrated to get 

the desired result for an inclined (at an angle � with the vertical) cylindrical (diameter 

d and length L) grout column with grout pressure pr acting on its peripheral surface 

(Figure 2b). 

 

FORMULATION BASED ON ELASTIC SOLUTION 

 

   The elastic solutions are available for concentrated force (either vertical or 

horizontal) acting at a certain depth within a semi-infinite, homogeneous, isotropic 
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solid (Mindlin, 1936). Generalizing this solution, the vertical displacement (�v) at any 

point of the soil continuum due to either a vertical or radial concentrated load (Q) 

acting at some other point can be written as 

 

           (1) 

 

where Es is the modulus of deformation of the soil medium and Iz is the influence 

coefficient. The solution for the concentrated load is integrated numerically to first 

obtain the displacement field for a radially loaded ring and then the obtained solution 

is used to find the solution for a disc with uniform radial pressure acting at its 

peripheral boundary. A cylinder is viewed as a combination of successive discs. The 

method of superposition is used to sum up the influence of multiple discs in obtaining 

the vertical displacement of different points due to a cylindrical grout column. 

 

 
 

  (a)      (b) 

FIG. 2.  Definition sketch: (a) inclined ring load, and (b) inclined grout column. 

 

To start with the numerical integration, the one half of the inclined ring of 

diameter d is first divided into number of sectors Nt in the tangential direction. Each 

sector makes an angle d� (= �/Nt) at the centre of the ring. Nodes are considered at the 

mid point of each sector. Resultant radial force for any sector is considered to be 

concentrated at node. So the arc length (�s) on which the load is acting for any sector 

will be �s = d� (d/2). The normalized depth of each node can be expressed as 

 

         (2)  

 

where C is the depth of any node, normalized with respect to the diameter of the ring. 

As shown in Figure 3, the force �Qj (= p.�s = p.d/2.d�) acting at any ‘node j’ is 

resolved into its component in xy and yz plane as �Qj
XY

 (= �Qj cos�) and �Qj
YZ

 (= 

�Qj sin�). �Qj
XY

 is then resolved into its components in x and y directions as (�Qj
XY

)x 

(= �Qj
XY

 cos(�-d�/2)), and (�Qj
XY

)y (= �Qj
XY

 sin(�-d�/2)). The influence coefficients  
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(�IzX and �IzY) of vertical displacements (heave) due to (�Qj
XY

)x and (�Qj
XY

)y are 

calculated using Mindlin’s Equation (Mindlin 1936) at any point i on the ground 

surface. Influence coefficient �IzYZ, for the vertical component of force �Qj
YZ

 (acting 

in the yz plane), is also calculated similarly. Now the obtained influence factors (�IzX, 

�IzY and �IzYZ) corresponding to (�QjXY)x, (�QjXY)y, and �QjYZ are added and then 

doubled to get the influence coefficient of heave (Iij) at the specified point i (along the 

centerline of the ring), for the ‘node j’and its trace j* (on the other half of the ring). 

 

          (3) 

 

The influence coefficients of vertical displacements at point i due to the inclined ring 

load can now be expressed as 

 

           (4) 

 

   The grout column is considered to be a combination of N number of elemental discs 

each having a thickness �LL (= L/N). Similar concepts are used to obtain the influence 

coefficient for the elemental discs. In contrast to a line load, in the case of the inclined 

ring, a uniform pressure pr acts to the peripheral surface of an elemental disc. Nodes 

are considered to be lying at the central cross sectional plane of any disc. The force 

acting at any ‘node j’ (�Qj = pr.d/2.d�.�LL) is resolved in the same way as discussed in 

case of an inclined ring load. Finally, influence coefficients of vertical displacements 

of the point i due to the inclined elemental disc can be expressed as 

 

           (5) 

 

where  disc thickness normalized with respect to the diameter of the disc d. The 

influence coefficient for heave due to the entire grout column can be obtained as 

 

                      (6)  

The heave �h due to injection of an inclined grout column (the vertical displacement at 

any point on the ground surface) with a grout pressure of pr can now be calculated as  

 

            (7) 
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FIG. 3.  Force components for inclined ring load 

 

RESULT FROM PARAMETRIC STUDY 

 

   The effects of grout column length L, depth of injection co and inclination of the 

grout column � on the heave of the ground surface are investigated through a 

parametric study using two values of Possion’s ratio � (0.25 and 0.5). Heave at the 

ground surface �h increases (as a direct result of increase in Ih) with the increase in the 

length of the grout column L for any particular angle of inclination � (Figure 4). This 

increase in Ih is primarily due to the increase in the upward vertical force component 

of the inclined load. As the length of the grout column increases by 0.5d (for c0/d = 

0.5) the maximum heave becomes 1.5 times of its previous value. The peak value for 

heave is observed within a radial distance of 2d measured from the center of the 

inclined grout column. 

   Figure 5 shows the influence zone of an inclined grout column (� = 30º) on the 

ground surface. For a column length of 2d, irrespective of depth of injection (c0/d < 

10), the influences are nearly equal beyond radial distances of 6.25d and 7.5d 

respectively for � equal to 0.5 and 0.25. For greater depth of injection (c0/d � 10) the 

heave becomes almost uniform along the ground surface. Except for very shallow 

injections (c0/d � 2), irrespective of the injection depth for the inclined grout column, 

Ih is maximum at r/d = 0.5. The maximum influence decreases with the deeper 

injections and rate of this decrease is higher for shallow injections and becomes less 

when the grout column is injected at greater depth. For grout injections near ground 

surface (c0/d = 0.5), an optimum radial distance exists corresponding to a peak Ih value 
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(Figure 4) while for deeper injections (c0/d � 2), Ih decreases monotonically with 

increasing radial distance (Figure 5). 

 

 

   (a)      (b) 

FIG. 4.  Variation of heave with normalized radial distance r/d – Influence of 

length of the grout column (a) �  = 0.25, and (b) �  = 0.5 

    

  

   (a)      (b) 

FIG. 5.  Variation of heave with normalized radial distance r/d – Effect of 

injection depth (a) �  = 0.25, and (b) �  = 0.5 

 

   Figure 6 shows the effects of grout column inclination � and the injection depth of 

grout on the influence factor Ih. The influence factor Ih (and so �h) increases with the 

increase in the inclination of grout column � and with decreasing injection depth. 

Initially the rate of increase is higher for small values of �, but as inclination increases 

the rate of increase in heave diminishes (particularly for deep injection). For injection 

at great depth (c0/d = 10) and for � > 70º the increase in heave with the inclination of 
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the grout column is insignificant. For deep injections (c0/d � 10), the maximum heave 

at ground surface does not depend upon the value of the Poisson’s ratio. For a 

specified maximum value of heave (to correct settlement), a choice is to be made 

between lower injection depth with smaller inclination of grout column and the 

injection at greater depth with higher inclination of the grout column. At the same 

time, for either of these choices, Poisson’s ratio should be chosen realistically to get a 

precise approximation before any grouting operation. 

 

 

   (a)      (b) 

FIG. 6.  Variation of maximum ground surface heave – Effect of (a) inclination of 

the grout column, and (b) injection depth  

 

COMPARISON WITH AVAILABLE LITERATURE 

 

   The use of compaction grouting to treat liquefiable sands in the foundation of 

Pinopolis West Dam in South Carolina was described by Baker (1985), Salley et al. 

(1987), and Baez and Henry (1993). The soil profile consists of a surcharge berm 

about 6 m thick placed to add confinement to the target soil layers, about 3 m of dense 

to very dense sand, about 1.2 to 2.4 m of very loose to loose, fine silty sand, and a 

very stiff to hard, calcareous silt layer. Compaction grout was used to treat the very 

loose to loose silty sand between roughly 9 and 11.4 m depth. Four test pads were 

constructed using bottom-up grouting procedure with treatment points arranged in a 

square pattern with a primary spacing of 3.7 m, a secondary spacing of 2.6 m, and a 

tertiary spacing of 1.8 m. Grout injections for test pad 4 were performed using 45º 

inclined grout pipes led to excessive heave and, thus, subsequent injection volumes 

were reduced and the tertiary stage was omitted. Deep-heave measurements at a depth 

of 7.6 m showed maximum heaves of about 1.5, 0.5, 3.0, and 4.1 cm at the four test 

pads, respectively. Measured surface heave was negligible in test pads 1 and 2, and 

about 1.0 and 0.5 cm in test pads 3 and 4, respectively. Thus, the deep-heave was 

between 0.5 and 3.6 cm greater than the surface heave. From the given profile the 

overburden can be approximated to be 200 kPa at the point of injection. The injection 

pressure was not reported in this case, but it can be assumed to be at least the same as 
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the overburden. In fact, the shear strength of soil at the point of injection may lead to 

practical grout injection at some higher pressure. Considering the initial reported 

dilatometer test modulus of 9.7 MPa; pr/Es can be approximated as 0.02. Hence, for a 

unit diameter of the inclined (� = 45º) grout bulb at great depth (c0/d = 9), the 

influence coefficient Ih for surface heave becomes 0.24 for � = 0.25. The calculated 

surface heave �h from the present analysis becomes 4.8 mm. This is in agreement with 

the recorded value at Test Pad 4.   

 

CONCLUSION 

 

   Prediction of heave is obvious for the projects related to correction of settlement of 

structures using inclined compaction grouting. Even for the other grouting projects, 

prior estimation of heave both at ground surface may be of importance to avoid any 

adverse effect on the existing structures and utility lines. Having the knowledge of soil 

deformation modulus and some grouting parameters, the present study facilitates the 

initial estimation of the heave. The ground heave increases non-linearly with the 

increase in inclination. Initially the increase is sharp for small inclination values but as 

inclination increases the rate of increase in heave diminishes. For great injection 

depth, (c0/d = 10) beyond an inclination of 70º the increase in heave with change in the 

inclination of the grout column is insignificant. For small angle of injections (10 to 

30º), 5d can be considered as a critical injection depth beyond which there is minimal 

reduction in the maximum heave at ground surface.  
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ABSTRACT: New opportunities for utilizing biological processes to modify the 

engineering properties of the subsurface have recently emerged at the interface of 

microbiology, geochemistry, and civil engineering.  This paper presents an overview 

of bio-mediated soil improvement systems in the context bio-mediated calcite 

precipitation of sands.  Micro-scale and macro-scale investigations of microbial-

induced calcite precipitation (MICP) identify fundamental material properties and 

mechanical characteristics of bio-cementation.  Scanning electron microscopy (SEM) 

and energy dispersive x-ray spectroscopy (EDS) techniques reveal micro-scale calcite 

formation and degradation characteristics.  Calcite minerals are found predominantly 

near the silica sand grain contacts, strengthening particle bonds.  Fracturing of the 

cemented matrix is found to occur within the calcite phase.  A 1-g scaled shallow 

foundation model is developed to evaluate how MICP treated sands may improve the 

performance of geosystems at the macro-scale.  MICP treatment targets a passive 

treatment zone of loose sand directly beneath a footing.  The spatial distribution of 

calcite within a sand matrix at the micro-scale translates to a reduction in settlement 

(or increase in load capacity) at the macro-scale.  Comparison of load tests on the 

footing for MICP treated and untreated experiments reveals up to a five-fold 

reduction in foundation settlement.   

 

INTRODUCTION 

 

   Demands for novel ground improvement techniques are driven by society’s 

infrastructure needs, environmental concerns, and recently reassessed seismic 

hazards.  New techniques which are sustainable, have minimal carbon footprint, are 

adaptable to project conditions, and have increased certainty of execution are desired. 

   Bio-mediated soil improvement refers to a soil-electrolyte reaction network whose 

chemistry is managed within soil through biological activity and whose by-products 

alter the engineering properties of soil.  The potential of controlling biological 

processes to alter soil behavior was identified by a National Academy of Sciences 

committee “Geological and Geotechnical Engineering in the New Millennium: 

242

www.sil.ucdavis.edu


Opportunities for Research and Technological Innovation” as a technical area that 

holds significant prospects (National Research Council 2006).  DeJong et al. (2007) 

determined the field to hold great promise in reporting the outcomes from an 

international workshop on “Bio-Soil Interactions and Engineering”.   

   Recent work by Mitchell and Santamarina (2005), DeJong et al. (2006), Whiffin et 

al. (2007), and others have explored various biological processes for modifying soil 

behavior.  DeJong et al. (2006) demonstrate microbial-induced calcite precipitation 

(MICP) as a viable option for the natural cementation of soils.  The advantages of 

MICP include penetration into soils with fines, permeability control, flexible 

implementation, and reduced impact to the environment. 

   The MICP treatment process (DeJong et al. 2006, Fritzges et al. 2006) may be 

conceptualized by a zone of loose, saturated sand susceptible to geotechnical loading 

(e.g. shaking).  Biological activity is initiated within the target treatment zone through 

augmentation of microbes into the subsurface followed by discrete injections of 

nutrients and chemical components to catalyze the precipitation of calcite.  The 

bacterial strain, Sporosarcina pasteurii, utilizes the urease enzyme to convert urea to 

carbonate ions, which is marked by an increase in pH.  Carbonate ions will precipitate 

with supplied calcium onto the bacterial cell wall to produce calcium carbonate 

(Stocks-Fischer et al. 1999).  Sporosarcina pasteurii (rod-shaped bacteria) is chosen 

for laboratory experiments due to its highly active urease enzyme, which catalyzes 

the reaction network towards precipitation of calcite (Fujita et al. 2000). 

   From an engineering perspective it is desirable to link the bio-geochemical 

processes occurring locally in soil structure with changes in the bulk soil properties as 

it relates to the performance of geosystems supported by bio-improved soils.  The 

upscaling of micro-scale cementation to macro-scale system response is the objective 

herein.  Advanced microscopy techniques including scanning electron microscopy 

(SEM) and energy dispersive x-ray spectroscopy (EDS) are used to visualize the 

reaction network at the microscale.  Spatial distribution and degradation of 

biologically precipitated calcite is analyzed within a soil matrix, focusing on load 

transfer at the particle-particle contacts.  A scaled shallow foundation model treated 

with MICP is constructed and analyzed for settlement reduction of a footing underlain 

by loose sands.  

 

MICRO-SCALE FORMATION AND RESPONSE TO LOADING 

    

   The micro-scale physical phenomena of MICP are linked to the macro-scale 

behavior of bio-mediated soils.  Analysis of SEM and EDS gives specifics concerning 

the spatial distribution of calcite formation and degradation of calcite bonds under 

various mode of loading. 

 

Conceptual Framework 

 

   Two modes of calcite deposition induced by MICP may exist.  Calcite could deposit 

uniformly on sand grain surfaces (Figure 1a) or preferentially where two sand grains 

contact (Figure 1b).  From an engineering perspective it is preferable to have calcite 
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                                     (a) Uniform        (b) Preferential 

������������������������������������������������� ��������� �
FIG 1.  Deposition alternatives for MICP treated sands. 

 

   Similarly, two degradation processes may occur upon fracture of bio-mediated 

sands.  Cementation bonds degrade through fracture in the calcite phase (Figure 2a) 

or separation at the interface between calcite and silica minerals (Figure 2b).   

    

                                     (a) Calcite-Calcite   (b) Calcite-Silica 

������������������������������������������������� �������� �
FIG 2.  Degradation alternatives for MICP treated sands. 

 

At the micro-scale, cemented sands yielded in compression, tension, and shear 

loading would reveal the weakest material bonds and determine a predominant 

degradation mechanism. 

 

Methods 

 

   The two microscopy techniques utilized to observe the physical characteristics of 

MICP in sands were scanning electron microscopy (SEM) and energy dispersive x-

ray spectroscopy (EDS).  A Hitachi S-800 Turbo FE-SEM with attached Oxford 

INCA-Energy EDS was chosen for its high resolution (2 nm), large depth of field 

(10-20mm), and microanalysis capabilities.  Samples were collected upon conclusion 

of MICP treatment and oven-dried for 24 hours to dehydrate.  Ottawa 50-70 sand 

(D50=0.12mm, Gallagher and Mitchell, 2002) was prepared at a relative density of 

35% for all treatments. 

   SEM images were captured of treated and untreated sand grain surface features, 

including samples with intact and crushed calcite bonds.  Fractured samples were 

split such that some particles were loaded in shear, tension, and compression.   

   Microanalysis was conducted on samples using EDS, focusing near sand grain 

contacts.  X-ray emission was sufficient to chemically identify existing elements.  

 

formation at the sand grain contacts to create stronger bonds between sand grains for 

enhanced load transfer at the particle interfaces. 

�
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Results 

    

   Qualitative analysis of MICP treated sands at the micro-scale (using SEM and EDS) 

focuses on the physical components of the reaction network, including the mineral 

phases and pore structure.  

   Analysis of scanning electron microscopy (SEM) reveals the spatial distribution of 

deposited calcite.  Figure 3 shows a series of SEM images compiled from a single 

specimen at various magnifications (scale shown in bottom right of image).  Figure 3a 

is magnified 130x and exhibits two sand grains bonded together by calcite minerals.  

Figure 3b focuses closer (600x) to the area where the two particles contact, enhancing 

the resolution of mineral structure.  Figure 3c (4000x) clearly differentiates between  

larger silica sand grain surfaces and smaller deposited calcite crystals.   

 

 
                     (a)                                         (b)                                          (c) 

FIG 3.  MICP treated sand specimen under SEM. 

   Calcite forms amorphous granular structures similar to other studies of ureolytic 

calcite precipitation (Fujita et al. 2000).  Calcite is highly concentrated at the grain 

contacts while thinly coating (generally less than 10 μm thick) the grain surfaces.   

   Biological activity was identified through rod-shape impressions using SEM.  

Figure 4a displays a distinguished silica phase with a complex matrix of calcite 

deposited on its surface (7000x). Figure 4b focuses (30000x) on a single calcite 

crystal from Figure 4a (bottom) with a rod-shaped bacterial impression.  Figure 4c 

illustrates (6000x) many more of these rod-like impressions within another calcite 

matrix of the same sample. 

 

�
                     (a)                                        (b)                                          (c) 

FIG 4.  Biological evidence in MICP treated sands. 

 

   Microanalysis of a sand specimen supports the previously identified spatial 

distribution of calcite.  Figure 5 displays the qualitative results from EDS of the same 

Silica (SiO2) 

Calcite (CaCO3) 

Silica (SiO2) 

Calcite (CaCO3) 

Microbe  

 “Bed” 

Microbe “Beds” 
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sample seen in Figure 4 at the sand grain contact area.  The most abundant elemental 

constituents include silicon (Si), calcium (Ca), oxygen (O), and carbon (C), labeled 

with a color marker and coded in the region of interest (top of Figure 5).  Silica 

represents sand grain surfaces.  Calcium represents calcite deposition predominantly 

near the grain contact areas.  An abundance of oxygen and carbon, associated with 

both calcite and silica phases, verifies the importance of these elements in the MICP 

reaction network. 

 

 

FIG 5. Energy Dispersive X-ray Spectroscopy of MICP. 

 

Discussion 

 

   SEM and EDS effectively identified the spatial distribution of biologically induced 

calcite formation.  SEM images provide clear distinction of biologically activated 

calcite precipitation concentrated near particle-particle contacts and thinly coating 

grain surfaces (Figure 3, 4).  EDS microanalysis identified individual elements 

associated with the reaction network based from elemental x-ray emission.  SEM and 

EDS offer detail on individual deposited calcite crystals where evidence of biological 

activity is found in the form of rod-shaped bacterial impressions (Figure 4).  The 

microbial remnants suggest that the bacterial cell wall is a favorable nucleation site 

for calcite deposition (DeJong et al. 2006, Fujita et al. 2000).   

   The spatial distribution of bio-mediated calcite is directly related to the strength of 

bulk MICP treated sands.  Enhanced stiffness is attributed to calcite bridging between 

adjacent particles and strengthening bonds between them.  The newly formed bonds 

transfer greater loads providing enhanced resistance to loading.  Generally, treated 

sand grains have calcite crystals covering their entire surface with occasional 

exposure of the underlying silica surfaces.   

   The visual evidence of the amorphous crystalline structure of bio-mediated calcite 

and the presence of thin calcite coats suggests that calcified sand particles will 

fracture in the calcite phase.   Samples collected for imaging were prepared by 

crushing a cemented sample onto a mounting stub.  Upon crushing, some particles 

were fractured in tension, compression, and shear.    The  consistent  trend  of all sand  
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grains retaining a thin calcite coat (Figure 3) reveals that degradation of cemented 

sand is governed by the strength of precipitated calcite.  Once calcite bonds are no 

longer able to transfer load, the cementation degrades and MICP sands will 

progressively behave as denser uncemented sands (recalling that the precipitation of 

calcite, whether bonded or un-bonded to particles, increases the soil density). 

   Elemental verification of the mineral phases in the MICP reaction network was 

successfully conducted utilizing EDS.  Constituents for each mineral were identified 

appropriately near sand grain contacts.  EDS was capable of qualitatively identifying 

the elements associated with each mineral phase.   

 

GLOBAL RESPONSE TO LOADING 

 

   Utilizing MICP as a field scale ground improvement technique requires knowledge 

of bulk soil behavior.  To consider global response of MICP sands, a scaled model 

shallow foundation was prepared to cement a target zone of medium-loose sand 

directly beneath a footing.  The experiment revealed five-fold reduction in settlement 

of the footing for a given load and identifies relevant issues for upscaling MICP.   

 

Conceptual Framework 

 

   Previous studies have evaluated the meso-scale response of MICP treated sands.  

Triaxial tests (DeJong et al. 2006) performed on loose (DR=35%) MICP treated sands 

exhibit distinct localization (fractures and shear planes) as opposed to uniform 

straining throughout an untreated loose sand specimen.  Figure 6 shows the test 

results from triaxial tests of treated and untreated specimens.  Figure 6a demonstrates 

the degradation of calcite bonds corresponding to degradation of shear wave velocity 

and peak shear strength.  Figure 6b shows the stress paths for each specimen.  

Compared to untreated loose sand, bio-cemented sands exhibit elastic behavior to 

enhanced peak shear strength before brittle degradation.   

   The brittle nature of biologically induced calcite cementation in triaxial tests can be 

linked with results for the displacement of the model shallow foundation.  For a given 

footing underlain by loose sands, soil strength loss would produce surface heave and 

large vertical displacement of the foundation.  MICP treated sand beneath a shallow 

footing would be expected to resist large deformation for the same loads, limiting 

settlement of the foundation.  A cemented sand matrix would fail by propagation of 

calcite bond fractures, marked by surface cracking in shallow foundations.  

 

Methods 

 

   The scaled shallow foundation was designed to utilized a servo controlled actuator 

(GeoJac
TM

) equipped with a load cell and displacement transducer to monitor the 

footing performance.  Specimens were prepared in a rectangular container and 

subjected to 1g gravitational force.  The MICP treatment was designed to improve a 

targeted volume equal to twice the footing width in the horizontal plane and 1.5 times 

the footing width deep (Figure 7a).  Felt sand was dry pluviated (D50=0.42mm, grain 

size distribution in Figure 7b) at a relative density of 35% for each sample.   
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   Injection ports, extraction ports, and a porous tube at the bottom of the container 

were first installed.  The injection and extraction zones were each configured with six 

vertically oriented columns fabricated from aquarium bubbling tubing.  The array of 

tubing was designed to provide a uniform treatment front across the targeted zone.  

Saturation was achieved by gradually injecting de-aerated, de-ionized water into the 

container via the porous tube positioned at the bottom of the container.  Figure 8 

shows photos taken to highlight the test preparation sequence.   
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FIG6. Undrained triaxial compression on bio-cemented sand. (a) Normalized 
deviator stress and shear wave velocity versus axial strain, (b) Stress paths of 

MICP treated sand (after DeJong et al., 2006). 
 

 

B 

1.5B 

2B 

Felt Sand 

(a) (b) 
FIG7.  (a) Schematic of 1g scaled shallow foundation model. (b) Grain size 

distribution for Felt Sand (D50=0.42mm). 
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FIG 8.  Measuring instruments used for the scaled shallow foundation. 

 

   An initial load of 15 kPa was applied to the model footing before commencing the 

MICP treatment.  Once treatment was terminated (~40 hours), the load test was 

performed by displacing the footing at a constant rate (1.0 cm/hr).   

   Treatment with MICP was conducted as outlined by DeJong et al. (2006).  A 

peristaltic pump was used to both inject and extract treatment solutions from the ports 

on either side of the footing.  A solution of bacteria (strain Sporosarcina pasteurii) 

and nutrients is initially injected, followed by even intervals of discrete injections 

consisting of nutrients and calcium.  Discrete injections continued for approximately 

40 hrs (consistent with triaxial test treatments, DeJong et al. 2006).   

 

Results 

 

   Results from the MICP treated specimen indicate a five-fold reduction in settlement 

of the model footing under the same load as the untreated specimen.  Load versus 

normalized vertical displacement (normalized by footing width) from each test are 

presented in Figure 9.   

 

FIG 9. Quantitative results for MICP treated and untreated specimens. 

 

   Failure of the footing founded on MICP treated sand was evidenced by footing 

rotation and minimal surface heave.  Notable surface cracking is observed beneath the 

corners of the footing (Figure 10).  Dissection of the MICP specimen indicated non-

uniform treatment across the target treatment zone.  Little to no cementation was 

observed near the extraction port.  Slight cementation was observed towards the 

middle of the specimen.  Concentrated calcite precipitation was observed surrounding 
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the injection ports (Figure 10c).  Columns of cemented sand formed around each 

bubbling tube column with more preference in the direction of induced flow.�

�

 

                         (a)                                      (b)                                       (c) 

FIG 10.  Qualitative results for MICP treated sand 

 

Discussion 

 

   The shallow foundation model reveals potential benefits and key issues to address 

for utilizing MICP as a ground improvement technique.  From a geotechnical 

viewpoint, MICP has great potential for a variety of applications, but needs to be 

optimized for each case. 

   Bio-cementation of the loose sand beneath the footing resulted in a significant 

increase in capacity of the footing as compared to an untreated case.  Calcite bonds 

transfer load at the micro-scale which enables the MICP treated soil to sustain larger 

loads than the untreated soil.  The brittle nature of the calcite structure associates with 

observed surface cracking near the footing (Figure 10 a and b).   

   The cementation gradient observed upon dissection supports the notable rotation of 

the footing during the loading before equilibrating upon failure.  Filtering of the 

bacteria during discrete injections contributes to the stiffness gradient and is 

explained in studies of reactive transport modeling in the natural subsurface (Ginn et 

al., 2002, Mitchell and Santamarina, 2005).  The stiffness gradient is controlled by the 

physiochemical processes during transport of nutrients and microbes as well as the 

biological processes.  Research is needed in these areas.  The key factors for 

upscaling MICP include, but are not limited to, uniformity of microbe concentration, 

nutrient and calcium accessibility, treatment system, flow rate, solution pH, microbe 

activity, and monitoring techniques.  Many of the problems encountered in the scaled 

shallow foundation experiment exemplify potential problems encountered in the field 

and require further study. 

 

CONCLUSIONS  

 

   The study of micro-scale and macro-scale characteristics has provided insight into 

the physical phenomena underlying a bio-mediated ground improvement technique 

for sands.  SEM and EDS were effective microscopy techniques in distinguishing 

between the mineral phases at the micro-scale.  Microbial impressions found in the 

calcite matrix verify that biological activity is required to catalyze the precipitation of 

calcite near the grain contacts.  Distribution of the calcite indicates preferential 

treatment near the particle-particle contacts, enhancing the bulk stiffness of soil.  

Degradation  of  cemented  sand  particles  at  the  micro-scale  reveal  that  fracture is 

 

Surface cracks 
Injection ports 
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governed by the strength of calcite bonds.  Construction of a 1g shallow foundation 

model treated by MICP revealed that a five-fold reduction in footing settlement can 

be obtained.  Brittle fracture of a MICP cemented sand matrix is evidenced by notable 

surface cracking at the macro-scale.  Complications with the uniformity of treatment 

must be addressed for future upscaling of MICP as a ground improvement technique. 
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ABSTRACT: The total pullout resistance of geogrid in a soil includes two 

components: (1) the interface friction resistance that takes place along longitudinal 

ribs and (2) the passive resistance that takes place against the front of transverse ribs. 

A series of pullout tests and analyses were conducted to quantify the contributions of 

the above two components to the overall pullout resistance. It was found that the 

mobilized passive resistance is much higher than the friction resistance under the 

same test conditions. Furthermore, the values of these two components are 

influenced by both pullout displacement and normal stress to a large extent. 

 

INTRODUCTION 

 

Geogrids are commonly used in reinforced soil structures to enhance the internal 

stability. The main function of geogrid is to provide tensile stresses to soil mass in 

the reinforced structures. The behavior of the reinforced soil structures is largely 

governed by interaction mechanisms that develop between the reinforcement 

inclusions and the backfill soils. Direct shear tests and pullout tests are the two most 

popular test methods to investigate the characteristics of interaction mechanisms 

between geosynthetics and soils. However, the comprehensive interaction between 

geogrid and soil cannot be measured in direct shear tests. Pullout tests have been 

used to develop pullout interface properties for geogrids (e.g., Yang et al., 2006; Ma, 

2004). The soil-geogrid interaction behavior in pullout tests may be influenced by 

many factors, such as properties of soil mass, types and tensile properties of geogrids, 

rate of pullout, normal stresses, and boundary conditions (e.g., Sugimoto et al., 2003; 
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Moraci et al., 2006; Wu, 2006). However, the interaction mechanism between 

geogrid and soil is not quite clear yet. 

The pullout interaction mechanisms between soil and geogrid are more complex 

than those between soil and strip or solid sheet (geotextile and geomembrane) 

reinforcements. It is generally considered that the pullout resistance of grid 

reinforcement mainly includes two components: the friction resistance mobilized on 

the surface of the longitudinal members and the passive resistance mobilized against 

the front of transverse members (e.g., Koerner et al., 1989). Therefore, the behavior 

of friction resistance and passive resistance is important to the research of pullout 

mechanism of geogrid embedded in soil mass. Some pullout test results and studies 

have showed that geogrids may develop an equivalent interface shear strength that 

even exceeds the internal shear strength of the backfill soil. This phenomenon could 

be attributed to the development of passive resistance (e.g., Yan et al., 1997; 

Alagiyawanna et al., 2001; Sidnei et al., 2007). Apparently, the further investigation 

of passive resistance and friction resistance is benefit to the understanding of 

reinforcing mechanism and the design of geogrid-reinforced earth structures. 

However, it is difficult to measure the proportion of passive resistance directly in 

conventional pullout tests.  

This paper presents a series of pullout tests with geogrids embedded in quartz 

sand. In order to investigate the characteristics and development of passive resistance 

against transverse ribs, two setups of geogrids in the pullout tests were used. Test 

results obtained under different normal stresses were used to analyze the interface 

shear mechanism between geogrid and sand. 

 

APPARATUS 

 

The pullout apparatus used in this study consists of a rigid test box, a normal load 

system, a parallel load system, and a data acquisition system. The test box is a cube 

steel box with inside dimension of 200mm�200mm�200mm. The size of the test box 

is large enough and reasonable for small-scale geogrid samples used in this study. 

The normal load is applied by weight through a 1:10 lever system, which is capable 

of maintaining a constant normal stress up to 300kPa on a geogrid specimen. In this 

study, the following normal stresses were used: 53kPa, 103kPa, 153kPa, and 203kPa. 

An electric motor applies the horizontal displacement with a rate of 1mm/min in the 

test program. The maximum pullout displacement could reach 12mm, which is 

nearly 9% of the sample length. A computer program could record and save the test 

data automatically. 

 

Materials 

 

Geogrid used in this study is manufactured by Tanan Modern Plastic CO., LTD. 
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in Shandong China. It is a biaxial geogrid with high tensile properties both in 

longitudinal and transverse directions. The properties of this geogrid are shown in 

Table 1. 

Figure 1 shows the two cases of geogrid setup used in the pullout tests. Parts of 

transverse ribs were removed from the original geogrid. In case A, five longitudinal 

ribs and a row of transverse rib remained in the test box, both friction and passive 

resistance could be mobilized. In case B, no transverse rib was within the test box 

and only friction along longitudinal ribs could be mobilized. The contribution of the 

passive resistance by the transverse bar can be identified by comparing the pullout 

resistance in cases A and B. In order to minimize the interaction effect of longitudinal 

ribs and transverse bars, only transverse bar was used in setup A. 

The soil used in this study is quartz sand available in Jiangsu, China. The 

properties and the particle size distribution curve of quartz sand are shown in Table 2 

and Fig. 2, respectively. Sand was placed in layers of approximately 50mm by the 

sand raining technique in order to prepare a homogeneous sand sample. The density 

of sand layers was prepared at 1.6g/m
3
 with a frictional angle of 38.17

o
.  

 

Table 1 Geogrid properties 

 

Width of Ribs 

(mm) 

Mesh Size 

(mm) 

Tensile Strength 

(kN/m) 

Yield Elongation 

(%) 
Thickness 

(mm)  
LD TD LD TD LD TD LD TD 

0.88 3.68 3.19 34.37 36.66 15 15 15 13 

PS: LD-Longitudinal Direction, TD-Transverse Direction 

 

 

FIG. 1 Samples of geogrids in pullout tests 

 

Table 2 Properties of quartz sand 

 

Properties d60(mm) d50(mm) d30(mm) d10(mm) Cu Cc 

Values 1.87 1.51 0.95 0.49 3.816 0.985 
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FIG. 2 Particle size distribution curve for quartz sand 

 

RESULTS AND ANALYSIS 

 

Pullout tests were conducted following typical test procedures. Figures 3 and 4 

show nonlinear relationships of pullout displacement versus force of the geogrid 

under the two different cases. Apparently, the measured pullout force in case A is 

much larger than that in case B under the same normal stress condition. This 

difference is attributed to the passive resistance mobilized along the transverse ribs in 

case A. Within 12mm pullout displacement, the pullout forces increase with the 

displacement with a decreasing slope of the curve. Each curve has a peak value. 

Under a higher normal stress, the pullout displacement corresponding to the peak 

tensile force is larger. Pullout curves in Fig. 4 show slightly strain-softening behavior 

after the peak value. However, it can be seen that the pullout forces keep constant 

after reaching the peak value in Fig. 3. The reason why the curves in case A keep 

constant may be caused by the continuous increase of the passive resistance while the 

friction resistance starts softening. This phenomenon will be discussed again later in 

this paper.  

In order to obtain the passive resistance under different normal stresses, the 

differences of the corresponding test data in Figs. 3 and 4 should be calculated. 

However, it is difficult to calculate the differences using the actual test data because 

of the variations of the test data and the inconsistency of the X-coordinates. The 

fitting curves were used to calculate the differences in this study. All eight fitting 

curves and the R
2
 values are shown in Figs. 3 and 4. Obviously, the fitting curves are 

accurate enough to meet the calculation requirement. 
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FIG. 3 Pullout results of geogrid case A 

 

 

FIG. 4 Pullout results of geogrid case B 

 

Figure 5 shows the development of the passive resistance, which was obtained by 

the difference in the pullout force in Figs. 3 and 4. It can be seen that the passive 

resistance increases with the pullout displacement followed by strain-softening 

behavior after the displacement reaches 10.5 to 11.5mm. There is no consistent trend 

in the passive resistance at a small displacement because it is limited by the accuracy 

of the measurement. At a large pullout displacement, however, friction and passive 

resistance were fully mobilized; the trend of the passive resistance with the normal 

stress becomes much clear, i.e., the passive resistance increasing with the normal 

stress. 
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FIG. 5 Development of passive resistance 

 

In the following discussion, the distributions of friction resistance along 

longitudinal ribs and passive resistance along transverse bars are assumed to be 

consistent and uniform and can be normalized. The resistance is calculated according 

to the unit length of 1 meter so that the friction and passive resistance becomes 

comparable between each other.  

Figure 6 shows the comparison of the passive resistance versus the friction 

resistance under the normal stress of 153kPa. The peak passive resistance is 2.35kN, 

which is 0.85kN or 56.7% higher than the peak friction resistance. It can be seen in 

Fig. 6 that the two curves show almost the same slope when the pullout displacement 

is in the range of 0 to 5mm. However, the rate of the increase in the passive 

resistance is much higher than that in the friction resistance when the pullout 

displacement is larger than 5mm. This phenomenon indicates that the passive 

resistance increment is the main source for the total pullout force increment at a large 

pullout displacement.  

The influence of the normal stress on the two resistance forces are shown in Fig. 

7. In this study, the relationships between the two resistance forces and the normal 

stress are both linear with positive slopes. The resistance forces increase with an 

increase of the normal stress. Fig. 7 shows that the margins between the passive 

resistance and the friction resistance are within 33 to 122% under the same normal 

stress condition. The ratio of the passive resistance to the friction resistance 

decreases from 2.22 to 1.33 when the normal stress increases from 53 to 203kPa. 

This phenomenon shows that the proportion of passive resistance in the total pullout 

resistance becomes smaller when the normal stress increases. 
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FIG. 6 Comparison of shear resistance and passive resistance ( =153kPa) 

 

 

FIG. 7 Influence of normal stress on shear resistance and passive resistance 

 

CONCLUSIONS 

 

A series of pullout tests were carried out using biaxial geogrid and quartz sand. 

The friction resistance and the passive resistance were then calculated and analyzed. 

From this study, the following conclusions can be drawn: 

Pullout resistance includes friction resistance and passive resistance. Passive 

resistance could be obtained from the difference between the total pullout resistance 
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and the friction resistance. The friction resistance and the passive resistance both 

increase with the pullout displacement. After peak values, the curves show 

strain-softening behavior. 

When the pullout displacement is small, the growth of the passive resistance and 

friction resistance is almost the same. However, the passive resistance increases 

much faster than the friction resistance when the pullout displacement is large. It is 

found that the passive resistance is the main contributor to the total pullout resistance. 

However, the proportion of the passive resistance decreases with an increase of the 

normal stress. 
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ABSTRACT: Drinking water treatment plants annually produce significant amount 

of lime sludge during water purification procedures. They are typically stored in 

lagoons and disposed as solid waste. This presents a significant economic burden to 

daily operations. This study investigates a sustainable development strategy from 

beneficial utilization of this material. An experimental program is implemented to 

address the technical issues related to application of this material in the construction 

of soil embankment, where lime is commonly used as soil stabilizers. Specific topics 

associated with the engineering applications of lime sludge treated soils include: the 

effects of dry versus wet mix procedures for the introduction of lime sludge into soils, 

procedures to determine the optimal content of lime sludge, and the long term 

durability of lime sludge treated soils under freezing-thawing cycles. This study aims 

to help develop a sustainable strategy to utilize lime sludge for routine construction 

activities.  

  

INTRODUCTION 
 

Soil stabilization has performance and economic benefits in providing pavement 

with a rugged base supporting. Because of this, it has been popularly applied under 

difficult soil and construction conditions. A global chemical stabilization design was 

recently adopted by the Ohio Department of Transportation(ODOT), which is 

believed to produce the following benefits: 1) Improve the budget accuracy; 2) 

Facilitate scheduling by identifying all subgrade work at time of bidding; 3) Reduce 

or eliminate construction arguments, issues, and claims related to subgrade; 4) 

Increase productivity by providing a stable platform for the contractor; 5) Allow work 

on subgrade immediately after a rain and reduce weather delays; 6) Provide a uniform 
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and superior subgrade for the pavement, andimproveperformance and durability; 7) 

Allow for an improved subgrade CBR and reduce the overall pavement thickness. 

Global soil stabilization was found to provide superior product with no additional cost. 

For example, in a recent presentation delivered by Ohio DOT engineers, for a single 

project in the I-71 lane expansion, the use of global subgrade stabilization was 

estimated to lead to better subgrade strength and result in 3.8 cm (1.5”) reduction in 

asphalt thickness. This would have saved $12.0 million in the construction cost. 

Given the large quantities of lime required for implementing global soil 

stabilization, it is to the interest of transportation agencies if inexpensive sources of 

soil stabilizer can be utilized for subgrade stabilization. The resultant savings will be 

significant. One potential resource is the lime sludge produced from the residuals 

generated by drinking water plants. 

Drinking water plants annually produce thousands of tons of lime sludge from the 

water treatment procedures. The lime sludge is typically discharged into a retention 

pond. When storage limit is reached, lime sludge is usually disposed into landfills 

with a fee, where they are treated as solid waste. The large amount of lime sludge 

available (the quantity of lime sludge is estimated to be millions of tons for the State 

of Ohio alone), the inexpensive (essentially free) material is very attractive if it can be 

used for soil stabilization in transportation constructions.  

Proper design procedures for introducing lime sludge into soils need to be 

developed in response to the mineral and chemical characteristics of lime sludge to 

achieve the optimal performance. Besides, the long term durability of lime sludge 

treated soils needs to be verified. This paper introduces the study on lime sludge 

design for transportation applications. It investigates the feasibility of using lime 

sludge as a substitute of regular lime used in road construction. Design issues such as 

the mixing procedures of lime sludge, the optimum lime sludge content and the long 

term performance under freeze-thaw cycles typical of northern States such as Ohio 

are investigated. 

 

BACKGROUND 

 

Lime is commonly used for drinking water treatment to reduce the hardness of 

water. The residual lime settles on a retention pond. This residual (a mixture of 

calcium, magnesium, and other minerals and water) is called lime sludge. Lime 

sludge is typically sent to a surface lagoon for storage (Martin 2008). A huge quantity 

of lime sludge is generated each year from the normal operation of drinking water 

plants. For example, Massillon water plant in Lake county, Ohio, a private utility 

owned by Aqua America, Inc., discharges ten thousand tons of lime sludge (dry 

weight basis) annually. Over the past 40 years, it has produced over 400,000 tons of 

lime sludge (dry weight basis) (Fig. 1). There are thousands of drinking water plants 

similar as Massillon water plant in the U.S. 
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Storage of lime sludge in a lagoon is not a permanent solution as the storage 

capacity will be exceeded. The possibility of increasing storage capacity is limited by 

the government policy and environmental regulations. Disposal of lime sludge in 

municipal solid waste landfills poses a major financial burden because the water plant 

needs to pay the cost of drying, loading and transporting the sludge plus tipping fees. 

The Massillon plant, for example, pays over $1M each year to dispose part of its lime 

sludge in solid waste facilities. 

Possible ways of reusing lime sludge have been studied�(Baker et al. 2005, Maher 

et al. 1993, Watt and Angelbeck 1977). One promising application is to adjust the pH 

value of farm soils. The application in this area is limited due to the high 

transportation cost and the time and energy required to dry lime sludge. Other 

applications include using lime sludge in cement production, power plant SOx 

treatment, dust control on gravel roads, wastewater neutralization, and in-fill 

materials for road construction (Baker et al. 2005). Most of these have technical and 

economic hurdles. As investigated by several researchers, use of lime sludge as soil 

stabilizer holds promises from both performance and economic considerations (Baker 

et al. 2005). 

 

 

 

FIGURE 1 Photo lime sludge storage lagoon at Massillon, OH 

 

CHARACTERISTICS OF LIME SLUDGE 
 

Lime sludge samples were collected from the lagoon of Massillon water plant.  It 

appears to be paste with a high natural water content (over 90% on the gravimetric 

basis).  The physical description of the lime sludge samples is shown in Table 1.  

Both chemical and mineral analyses were conducted on the collected lime sludge 

sample using an Energy-Dispersive X-ray spectroscopy (EDX) equipped with 

Scanning Electron Microscopy (SEM) probe. Prior to the test, lime sludge was first 

dried in an oven. EDX measures the existence and concentration of different elements 

in a sample (Figure 2, Table 2). The chemical content of each constituent (e.g. CaO, 
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MgO, …) is derived from the measured percentage of each element. The exact values 

of chemical content of CaO and CaCO3 need further tests to be specified clearly. The 

results are shown in Table 2. Also shown in this table are the chemical components of 

a commercial hydrated lime. The proportions of lime sludge resemble those of the 

commercial hydrated lime. One major difference is that there seems to be significant 

amount of CaCO3 in lime sludge compared with the hydrated lime. This might be due 

to the carbonization of Calcium hydrate under long term exposure to the atmosphere. 

 

TABLE 1 Visual Description of Lime Sludge Sample 

Physical Properties Description 

Color White to light grey 

Odor None 

Hardness Soft, greasy 

Wetness Wet, natural moisture content 98.4% 

Flowability Non-flowable at natural status 

Density Light 

Dry status Fine powder 

Vegetation No vegetation in lime pond 

�

�

�

FIGURE 2 EDX Spectral of Measured Dry Lime Sludge Sample. 
 

Figure 3 shows SEM images of lime sludge sample, from which its surface and 

structural characteristics can be observed (Figure 3). From this SEM image, the dry 

lime sludge appears to be uniform fine particles resembling those of silts. The size of 

particles is in micron. 
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TABLE 2 Concentrations of Major Chemical Components of Lime Sludge 

versus Commercial Hydrated Lime 

Lime Sludge   

Element Content by EXD Chemical Content 

Commercial 

Hydrated Lime  

CaO 43.93% (Ca) 3.50% 72.4% 

MgO 1.78% (Mg) 2.97% 1.9% 

CaCO3  58.00% 1.94% 

SiO3 0.52% (Si) 0.24% 1.5% 

Fe2O3 1.91% (Fe) 2.73% 0.2% 

Al2O3 0.23% (Al) 0.65% 0.8% 

CO2 6.96% (C)  0.85% 

As 0.19% (As) 0.19%  

 

�

 

 

FIGURE 3 SEM Image of Lime Sludge Sample. 

 

DESIGN PROCEDURES 

 

From design consideration, a few design issues need to be resolved to use lime 

sludge as a soil stabilizer. These include, for example, procedures to determine the 

optimal lime content and the procedures for mixing lime sludge with soil. A cohesive 

soil collected in Cleveland area was used in this benchmark study. The soil is a 

glacial till and classified as CH by Unified Soil Classification System (USCS). Soil 

specimens for unconfined compressive strength test were prepared using Harvard 

Miniature Compactor. The wet soil with specified water content was compacted into 

the mold in three layers, each layer being compacted with 25 blows. By controlling 

the soil mass for compaction of each layer, uniform and parallel specimens can be 

obtained with high repeatability. The specimens were then extruded by use of a 
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corresponding specimen extruder. A standard soil specimen in cylinder shape has a 

height of 71mm and a diameter of 33mm. All specimens were cured in a standard 

moisture curing room for three days before tests were performed. 

 

Optimal Content of Lime Sludge 

 

The optimal lime content for soil stabilization is generally determined by use of 

ASTM D6276 (ASTM ). This standard specifies the optimal lime content as the 

minimal lime content that produces a pH value of 12. The pulverized air-dried soil 

was first passed through the No. 10 sieve. The lime sludge was oven-dried for several 

days. 2.0g of lime sluge was dissolved into 100ml deionized water. For the remaining 

specimens with lime sludge/soil ratios (dry weight base) of 2%, 5%, 8%, 11% and 

14% were prepared according to ASTM D6276 (5). The pH values of the slurry were 

measured. Figure 5 shows the results of pH value versus the lime-soil mass ratio. The 

data on 100% scale is the pH value of pure lime sludge solution. Test results in Figure 

4 indicate that all the pH values are smaller than 12, a value required for optimal lime 

content for soil stabilization as specified by ASTM D6276. This is the case even for 

the pure lime slurry. For this reason, the optimum lime sludge content can not be 

determined using ASTM D6276. The low pH value corroborated the results from the 

EDX analyses. Carbonization of lime sludge is the possible cause of reduction on the 

active base components that can be created in the solution.  

 

 

FIGURE 4 pH Test for estimating Soil-Lime Sludge Proportion. 
 

As an alternative method to determine the optimal lime sludge content, 

unconfined compressive strength tests were conducted on soil mixed with different 

concentration of dry lime sludge. Unconfined compressive strength is a control 

parameter for road fill design. Achieving a compressive strength greater than 345kPa 
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can help to significantly reduce the potential for settlement in deep fills((Ferguson 

and Levorson 1999). Unconfined compressive strength tests were conducted on lime 

sludge treated soil specimens to study the effect of dry/wet mix method on soil 

strength and find the optimum soil-lime sludge ratio. 

According to ASTM D5102 (ASTM 2005), a loading rate (strain controlled) of 

0.02mm/s was applied during the compression test. According to this standard, the 

unconfined compressive strength was determined either by the maximum axial stress 

or by the axial stress at 5% axial strain, whichever occurs first during a performance 

of a test. 

Specimens were prepared using Harvard miniature compactor at five different 

lime sludge contents (dry weight base) of 0%, 5%, 10%, 15% and 20%. Three 

repetitive specimens were prepared for each lime content. The dry mix method was 

used to study of sensitivity of stabilized soil strength on lime sludge content. In this 

method, soil and lime sludge powder was first mixed before water was introduced. 

The physical properties and results of unconfined compression tests are shown in 

Table 3. This table indicates that the specimens were prepared with high quality 

control, as indicated by the close range of mass and water contents for each group of 

specimens. The prepared specimens were wrapped by plastic wrap and sealed in a zip 

bag. Specimens were cured for three days in a curing room before the unconfined 

compression test were conducted. 

 

TABLE 3 Effect of Lime Sludge Content on Unconfined Compressive Strength 
Sample No. 15w 0L #1 15w 0L #2 15w 0L #3 15w 5L #1 15w 5L #2 15w 5L #3 

Dry unit weight 

(g/cm
3
) 

1.77  1.74  1.85  1.80  1.76  1.73  

Water content 

(%) 
13.6 13.61 13.02 12.7 12.69 12.48 

Sample No. 15w 10L #1 15w 10L #2 15w 10L #3 15w 15L #1 15w 15L #2 15w 15L #3 

Dry unit weight 

(g/cm3) 
1.76  1.76  1.72  1.66  1.68  1.69  

Water content 

(%) 
12.61 12.41 12.24 11.78 11.68 11.57 

Sample No.  15w 20L #1 15w 20L #2 15w 20L #3    

Dry unit weight 

(g/cm3) 
1.74  1.72  1.74     

Water content 

(%) 
11.65 11.36 11.46    

Note: the following nomenclature convention is used for specimens: e.g., 15w 0l #1, 15w 

stands for water content is 15%; 0L means 0% percent of lime sludge; #1 is the first repetitive 

specimen of this group. 

 

Figure 5 shows example of stress strain curves for soil specimen treated with lime 

sludge versus that of a natural untreated soil specimen. The treated soil in the figure 

has a lime sludge content of 15%. This figure shows lime sludge helps to increase the 

modulus of the natural soil. The improvement of the compressive strength of lime 

sludge treated soil versus that of the natural soil specimen can also be clearly seen in 

this figure. 
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�
FF IGURE 5�Deformation behaviors of soil specimen treated with lime sludge versus that 

of natural untreated soil specimen 

 

Figure 6 shows the variation of the average unconfined compression strength 

(average of test results on the three repetitive specimens of the same group) versus 

lime sludge content. The figure shows that the strength of soil mixture first increases 

as lime sludge content increases; it then starts to decrease when the lime sludge 

content is larger than 10%. An optimal lime sludge content of around 10% can be 

estimated from the figure. This might correspond to the optimal lime sludge content 

for use as stabilizer for this soil. By examining the compression curves, it was also 

noticed that the treated soil specimens appears to show more brittle types of failure at 

higher lime sludge content. 

 

 

FIGURE 6 Lime sludge Content versus Unconfined Compressive Strength. 
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Effect of Dry/Wet Mix on Soil Strength 
 

Different procedures are used to introduce lime into soil mix, i.e., dry mix method, 

where the lime powder is directly mixed with soil; and wet mix method, where the 

lime powder is first mixed with water to produce lime slurry, which is then sprayed 

and mixed with soil. From the economic aspect, due to the high water content of lime 

sludge in storage lagoon, the cost of drying lime sludge is high. Introducing lime 

sludge as slurry is a technically and economically more feasible approach.    

Experiments were designed to evaluate the effects of dry versus wet mix method 

on the effects of soil stabilization. For this purpose, soil specimens were prepared 

using both dry mix and wet mix procedures. Three repetitive specimens were 

prepared by each method using the Harvard miniature compactor. The density and 

water content of these specimens were controlled so they achieved uniform physical 

properties. The properties of test specimens are shown in Table 3, which again 

indicates that the quality of specimens was uniform. The specimens were wrapped by 

plastic wrap and sealed in a zip bag. They were also cured for three days in a moisture 

curing room. The unconfined compression tests were then conducted on each 

specimen. Table 3 summarizes the compressive strength of different specimens. After 

discarding a possible outlier, the average unconfined compressive strength of 

specimens by dry mix procedures (around 138 kPa) is not significantly different from 

those prepared by wet mix procedures (133 kPa).   

 

TABLE 3 Effect of Dry/Wet mix on Unconfined Compressive Strength 

 

Sample 
dry mix 

15w 5L #1 

dry mix 

152 5L #2 

dry mix 

152 5L #3 

wet mix 

15w 5L #1 

wet mix 

152 5L #2 

wet mix 

152 5L #3 

Dry unit 

weight 

(g/cm3) 

1.86  1.85  1.77  1.85  1.82  1.81  

Water content 

(%) 
13.07 12.82 

Unconfined 

Compression 

Strength (kPa) 

122.0 155.9 

214.4 

(possibly 

outlier) 

105.4 133.1 161.6 

Note: the following nomenclature convention is used for specimens: e.g., 15w 5l #1, 15w 

stands for water content is 15%; 5L means 0% percent of lime sludge; #1 is the first repetitive 

of the three specimens of the same kind. 

 

Effect of Freeze/thaw on Soil Strength 

 

Another important aspects investigated in this paper is on the long term durability 

of lime sludge treated soils subjected to cold region weather conditions. In the cold 

region, a major factor affecting the durability of lime sludge treated soils are the 

seasonal freeze-thaw effects. This is a major concern for its use in road construction. 

A group of tests were performed to test the resistance of the lime treated soil to 

freeze/thaw cycles. Two comparative groups of specimens were prepared at 15% 

water content. The Group One of specimens include 6 repetitive specimens with the 
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introduction of an optimal lime sludge content (10%).  The Group Two specimens 

include 6 repetitive specimens without introduction of lime sludge. Three specimens 

from Groups 1 and 2 respectively (altogether 6 specimens) were placed into a 

temperature controlled room, where freeze-thaw cycles were produced by accurately 

controlling the temperature. Altogether 12 freeze/thaw cycles were applied. The 

remaining three specimens from Groups 1 and 2 respectively were placed under the 

normal curing temperature. 

The original natural soil specimens were found to have an average unconfined 

compressive strength of 98.2kPa, while the original soil specimens that went through 

freeze/thaw cycles has an average unconfined compressive strength of 65.2kPa. For 

the lime sludge treated soil specimens, those cured at regular curing conditions had an 

average compressive strength of 363 kPa, while those undergone through the same 

freeze/thaw cycles has an average confined compressive strength of 196.2kPa. 

Results from this limited set of data provided the following observations: 1) freeze-

thaw cycles caused the reduction of compressive strength for both natural soils and 

soils treated by lime sludge.  2) the lime sludge treated soil specimens have much 

higher strength than the natural soil specimens even after freeze-thaw cycles. These 

observations point to the positive effects of lime sludge treatment in improving the 

soil mechanical performance properties as well as improving the durability under 

freeze-thaw cycles. 

 

   

CONCLUSION 
 

Beneficial utilization of lime sludge in transportation presents an opportunity to 

achieve sustainable utilization of a precious natural resource. Chemical analyses 

indicate lime sludge has similar chemical components as commercial hydrated lime. 

Common procedures for determining the optimal lime content for soil stabilization 

based on pH values are found not applicable for lime sludge. Instead, performance 

criteria based on unconfined compression tests need to be utilized.  Lime sludge was 

found to increase the soil deformation modulus and reduce the plastic behaviors. Wet 

mix and dry mix methods do not appear to significantly affect the strength of lime 

sludge modified soil. Considering of the economic factors associated with drying lime 

sludge, lime sludge can be introduced in the slurry format via the wet mix procedure.  

The existing testing data demonstrated the positive effects of lime sludge treatment in 

improving the soil mechanical performance properties as well as improving the 

durability under freeze-thaw cycles. Continue refinement of mix design and 

performance evaluation could provide a way to effectively utilize lime sludge as an 

economic and sustainable development strategy. 
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ABSTRACT:  The conventional slurry trench methods of constructing low-permeability 

vertical barriers have been widely used, namely, soil-bentonite (SB), cement-bentonite 

(CB) and slag-CB.  More recently, in situ mixing methods to construct vertical barriers, 

such as Deep Soil Mixing (DSM) and the Trench Remixing and Deep wall method 

(TRD) have found increased usage.  The TRD method was has been widely employed in 

Japan for nearly 15 years but has only recently been used in the United States.  The TRD 

method is a one-phase process that involves the simultaneous, full-depth cutting and 

mixing of in situ soils with additives to create, in place, a continuous soil mixed wall. A 

blend of cementitious materials (granulated ground blast furnace slag and Portland 

cement) and slurry are injected as the milling/cutting proceeds horizontally resulting in 

continuous vertical mixing of in situ soils with the injected materials, without creating the 

open trench typical of other walling methods. To date, three TRD projects have been 

completed in the United States. The focus of this paper is the most recent project 

completed on the Herbert Hoover Dike (HHD).  Other projects include 1) the first TRD 

project in the United States where the method was used to construct a test cell under 

saline ground water conditions for use as a soil mixed barrier wall to prevent the intrusion 

of salt water into fresh ground water aquifers and 2) a cutoff wall to prevent leakage of 

secondary treated sewage from a containment pond into surrounding ground water.   

 

INTRODUCTION 

 

 The Trench Remixing and Deep Wall (TRD) method is finding increased use since first 

being used in the United States in 2006.  The TRD method is a combination of equipment, 

materials and construction procedures that enable the in situ construction of a highly 

uniform vertical barrier in the subsurface.  In the TRD method, a cutting chain revolves 

around a full-depth post, simultaneously cutting and mixing in situ soil with added binder 

slurry.  Depending upon the desired properties of the completed wall, the slurry will be 

made by mixing water with a clay such as bentonite or sepiolite and cementitious 
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materials such as Portland cement and granulated ground blast furnace slag.  This 

technique has been used extensively in Japan (Aoi et al. 1996 and Aoi et al. 1998) with 

great success.  The principle advantage of TRD over other in situ mixing techniques is 

the relatively high degree of uniformity that results from the unique excavation and 

mixing characteristics of the method.  This paper provides additional details regarding the 

TRD method and summary of projects to date in the US with special focus on the most 

recent. 

 

 A single-phase walling method, TRD differs significantly from other commonly used 

processes such as jet grouting and deep soil mixing.  With jet grouting, overlapping 

columns or panels are constructed by simultaneously cutting and mixing the in situ soil 

using high pressure/high velocity grout, or a combination of air, water and grout (Burke, 

1992).  Similarly, deep soil mixing also forms walls by constructing overlapping columns 

or panels of in situ soil mixed with injected grout.  In this case, cutting and mixing is 

accomplished using either augers or specialized panel tools, then grout is injected under 

low pressure and mixed with the soils. 

 

 Two key differences between TRD and other walling methods are wall continuity and 

the zone of mixing.  TRD is a continuous process whereby a full-depth cutter post is 

inserted to the desired wall tip elevation.  Then, a revolving chain with cutting bits 

affixed at regular intervals mixes and homogenizes the entire vertical soil profile as it 

travels from bottom to top over and around the cutter post.  The tool moves horizontally 

along the wall alignment while this full-depth cutting and mixing takes place, leaving 

behind a homogeneous, continuous wall that is jointless and devoid of the original soil 

stratification.  The process is illustrated in Figure 1. 

 

 

 

 

FIG. 1. Illustration of the TRD walling method. 
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 There are other advantages to the TRD method as well.  The full-depth, steel cutter post 

allows for exceptional control over verticality and positioning of the wall, even at great 

depths.  Battered walls may also be constructed if necessary.  TRD is applicable in very 

dense/hard soils and rock, without the need for pre-drilling that other methods may 

require.  The TRD method has been used for over 20 years in Japan with over 1,500,000 

m
2
 of wall completed to a maximum depth of 53 m (AK Chemical 2006).  The remainder 

of this paper presents details regarding the three projects to date using the TRD in the US. 

 

ALAMITOS GAP 

 

 The Alamitos Gap project was conducted to assess the effectiveness of a vertical barrier 

to prevent salt water intrusion into the Los Angeles Ground Water Basin through a 

geologic gap (Water Replenishment District, 2006).  Injection wells are currently 

employed to control salt water intrusion. A physical barrier constructed using the TRD 

method served to assess the efficacy of this alternative.  The project included site and 

subsurface investigations, laboratory mix design and testing, ground water modeling, and 

construction of barrier walls in a box configuration which allowed for pump testing and 

detailed assessment of the technique.  Previously published are a project overview with 

details of construction methods (Gularte et al. 2007) and details of the laboratory test 

methods and results (Evans 2007).  Construction of the Alamitos Gap Project using the 

TRD method is shown on Figure 2. 

 

 

 

FIG. 2.  TRD Equipment at the Alamitos Gap project (from Evans 2007). 

 

 The special nature of this project included the need for low hydraulic conductivity 

(<1x10
-7

 cm/s), a modest strength ( > 345 kPa), and the in situ saline soils.  Necessary 

properties of the blended grout and in situ soils included those during construction (slurry 

viscosity and density, and flow table and bleed results on the blended grout and soil) as 

well as those of the cured mixture (unit weight, unconfined compressive strength, strain 

at failure, and hydraulic conductivity and compatibility with the saline ground water).  

These rigorous expectations for the barrier wall constructed by the TRD method were 

met.  First, sepiolite was selected to form the clay water slurry after demonstration that 
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the sepiolite slurry had suitable viscosity and density and was relatively unaffected by the 

saline ground water compared with bentonite.  The grout was made by adding a 

combination of Portland cement and granulated ground blast furnace slag (GGBFS) to the 

sepiolite slurry.  Various combinations were explored in the laboratory studies.  A blend 

of 50% Portland Cement and 50% GGBFS was found to meet the design requirements at 

28 days.  Further during a six-month permeation with site ground water, the hydraulic 

conductivity continued to decline (See Figure 3). 

 

 

 

FIG. 3. Long term permeability test with saline ground water (from Evans 2007). 

 

 Once construction was complete, laboratory tests on field mixed samples and pump 

testing were performed to confirm field properties.  Pumping tests were conducted to 

examine the integrity and performance of the system (Fordham 2006).  This work 

confirmed the strength, permeability and continuity of the as-built wall met the design 

expectations discussed earlier in this paper. 

 

LINCOLN WASTE WATER TREATMENT PLANT 

 

 For this project, a TRD cutoff wall was selected in order to prevent leakage of 

secondary treated sewage water from a containment pond into surrounding groundwater.  

To achieve the cutoff, a hydraulic conductivity of <1x10
-6

 cm/s and a strength of 69 kPa 

was required.  The wall depth varied from 8.5 m to 6.1 m for a length of 232 m at a 

thickness of 550 mm.  The slurry consisted of a mixture of bentonite and water, to which 

Portland cement and GGBFS were added.  This grout was then mixed with the in situ 

soils to form the barrier wall.  Laboratory tests on field mixed samples confirmed the 

design hydraulic conductivity and strength requirements were met.  Specifically, the 

measured strength and hydraulic conductivity were 276 kPa and <1x10
-7

 cm/s, 

respectively.  The construction of this wall required an abrupt change in horizontal 

alignment which was readily accomplished with the TRD method as shown on Figure 4.  
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FIG. 4. TRD equipment at Lincoln WWTP. 

 

HERBERT HOOVER DIKE REHABILITATION 

 

 The banks of Lake Okeechobee in southeastern Florida are surrounded by an earthen 

levee known as the Herbert Hoover Dike (HHD), on which early construction by locals 

first began around 1915 and utilized mostly sand and muck. Portions of the original 

embankments were overtopped by hurricane-induced surges in 1926 and 1928, resulting 

in significant loss of life.  As a result, about 84 miles of levee were constructed by the US 

Army Corps of Engineers (USACE) between 1932 and 1938. 

 

 A major hurricane in 1947 illuminated the need for additional flood protection, 

prompting a comprehensive flood protection program for Central and South Florida.  The 

current dike system for Lake Okeechobee was completed in the late 1960s. As 

constructed, the levee is prone to instability due to water seepage and piping (Figure 5), 

in particular when lake levels increase due to surge caused by severe weather (hurricanes) 

(Davis, 2008). Therefore, the USACE designed a seepage cutoff wall which is being 

constructed to mitigate piping concerns and ensure dike stability during extreme weather 

events.  An illustration of this plan is shown in Figure 6. The first 1220 m of this wall 

was recently completed using TRD, with excellent results. 

 

 

 

FIG. 5.  Seepage through the dike. 
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FIG. 6. Schematic of cutoff wall at HHD (from USACE website). 

 

Strength 

 

 The grout used on this project was a blend of bentonite-water slurry mixed with 

Portland cement and GGBFS.  Testing of shallow bulk, deep grab and core samples for 

quality control included unconfined compression (UC) and hydraulic conductivity (HC) 

at various curing times.  Shown on Figure 7 are the UC strength test results on core 

samples for 72 unconfined compression tests at 28 days.  Performance criteria required 

that a 10-point moving average of the 28-day unconfined compressive strength of the 

core samples fall between 689 kPa and 3447 kPa, (see dashed lines in Figure 7).   

 

 

 

FIG. 7. Unconfined Compression test results for core samples. 
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Despite varied geology across the alignment, the TRD method produced a wall that 

consistently meets this criterion, achieving an average UCS of 1069 kPa. Similarly, 51 

shallow bulk samples were taken and tested in unconfined compression.  All of these 

samples exhibited strengths within the required range of 689 kPA to 3447 kPa, with an 

average of 1204 kPa, as shown on Figure 8. 

 

 

 

 

FIG. 8. Unconfined Compression test results for shallow bulk samples. 

 

 Finally, deep grab samples were obtained and tested in unconfined compression tests as 

shown on Figure 9.  As in the previous sampling methods, all samples tested within the 

project requirements of 689 kPa to 3447 kPa, with an average strength of 1136 kPa. 

  

   Such a complete data set of unconfined compressive strength on samples obtained 

using three methods (core, shallow bulk and deep grab) is unprecedented.  The data show 

that with a properly constructed wall such as this one using the TRD method, measured 

material strength is essentially independent of the sampling method.  However, based on 

the averages reported above it does appear that the core samples generally tested lower 

than the wet samples (shallow and deep).  It is hypothesized that the destructive nature of 

coring results in microfracturing of the samples that causes failure at lower compressive 

strengths during UCS testing. 
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FIG 9. Unconfined Compression test results for deep grab samples. 

 

 

Permeability 

 

 Permeability tests were conducted on shallow bulk samples obtained in the field, cured 

and then tested in the laboratory.  In addition, falling head borehole permeability tests 

were run, and interpreted using two methods: Hvorslev (Cedergren 1988) as required by 

USACE and Bouwer (1978), which includes a correction for the finite dimensions of the 

wall. These data show that for all tests the hydraulic conductivity after 28 days was less 

than the required 1x10
-6

 cm/s (shown as the dashed line in Figure 10), with an average 

laboratory value of 2.6x10-8 cm/s.  Comparing the borehole test results, it was found that 

hydraulic conductivity values computed using the Hvorslev method (average 1.9x10-7 

cm/s) were somewhat higher than those computed using the Bouwer method (average 

5.8x10-8 cm/s).  Since the Hvorslev method of analysis was developed under the 

assumption of an infinite aquifer, which clearly is not the case for a wall measuring only 

700 mm thick, these results were expected. 

 

 Analysis of the borehole permeability tests using the Bouwer method resulted in good 

agreement, on average, with the results obtained by laboratory testing of bulk cylinders.  

Overall, the TRD-constructed wall was found to have exceptionable permeability 

characteristics. 
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FIG 10. Permeability test results. 

 

 

 

FIG. 11. Borehole camera photo of 

cured material from the TRD method. 

 

Visual Inspection of Cores 

 

 The homogeneity of the mixtures 

resulting from the TRD method can be 

seen on the borehole camera photo 

(Figure 11).  This photo, showing the 

material from a depth of 10 to 11 m in 

one of the core holes, is representative of 

the materials observed in multiple cores 

throughout the entire depth of the wall.  

The photo shows a very well-mixed and 

homogeneous material with a uniform 

distribution of various particle sizes in a 

matrix of the hydrated cement-slag blend.  

The darker areas represent small, 

discontinuous voids likely the result of 

the coring process dislodging hard 

aggregate from the soft binder matrix. 
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SUMMARY AND CONCLUSIONS 

 

 To date, three vertical barrier walls have been constructed in the United States using the 

TRD method.  Data obtained from these three projects demonstrate the ability of the TRD 

method to construct a highly uniform and homogeneous wall by mixing the in situ 

materials with a slurry of clay-water, Portland cement, and GGBFS.  Borehole camera 

photos and examination of cores support the opinion that this technique offers superior 

homogeneity and continuity to other methods.  In situ testing demonstrates that the as-

constructed barrier wall has similar properties in situ as those measured on grab samples 

measured in the laboratory. 
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ABSTRACT This paper presents a case study using dynamic compaction to improve 

fill in a mountainous area in China. This fill is composed of weathered rock and soil 

with grain sizes mostly between 5 and 200 mm, but with the largest size over 500 mm. 

The fill, which has been dumped and placed without compaction over the past 2 years, 

ranges from 2 to 8 m thick across the site. The bearing capacity of this fill was about 

70 to 100 kPa. Dynamic compaction consisting of two high-energy passes and two 

low-energy passes were applied to improve the ground. The compaction energy of 

each high-energy pass was 3000 kN•m, and the grid spacing was 5�5 m. The 

compaction energies of the first and second low-energy passes were 1500 kN•m and 

1000 kN•m, respectively. After the dynamic compaction, plate loading tests, field 

density tests, ground penetrating radar explorations, and other tests were performed. 

The tests show that the ultimate bearing capacity after improvement is over 440 kPa, 

the average secant elastic modulus is 34.50 MPa, the depth of influence of the 

dynamic compaction is at least 6 m, and the relative compaction is more than 95%. 

These values satisfied the design requirements for a building that was constructed on 

the fill after dynamic compaction. The building's foundation elements consist of 

reinforced concrete strip footings. The observed settlement of the building became 

stable rather quickly after construction, and the total building settlement was only 12 

mm. Dynamic compaction effectively improved the fill in this mountainous area in 

China. 

 

 

INTRODUCTION 

 

 Dynamic compaction is a ground improvement technique that involves dropping 

heavy weights of tens of tons onto the surface of a fill from a considerable height (15 – 

40 m) in a selected grid pattern. These high-energy impacts produce sufficient 

compaction effort to reduce void space, increase density, and reduce long-term 

settlement of the fill. Due to its success in obtaining significant improvement of soil 

properties, as well as being economical, dynamic compaction has evolved into  one  of  
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the most commonly used ground improvement methods. Dynamic compaction was 

pioneered by Menard in the 1960s and introduced to China in the 1970s, and it has 

been used worldwide. 

Principal applications of dynamic compaction are to reduce the settlement of 

compressible deposits under additional loading and to improve the properties of 

initially loose fill to create foundation materials that have lower void ratio, higher 

shear strength, and thus higher bearing capacity. It is well known that dynamic 

compaction can densify granular materials, such as sand, gravel, brick, rock, etc. A 

significant development in dynamic compaction over the past decades is expansion of 

the range of applications to include more fine-grained soils. Dynamic compaction is 

capable of achieving significant improvement to a substantial depth, often with 

considerable economy when compared to other geotechnical solutions. 

Chongqing, China, is located in a mountainous area, where many engineering 

projects are constructed on fill. Pile foundations or drilled shafts are usually used at 

these sites; however, these approaches are often expensive. Recently, dynamic 

compaction has been used to treat mountain fills in Chongqing and other parts of 

China. Due to the variability of mountain fills, more case histories and research are 

needed to document mountain fills improved by dynamic compaction. This paper 

presents one such case study. 

 

GEOTECHNICAL CONDITIONS 

 

The project investigated in this study is located in a mountainous area in Chongqing, 

China. The site contains a mountain fill, which is mostly heterogeneous and exhibits 

variable and anisotropic material properties that are difficult to characterize. The 

building proposed for construction on this site is a six-storey frame and brick structure. 

Before designing the building, a geotechnical investigation was done, including in-situ 

testing (boreholes, dynamic cone penetration tests, shear wave tests) and laboratory 

testing for the properties of rock and soil. This geotechnical investigation followed the 

Chinese Code for Geotechnical Engineering Investigation (GB50021-2002). The 

geotechnical conditions of the project are summarized here. 

This site is composed of fill, which is underlain by residual silt clay, which is, in 

turn, underlain by rock. This fill was randomly placed during the past two years, and it 

is composed of weathered rock, rubble, and soil with grain sizes mostly between 5 to 

200 mm, and the largest size over 500 mm. More than 50% of the materials in the fill 

are rock fragments. The thickness of this fill ranges from 2 to 8 m across the site. 

Because of the complicated composition and condition of this fill, geotechnical 

investigation for this site is challenging. Borehole sampling, dynamic cone penetration 

tests, and shear wave velocity tests were conducted. The dynamic cone has a 60� cone 

angle and a diameter of 74 mm. The cone is driven into the soil by hammer blows 

applied to the top of the drill rod. The standard weight of the hammer is 63.5 kg, and 

for each blow, the hammer drops a distance of 0.76 m. The number of blows required 

for cone penetration of each 0.10 m interval is recorded. This number is generally 

referred to as the N63.5 value. This field test is called the dynamic cone penetration test 

(DPT).  

 

282 ADVANCES IN GHOUND IMPROVEMENT



The average DPT N63.5-value in this fill was approximately 4.2, with significant 

variation from the average. Shear wave velocity tests were also used in the 

investigation of this fill, and the measured shear wave velocities were Vs 159 to 216 

m/s. The fill was in a loose state, and the relative compaction was about 85 to 88% 

based on standard Proctor compaction. The estimated allowable bearing capacity of 

the fill was about 70 to 100 kPa, according to Chinese code GB50021 and the Chinese 

Geological Engineering Handbook (2002). 

According to the geotechnical investigation, the thickness of the residual silt clay 

is 1.5 to 5.0 m across the site.  This clay has a natural moist density of = 2.01 g/cm
3
, 

dry density of d = 1.61 g/cm
3
, void ratio of e = 0.81, plasticity index of Ip = 13, 

liquidity index of IL = 0.44, coefficient of compressibility of a1-2 = 0.25 MPa
-1

, 

constrained modulus of Es = 6.8 MPa, cohesion of c = 13.1 kPa, friction angle of � = 

11.3º. The allowable bearing capacity of this residual clay is about 200 kPa, according 

to Chinese code GB50021 and the Chinese Geological Engineering Handbook (2002). 

The fill is a controlling layer at this site, and it is not adequate to support the 

proposed building load. In Chongqing, pile foundations or overexcavation and 

replacement are often used in this kind of ground. In recent years, dynamic 

compaction is being used with shallow foundations in situations like this in China. 

Dynamic compaction was selected for this project, based on the geotechnical site 

conditions and the type of building proposed.  

 

DESIGN AND CONSTRUCTION OF DYNAMIC COMPACTION 

  

Conceptually, dynamic compaction is a straightforward process, i.e., repeatedly 

dropping a heavy weight on the ground. However, it involves many details, such as 

crane counterweights, line pulls, drum size, type and diameter of ropes, brakes, as well 

as the mechanical properties of the crane, which have to be carefully selected and 

tested on the site by the specialty contractors to improve the reliability and 

productivity of the dynamic compaction process. 

The parameters of the dynamic compaction at this site, such as the impact energy, 

blows, passes, space of impact point and interval time, area treated, procedure of 

construction, etc., were determined during the design phase according to the Chinese 

technical code (JGJ 79-2002). The most important parameter is the depth of 

improvement. The method and criterion for evaluating the performance after ground 

improvement were selected according to several Chinese technical codes related to 

ground improvement and the design of building foundations.  

The construction procedure and the parameters of dynamic compaction, including 

the depth of improvement, are important for the design of a dynamic compaction 

process. The area to be treated is divided into grid patterns, with each grid point 

receiving several blows in each of multiple passes to obtain the desired results. 

Comprehensive field monitoring and engineering judgment are necessary because the 

spacing of the grid, the number of drops per impact point, the applied energy, and the 

number of passes depend upon soil conditions, ground response, and dissipation of 

excess pore water pressure. 

The dynamic compaction process can be considered as a series of compaction 

phases with different combinations of energy levels designed to achieve improvement 
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to specific depths. The initial phase is also called the “high-energy phase”, and the 

compaction energy in this phase is applied on a wider grid. The first phase is generally 

aimed at compacting the deepest layer by applying high-energy blows on a relatively 

wide grid pattern with a suitable number of blows at each grid point. The high-energy 

phase usually includes two passes. The energy and the spacing of the dynamic 

compaction are usually the same for these two passes and the impact locations are 

offset. The upper surface layer is then compacted on a continuous tangent or 

overlapping of compaction points using lower energy blows. This low-energy phase, 

called “ironing”, is used to densify the surficial layers (typically the upper 1 to 3 m). 

For the ironing compaction, the tamper is only raised to a height of 5 to 6 m, and then 

dropped on a tangent or overlapping grid. Often, the low-energy phase consists of only 

one pass. However, the Chinese Technical Code (JGJ 79-2002) requires two passes for 

the low-energy phase. Even with the ironing phase, the upper approximately 0.5 m of 

soil is often not well compacted. Therefore, a roller is typically used to compact the 

surface layer. After each pass, the imprints are backfilled either with the surrounding 

materials or with off-site materials. When the surrounding soil is pushed in the craters 

instead of using imported material, the surface of the working platform is gradually 

lowered due to the densification achieved during each pass. 

The degree of ground improvement depends on the total amount of energy applied 

to the ground, i.e., the more energy input to the ground, the greater the degree of 

improvement. The results of treatment by dynamic compaction are typically dramatic 

and immediate and the surface settlement can reach five to ten percent of the thickness 

of the soil layer being treated. The depth of improvement is related to the tamper 

weight and drop height, with improvement depths of 3 to 9 m being common. Menard 

and Broise (1975) originally proposed that the effective depth of treatment was related 

to the metric energy input expression of (Mh)
0.5

, where M is the tamper weight in tons 

and h is the drop height in meters. The depth of influence is modified by an empirical 

factor. The empirical factor ranges from 0.3 to 0.7 with an average of 0.5. Leonards et 

al. (1980) proposed a factor of 0.5 for relatively coarse, predominantly granular soils. 

Mitchell (1981) indicated that the depth of influence should depend on factors in 

addition to the impact energy. Soil type might be expected to be the most important 

factor. Research has found that the depth of influence is dependent on a number of 

factors including the soil type and stratigraphic features, the efficiency or energy loss 

of lifting and tamping equipment, the contact pressure of the tamper, and the method 

of applying energy. The Chinese Technical Code JGJ79-2002 indicates that the depth 

of improvement depends on impact energy and soil type, with values based on the 

statistical and empirical data of many dynamic compaction projects. 

 According to the Chinese technical code, the design of the building and the 

parameters and procedures for dynamic compaction were selected as follows: (1) two 

high-energy passes of 3000 kN•m per pass with a grid spacing of 5�5 m and (2) two 

low-energy passes, the first pass having energy of 1500 kN•m and a tangential layout, 

and the second pass having energy of 1000 kN•m and an overlapping layout. Details 

of these parameters are provided in Table 1. 
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Table 1  Parameters of dynamic compaction 
 

Pass 
Energy of DC 

kN•m 

Number of 

blow 
Spacing (m) Pattern 

1 3000 12 5�5 Grid 

2 3000 12 5�5 Grid 

3 1500 3 Tangential Iron 

4 1000 2 Overlapping Iron 

 

According to the Chinese Technical Code (JGJ79-2002), the area of treatment 

should be one third to one half of the depth of improvement and 3 m more beyond the 

exterior length or width of the building foundation. For this project, the area of 

compaction included a periphery zone, which was 5 m beyond the boundary of the 

building foundation. 

Before the commencement of production work, a full-scale trial test was carried 

out on the site. The trial tests included measurements of heave and penetration. The 

purposes of this trial test were to: (1) determine the optimal number of blows for each 

pass; (2) determine the required compaction energies and the number of passes; (3) 

check whether there was densification by comparing the tamper penetration and soil 

heaving; and (4) determine the actual spacing of compaction points to minimize soil 

heaving between the points. 

Following the Chinese Technical Code (JGJ79-2002), the maximum number of 

blows for each pass is the minimum determined from: (1) the number of blows 

established according to the design or results of a trial test, if performed; (2) when the 

average impact settlement for the last two blows is smaller than 50 mm; and (3) when 

the volume of heaving around the crater is larger than the volume of compression 

inside the crater. 

Since the mountain fill in this project had relatively high permeability, it is suitable 

for continuous construction. After the fourth dynamic compaction pass, the ground 

was leveled by a bulldozer, followed by surface compaction by a vibratory roller.  

 

MONITORING AND EVALUATION  

 

To evaluate the improvement of uniformity, density, modulus, and bearing capacity of 

the treated ground, plate loading tests, field density tests, and ground penetrating radar 

explorations were performed. 

 

Plate Loading Tests 
 

The plate loading test is a commonly used field test method in China to evaluate the 

effectiveness of ground improvement. Typically, time-settlement and load-settlement 

curves are obtained from this test and used to estimate the compressibility and bearing 

capacity of the ground. If bearing capacity failure is not apparent from the load-

settlement curve, the allowable bearing capacity is determined corresponding to 

settlement of 10 to 15% of the plate diameter, according to Chinese design code 

GB50007. 
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The plate loading tests conducted in this study used a plate with a size of 0.707 m 

� 0.707 m (the area of this plate is 0.5 m
2
). According to the design requirements, the 

allowable bearing capacity after treatment should be higher than 220 kPa and the 

average secant elastic modulus should be at least 15 MPa. Considering a factor of 

safety equal to 2.0, the required ultimate bearing capacity is 440 kPa. Three plate 

loading tests were conducted at different locations. The test procedure followed the 

Chinese Technical Code for design of building foundations and geotechnical 

engineering investigations. The test results are shown in Figure 1. 

The allowable bearing capacity was determined based on the settlement s = (0.01 

to 0.015)b (s = settlement, b = width of loading plate), and the results are provided in 

Table 2. The secant elastic modulus of the fill was determined based on the initial, 

approximately linear portion of the curve according to Chinese code GB50021 and is 

provided in Table 3. 

Figure 1 shows that the settlements at an applied pressure of 440 kPa were 5 to 

8mm. As listed in Table 2, the allowable bearing capacities of the fill after 

improvement are all greater than the required allowable bearing capacity of 220 kPa. 

In fact, they are all over 400 kPa, and most are greater than 440 kPa. The average 

secant elastic modulus is 34.5 MPa, which is also greater than the required value of 15 

MPa. These results demonstrate the benefit the dynamic compaction. 

�

�

(a) Test #1                                     (b) Test #2                                (c) Test #3  

Fig. 1  �Load-settlement (p~s) curves 

 

Table 2 Allowable bearing capacity of the fill after treatment (unit: kPa) 

 

Bearing capacity 1 2 3 

s/b=0.01 405 �440 415 Relative 

settlement s/b=0.015 �440 �440 �440 

 

Table 3 Secant elastic modulus of the fill after treatment (unit: MPa) 

 

No. of test 1 2 3 Average value 

Secant elastic 

modulus 
33.3 36.1 34.1 34.5 
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Field Density Tests 

 

The degree of the fill compaction is an important parameter for dynamic compaction. 

Field density tests should be conducted at a number of locations and depths within the 

improvement area to confirm the relative compaction. In this study, the relative 

compaction was evaluated by sand cone tests. The relative compaction is defined as 

the dry density of a soil at a field location divided by the maximum dry density of the 

same soil determined using Standard Proctor Tests, expressed as a percentage. Sand 

cone tests are easy to perform near the ground surface. In order to determine the 

relative compaction within the depth of improvement, it is necessary to dig a pit into 

the ground, stopping at every 0.5 to 1.0 m in depth, to perform additional sand cone 

tests. The sand cone tests indicated that the relative compaction near the ground 

surface was more than 95% after ground improvement. The relative compaction at 

depths from 1 to 6 m was more than 95%. This result implies that the depth of 

influence was at least 6 m. 

 

Ground Penetrating Radar Exploration 

 

Ground Penetrating Radar (GPR) is a wide spectrum electromagnetic and non-

destructive geophysical technology used to locate abnormal underground objects or 

geological structures. High-frequency electromagnetic waves in the form of a wide 

band with a short pulse are sent by an antenna above the ground surface and then 

reflected when they reach abnormal underground objects. The reflected waves are 

received by another antenna when they return from the ground. The radar data is 

processed to establish a systematic relationship between radar reflectivity and 

roughness, density, dielectric constant, and other related geological parameters. 

Analysis of the data, such as two-way trip time, amplitude, wave shape and phase of 

the reflected electromagnetic wave can determine the location, structure, electrical 

properties, and geometric shape of the underground objects or geological structures.  

With a high transmitting frequency, testing precision, and resolution ratio, GPR 

has been widely used in geological and geotechnical investigations in recent years. 

GPR was used in this study to evaluate the effectiveness of ground improvement. 

Since the fill before and after treatment has different properties and uniformities, GPR 

technology can detect this difference. In this project, GPR parameters before and after 

ground improvement were measured, and the results were used to estimate the depth 

of influence of dynamic compaction. The results indicated that the depth of influence 

was equal or greater than 6 m, which agrees with the sand cone test results. However, 

GPR technology is fast, economical, and covers a large area, compared to sand cone 

tests. 

 

SETTLEMENT OBSERVATION 

 

The dynamic compaction was completed in December 2005. The building foundation 

was constructed after ground improvement, and settlement of the foundation was 

observed during and after the construction of the building. The settlements of the 

building were measured following the Chinese Technical Code for Deformation 
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Investigations of Buildings and Structure (JGJ/T8-97). Settlement observation points 

were set up above the ground surface on exterior walls of the building just above 

foundation level. 

The settlement observations, which began during construction of the main building 

structure in March 2006, were recorded once every half-month. The observed 

settlements are presented in Figure 2, which shows that the settlement of the building 

became stable at 12 mm rather quickly after the construction. The good performance 

shown in Figure 2 indicates that dynamic compaction effectively improved the fill in 

this mountainous area. 

 

 

Fig. 2 The observed settlement versus time of the building 

 

CONCLUSIONS 

 

The following conclusions can be drawn from this study: 

 

(1) The plate loading tests show that the allowable bearing capacity and the secant 

elastic modulus of the mountain fill after dynamic compaction were higher than 

400 kPa and equal to 34.5 MPa, respectively. The allowable bearing capacity was 

higher than the value of 220 kPa required according to the building design. 

 

(2) Sand cone tests and ground penetrating radar tests both show that the depth of 

influence was equal to or greater than 6 m.  The relative compaction of the fill 

after treatment was more than 95%.  

 

(3) The observed settlement of the building on this treated fill was rather small, which 

demonstrates the effectiveness of dynamic compaction to treat the mountain fill at 

this site. 
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ABSTRACT: Explosion has been used in several soil improvement methods in 

granular fill densification and in removing and replacing soft soil layer.  These 

methods are briefly reviewed and discussed.  A new method, the so-called explosive 

replacement method, is described.  The new method uses energy of explosion to 

remove and replace soft clay with crushed stones.  Explosive charges are placed in 

the soil to be improved according to a certain pattern.  Crushed stones are piled up 

next to the area where charges are installed.  The explosion creates cavities in the soil 

and causes the pile of crushed stones to slide into the exploded area.  A case study on 

the use of this new method to the soil improvement works for a highway is present.   

 

REVIEW OF DIFFERENT EXPLOSIVE METHODS 

 

   The use of explosion as a soil improvement method is not common.  Nevertheless, 

several explosive methods have been developed and used in practice. These include 

the explosive compaction method, the explosive piling method and the toe shooting 

method. 

   The explosive compaction is a method to use buried explosives to cause the 

densification of loose granular soil ground. This method has been used in practice in 

the United States for more than 40 years.  A number of theoretical and case studies 

have been published in the past (Hall, 1962; Chadwick and Hopkins, 1964; Mitchell, 

1970; Charlie et al. 1992; Narin van Court and Mitchell, 1995; 1998; Gandhi et 

al.,1998; Van Impe, 1989; Gohl et al., 2000; Narin van Court, 2003).  When adopting 

this method, the usual procedure consists of installing the explosive charges through a 

pipe installed to the required depth, filling the hole after the pipe is withdrawn and 

fire the charges.  So far, this method is only limited to the application of granular 

soils. 
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   Explosion is also used to form a borehole for the installation of compacted cement 

or flyash mixed soil piles.  Those piles are normally only 2 to 3 m long and are used 

for the purpose to improve the ground of clay fill or loess soil.  In using this method, 

a 22 mm diameter hole is first formed.  The borehole is then filled with a TNT and 

wood-cutting scraps mixture.  The ratio is adjusted depending on the soil type and the 

required pile diameter.  A detonator is placed at the bottom of the explosive mixture.  

After firing the charges, a cylindrical borehole of roughly 350 mm is formed. The soil 

surrounding the borehole is also compacted at the same time by the explosion.  The 

compacted zone is about 2.5 to 3 times of the borehole diameter.  Cement or flyash 

mixed soil can then be placed inside the borehole and compacted by heavy tamping in 

layers to form a pile.  More detailed construction procedure and some case studies are 

presented in Zhu et al. (2003). This method is economical and speedy.  However, it 

may only be effective when the ground water table is relatively low or when a relative 

dry borehole can be form without support.  This kind of site conditions is commonly 

encountered in the western part of China where the method has been originated.  

   When the soft ground to be improved in only within 6 m deep, it may be an 

economical option to excavate the soft clay and replace it with sand, gravel or rock 

fill.  Explosives may be used in this case as a mean to remove the soft clay. One such 

a method is described in Soil Mechanics for Road Engineers (Road Research 

Laboratory 1952) for construction over peat mires.  In this so called toe shooting 

method, charges are installed in the peat mires to blast away the peaty soil before 

competent soils can be replaced.  However, this method may not remove the weak 

soil completely. It may also be used only for a shallow depth.  Therefore, the method 

has so far only been used in muddy and swampy area where heavy construction 

machineries are difficult to be employed or the excavated soils are difficult to be 

transported.  A similar method for removing and replacing seabed mud with rocks for 

offshore dike construction has also been used recently in China.  A case study has 

been presented in Jin and Shi (1999).   

 

EXPLOSIVE REPLACEMENT METHOD 

 

Principle and Technique 
 

   The principle of the explosive replacement method is to remove soft clay and 

replace it with crushed stones using controlled blasting.  The procedure of the method 

can be illustrated in Fig. 1.  As shown in Fig. 1(a), explosive charges are first installed 

in the soft clay, and then crushed stones are piled up next to it on the side of the road 

that has been improved.  When the charges are detonated, the soft clay is blown out 

and cavities are formed.  At the same time, the crushed stones collapse into the 

cavities.  In this way, the soft soil is replaced with crushed stones in a rapid manner.  

The soil that is blown into the air will form a liquid and flow away after it falls to the 

surface.  The crushed stones after collapsing form a slope of 1V:3H or 1V:5H, as 

shown in Fig. 1(b).  The impact of the explosion also causes an instantaneous 

reduction in the shear strength of the soil below the level of explosion (Ivanon et al. 

1984) so that the crushed stones can sink into the soft clay layer.  The stones help the 

soil at the bottom to consolidate, and the clay itself will also gain part of its original 

strength after explosion (Ivanon et al. 1984).  More crushed stones are backfilled to 
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form a leveled ground and a steeper slope, as shown in Fig. 1(c).  The above process 

is then repeated to remove and replace the soil in another section. 

 

 

(a) Before Explosion 

 

 

(b) After Explosion 

 

 

(c) After Backfill 

 

FIG. 1.  Explosive displacement procedure 
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Analysis 

 

   The success of the explosive replacement method depends on the following design 

parameters: charge placement (in plan and elevation), charge weights and detonation 

sequence.  The Hopkinson’s number (HN) is often used for explosive compaction 

(Narin van Court and Mitchell, 1995): 

 

HN = (Q
1/3

)/R          (1) 

 

   Where Q = charge weight in kilograms and R = effective radius in plan in meters.  

However, for a given value of HN, there are infinite combinations of charge weight 

with radius.  Furthermore, it is difficult to select the suitable values of HN in practice.  

Based on blasting mechanics (Henrych, 1981), a new set of equation has been derived 

by Yan and Chu (2004): 

 

      (2) 

 

where: Pk = a pressure constant in Pa, �e = density of the explosive in kg/m
3
, D = 

velocity of the explosive in m/s, Pa = the atmospheric pressure in Pa, �i = the unit 

weight of soil in N/m
3
 and hc = the thickness of the soft clay above a cavity in meter.  

For TNT type of explosive, the following parameters can be chosen: density �e = 

1,100 kg/m
3
, velocity D = 6,200 m/s, Pk = 3.0 x 108 Pa.  The unit weight of the soil 

can be taken as 18,000 N/m
3
.  Substituting all the parameters into Eq. (2), we have: 

 

        (3) 

 

   As the purpose of blasting is to remove the soft clay, the thickness of the soft clay 

above a cavity should be controlled to be small.  Using hc = 0 in Eq. (3), we have: 

          (4) 

 

   Eq. (4) is equivalent to Eq. (1) when NH = 0.61.  For Q = 10 to 20 kg, we get Rvd = 

1.34 to 1.68 m from Eq. (4).  The distance between charges, L, can be estimated as: 

 

L = � R            (5) 

 

where � = 1.5 to 2.0.  When � = 2, L = the diameter of the cavity.  To allow some 

overlapping, � < 2 should be used.   
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CASE STUDY 
 

Soil Conditions 
 

   To cater for the rapid economic development, a highway connecting Ganzhou and 

Dingnan in Jiangxi Province was constructed from January 2002 to January 2004.  

The highway is 127 km long and 26.5 m wide.  A few sections of highway run 

through valley zones.  The valleys were 20 to 50 m wide with water table typically at 

the ground surface.  A typical soil profile is shown in Fig. 2.  The soils were alluvial 

in nature.  The first layer was silty clay of 6-8.5 m thick with a 0.5 to 0.6 m thick 

vegetation layer on top.  The second layer was silty gravel of 1.3 to 2 m thick 

overlying weathered sandstone.  The top 1 to 2 m of the sandstone was highly 

decomposed.  Typical soil properties of the soft clay are shown in Fig. 3.  The water 

content of the soil was generally higher than the liquid limit (Fig. 3b).  The vane shear 

strength of the silty clay was only about 20 kPa (Fig. 4c).  How to improve the soft 

clay layer speedily for highway construction became one of the challenges to this 

project.  Some of the commonly adopted soil improvement methods could not be 

applied, as these methods could not offer an expedient solution to meet the project 

schedule.  The explosive replacement method was considered feasible for this project 

for the following three reasons: 1) the construction was in a remote mountainous area, 

so blasting was permitted; 2) plenty of rocks were generated from the tunneling work 

for the same project and 3) the soft clay layer to be replaced was only about 6 to 8.5 

m thick.  After some experiments, a workable method was established and adopted 

for this highway project.    

 

 

 

FIG. 2.  Typical soil profile in the valley 
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WC = water content; LL = liquid limit; PL = plastic limit; cu = undrained shear 

strength. 

FIG. 3.  Typical soil properties 

 

Soil Improvement Work 

  

   Explosive charges were placed in the soft soil to be improved in a way as shown in 

Fig. 1(a).  Crushed stones pile of 5 – 6 m wide and 1 – 2 m high was placed behind 

the area where dynamite was installed.  The charges were installed at a horizontal 

spacing of 2 m in one row.  The embedded depth and the weight of the charge were 

determined based on the depth of the clay layer as calculated using Eq. (3) as shown 

in Table 1.  TNT type of explosive was used. 

  

Table 1.  Calculation on The Weight of Each Charge 

 

Depth of soil, h (m) 5 6 7 8 

Distance between charges, L (m) 2 2 2 2 

�  in Eq. (15) 1.7 1.6 1.5 1.5 

Radius of cavity, Rvd (m) 1.18 1.25 1.33 1.33 

Thickness of soft clay above cavity, hc (m) 2.65 3.50 4.33 5.34 

Embedded depth for charges, hc + Rvd (m)  3.83 4.75 5.66 6.67 

Weight of each charge, Q (kg) 9.5 12.2 15.7 16.8 

Weight of each charge used, Qu (kg) 16 20 24 24 

 

   Embankment of typical 6 m high (see Fig. 4) was constructed after the soil 

improvement work. . 
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   The GPR system was used in this project adopted  This frequency was chosen to 

suit the depth of the crushed stone layer.  GPR tests were conducted along 6 lines of a 

total length of 417 m.  Among them, 2 lines were along the longitudinal direction and 

4 lines along the transverse direction of the highway.  One scanned profile is shown 

in Fig. 5.  The crushed stones in the top 5 m of the soil profile were detected.  Soft 

clay pockets within this layer could also be identified from the image, as indicated by 

arrows in Fig. 5.  However, the stones in the deeper layer could not be identified 

clearly from the image.  This could be because the radar wave became much less 

ineffective when it penetrated the layer of stones embedded in clay. 

 

 

FIG. 4.  A typical cross-section of the road 

 

 

 

FIG. 5.  An image of ground-probing radar 
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SUMMARY 

 

   A new explosive replacement method was developed and adopted for the soil 

improvement work of a highway project in Jiangxi, China.  The method uses the 

energy of explosion to remove and replace soft clay with crushed stones.  Explosive 

charges were placed in the soil to be improved according to a certain pattern.  

Crushed stones were piled up next to the area where charges were installed.  The 

explosion created cavities in the soil and caused the pile of crushed stones to slide 

into the exploded area.  Based on blasting mechanics (Henrych 1979), a set of 

equations regarding the weight of the charge and the radius of the explosive cavity 

were derived to calculate the weight of the charges and the spacing between the 

charges.  The design of the charges was made using the equations and the results were 

found to be satisfactory.  A method to install charges was also developed and used in 

this project.  The borehole exploration after the soil improvement revealed that the 

crushed stones were densely packed in the top 5 to 6 m, but were embedded in clay in 

the bottom 3 to 4 m.  The ground-probing radar adopted was effective in detecting the 

layer of the densely packed crushed stones.  
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ABSTRACT: In areas where river sediments are thick, construction of earth dams by 

excavating these sediments and replacing with compacted fill causes significant cost 

increases. River sediments consists of, in terms of soil mechanics, either granular 

(sand, gravel) or fine-grained (silt, clay) materials. Granular sediments can be 

improved with relative ease against instability and compressibility; however, because 

such deposits are highly permeable, additional measures are required to prevent 

seepage loss through the dam foundation. Fine-grained deposits, if they do not 

contain extensive sand or gravel lenses, offer fewer problems relative to seepage loss 

and may not require seepage control measures. However, such materials typically 

have low strength and high compressibility and present stability and settlement 

concerns. The objective of this article is to present examples of earth dams founded 

directly over fine-grained river sediments. Available methods for improvement of 

highly compressible, low strength deposits are limited. Staged construction (although 

it is time-consuming, it can be accelerated to reasonable levels with prefabricated 

vertical drains) and column-supported earth fill (although more expensive it enables 

accelerated construction) can be cited as two main approaches for this purpose. 

Because it is generally more economical, the design principles of staged construction 

and the relevant methods of analysis are presented herein. Alibey Dam for slow 

staged construction and Hamzadere dam (not yet constructed) for accelerated staged 

construction are cited as examples of this approach. The results of analyses and 

observations indicate that earth dams can be constructed directly on soft fine-grained 

river sediments with appropriate ground improvement. 

 

 

INTRODUCTION 

 

 In areas where river sediments are thick, construction of earth dams by excavating 

these sediments and replacing with compacted fill causes significant cost increases 

(33% or more). River sediments consists of, in terms of soil mechanics, either 

granular (sand, gravel) or fine-grained (silt, clay) materials. Granular sediments can 

be improved with relative ease against instability and compressibility; however, 

because such deposits are highly permeable, additional measures are required to 

prevent seepage loss through the dam foundation. Fine-grained deposits, if they do 
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not contain extensive sand or gravel lenses, offer fewer problems relative to seepage 

loss and may not require seepage control measures. However, such materials 

typically have low strength and high compressibility and present stability and 

settlement concerns. The objective of this article is to present examples of earth dams 

founded directly over fine-grained river sediments. 

   In construction of earth dams over soft ground, maintenance of stability during 

construction is the primary criterion; however, the nature and magnitude of 

deformations and keeping deformations within acceptable limits are important 

considerations for dam performance. Earth dams apply high stresses on their 

foundation and may cause excessive deformations leading to cracking and potential 

failure of the dam. To overcome this problem, foundation soils of the dam need to be 

improved. The options for ground improvement are limited in the case of highly 

compressible and low-strength fine-grained soils and can be grouped under:  

 

i) Staged construction (takes time but can be accelerated by prefabricated vertical 

drains (PVD)  

ii) Column-supported fill (allows faster construction but typically more 

expensive)  

 

There are relatively few earth dams founded on soft ground.  In early attempts certain 

problems were experienced. For example, West Branch Dam in Ohio, USA was a 

24.5-m high dam founded on a 20-m thick clay deposit. When the fill height reached 

23 m, longitudinal cracks 25 mm wide developed. Willard Dam in Utah, USA was a 

11-m high dam founded on a 30.5-m clay deposit. This dam was successfully 

constructed by staged construction spanning 14 years following an extensive 

investigation including a test fill.  Another successful example is Union Dam and not 

so successful example is Seven Sisters Dam in the USA (Lambe et al. 1967). 

   To accelerate construction of fills over soft ground by either staged construction or 

preloading, sand drains or prefabricated vertical drains (PVD) are used to increase 

stability. PVD became available in late 1970’s and in 1980s mostly replaced vertical 

sand drains patented in 1920s. PVDs are used widely in fill construction because of 

its ease of placement and cost effectiveness. Although examples of earth dam 

construction with PVD are limited, Rafferty and Coulee East Dams in Canada and 

Juturnaiba Dam in Brazil can be cited (Holubec vd 1994, Chin vd. 1991, Cotinho, 

1994) (Fig. 1).  

   Examples of two dams in Turkey are presented herein:  Alibey Dam for slow staged 

construction and Hamzadere Dam (not yet constructed) for accelerated staged 

construction. 
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Rafferty Dam (after Holubec et al. 1994) 

 

 

 

Coulee East Dam (After Chin et al. 1991) 

 

 

 

Juturnaiba Dam (After Coutinho 1994) 

 

FIG. 1.  Dams built on soft soils 

 

 

ALIBEY DAM:  SLOW STAGED CONSTRUCTION  

  

   The construction of Alibey Dam started in 1968 to create a reservoir to meet the 

water requirements of the increasing population and rapid industrialization in 

metropolitan Istanbul. The dam, finished in 15 years by staged-construction, is 

located in a valley with base sediments comprised of a 30-meter thick medium stiff 

clay deposit with increasing consistency with depth and includes occasional sand 
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bands. In the preliminary planning studies, two construction alternatives were 

considered: staged-construction on the existing clay layer and excavation of the clay 

layer and construction of the dam on the bedrock. The staged-construction option was 

chosen for economic reasons. Alibey Dam consists of upstream and downstream 

cofferdams, main body, and the areal intermediate fills between these embankments 

including a test embankment. The cross section of the dam is shown in Fig. 2. The 

dam, with an earth fill volume of approximately 2 million cubic meters, has an 

unconventional cross section and was constructed in stages.  

   An extensive field instrumentation scheme, consisting of mechanical and hydraulic 

systems, was incorporated to monitor the rate of construction against undrained 

failure. The instrumentation included 16 settlement plates along various fills, 88 

various types of piezometers, and 5 inclinometers that allowed observation of the 

behavior of the dam foundation under applied loads. During the construction and 

many years after the construction of the earthfill embankments, including the 

cofferdams and the intermediate fills, the response of the foundation soils was 

monitored generating a unique long-term (over 25 years) database. With proper 

instrumentation and careful monitoring of the collected data, field construction rates 

were adjusted and the earth dam was safely founded on thick soft deposits. Recently, 

the foundation performance was analyzed using modern methods of analysis 

supplemented with additional standard subsurface exploration and field and 

conventional laboratory testing to obtain the relevant elasto-plastic constitutive model 

parameters (Ozcoban et al. 2007). A plane-strain finite element method employing 

elasto-plastic soil models in a coupled analysis, in which instantaneous loading 

without drainage to allow development of pore pressures followed by subsequent 

consolidation was employed. The main challenge was to establish the operating 

hydraulic properties and drainage conditions. Because the upstream cofferdam is 

quite far away from the main dam (Fig. 2), and it was built before the others, it was 

numerically modeled separately and the results were compared with the field 

measurements to verify the geotechnical parameters, especially the operating 

hydraulic conductivity used in the analysis. These parameters were then consistently 

used to model construction sequence of the rest of the fill including the main body of 

the dam. The complex staged construction program of the dam, which started with 

the upstream cofferdam embankment in November 1967 and later continued with the 

filling of the dam body in April 1970, is shown in Fig. 2. The results of the analyses 

simulating the construction of the entire fill cross section as a single unit are 

compared with the available field data at 5 different axes of the earthfill involving 

different fill heights in Fig. 2. It is observed that the coupled numerical analysis 

provides an exceptionally good simulation of both the magnitude and rate of 

settlement with applied fill loads consistently at all locations. The recorded settlement 

at the main body of the dam, which had a final load of 640 kPa, was 4.34 m over 24 

years. Further details of this case can be found in Ozcoban et al. (2007). 
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FIG. 2 Staged construction program and recorded and predicted settlements by 

coupled numerical analysis at five different sections 

 

 

HAMZADERE DAM: ACCELERATED STAGED CONSTRUCTION  

 

Hamzadere Dam is a 26.5-m high and 9,750-m long dam in northwest Turkey 

planned for irrigation. The subsurface deposits at the dam location consist of a15-m 

deep on the average (maximum 21 m) soft alluvial clay deposit underlain by bedrock. 

Originally, it was contemplated to replace the soft alluvial deposit with a competent 

fill material to form a firm foundation for the body of the dam. This approach would 

result in extra fill volume (1,800,000 m
3
) that is larger than the body of the dam. The 

low strength of the alluvial deposit (cu=20 kPa) and the high groundwater table 

(within 1 m of the surface) generated concern about the difficulty of undertaking the 

extensive excavation of the alluvial deposit in terms of maintaing stable excavation 

slopes and control of seepage. Consequently, it was decided to undertake a feasibility 

study of in situ improvement of the alluvial deposit. After reviewing several 

alternatives, staged construction accelerated with PVDs was selected as a cost-

effective (estimated to cost 33% less than the original plan) and relatively easy 

method to meet the tight requirements for construction duration (i.e., about 2 years) 

with appropriate levels stability. The necessary analyses to meet the project criteria 

are presented. 
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Subsurface Conditions and Soil properties 

   Based on borings and geophysical explorations made at different times, the 

idealized longitudinal subsurface stratigraphy shown in Fig. 3 is obtained. The model 

parameters of the soil units of the foundation and the body of the dam based on the 

field and laboratory tests are given in Table 1. The analyses were undertaken using a 

finite element code PLAXIS 8.2 (2002) using two constitutive models (SSM= Soft 

Soil Model and MC= Mohr-Coulomb Model). 

 

FIG. 3.  The idealized longitudinal subsurface cross section of Hamzadere  Dam 

(Ozaydın et al. 2007) 
 

Table 1. Soil parameters used in the analyses 
 

Soil property Symbol Units Soft clay 
Medium stiff  

clay 

Dam 

fill 

Sand 

blanke

t 

Constitutive 

Modeli 
- - SSM

1
 SSM

1
 MC

2
 MC

2
 

Unsaturated unit 

weight 

�unsat 

 
kN/m

3
 16.5 18 19 17 

Saturated unit 

weight 

�sat 

 
kN/m

3
 18 19 20 17 

Vertical 

Permeability 

kv 

 
m/d 8.6 x 10

-6 
8.6 x 10

-6
 4.3x10

-4
 0.86 

Horizontal  

Permeability 

kh 

 
m/d (8.6 – 17.2) x10

-6
 (8.6 – 17.2) x 10

-6
 4.3x10

-4
 0.86 

Internal friction 

angle 
�� 0

 21 24 23 30
 

Effective cohezion c� kPa 10 10 50 1 

Compression index �* - 0.09 0.05 - - 

Swelling index �* - 0.02 0.01 - - 

Over consolidation 

ratio 
OCR - 1 1 1 1 

Poisson’s Ratio 
�� - 0.15 0.15 0.40 0.30 

Secant Modulus E�50 Mpa - - 50 30
 

Perm. change 

index 
Ck - 0.70 0.43 - - 

1
 SSM= Soft Soil Model,  

2
 MC= Mohr-Coulomb Model 
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Soil Behavior with PVD Under Staged Fill  
 

   The body of Hamzadere Dam was considered to be a homogeneous fill with flatter 

side slopes constructed using the alluvial clays from the river bed instead of the 

originally proposed clay-cored rockfill dam founded on competent foundation fill 

replacing the alluvial deposits. In the new dam cross section, crest width is 10 m, 

upstream slope is 1V:3.5H and the downstream slope is 1V:3H. This section is shown 

in Fig. 4.   

 

 

 

FIG. 4. The homogeneous dam cross section used in the analyses 

 

   The potential behavior of the the dam and the soft clay foundation deposit is 

investigated using stress-strain-consolidation coupled analysis taking into account 

each stage of construction using the material properties given in Table 1 by PLAXIS 

8.2 finite element code. The two-dimensional modeling of consolidation of a deposit 

with PVDs requires that the hydraulic conductivity of the deposit and the drain 

spacing has to be adjusted to provide the same discharge capacity as in the axi-

symmetrical case. Indraratna ve Redana (1997) developed a relationship for the 

equivalent horizontal hydraulic conductivity to be used in the two-dimensional model 

for the axi-symmetric drainage of PVD, taking into account the size and reduced 

hydraulic conductivity of the smear zone generated during PVD installation. This 

relationship was used in the analyses. 

   The groundwater table was taken at 1 m below the existing ground surface. An 

approximately 1-m thick horizontal drainage blanket with a minimum hydraulic 

conductivity of 0.1 cm/s is planned over the ground surface to provide drainage to 

PVDs. This layer would be blinded after the construction of the dam with a clay berm 

on the upstream side of the dam. The downstream portion of the drainage blanket 

would be tied to a chimney drain incorporated into the body of the dam. 

   In staged construction, the parameters of the filling program are the height of each 
stage of filling, rate of filling, and the waiting period before commencing the next 
stage filling. These parameters are determined in a manner to maintain the necessary 
safety factor for sliding stability while minimizing the construction duration. The 
main factors that govern the staged construction program are the strength properties 
and horizontal permeability of the soft soils (somewhat reduced after the insertion of 
PVD due to disturbance) and the PVD spacing. Parametric studies were undertaken to 
minimize the construction time by varying the PVD spacing and fill thickness during 
staged construction. The influence of the anistotropy and the magnitude of hydraulic 
conductivity relative to the values measured in the laboratory tests on the project 
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criteria were also studied. The hydraulic conductivity was measured in consolidation 
cells on undisturbed samples trimmed in vertical and horizontal directions and in a 
Rowe consolidation cell with radial flow. These parametric studies indicated that the 
homogeneous fill dam can be constructed using PVDs placed in a triangular pattern 
with a spacing of 1 m (the spacing could be increased to 1.5 m after the observations 
during the first stage of construction) covering the footprint of the dam plus 8 m on 
either side. These spacings are based on the assumption of the lowest likely hydraulic 
conductivity kh= 2kv= 2x10-10 m/s of the foundation clay. PVD discharge capacity 
was specified to exceed 1.5x10-5 m3/s with the PVD filter having a characteristic 
opening size (O90) less than 80 μm. The width to thickness ratio of PVD is specified 
to be 50 and to be driven with a rectangular mandrel having a maximum cross 
sectional area of 65 cm2. The safety factors calculated corresponding to the 
completion of each stage of filling (the most critical time) are given in Table 2. The 
safety factors are greater than 1.3 in all stages indicating that the construction can be 
completed safely according to this program in 585 days. The rate of construction is 
also consistent with the rate of PVD installation (assuming several rigs operating 
simultaneously) and the contractor capability of filling rate in the country. 
 

Table 2. Staged filling program and the calculated safety factors for PVD 

spacing of 1 m and kh=2kv = 2x10
-10 

m/s 
 

Construction 

Stage 

Fill 

Thickness 

(m) 

Filling  

Duration 

(d) 

Consolidation  

Waiting Period 

(d) 

Stage 

Completion 

 Duration 

(d) 

Safety Factor* 

(at the completion 

of each stage of 

filling) 

1 4 45 45 90 2.16 

2 4 40 45 85 1.53 

3 4 35 60 95 1.38 

4 4 30 60 90 1.36 

5 4 30 60 90 1.40 

6 4 30 75 105 1.36 

7 5 30  30 1.34 

*Calculated by strength reduction method in finite element analysis (Dawson et al. 1999)  

 

   The settlement-time response during construction is shown in Fig. 5 along with the 

staged construction filling program. The final settlement profile of the dam 

foundation is shown in Fig. 6. The final settlement is expected to be approximately 

3.5 m under the center of the dam.  

   The approach summarized indicated that Hamzadere Dam can be constructed safely 

within the 2 year construction duration prescribed by staged construction with the 

specified waiting periods in each stage. An instrumented test fill or alternatively 

observations during the first stage construction are recommended to adjust the 

spacing of the PVDs from 1 m up. The stability of the dam after construction under 

an earthquake horizontal acceleration factor of 0.15 g was analyzed and a safety 

factor of 1.1 for the full reservoir condition was obtained. Sudden drawdown of the 

reservoir was also considered and a safety factor of 1.2 was obtained. These values 

were considered satisfactory under service conditions. 

305ADVANCES IN GHOUND IMPROVEMENT



 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

FIG. 5. Staged filling program and the expected settlement-time response (Ozaydın 

et al. 2007) 

 

FIG. 6. The final settlement profile at the dam foundation (Ozaydın et al. 2007) 

 

SUMMARY AND CONCLUSIONS 

 

Replacement of thick soft alluvial deposits in riverbeds with controlled fills to 

provide a stable foundation for the construction of earth dams increases construction 

costs significantly (by one third or more). Fine-grained alluvial deposits, as long as 

they don’t contain continuous sand and gravel lenses, do not present seepage 

problems; however, because of their relatively low strength and high compressibility, 

F
il

l 
h

e
ig

h
t 

(m
) 

Time (day) 

S
e
tt

le
m

e
n

t 
 (

m
) 

306 ADVANCES IN GHOUND IMPROVEMENT



they present stability and settlement problems as dam foundation. Ground 

improvement technologies can be used to found earth dams on such fine-grained soft 

alluvial deposits. Staged construction is a cost effective technology that is widely 

used in construction of low fills (such as highway fills) over soft ground. Staged 

construction can also be used in constructing of earth dams, which are typically 

higher fills (20-30 m high), and the rate of construction can be accelerated to 

reasonable levels (from 15 years to 2 years) with prefabricated vertical drains. 

Examples of staged construction of earth dams are presented with a description of the 

method of analysis used to develop the staged construction program (height, rate, and 

duration of stage filling) for a stable construction. Field verified analyses indicate that 

earth dams can be founded directly on existing soft deposits and past cases show 

potential cracking is not a problem as long as laterally uniform subsurface conditions 

prevail and attention is given to the transition to the abudments. 
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ABSTRACT:  The vacuum preloading method has been used in a number of 

countries for soil improvement and land reclamation works.  Prefabricated vertical 

drains are normally used together with the vacuum preloading technique. When a 

surcharge load larger than the vacuum load is required, a combined vacuum and fill 

surcharge preloading method is also adopted.  The mechanism of the vacuum 

preloading method is explained by examining the pore water pressure and effective 

stress changes in both the fill surcharge and vacuum preloading cases.  Two case 

studies are presented to illustrate the applications of the vacuum preloading method 

and the combined vacuum and fill surcharge preloading method.  Discussions on the 

effective depth of the vacuum preloading method and the methods to estimate the 

degree of consolidation are also made.   

 

INTRODUCTION 

 

   One of the commonly used soil improvement methods for soft clay is vacuum 

preloading.  This method has been successfully used in a number of countries for land 

reclamation and soil improvement work (Holtz 1975; Choa 1990; Jacob et al. 1994; 

Bergado et al. 1998; Chu et al. 2000).  Sand drains and, more recently, prefabricated 

vertical drains (PVDs) have often been used to distribute the vacuum load and to 

discharge pore water.  A vacuum load of 80 kPa or greater can be applied and 

maintained as long as necessary.  When a higher preload is required, a combination of 

vacuum and fill surcharge can be applied.  Compared with the fill surcharge method 

for an equivalent load, the vacuum preloading method is cheaper and faster (Chu et al. 

2000).  The vacuum preloading method has also been incorporated in the land 

reclamation process when clay slurry dredged from the seabed is used as fill for land 

reclamation.  Since the clay slurry fill is too soft for a fill surcharge to be applied, the 

vacuum preloading method is used to expedite the consolidation of the clay slurry.  

308



Thousands of hectares of land have been reclaimed in Tianjin, China, using the 

vacuum preloading method.  When the reclaimed land is subsequently used for 

industrial and infrastructure developments, the vacuum preloading method may be 

used again to improve the foundation soil, which consists of a layer of consolidated 

slurry fill and the underlain by seabed marine clay (Chen and Bao 1983). 

   In this paper, the mechanism of vacuum preloading is explained by examining the 

pore water pressure and effective stress changes in both fill surcharge and vacuum 

preloading cases. A case study is presented to illustrate the application of the 

combined vacuum and fill surcharge preloading method for the improvement of an oil 

storage station.  

 

MECHANISM OF VACUUM PRELOADING 

 

   The principles and mechanism of vacuum preloading have been well explained in 

the literature, e.g., Kjellman (1952), Holtz (1975), Qian et al. (1992) and Chu et al. 

(2000). To assist in explaining the interpretations adopted later in the case study, the 

pore water pressure and effective stress change processes in both fill and vacuum 

preloading are examined here. 

   The consolidation process of soil under a surcharge load has been well understood 

and can be illustrated using the spring analogy, as shown in Fig. 1(a).  For the 

convenience of explanation, the pressures in Fig. 1 are given in absolute values and pa 

is the atmospheric pressure.  As shown in Fig. 1(a), the instant when a surcharge load, 

�p, is applied, it is the excess pore water pressure that takes the load.  Therefore, the 

initial excess pore water pressure, �u, is  equal to the same as the surcharge �p.  

Gradually, the excess pore water pressure dissipated and the load is transferred from 

the water to the spring (i.e., the soil skeleton) in the model shown in Fig. 1(a).  The 

incremental change in  effective stress, ��’, equals the amount of pore water pressure 

dissipated, �p – �u.  At the end of consol idation, �u = 0 and the total gain in the 

effective stress is the same as the surcharge, �p.  It should be noted that the above 

process is not affected by the atmospheric pressure, pa. 

   The mechanism of vacuum preloading can also be illustrated in a similar manner 

using the spring analogy shown in Fig. 1(b).  When a vacuum load is applied to the 

system shown in Fig. 1(b), the pore water pressure in the soil decreases.  As the total 

stress applied does not change, the effective stress in the soil increases.  The instance 

when the vacuum load, –�u, is applied, the pore water pressure in the soil is still pa.  

Gradually, the pore pressure is decreasing and the spring starts compressing, that is, 

the soil skeleton starts to gain effective stress.  The incremental change in effective 

stress increment equals to the amount of pore water pressure dissipated, �u, which 

will not exceed the atmospheric pressure, pa, or approximately 80 kPa (typically 

encountered in practice. 
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(a) under fill surcharge 

 

 

 

 

(b) under vacuum load 

 

FIG. 1.  Spring analog of consolidation process 

 

   For an idealized soil profile with the water table and a single drainage boundary at 

the ground level, the distribution of pore water pressure and effective stress with depth 

at a given time during consolidation are plotted in Figs. 2(a) and 2(b) for surcharge 

and vacuum preloading respectively.  Under a surcharge load, the corresponding 

vertical effective stress at time t, �
’

v(z), equals to �� v – ut(z), where �� v is the 

surcharge and ut(z) is the excess pore water pressure at the same time t.  As the pore 

water pressure increases with depth, the effective stress decreases with depth as shown 

in Fig. 2(a).  Under a vacuum load, the effective stress equals �0’ + u0(z) ut(z), where 

�0’ is the initial effective overburden stress, u0(z) is the hydrostatic pore water 

pressure, and ut(z) is the pore water pressure.  When the vacuum pressure is applied at 

the ground level, ut(z) is lowest at the top of the layer.  Therefore, the effective stress 

will be the largest at the top (Fig. 2(b)).  It should be pointed out that in the case of 

vacuum preloading, the incremental in effective stress cannot exceed 98 kPa, although 

the effective stress in the soil can be higher than 98 kPa.   
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   It will be shown in the case studies that the above simplified model properly depicts 

the pore water pressures change process in the soil under vacuum preloading.    

 

 

Pore water pressure change            Effective stress change 

(a) under fill surcharge 

 

Pore water pressure change            Effective stress change 

(b) under vacuum load 

 

u0(z) = hydrostatic pore water pressure profile; �v(z)� = effective stress at time t 

ut(z) = excess pore water pressure at time t  us(z) = suction line 

�0�   = initial effective overburden stress 

 

FIG. 2.  Pore water pressure and effective stress changes 

 

CASE STUDY: SOIL IMPROVENT FOR AN OIL STORAGE STATION  
 

   An oil storage station was constructed in 1996 near the coast of Tainjin, China, on a 

site which had been recently reclaimed using clay slurry dredged from the seabed.   

   The site for the oil storage station covered a total area of approximately 50,000 m
2
, 

as shown in Fig. 3. For the purposes of soil improvement, the site was divided into 
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two sections: Section I of 30,000 m
2
, and Section II of 20,000 m

2
. 

 

 

 

The soil had a high water content, was very soft and was still undergoing 

consolidation. The seabed soil on which the dredged slurry was deposited was also 

soft at the time the site was reclaimed.  The site soil conditions needed to be improved 

before any construction work could be carried out. Several soil improvement schemes 

were considered.  Preloading using a fill surcharge was not feasible as it is difficult to 

build a fill embankment several meters high on soft clay.  Vacuum preloading was 

adopted as it was considered the most suitable and cost effective method for this 

project. 

  The soil profile included two layers that required improvement. The first layer is the 

filled-in soft clay, approximately 4 to 5 m thick, consolidating from dredged slurry.. 

The second layer is the seabed marine clay, which underlain the soft clay layer, and 

was approximately 10 to 16 m thick and was underlain by a stiff sandy silt layer. The 

marine clay layer was further divided into three sublayers according to the USCS 

classification system: (1) a low plasticity silty clay (ML) layer of 2 to 4 m thick, (2) a 

low to medium plasticity clay (CL) layer of 7 to 8 m thick, and (3) a low plasticity 

silty clay (ML) layer which was relatively stiff.  The basic engineering properties of 

the soils are shown graphically in Fig. 4.  It can be seen from Figs. 4(a) and 4(b) that 

except at the bottom of the marine clay layer, the water content (W) of the soil was 

generally at or above the liquid limit (LL), and the undrained shear strength (Cu) of the 

clay was generally low. The coefficient of consolidation in the horizontal direction 

was in the range of 1.1 to 4.7 x 10
-3

 cm
2
/s. 

   The soil improvement work was carried out as follows.  As the ground surface was 

very soft, a 2 m thick partially dried clayey fill with a 0.3 m sand blanket on top was 

first placed.  Prefabricated vertical drains (PVDs) were then installed on a 1.0 m by 

1.0 m square grid pattern to a depth of 20 m.  Corrugated flexible pipes with an 
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FIG. 3.  Project site and plan view of instrumentation 
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internal diameter of 100 mm were laid horizontally in the sand blanket to link the 

PVDs to the main vacuum pressure line. The horizontal pipes were perforated and 

wrapped with a permeable fabric textile to act as a filter layer.  Three layers of thin 

PVC membrane were laid to seal each section (Fig. 3). Vacuum pressure was then 

applied using vacuum pumps. 

 

  

 

FIG. 4.  Basic soil properties 

 

  The arrangement of the vacuum preloading method adopted is shown schematically 

in Fig. 5.  The vacuum pressure was applied continuously for 4 months until the 

required degree of consolidation was achieved and the settlement rate for a 

consecutive 10 day period was less than 2 mm/day. The average vacuum pressure was 

80 kPa. The total surcharge applied was approximately 120 kPa, including the 2 m of 

fill and 0.3 m sand blanket. 

   After the installation of the PVDs, instruments including pore water pressure gauges, 

surface settlement plates, multilevel settlement gauges, piezometers, and inclinometers 

were installed in both sections to monitor the system performance.  Before and after 

the soil improvement, undisturbed soil samples were obtained and field vane shear 

tests were conducted.  

   The monitored settlement versus time curves for both sections are presented in Fig. 

6. The surface settlement at the end of preloading was 85.6 cm and 92.5 cm for 

Sections I and II, respectively. 

   Under the vacuum load, the pore water pressure in the soil decreased. The decrease 

in the pore water pressure at different depths in the soil profile is plotted versus time in 

Fig. 7.  It can be seen that the pore water pressure at every depth is decreasing towards 

the toe suction line, which indicates that the vacuum preloading was very effective 

throughout the entire depth. 
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FIG. 5.  Schematic arrangement of vacuum preloading method. 

 

 

 

FIG. 6.  Settlement plotted against duration of vacuum loading 
 

1, drains; 2, filter piping;  3, revetment; 4, water outlet; 

5, valve; 6, vacuum gauge; 7, jet pump; 8, centrifugal pump; 

9, trench; 10, horizontal piping; 11, sealing membrane. 

Evaluations 
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FIG. 7.  Pore water pressure reduction against duration of vacuum loading 
 

   The vacuum load caused an inward lateral movement in the soil.  The lateral 

displacements monitored at various depths and at different times are presented in 

Fig.8.  

 

 

 

FIG. 8.  Lateral displacements at different elevations  
 

   Field vane shear tests were conducted before and after vacuum preloading in both 

Section I and II, and the results are presented in Fig. 9. On average, it can be seen that 

after vacuum preloading, the undrained shear strength increased as much as 2 to 3 

times the pre-testing strength for both sections. 

 

Date 
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(a) at Section I  (b) at Section II 

FIG. 9.  Field vane shear test results measured before and after vacuum 

preloading  

 

CONCLUDING REMARKS 
 

   A case study illustrating the application of the vacuum preloading method to the 

improvement of soft clay is reported.  Based on the study, the vacuum distribution 

system comprised of PVDs at a 1.0 m-by-1.0 m square grid pattern together with 

horizontal corrugated flexible collector pipes with 100 mm in diameter was effective 

in distributing the vacuum pressure and collecting drained water. The total ground 

settlement was more than one meter.  The undrained shear strength as measured by 

field vane shear tests increased by two-fold.  A substantial reduction in the water 

content was observed.  
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