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Series Preface

I am delighted to introduce the new Elsevier Geo-Engineering Book Series. Our objective
is to publish high quality books on subjects within the broad Geo-Engineering subject 
area — e.g. on engineering geology, soil mechanics, rock mechanics, civil/mining/envi-
ronmental/petroleum engineering, etc. The topics potentially include theory, ground char-
acterization, modelling, laboratory testing, engineering design, construction and case
studies. 

The principles of physics form a common basis for all the subjects, but the way in
which this physics is manifested across the wide spectrum of geo-engineering applications
provides a rich variety of potential book themes. Accordingly, we anticipate that an excit-
ing series of books will be developed in the years ahead.

We welcome proposals for new books. Please send these to me at the email address
below.

Professor John A Hudson FREng
Editor-in-Chief

jah@rockeng.co.uk
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Preface

Ground improvement has been both a science and art, with significant developments
observed through ancient history.  From the use of straw as blended infill with soils for addi-
tional strength during the ancient Roman civilizations, and the use of elephants for com-
paction of earth dams during the early Asian civilizations, the concepts of reinforced earth
with geosynthetics, use of electrokinetics and thermal modifications of soils have come a
long way.  The use of large and stiff stone columns and subsequent sand drains in the past
has now been replaced by quicker to install and more effective prefabricated vertical drains,
which have also eliminated the need for more expensive soil improvement methods.

The early selection and application of the most appropriate ground improvement tech-
niques can improve considerably not only the design and performance of foundations and
earth structures, including embankments, cut slopes, roads, railways and tailings dams, but
also result in their cost-effectiveness. Ground improvement works have become increas-
ingly challenging when more and more problematic soils and marginal land have to be uti-
lized for infrastructure development. 

This edited compilation contains a collection of chapters from invited experts in vari-
ous areas of ground improvement, who have illustrated the basic concepts and the appli-
cations of different ground improvement techniques using real projects that they have been
involved in. The case histories from many countries ranging from Asia, America, Australia
and Europe are addressed.

According to the topics, the Volume has been divided in to 5 Themes:

1. Preloading and Vertical Drains: 9 Chapters
2. Modification by Chemical Admixtures: 6 Chapters
3. Physical Modification Methods including Grouting, Compaction and Drainage:

10 Chapters
4. Modification by Geosynthetics and other Inclusions: 8 Chapters
5. Electro-kinetic, Thermal and Explosion-based Techniques: 5 Chapters

Each chapter presents one or more cases on specific ground improvement techniques.
All chapters are written by international experts from both academia and practice as stand-
alone contributions.  In addition, the relevant concepts and theories are elucidated in at
least one chapter in each Theme. Different soils or ground materials are discussed by about
80 authors and co-authors including slurry, soft clays, sands, tailings and waste materials.
Various ground improvement techniques that seek to enhance the engineering properties
of soil to achieve the desired project goals are presented in the above mentioned Themes.
Most chapters provide an overview of the specific technology followed by applications,
and in some cases, comprehensive back analysis through numerical modeling is discussed.
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Environmental and economic advantages are also addressed as warranted. An extensive list
of references is provided at the end of each chapter. 

We are most grateful for all authors and co-authors whose efforts when put together
have produced this comprehensive volume of well-described case histories, which reflect
a balanced international expert view on ground improvement. The Editors also wish to
acknowledge the efforts of Mr. C. Rujikiatkamjorn and Mr. I. Sathananthan (PhD Students
at University of Wollongong) for their invaluable assistance during the editing phase of the
Chapters, Prof. Sven Hansbo and Prof. A. S. Balasubramaniam for their technical sugges-
tions and encouragement on various occasions, Prof. John Hudson (Imperial College,
London), for promoting the publication of this Book through the Elsevier Geo-Engineering
Series, and to Mr. Nick Pinfield (Elsevier) for his enthusiastic assistance during publish-
ing. The assistance of Bill Clayton and Manori Indraratna during the final copy editing and
proof reading of various Chapters is also appreciated.

Buddhima Indraratna
Jian Chu
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Dedicated to the many thousands who lost their lives in the tsunami disaster that occurred
on the 26 December 2004 in the South and Southeast Asia. It is hoped that the ground
improvement techniques presented in this book will be useful for the reconstruction of the
affected regions.
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Chapter 1

Experience of Consolidation Process from Test
Areas with and without Vertical Drains

Sven Hansbo1

Chalmers University of Technology, Gothenburg, Sweden

ABSTRACT

Two different methods of how to analyse the consolidation process arising due to loading
of soft clay deposits are presented, one of which is the classical approach based on valid-
ity and the other on non-validity of Darcy’s law at small hydraulic gradients. The two
methods of analysis are compared with results of full-scale loading tests on areas without
vertical drains and areas provided with vertical drains. Two test areas in Sweden without
vertical drains are presented, which have been followed up by pore pressure and settlement
observations for half a century. The results obtained in these test areas is of particular inter-
est since the observed delay in excess pore pressure dissipation in relation to what would
be expected according to Terzaghi’s one-dimensional consolidation theory has been
explained to be due to the influence of creep (secondary consolidation). However, the con-
solidation process based on non-Darcian flow yields better agreement with the pore pres-
sure observations than the theory based on the assumed effect of creep. Well-instrumented
test areas provided with vertical sand drains or prefabricated band-shaped drains, estab-
lished in Sweden, Thailand and Italy, are also presented. In one of the cases described, sur-
face loading was replaced by the vacuum method. Although the consolidation
characteristics of the soil in the test areas and the contract project are quite different, a bet-
ter correspondence between practice and theory based on non-Darcian flow is obtained in
all the studied cases than with theory based on Darcian flow. Finally, a study made in con-
nection with the extension of the Stockholm–Arlanda project with band drain installation
is presented. In this case, due to heavy loading causing high hydraulic gradients, an accept-
able correlation between theory and practice is obtained also by the assumption of Darcian
flow.

1Also consulting engineer, WSP Stockholm.



1. INTRODUCTION

Land reclamation works and the need of improving infrastructures in areas with bad
soil conditions have created an increasing interest in soil improvement. Among the
methods utilised for this purpose, we find vertical drainage in combination with pre-
loading, deep soil mixing with e.g. lime/cement, electro-osmosis and heavy tamping
(dynamic consolidation). Case records, including all these soil improvement methods,
have been published (e.g. Hansbo, 1994, 2004; Moseley and Kirsch, 2004). In this
paper, various aspects of how to analyse the consolidation process arising due to load-
ing of soft clay deposits are discussed (a complete review of the development of the
theoretical approach to the problem of vertical drainage is presented by the author in
Moseley and Kirsch, 2004). The results obtained by the analytical solutions are com-
pared with observations made in a number of test areas with vertical drain installations
and test areas without vertical drains. The analysis of the consolidation process is car-
ried out on one hand on the classical assumption that Darcy’s law is valid and on the
other on the assumption of non-Darcian flow, as suggested by the author (Hansbo,
1960) in connection with the observations made at the Skå-Edeby test field. The influ-
ence on the consolidation process of disturbance effects due to vertical drain installa-
tion on one hand and of limited discharge capacity of the drains on the other is
discussed and accounted for in the analysis.

2. THEORETICAL APPROACH

A deviation from Darcy’s law has been discussed by several authors (e.g. Brenner, 1946;
Kézdi, 1958; Florin, 1959; Miller and Low, 1963; Olsen, 1985; Dubin and Moulin, 1986).
Considering the electric double-layer and the texture of the clay, a deviation from Darcy’s
law is to be expected. Thus, the forces, which bind the mobile phase of the water, gradu-
ally become stronger the smaller the distance to the rigid phase. Moreover, the pore space
may be filled with mobile particles of colloidal or greater size, which may be bound by
sorption forces. As a logical working hypothesis, it can be assumed that, within certain
limits, the clay becomes increasingly porous because of the hydrodynamic forces created
by increasing hydraulic gradient. 

According to laboratory investigations on Skå-Edeby clay carried out by the author
(Hansbo, 1960) a deviation from Darcy’s law was observed at small hydraulic gradients.
It was concluded that Darcy’s law v � ki, where v is the seepage velocity, k the coefficient
of permeability and i the hydraulic gradient, should be replaced by non-Darcian flow,
defined by exponential flow correlation v � κ in when i � il and by linear correlation
v � κnin�1

l (i�i0) when i � il, where i0 � il(n � 1)/n, (Figure 1). 
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Permeability tests carried out by the author (Hansbo, 1960) indicated i0 values of 1–4
and il values of 3–12, corresponding to n � 1.5. Several authors have reported deviations
from Darcy’s law. Florin (1959) reported relations between flow and hydraulic gradient
similar to those proposed by the author but suggested they could be replaced by straight
lines, in his case intersecting the gradient axis at i0 values as high as 17–31. Permeability
tests carried out by Dubin and Moulin (1986) on high-plasticity, moderately organic clay
showed similar correlations to those of the author. According to their tests, the i1 value
was in the range of 14–20. A threshold gradient, in reality corresponding to i0, which has
to be exceeded before pore water flow takes place, as suggested by among others
Brenner (1946), Buisson (1953) and Kézdi (1958), was not observed in either of these
investigations.

3. ONE-DIMENSIONAL CONSOLIDATION

In the following, the analysis of one-dimensional consolidation will be carried out in the
two ways described: analysis based on Darcian flow and analysis based on non-Darcian
flow. 

In the case of one-dimensional consolidation, based on Darcian flow, the theoretical
correlation between excess pore water pressure u and consolidation time t at various depths
z is given by the relation.

�
∂
∂
u
t
� � M �∂

∂
z
���γ

k

w
� �

∂
∂
u
z
�� (1)

where k is the permeability, M the oedometer modulus and γw the unit weight of water. 
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Figure 1. Non-Darcian flow. Assumed correlation between rate of flow v and hydraulic gradient i.



6 Chapter 1

The permeability k is generally decreasing linearly with increasing relative compres-
sion ε in the logk/ε diagram. Consequently, k is a function of the effective stress σ � (and
thus of the excess pore water pressure u). Another fact to be considered is that in the der-
ivation of Eq. (1) it was assumed that the oedometer modulus is independent of a change
in effective stress σ �. In reality, the decrease in k with increasing relative compression is
generally counteracted by an increase in M. Thus, according to the results of oedometer
tests, the coefficient of consolidation cv � kM/γw of normally consolidated clay is gener-
ally found to be fairly constant under a moderate increase of relative compression and with
increasing instead of decreasing tendency.

This justifies the classical Terzaghi solution (Terzaghi, 1925), where the product of per-
meability and oedometer modulus is assumed constant, which yields

�
∂
∂
u
t
� � �

k
γ
M

w
� �

∂
∂

2

z
u
2� � cv�

∂
∂

2

z
u
2� (2)

In the case of exponential flow (i � il), we have

v � κ in � κ ��γ
1

w
� �

∂
∂
u
z
��

n
, �

∂
∂
v
z
� � �

M
1
� �

∂
∂
u
t
�

Assuming, as in the Terzaghi solution, that κM/γw is independent of u, we have

�
∂
∂
u
t
� � �

κ
(γ

M

w)
n
n� ��

∂
∂
u
z
��

n�1
�
∂
∂

2

z
u
2� (3)

When i � il, we have

v � κnin�1
l ��γ

1

w
� �

∂
∂
u
z
� � i0� and �

∂
∂
v
z
� � �

M
1
� �

∂
∂
u
t
�,

which yields

�
∂
∂
u
t
� � �

κ
γ
M

w

n
� in�1

l �
∂
∂

2

z
u
2� (4)

These equations can be solved numerically, e.g. by finite element or finite difference
methods.

4. VERTICAL DRAINAGE

The aim of vertical drain installation is to shorten the drainage paths and thereby reduce
the time required for the excess pore water pressure, induced by the loading operation, to
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dissipate. The effectiveness of the vertical drain installation depends on the drain spacing
and the discharge capacity of the drains (denoted qw at a hydraulic gradient equal to one,
i.e. qw � kwπd2

w /4, see Figure 2). The solution to the consolidation problem is greatly
simplified if one assumes that horizontal sections due to arching remain horizontal
throughout the consolidation process – the so-called equal strain theory (Barron, 1944,
1947). As shown by Barron (1947), this can be justified since the difference in average
degree of consolidation between the solutions obtained by assuming the strains to develop
freely (no arching) – the so-called free strain theory – and the solution obtained by
assuming equal strain theory is negligible. From practical experience, we also know that
with the drain types used nowadays there is no evidence of differential settlement
between the immediate vicinity of the drains and the centre between the drains.
Therefore, in the following, only results obtained according to the equal strain theory will
be treated.

The solution based on Darcian flow can be expressed by the relation (Hansbo, 1981)

U
–

h � 1 � exp���µ
8c

D
h
2

t
�� (5)

Perspective

Plan

drain

A zl

l

D

ds

dw

kw

kh

ks

D = 2√A/�

∂u−− = 0
∂z

�

Figure. 2. Terms used in the analysis of vertical drains: D � diameter of soil cylinder dewatered by a drain;
dw � drain diameter; ds � diameter of zone of smear; l � length of drain when closed at bottom (2l � length of
drain when open at bottom); z � depth coordinate; kw � permeability in the longitudinal direction of the drain;
kh � permeability (in the horizontal direction) of soil; ks � permeability (in the horizontal direction) of zone of 

smear; ρ � radius vector.
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where

µ � �
D2

D
�

2

d 2
w

��ln��
d
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�� � �

k
k

h

s
� ln��

d
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w

s�� � �
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4
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2
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ks(D
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2
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� ��d4
4
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�
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2
w

4
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d
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2
w

2
s� � 1� � �

q
k

w

h�π z(2l � z)�1 � �
d
D

2
w
2��

ch � khM/γw

Equation (5) gives results that are in good agreement with those obtained by advanced
analytical and numerical solutions (e.g. Yoshikuni and Nakanado, 1974; Onoue, 1988;
Zeng and Xie, 1989; Lo, 1991).

Assuming an exponential correlation between hydraulic gradient and flow velocity, v �

κ in, the consolidation equation becomes (Hansbo, 1997a,b)

U
–

h � 1 � �1 � �α
λ
D
t

2���
∆
D
h�0��

n�1

�
1/(1�n)

(6)

where ∆h
–

0 � u–0/γw (u–0 is the initial excess pore water pressure, equally distributed),
λ � κhM/γw, t is the time of consolidation, M the compression modulus determined by
oedometer tests (� 1/mv, where mv is the volume compressibility), γw the unit weight of
water, α � n2nβ n/[4(n � 1)n�1] with

β � �
3n

1
� 1
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κ
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κ
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2
κ
q

h

w
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1
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����
d
D

w
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(1/n�1)

�1 � �
d
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2
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1/n

4.1. Excess pore pressure variation 
Replacing the initial excess pore water pressure u–0 with γw∆h

–
0, where ∆h

–
0 is the initial

average hydraulic head increase, the variation of the hydraulic head increase ∆h outside
the zone of smear (D/2 � ρ � ds/2), based on validity of Darcy’s law, becomes

(n � 1)2

���
2n2(5n � 1) (7n � 1)

n � 1
���
n(3n � 1) (5n � 1)
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∆h � �µ
∆
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h
–

0
2� (1 � U

–
h)�D
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d
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� d 2
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(7)

Inside the zone of smear (ds/2 � ρ � dw/2) we have

∆h � �µ
∆

D
h
–

0
2� (1 � U

–
h)��

k
k

h

s
��D2ln�

2
d
ρ
s
� � �

4ρ 2

2
� d 2

s�� � �
q
k

w

h�πz(2l � z) (D2 � d 2
w)� (8)

The variation of hydraulic head increase outside the zone of smear in exponential flow
(D/2 � ρ � ds/2), assuming that i � il, becomes:

∆h � �
2
∆
nβ

h
–

n
0

2� (1 � U
–

h)�F��
2
D
ρ
�� � F��

d
D
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d
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(9)

where

F(x) � x1�1/n�1 � �
1
3n

�

�

1/
1
n

� x2 � �
(
2
1
(5

�

n �

1/n
1
)
)

2

� x4 � �
(1 �

6n
1
(
/
7
n
n
)2(

�

2n
1
�

)
1)

�x6 � 	 	 	�
in which the variable x represents 2ρ/D, ds/D and dw/D.

Inside the zone of smear (ds/2 � ρ � dw/2) we have

∆h � �
2
∆
nβ
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n
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–

h)��
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4.2. Hydraulic gradient
The hydraulic gradient in Darcian flow outside the zone of smear (D/2 � ρ � ds/2)
becomes

i � �
∆
D
h
–

0� (1 � U
–

h)�µ
1

���
D
ρ� � �

4
D
ρ
�� (11)

and inside the zone of smear (ds/2 � ρ � dw/2),

i � �
∆
D
h
–

0� (1 � U
–

h)�
kh

µ
/ks���

D
ρ� � �

4
D
ρ
�� (12)
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The hydraulic gradient outside the zone of smear (D/2 � ρ � ds/2) in exponential flow,
i.e. assuming that i � il, becomes,

i � �
∆
D
h
–

0� (1 � U
–

h)��4α(n
1
� 1)
� ��

2
D
ρ� � �

2
D
ρ
���

1/n
(13)

while inside the zone of smear (ds/2 � ρ � dw/2),

i � �
∆
D
h
–

0� (1 � U
–

h)��4α(
k
n
h/

�

ks

1)
� ��

2
D
ρ� � �

2
D
ρ
���

1/n
(14)

4.3. Comments 
The consolidation equations based on exponential flow yield the same result as the con-
solidation equations based on validity of Darcy’s law when the exponent n → 1, e.g. by
inserting n � 1.0001 (Hansbo, 2001).

4.4. Correlation between λλ and ch

The ratio of λ to ch will depend on the hydraulic gradient prevailing in the horizontal direc-
tion during the consolidation process. The consolidation equation in exponential flow pre-
supposes that the hydraulic gradient i does not exceed the limiting value il. However, the
equation can be applied with good approximation also for values of i > il. Since ch �

khM/γw and λ � κhM/γw, in which the parameters M and γ w are independent of the flow
conditions, we have ch/λ � kh/κh. An approximate correlation between ch and λ can be
found by equalising the areas created below the flow vs. hydraulic gradient curves in the
two cases non-Darcian and Darcian flow. This yields the correlation

λ /ch � �
n
2i

�
n�

1
1� when i � il (15)

and

λ /ch ≈ �
i
2

2

���n
in

�

�1
l

1
� � nin�1

1 (i � il)��i �

2
i1� � �

n
il���

�1
when i � il (16)

The maximum hydraulic gradient according to Eq. (11) and (13) is obtained for U
–

h�0
and ρ � ds/2. Assuming, for example, that the maximum gradients reached during the con-
solidation process are, respectively, 2, 5, 15, 25 and 75 and that the exponent n � 1.5 and
the limiting gradient il � 8, we find in due order λ/ch � κh/kh ≈ 0.88, 0.56, 0.34, 0.29 and
0.25. Thus, the higher the value of ∆h

–
0 and the smaller the drain spacing, the lower the

ratio of λ to c~h.
Assuming n � 1.5 and imax � 1.5il, the ratio of λ to ch can be obtained by the relation

λ /ch � 1.25/�im�ax� (17)
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where

imax � �
∆
D
h
–

0���
2
1
α���

d
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s
� � �

d
D

s���2/3

If imax � 1.5i1, this correlation should be replaced by Eq. (16), inserting i � imax.

4.5. Influence of one-dimensional consolidation
Vertical drains are generally installed in places where the thickness of the fine-grained soil
layer is so large that the influence on the consolidation process of one-dimensional con-
solidation by pore water escape in the vertical direction between the drains can be ignored.
Since the difference in result in the beginning of the consolidation process between the
analytical results based on Darcian and non-Darcian flow can be ignored (cf. Figure 10),
the contribution to the average consolidation by vertical pore water escape between the
drains can be based on the classical Terzaghi solution with Darcian flow U

–
v � (2/l)�cv�t/�π�,

valid when U
–

v � 50% (l according to Figure 1).
According to Carillo’s relation U

–
tot � U

–
v � U

–
h � U

–
vU
–

h, the total average consolidation,
including the effect of vertical drainage (horizontal pore water flow) and one-dimensional
consolidation (vertical pore water flow) can be expressed by the relation

U
–

tot � 1 � �1 � �
2
l
�	�

c
π
v
t
�
 � exp���µ

8

a

c

vD
ht

2�� (18)

in Darcian flow, and

U
–

tot � 1 � �1 � �
2
l
�	�

c
π
v
t
�
 � �1 � �αa

λ
vD
t

2���
D
u–

γ
0

w
��

n�1�
1/(1�n)

(19)

in exponential flow.
A large number of case histories have been publicised (see, for example, the special issue

of Géotechnique of March 1981 on vertical drains and the publications by Lo (1991) and
Hansbo (1994, 1997a,b)). In the following, results from well instrumented test areas in dif-
ferent parts of the world will be analysed on the basis of both Darcian and non-Darcian flow.

4.6. Equivalent diameter of band drains 
The first type of band drains, the so-called cardboard wick, 100 mm in width and 3 mm in
thickness, invented and introduced on the market by the Swedish Geotechnical Institute,
was assumed by Kjellman (1947) to have an equivalent diameter of 50 mm. The author
(Hansbo, 1979) showed that the process of consolidation for a circular drain and a band
drain is very nearly the same if the circular drain is assumed to have a circumference equal
to that of the band drain, i.e. 

dw � 2(a � b)/π (20)

where a is the thickness of the drain and b the width of the drain.
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A comparison of the degree of consolidation obtained in the two cases band drains and
circular drains is shown in Figure 3. This comparison indicates that the equivalent diame-
ter ought to be put somewhat smaller than according to Eq. (20). Therefore, Rixner et al.
(1986) propose that the equivalent diameter should be put equal to dw � (a � b)/2.
However, the difference in result decreases with increasing time of consolidation and is
insignificant in comparison with the influence on the result exerted by the choice of other
consolidation parameters to be applied in the design.

4.7. The zone of smear
The effect on the consolidation parameters of disturbance caused by the installation of
drains, expressed in the terms of zone of smear, depends very much on the method of drain
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Figure 3. Comparison of consolidation effects (remaining excess pore water pressure u in % of initial excess pore
water pressure u0) caused by a band drain (100 mm in width and 4 mm in thickness) and a circular drain with the 
same circumference (dw � 66 mm). D � 1 m. Th � cht/D

2. No effect of smear or well resistance (Hansbo, 1979).
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installation, the size and the shape of the mandrel, and the soil structure (Singh and Hattab,
1979; Bergado et al., 1993). Two problems exist: to find the correct diameter value ds of
the zone of smear and to evaluate the effect of smear on the permeability.

The extent of the zone of smear and the disturbance effects depend on the type of soil
and the geometrical dimensions of the installation mandrel. Remoulding will take place
inside a volume equal to the volume displaced by the mandrel. Outside the remoulded
zone, disturbance of the subsoil will also occur owing to distortion. The extent of the zone
of distortion is a function of the stiffness of the soil. The stiffer the soil, the larger the zone
of influence, and vice versa. Investigations of the extent of the zone of smear in the case
of displacement-type circular drains indicate that the diameter ds of the zone of smear can
be assumed equal to two times the diameter of the drain (Holtz and Holm, 1973; Akagi,
1976; Bergado et al., 1992). Recent investigations on a laboratory scale (Indraratna and
Redana, 1998) indicate that the extent of the smear zone can be set equal to 3–4 times the
cross-sectional area of the band drain. If the installation mandrel is non-circular, which is
the normal case, the diameter ds according to this result would yield an area corresponding
to about four times the cross-sectional area of the mandrel. In many cases, the cross-
sectional area of the installation mandrel is typically about 7000 mm2 in size, which yields
ds ≈ 0.19 m, i.e. about three times the equivalent diameter of the band drain.

Several authors have treated the other problem, the choice of permeability in the zone
of smear. Of course, the permeability in the zone of smear will vary from a minimum near-
est to the drain to a maximum at the outer border of the zone. The most conservative solu-
tion to the problem is to assume that horizontal layers in the undisturbed soil are turned
vertical in the zone of smear, resulting in the quotient kh/ks being equal to the quotient ch/cv

(see also Bergado et al., 1992).
Onoue et al. (1991) and Madhav et al. (1993) divide the zone of smear into two sub-

zones: an inner, highly disturbed zone, and an outer transition zone in which the disturbance
decreases with increasing distance from the drain. Madhav et al. conclude that the author’s
solution based on axisymmetric smear conditions and the assumption of only one smear zone
is “reasonably accurate for all practical purposes”. Chai et al. (1997) use a linear variation of
the permeability in the zone of smear on one hand and a bilinear variation on the other and
conclude that the assumption of one single average value of permeability will under-evalu-
ate the effect of smear. Hird and Moseley (2000) conclude, on the basis of laboratory tests,
that the ratio kh/ks for layered soil, assuming ds � 2dw, can be much larger than that men-
tioned in the literature but that the assumption of ks � kv in these cases is much too severe. 

4.8. Effect of well resistance 
Because drains nowadays are frequently installed to great depths, well resistance has
become a matter of increasing interest. This is understandable since well resistance in such
cases can cause a serious delay in the consolidation process. 

Before a certain drain make is accepted for a job, evidence ought to be presented that
the drain fulfils the requirements on discharge capacity assumed in the design. Generally,
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appropriate laboratory testing can give sufficient evidence of the discharge capacity to be
expected under field conditions, but in case of a drain make never before used in practice,
full-scale field tests are recommended. Full-scale field tests also serve the purpose of
showing that the drains are strong enough to resist the strains subjected to them during
installation. Moreover, compression of the soil in the course of consolidation settlement
entails folding of the drain, which may bring about clogging of the channel system. The
latter effect is difficult to discern in a laboratory test (cf. Lawrence and Koerner, 1988).

Discharge capacity tests on band drains installed in soil on a laboratory scale and sub-
jected to increasing lateral pressure have resulted in the values presented in Figure 4. In
the ENEL tests (Jamiolkowsky et al., 1983) the drains were tested in full scale. In the CTH
tests (Hansbo, 1983) and in the KU tests (Kamon, 1984) the drains were tested with
reduced width (40 and 30 mm, respectively). The results obtained reveal a great influence
on the discharge capacity of the lateral consolidation pressure.

There are several reasons why the discharge capacity of a drain may become low: silta-
tion of the channels in the core of band drains; unsatisfactory drain makes with too low a
discharge capacity; necking of drains; etc. Back-calculated values of discharge capacity of
drains under field conditions have been reported to be quite low for certain makes of band
drains without filter (Hansbo, 1986; Chai et al., 1996). If the drain installation is taking
place in clay deposits, most of the band drains marketed today have high enough a discharge
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capacity (qw > 150 m3/year) to become negligible in the design (cf. Hansbo, 1986, 1994).
However, drain installation in more high-permeable soils than clay may require a much
higher discharge capacity (cf. Figure 5). The influence of well resistance decreases with
increasing time of consolidation.

The filter sleeve surrounding the core must be strong enough to resist the tension and
the wear and tear that takes place during drain installation. Moreover, the filter pore size
should be small enough to prevent intrusion of fine material into the channels of the core,
leading to clogging effects. Filter deterioration in organic soils will cause a time-bound
reduction of the discharge capacity (Koda et al., 1986; Hansbo, 1987).

According to Eq. (5), an acceptable delay ∆t (%) in time of average consolidation
requires a discharge capacity of minimum2

qw � 200π l 2kh/{3∆t[ln(D/dw) � 0.75]} (21)

2 The difference in result obtained on the basis of Eq. (6) is negligible.

Figure 5. Delay in time of consolidation at depth l of drain installation (cf. Figure 2) for drains with a discharge
capacity of 500 m3/year (16 cm3/s). Drain spacing 0.9 m (equilateral triangular pattern; D � 0.945 m),

drain diameter dw � 0.065 m. 
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For drains with a discharge capacity of 500 m3/year, the delay in the time of consoli-
dation at depth z � l (cf. Figure 2) in various kinds of soil according to Eq. (5) is exem-
plified in Figure 5 (Cortlever and Hansbo, 2004). 

For partially penetrating drains, consolidation of the lower part of the layer that is pen-
etrated by the drains will be somewhat delayed by inflow of pore water from the underly-
ing part where the excess pore water pressure is higher. The delay will depend on the
discharge capacity, the drain length and the drain spacing (Runesson et al., 1985). It can
be assumed to affect the degree of consolidation to a height above the drain tips approxi-
mately equal to the drain spacing.

As a rule, investigations on a laboratory scale of the discharge capacity of a drain ought
to be carried out in a way that simulates field conditions as closely as possible, preferably
embedded in the soil and at the soil temperature in question. Laboratory testing devices,
which are presented in the Eurocode on vertical drainage under preparation (probably
accepted and published in 2005/2006 as EN), will most probably be accepted as international
standard. One of these devices (Apparatus No. 2, EN/ISO 12958) and also a device for test-
ing the discharge capacity of buckled drains are illustrated by Cortlever and Hansbo (2004).

5. RESULTS OBTAINED IN TEST AREAS

In the following, the results obtained in a number of test areas will be compared with the
results obtained on one hand according to the classical assumption that Darcy’s law is valid
and on the other according to the assumption of non-Darcian exponential flow. 

As regards test areas that have no drains, the importance of a long-term follow-up of
the results obtained is crucial. Therefore, only two test areas situated in Sweden, installed
in 1947 and 1957, are included in the analysis. 

Test areas provided with vertical drains exist all over the world and are of great inter-
est because of the variations in soil condition. In this paper, the results obtained in test
areas situated in Sweden, Italy and Thailand are included.

6. ONE-DIMENSIONAL CONSOLIDATION

6.1. The Skå-Edeby test field
The test areas constructed at Skå-Edeby in 1957 and the depth of the soft clay deposits are
shown in Figure 6. Among the different test areas, Area IV has no vertical drains, while
the others are provided with fully penetrating vertical sand drains, 0.18 m in diameter.

The soil consists of postglacial clay to a depth of about 6 m underlain by glacial,
varved clay to a depth of about 12.5 m. The groundwater table was situated at a depth of
approximately 1 m but varies with the time of the year. The dry crust has a thickness of
about 1.5 m. The geotechnical characteristics of the clay are shown in Figure 7.
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According to the results of oedometer tests, the clay below the dry crust is normally con-
solidated. The compression ratio3 CR � ε2/log 2 � Cc/(1 � e0) according to the oedome-
ter tests (Hansbo, 1960) was found to be  equal to ~0.24 at 2 m depth, 0.35 (0.48) at 5 m
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Figure 6. The test areas and depth from ground surface to firm bottom(in m), in the test field at Skå-Edeby. 
Coordinate system gives horizontal distances(in m).

3In Sweden, the compression characteristics for a normally consolidated clay were previously
expressed by the compression index ε 2, which means the additional deformation achieved along the
virgin curve due to doubled load.
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depth, 0.32 (0.63) at 8 m depth (the values in paranthesis are modified with regard to
sample disturbance).

The corresponding oedometer modulus M for a normally consolidated clay can be
found by the relation CRlog[(σ �c � ∆σ)/σ �c] � ∆σ /M, where ∆σ is the stress increase due
to loading and σ �c is the preconsolidation pressure.

6.2. Excess pore pressure dissipation
The excess pore pressure distribution below the test area, observed at a depth of 5 m after
termination of loading, is shown in Figure 8. This can be used in determining the parame-
ters A and B in Skempton’s pore pressure equation u � B[σ3 � A(σ1 � σ3)] where σ1 and
σ3 are the major and minor principle stresses induced by loading (Skempton, 1954). As we
are dealing with water-saturated clay, B � 1. If the soil immediately after termination of
loading behaves as an elastic medium with Poisson’s ratio ν � 0.5, we have at 5 m depth
according to the solution presented by Love (1929), σ1 � 0.98q and σ3 � 0.60q below the
centre, σ1 � 0.95q and σ3 � 0.49q 10 m from the centre, and σ1 � 0.50q and σ3 � 0.06q
20 m from the centre. Inserting q � 27 kN/m2 and considering the observations made this
yields A ≈ 0.85. 

The analysis of the excess pore pressure dissipation (Hansbo, 2003) has been based on
the consolidation characteristics shown in Table 1. In the case of non-Darcian flow the lim-
iting value of the hydraulic gradient il (where the flow turns from exponential to linear
relation of the hydraulic gradient) is chosen equal to 5, (Figure 9). 
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Figure 8. Observed excess pore pressure distribution in Test Area IV at 5 m depth, immediately after 
placement of the gravel fill.

Hydraulic gradient i
0

0

0.05

0.10

Fl
ow

 v
el

oc
ity

 v
, m

/y
ea

r

0.15

0.20

0.25

1 i0

1.5

il

2 3 4 5 6 7

v = 0.014i

v=0.0
47

(i−
i 0
)

v = 0.022i

Figure 9. Correlation between hydraulic gradient i and, respectively, Darcian and non-Darcian water flow v
(m/year) at depth 3–5 m (cf. Table 1), used in the analysis of excess pore pressure dissipation in Test Area IV 

without drains, Skå-Edeby. 

Table 1. Parameters used in the consolidation analysis 

Depth (m) 0–1.0 1.0–1.5 1.5–3 3–5 5–7 7–9 9–11 11–12.5

∆σv (kPa) 27 27 27 26.5 26.5 26 26 25
σ �c (kPa) OC 25 23 28 39 51 64 75
M (kPa) 10,000 400 250 240 250 300 400 500
∆s (m) 0.01 0.03 0.16 0.24 0.24 0.23 0.22 0.15
k (m/year) 0.031 0.031 0.025 0.022 0.018 0.018 0.017 0.016
κ (m/year) 0.020 0.020 0.016 0.014 0.0115 0.0115 0.011 0.0095
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The k and M values given in Table 1 are chosen according to Larsson (1986). Based on
trial and error, the κ value is chosen to be about 0.65 times the k value. 

The remaining excess pore water pressure distribution throughout the clay layer below
the centre of the circular embankment after 1.5, 14, 25 and 45 years of loading is compared
with the analytical results obtained according to the two methods of analysis of one-
dimensional consolidation, Figures 10 and 11.

Initial excess pore water pressure is assumed equal to 25 kPa. Because of the width of
the embankment, 35 m, the influence of two-dimensional consolidation at the centre of the
embankment has been ignored.

As can be seen, the result based on non-Darcian flow is in much better agreement with
the excess pore pressure observations than the result based on Darcian flow. There is a pos-
sibility that the excess pore water pressure below the centre of the load has been affected
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by pore pressure dissipation due to horizontal pore water flow, but this possibility only
strengthens the assumption of non-Darcian flow.

The total primary consolidation settlement, based on the oedometer moduli M given in
Table 1 and the stress increase σv due to loading, can be estimated at 1.28 m, while the
total primary compression of the clay layer between 2.5 and 7.5 m can be estimated at
0.59 m. In the analysis, the effect of load reduction due to hydraulic uplift when part of the
load sinks below the groundwater table has been ignored. Thus, owing to submergence of
the fill during the course of settlement the load, in kN/m2, will be reduced successively by
about γ �s, where γ �is the effective unit weight(in kN/m3) of the soil above the groundwa-
ter table and of the part of the fill that sinks below the groundwater table and s the settle-
ment(in m) of the soil surface. However, one must keep in mind that the groundwater level
may vary considerably with time of the year and also that the groundwater level after com-
pleted consolidation may differ from its original position. The settlement reduction caused
by submergence of the fill may also be fully compensated by secondary consolidation.
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analytical dissipation according to Darcian flow (broken lines) and non-Darcian flow (continuous lines) after 25 
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The settlement observed in the test area is shown in Figure 12. The settlement of the ground
surface, observed after 45 years of loading, equals 1.10 m, while the compression of the clay
layer between 2.5 and 7.5 m of depth equals 0.50 m. According to Asaoka (1978), the total pri-
mary consolidation settlement sp can be estimated from the relation si � 0.300 � 0761si�1,
which yields sp � 1.26 m (si�1 → si) and the compression ∆sp of the clay layer between 2.5
and 7.5 m of depth from the relation ∆si � 0.119 �0.815∆si�1, which yields ∆sp � 0.64 m.

Looking at the remaining excess pore water pressure after 25 and 45 years of consoli-
dation, we find the average degree of consolidation equal to, respectively, 69% and 79%.
This leads in both cases to a total consolidation settlement of 1.39 m, about 10% larger
than the estimated primary consolidation settlement. For the layer between the depths 2.5
and 7.5 m, the average degree of consolidation after 25 and 45 years of consolidation
becomes, respectively, 62% and 73%, which in both cases would lead to a primary
compression of 0.69 m, about 8% larger than the estimated compression according to
Asaoka. Considering the excess pore pressure distribution after 100 years of loading, the
average degree of consolidation would equal 99% in Darcian flow and 91% in non-Darcian
flow. Based on excess pore pressure dissipation in non-Darcian flow, the total settlement
achieved after 100 years of loading would become 1.26 m, while the compression of the
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layer between the depths 2.5 and 7.5 m would become 0.63 m. Ignoring the parameters of
the dry crust, the input parameters given in Table 1 yield average values of the coefficient
of consolidation kM/γw � cv ≈ 0.61 m2/year and κM/γw � λ ≈ 0.39 m2/year. 

The back-calculated value of cv is almost four times the value determined by oedometer
tests. In a case like this with a test area, 35 m in diameter, placed on a clay layer, 12.5 m in
thickness, one has to consider the contribution of pore water escape in outward radial direc-
tion. This can explain the difference between the oedometer value and the back-calculated
value of cv. Moreover, the prolonged consolidation process increases considerably the set-
tlement contribution by secondary consolidation during the primary consolidation period.

6.3. The Lilla Mellösa test area
The test area at Lilla Mellösa that has no vertical drains was installed in 1947 and the
results obtained have been followed-up ever since. Together with the test area at Skå-
Edeby without vertical drains, presented above, it belongs to the world’s oldest test areas. 

The soil conditions at the Lilla Mellösa test field have been described in detail by Chang
(1981). The soil description differs somewhat between Chang (1981) and Larsson (1986).
Briefly, underneath a 0.8 m thick dry crust the soil consists of organic clay to a depth of
approximately 6 m, underlain first by homogeneous grey clay to a depth of 10 m and then
by grey, varved clay to a depth of 14 m, resting on a thin layer of sand on rock, Figure 13. 
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The natural water content and the liquid limit decreases from about 100% to 130% at
top to about 70% to 90% at bottom. The unit weight at 3 m depth is lowest, about 14 kN/m3,
and increases almost linearly with depth to about 20 kN/m3 at 14 m depth. The undrained
shear strength is lowest at 3 m depth, about 8 kPa, and increases almost linearly with depth
to about 18 kPa at 14 m depth. The sensitivity increases with depth from about 10 to 20.

The ground surface level is situated at about �7.0 m. According to the observations
presented by Chang, the groundwater level has varied from about �6.0 m to about
�6.55 m. The clay can be considered as normally consolidated.

The test area without vertical drains is square with a base width of 30 m. It was filled
up with 2.5 m of gravel. The top width of the fill is 22.5 m. It has been provided with set-
tlement meters and pore pressure meters. The unit weight of the gravel fill during the fill-
ing operation was determined and found to be equal to 17 kN/m3. This yields an initial load
on the test area of 42.5 kN/m2.

6.4. Excess pore pressure dissipation

The results obtained in the two test areas included in this paper, Lilla Mellösa and Skå-
Edeby, have been analysed by Larsson (1986) and the results obtained at Lilla Mellösa by
Claesson (2003). In Larsson’s analysis, based on the effect of creep on excess pore water
pressure dissipation and settlement in the area at Lilla Mellösa that has no drains, the
results show good agreement with the observations after 21 and 32 years of loading. 

For the analysis it is important to apply the correct input parameters M, k, κ, n and il as
well as the correct values of the initial excess pore pressure distribution. Since no obser-
vations of deviation from Darcy’s law at small hydraulic gradients has been made on Lilla
Mellösa clay, the assumption used in this analysis will be based on the findings related to
Skå-Edeby clay, i.e. n � 1.5 and il � 5. The values of M are selected from the results of
oedometer tests corrected with regard to ring friction, published by Chang (1981), taking
into account the load increment obtained at various depths underneath the fill. The k val-
ues are in agreement with the values published by Larsson (1986). The ratio κ/k is chosen
equal to 2/3, based on the experience from the undrained test area at Skå-Edeby. The val-
ues chosen and the initial vertical stress increase ∆σv below the centre of the test area are
presented in Table 2.

Table 2. Parameters used in the consolidation analysis

Depth (m) 0–1.0 1.0–1.5 1.5–3 3–5 5–7 7–9 9–11 11–14

M (kPa) 9000 200 200 190 160 240 280 200
∆σv (kPa) 42 42 41 41 40 39 38 33
∆s (m) 0.01 0.10 0.31 0.43 0.50 0.32 0.27 0.50
k (m/year) 0.020 0.020 0.025 0.018 0.015 0.022 0.03 0.03
κ (m/year) 0.013 0.013 0.017 0.012 0.010 0.015 0.02 0.02
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In the analysis, the initial excess pore pressure distribution with depth has been based
on the vertical stress distribution with depth below the centre of the test area, published by
Chang (1981). Of course, this assumption can be questioned. We do not know the magni-
tude of the pore pressure coefficient A in Skempton’s pore pressure equation. As in the case
of the Skå-Edeby test area, we are dealing with water-saturated clay, and thus B � 1. In
our case, A is also assumed to be equal to 1. In consequence, the initial excess pore water
pressure has been considered equal to the vertical stress increase caused by the load,
decreasing almost linearly with depth from 42 kPa at the ground surface to 32 kPa at the
bottom of the clay layer. In reality, the value of A could be higher or lower depending upon
the loading conditions. As previously shown, the value of A was found to be equal to 0.85
in Test Area IV at Skå-Edeby with 1.5 m of fill, corresponding to a load of 27 kN/m2. In
our case the fill height is 2.5 m and from experience of a number of observations the value
of A increases with increasing load. In, for example, the Gothenburg region, it has been
noticed that A values increase with increasing load from 0.7 to 1.5 (Hansbo, 1994). 

The result of the analysis, assuming A � 1, is compared with pore pressure observa-
tions, carried out 21, 32 and 56 years of loading (Figure 14). The pore pressure observa-
tions after 21 years of loading indicate that in reality the pore pressure coefficient A > 1.
It could also be that the groundwater level at the time of observation was higher than usual
and that the oedometer modulus (representing the coefficient of consolidation) of the top
layer, 1 m in thickness, is much lower than assumed. From Figure 14 it can be concluded
that the agreement between observations and the results obtained by assuming non-
Darcian flow is far better than by assuming Darcian flow.

In the analysis of the pore pressure distribution, no consideration has been paid to the
fact that part of the initial load will be subjected to hydraulic uplift due to settlement, caus-
ing load reduction. As previously pointed out, the groundwater level may vary consider-
ably with time of the year and the groundwater level after completed consolidation may
differ from its original position. In addition, the density of the fill may change with time.
However, as mentioned above the excess pore water pressure is influenced by the magni-
tude of the pore pressure coefficient. It is therefore important to study the excess pore
water pressure distribution during the loading operation to make an evaluation of the pore
pressure coefficients possible. Otherwise, a direct comparison between settlement and
pore pressure dissipation becomes rather intricate.

6.5. Consolidation settlement
A settlement analysis, based on the M and ∆σv values given in Table 2 (the effect of
hydraulic uplift disregarded), yields a total consolidation settlement of 2.25 m. Looking at
the remaining excess pore water pressure after 21, 32 and 56 years of loading according to
the analytical results based on non-Darcian flow, we find the average degrees of consoli-
dation equal to, respectively, 58%, 67% and 79%. This yields consolidation settlements
after 21, 32 and 56 years of loading equal to, respectively, 1.44, 1.67 and 1.97 m. These
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settlement values completely agree with the observed settlements, published by Claesson
(2003). The primary consolidation settlement estimated according to Asaoka’s method
yields si � 0.561 � 0.734si�1, from which sp � 2.10 m.

The load and consequential settlement reduction due to hydraulic uplift may, as in the
case of Test Area IV at Skåp-Edeby, have been compensated by secondary settlement. The
estimated average degree of consolidation in 2024, i.e. another 20 years from now, accord-
ing to non-Darcian flow becomes 84%, corresponding to a settlement of 2.1 m.

7. VERTICAL DRAINAGE

7.1. The test field at Skå-Edeby 
The Skå-Edeby test field was arranged for the main purpose of studying vertical sand drain
and band drain behaviour. As shown in Figure 6, it originally contained four circular test
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Figure 14. Comparison between observed excess pore pressure dissipation in the undrained test area at Lilla
Mellösa and analytical dissipation according to Darcian flow (broken lines) and non-Darcian flow (continuous
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areas, three of which provided with sand drains, 0.18 m in diameter, with drain spacing
varying from 0.9 to 2.2 m, and one without drains. Later on, a test area was arranged with
band drains, type Geodrain, with drain spacing equal to 0.9 m. The test areas were loaded
with 1.5 m of gravel (∆q � 27 kN/m2), except for Test Area III that was loaded with 2.2 m
of gravel (∆q � 39 kN/m2). The geology at the site and the geotechnical properties of the
different test areas were described in detail by Hansbo (1960). The results obtained have
been presented in several publications (Holtz and Broms, 1972; Larsson, 1986).

The compression and consolidation characteristics of the clay in the test areas provided
with vertical drains were determined on samples taken at depths 2, 5 and 8 m. The results
obtained are shown in Table 3 (Hansbo, 1960).

The average value of the coefficient of consolidation ch becomes 0.17 m2/year. The
coefficient of consolidation in horizontal pore water flow ch, which was determined in an
oedometer test where drainage was allowed only through a central drain, was 0.7 m2/year.
The corresponding permeability value kh was estimated at 0.03 m/year. 

The settlement vs. time relationship for the test areas with sand drains and no drains is
presented in Figure 15. In order to facilitate the interpretation of the test results, the set-
tlement curves have been revised to represent a common depth of 12.2 m.

The degree of consolidation in Test Area III, which was unloaded, is not as well defined
as for Test Areas I and II, where we have entered into a stage of secondary consolidation.
All the same, a good estimate can be made, based on the shape of the settlement curve.
Now the discharge capacity qw of sand drains, 0.18 m in diameter, can be estimated at about
100 m3/year based on sand permeability. According to the results of the oedometer tests
ch/cv,av � 4. Assuming a zone of smear ds � 2dw � 0.36 m and a ratio κh/κs � kh/ks � 4,
an acceptable agreement is obtained if a successively decreasing value of ch is applied as
shown in Table 4.

The U
–

h values given in Table 4 are determined from the measured values of U
–

tot and U
–

v

according to Carillo’s equation. The U
–

v values are estimated from the test area at Skå-
Edeby without vertical drains, previously described, assuming a final primary settlement
of 1.26 m. However, the assumption that U

–
v is unaffected by the disturbance due to drain

Table 3. Compression and consolidation characteristics obtained by conventional oedometer tests.

Test Drain CR at various depths, modified Minimum cv (m2/year)
area spacing with regard to sample disturbance at various depths

(m)
2 m 5 m 8 m 2 m 5 m 8 m

I 0.9 0.40 0.50 0.83 0.13 0.32 0.16
I 1.5 0.37 0.63 0.76 0.09 0.16 0.22
I 2.2 0.27 0.33 0.93 0.06 0.19 0.16
II 1.5 0.27 0.50/0.56 0.66/0.70 0.19 0.09/0.13 0.16/0.44
III 1.5 0.33/0.37 0.43/0.53 0.60/0.63 0.06/0.13 0.16/0.19 0.16/0.19
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installation, which undoubtedly causes a reduction of the coefficient of consolidation cv, is
most certainly overoptimistic.

The λ values are more consistent than the ch values throughout the consolidation
process. The ch values are higher at the beginning of the consolidation process than at the
end and the overall value somewhat lower than the coefficient of consolidation ch deter-
mined in the laboratory (0.7 m2/year).

According to Eq. (19), the consolidation process in exponential flow depends on the
initial excess pore water pressure u–0. This is not the case in Darcian flow (Eq. (18)). In Test
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Figure 15. Settlement vs. time of loading in the Skå-Edeby test areas, revised to represent a common depth of
12.2 m. (after Larsson, 1986). The broken lines represent an estimation of the continuation of the settlement 

process after the end of observations.

Table 4. Best fit of the ch and λ values in Test Area I, based on settlement (load � 27 kN/m2) 

Drain spacing 0.9 m (u–0 � 37 kPa) 1.5 m (u–0 � 31 kPa) 2.2 m (u–0 � 27 kPa)

Time (years) 1/6 1 2 1/2 1 4 1 4 9
U
–

tot (%) 34 82 94 35 52 92 33 71 89
U
–

v (%) 6 14 17 10 14 30 14 30 46
U
–

h (%) 30 79 93 28 44 88 22 59 79
ch (m2/year) 0.88 0.49 0.42 0.70 0.62 0.57 0.61 0.58 0.46
λ (m2/year) (n �1.5) 0.26 0.26 0.30 0.34 0.32 0.44 0.36 0.38 0.37
U
–

h (%) (λav � 0.34 m2/year) 37 85 94 28 46 83 21 55 78
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Area III, the initial excess pore water pressure is higher than in Test Area II. From the
results in Test Areas II and III, we find the best agreement by choosing the values given in
Table 5. The values of ch are higher in Test Area III than in Test Area II.

The efficiency of using occasional overload in order to eliminate secondary long-term
settlement is demonstrated by the results obtained in Test Area III. With the load used in
Test Area III (39 kN/m2), the primary settlement can be estimated at 1.5 m. As can be seen
from Figure 15, secondary consolidation did not start until several years after the removal
of the occasional overload.

The excess pore pressure dissipation in Test Areas II and III with different loading con-
dition is shown in Figure 16. In the analysis based on Darcian flow, the consolidation
process becomes independent of the magnitude of the load applied, which is not the case
when the analysis is based on exponential flow. As can be seen, the best agreement
between theory and observation is obtained by assuming exponential flow with the expo-
nent n � 1.5.4

In Test Area V at Skå-Edeby (Figure 17), band drains, type Geodrain with paper filter,
were installed with 0.9 m spacing. The initial load, 27 kN/m2, was doubled after 31/2 years of
consolidation. In a case like this, the following procedure of settlement analysis is followed.

The degree of consolidation U
–

1and the settlement s1 achieved under load q1 at time t1

when the additional load q2 is being placed is calculated first. The part of the load q1 that
is still producing primary consolidation settlement, i.e. ∆q � q1(1 � U

–
1), is added to q2

and the primary settlement process to be added after time t1 under load ∆q � q2 is added
to the settlement s1. According to Eq. (20), the equivalent diameter of Geodrain (100 mm

Table 5. Best fit of ch and λ values in Test Areas II (load 27 kN/m2) and III (load � 39 kN/m2), based on total
settlement

Test area II (u–0 � 32 kPa) III (u–0 � 46 kPa)

Time (years) 1/6 1/2 2 4 9 1/6 1/2 2 4
U
–

tot (%) 20 42 75 90 98 20 45 80 94
U
–

v (%) 6 10 19 30 46 6 10 19 30
U
–

h (%) 15 36 69 86 96 15 39 77 91
ch (m2/year) 1.04 0.95 0.63 0.52 0.39 1.05 1.05 0.78 0.65
λ (m2/year) (n �1.5) 0.47 0.46 0.37 0.39 0.42 0.40 0.44 0.42 0.46
U
–

h, (%) (λav � 0.43 m2/year) 14 34 73 88 96 16 38 77 90

4Case studies and experimental evidence reported already by Terzaghi and Peck (1948) indicated that
the coefficient of consolidation increases with increasing magnitude of the load that produces con-
solidation. For the determination of the coefficient of consolidation Terzaghi and Peck therefore rec-
ommended that the load increment “applied to the sample after a pressure equal to the overburden
pressure has been reached should be of the same order of magnitude as the load per unit area of the
base of the structure”.
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in width and 4 mm in thickness) is equal to dw � 0.066 m. Assuming a zone of smear ds �

0.19 m and kh/ks � κh/κs � 4, the best fit between observations and theory is obtained by
applying the values ch � 0.45 m2/year and λ � 0.23 m2/year with the exponent n � 1.5
(Figure 18). 

1 2 3 4

Consolidation time, years

0

20

0

40

60

80

D
eg

re
e 

of
 c

on
so

lid
at

io
n 

U
h,

 %

100

Area II

Area III. u0 = 46 kPa

Area II. u0 = 32 kPa

Area III

Legend:

Figure 16. Observed and calculated excess pore pressure dissipation at a depth of 5 m in the Skå-Edeby Test
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The λ value of 0.23 m2/year agrees fairly well with the value obtained in Test Area I
with 0.9 m drain spacing (λ � 0.26m2/year) and is an indication of increasing average dis-
turbance of the clay with decreasing drain spacing.

The results obtained at Skå-Edeby show that the values of the coefficients of consoli-
dation are smaller than can be expected from the values arrived at in the undrained area.
This is the case in spite of the fact that the coefficient of consolidation is normally higher
in horizontal pore water flow than in vertical pore water flow due to the structural features
of the soil (e.g. due to the existence of sand and silt layers). This obviously depends on the
fact that the drain installation causes disturbance effects leading to a reduction of the coef-
ficient of consolidation. The disturbance is evidenced by the fact that the sand drain instal-
lation at Skå-Edeby in itself induced excess pore water pressure of maximum 40 kPa at
0.9 m drain spacing, 35 kPa at 1.5 m drain spacing and 20 kPa at 2.2 m drain spacing
(Hansbo, 1960).

7.2. The Örebro test field 
Another example of the calculated vs. observed consolidation process based on settlement
is given by the results obtained at the Örebro test field, Sweden. This test field, 125 m 

45 m, was arranged just outside Örebro for comparing the efficiency of prefabricated band-
shaped drains (types Geodrain and Alidrain) with that of displacement type sand drains.
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The test field was divided into three sections of equal size with drain spacing 1.1, 1.4 and
1.6 m in an equilateral triangular pattern. The test area was loaded with 2.2 m of sand and
gravel (load ∆q � 40 kN/m2).

The soil consists of grey, lightly overconsolidated clay, about 8 m in thickness. The clay
layer is slightly organic to a depth of 1–2 m and is varved, with silt seams, in its lower part,
below a depth of about 5 m. The average virgin compression ratio increases from about
CR � 0.4 just below the dry crust to about CR � 0.65 in the lower part of the clay layer.
The primary settlement, calculated based on the compression ratios and an overconsolida-
tion of about 5 kPa (below the dry crust) was estimated at 1.1 m. The coefficient of con-
solidation according to oedometer tests varies from a minimum of cv � 0.06 m2/year to a
maximum of 1 m2/year. An estimated average is cv � 0.2 m2/year. 

The coefficient of consolidation in the case of horizontal pore water flow was not
determined.

The settlement process observed in the test sections provided with Geodrain and
Alidrain was very nearly the same. The results obtained in the test sections provided with
Geodrains and sand drains are shown in Figure 19.

Using Asaoka’s method for determination of the primary consolidation settlement we find
in the test area provided with Geodrains si � 0.1809 � 0.8343si�1, which yields (si�1 → si)
sp � 1.09 m and for the test area provided with sand drains si � 0.4312 � 0.6119si�1, which
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Figure 19. Measured and calculated settlements in test field, Örebro. Sand drains, 0.18 m in diameter, and band
drains, type Geodrain. Load ∆q � 40 kN/m2; EOP, end of primary settlement. Continuous lines: exponential flow,

Eq. (19) (λ � 0.58 m2/year; n � 1.5); broken lines: Darcian flow, Eq. (18) (ch � 1.15 m2/year).
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yields sp � 1.11 m. These values are in excellent agreement with the settlement estimated on
the basis of the oedometer tests.

The theoretical analysis of the consolidation process in the case of sand drains is based
on the following assumptions: dw � 0.18 m, ds � 0.36 m. The corresponding values for
Geodrain are: dw � 0.066 m, ds � 0.19 m. Inserting the parameters kh/ks � κh/κs � 4, l �

4 m and cv � 0.2 m2/year, the best fit of ch and λ with observations is given in Table 6. 
The agreement between field observations is better according to Darcian flow at 1.1 m

drain spacing while the agreement according to exponential flow with n � 1.5 is better at
1.6 m drain spacing.

The result of the back-analysis shown in Table 6 indicates that the flow condition prevail-
ing in the soil of the Örebro test area follows Darcy’s law better than the exponential correla-
tion. However, as can be seen in Figure 19, the theoretical correlations based on the average
of the consolidation parameters shown in Table 6, i.e. ch � 1.15 m2/year and λ � 0.58 m2/year,
show better general agreement between observations and the exponential flow theory.

7.3. The Bangkok test field 
In connection with the planning of a new international airfield in Bangkok, Thailand, three
test areas were arranged in order to form a basis for the design of soil improvement by pre-
loading in combination with vertical drains. The results of the settlement observations in
two of these test areas, TS 1 and TS 3 (Hansbo, 1997b) showed a better agreement with

Table 6. Best fit of ch and λ values in the Örebro test areas (load 40 kN/m2)

Loading time 4 months 8 months 12 months 16 months 20 months 24 months

Sand drains
ch (m2/year)

c/c 1.1 m 1.01 1.02 1.02 1.02 1.03 1.03
c/c 1.4 m 0.93 1.00 1.00 0.89 0.90 0.84
c/c 1.6 m 0.99 1.13 0.97 0.94 0.87 0.79

λ (m2/year)
c/c 1.1 m 0.42 0.50 0.62 0.75 0.93 1.15
c/c 1.4 m 0.38 0.46 0.53 0.48 0.53 0.52
c/c 1.6 m 0.42 0.52 0.47 0.48 0.47 0.44

Geodrains
ch (m2/year)

c/c 1.1 m 1.08 1.24 1.20 1.15 1.06 1.05
c/c 1.4 m 1.39 1.49 1.44 1.42 1.27 1.28
c/c 1.6 m 1.70 1.88 1.53 1.42 1.25 1.06

λ (m2/year)
c/c 1.1 m 0.36 0.50 0.57 0.64 0.60 0.67
c/c 1.4 m 0.66 0.74 0.67 0.65 0.59 0.52
c/c 1.6 m 0.57 0.57 0.62 0.69 0.61 0.67
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Eq. (6) than with Eq. (5). In this chapter, the results obtained in test area TS 3 will be
examined in detail. 

The crest width of TS 3 is 14.8 m (square) and the bottom width 40 m. It is provided
with an approximately 10 m wide loading berm, 1.5 m thick. The fill placed on the area
amounts to maximum of about 4.2 m, corresponding to a load of about 80 kN/m2. 

The drains, type Mebradrain, were installed to a depth of 12 m in a square pattern with
a spacing of 1.0 m, which yields D � 1.13 m. The equivalent drain diameter determined
according to Eq. (20) becomes dw � 0.066 m. The equivalent diameter of the mandrel
dm � 0.10 m. The smear zone is estimated at ds � 0.20 m. The permeability ratios kh/ks and
κh/κs are assumed to be equal to the ratio ch/cv.

The consolidation characteristics of the clay deposit, determined by oedometer tests,
can be summarised as follows (Airports Authority of Thailand, 1996; DMJM International,
1996): average coefficient above the preconsolidation pressure cv � 1.06 m2/year (standard
deviation � 0.061 m2/year), ch � 1.37 m2/year (standard deviation � 0.050 m2/year). This
yields kh/ks � κh/κs � 1.3 (in a paper previously published by the author (Hansbo, 1997b)
this ratio was assumed to be equal to 2). The virgin compression ratio CR varies from 0.3
to 0.55 (average 0.43; standard deviation 0.1) and the average recompression ratio RR �

0.03 (standard deviation � 0.007). The clay penetrated by the vertical drains is slightly
overconsolidated with a preconsolidation pressure about 15–50 kPa higher than the effec-
tive overburden pressure. The clay below the tip of the drains is heavily overconsolidated.
In this case, the influence on the consolidation process of one-dimensional vertical con-
solidation will be ignored owing to difficulties in assessing the drainage conditions.

The monitoring system consisted of vertical settlement meters placed on the soil sur-
face and at different depths and of inclinometers to study the horizontal displacements.
Unfortunately, the results of the settlement observations at various depths are contradic-
tory and, therefore, only the surface settlement observations can be trusted. The contribu-
tion to the vertical settlement of horizontal deformations is analysed based on the
inclinometers placed 7.8 m from the centre of the test area. The total settlement observed,
including the settlement caused by horizontal deformations, and the corrected settlement
curve with regard to the influence on vertical settlement by horizontal deformations (rep-
resenting the mere effect of consolidation), are shown in Figure 20. 

A follow-up of the course of consolidation settlement according to Asaoka’s method,
based on settlement observations at equal time intervals results in the relation si �

0.2625 � 0.8195si�1, which yields the primary settlement sp � 1.45 m.
The settlement analysis based on Eq. (19) is carried out in four successive steps: load-

step 1 with load ∆q1 � 20 kN/m2; load-step 2 with load ∆q2 � 30 kN/m2; load-step 3 with
∆q3 � 10 kN/m2 and load-step 4 with ∆q4 � 20 kN/m2. The primary consolidation settle-
ment caused by a load intensity of 80 kN/m2, determined by the compression characteris-
tics, becomes equal to 1.4 m. By slightly modifying the compression characteristics to
yield a final primary consolidation settlement of 1.45 m, we find ∆s1 � 0.15 m, ∆s2 �

0.6 m, ∆s3 � 0.2 m and ∆s4 � 0.5 m (in total 1.45 m). 



Experience of Consolidation Process from Test Areas 35

The analysis of the consolidation process according to Eq. (19) has to be carried out in
the following way. The degree of consolidation U

–
1, inserting ∆h

–
1 � ∆q1/γw, determines the

course of settlement in the first load-step. When calculating the course of settlement in the
second load-step we have to apply the value ∆h

–
2 � (1 � U

–
1)∆q1/γw � ∆q2/γw. The settlement

at the end of the load-step is obtained from ∆s � ∆s1U
–

1 � [∆s1(1 � U
–

1) � ∆s2]U
–

, and so on.
Now, 50 days after the start of loading (consolidation time t � 50 � 15 � 35 days;

∆h
–

� 2 m; λ � 0.37 m2/year, n � 1.5) we find U
–

� 0.21 which yields s � 0.03 m. In load-
step 2 the load ∆q2 � 30 kN/m2 has to be increased by 0.79 
 20 � 16 kN/m2 corresponding
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Figure 20. Settlement of ground surface in the Bangkok test field, Thailand. Test area TS 3: 1.0 m drain spac-
ing (D � 1.13 m). Settlement corrected with regard to immediate and long-term horizontal displacements. EOP,
end of primary consolidation settlement estimated according to Asaoka’s method. Continuous lines: analytical
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to ∆h
–

2,corr � 4.6 m and ∆s2,corr � 0.6 � 0.12 � 0.72 m. After 75 days when load-step 2 is com-
pleted we find [t � (75 – 50)/2] U

–
� 0.12 which yields ∆s � 0.09 m and s � 0.12 m. After

140 days when load step 3 is being applied we have (t � 12.5 � 65 � 77.5 days) U
–

� 0.50
from which ∆s � 0.36 m and s � 0.39 m. This yields ∆h3,corr � 3.3 m and ∆s3,corr � 0.2 �
0.36 � 0.56 m. After 220 days when load-step 4 is being applied we find (t � 80 days) U

–
�

0.46 from which ∆s � 0.26 m and s � 0.26 � 0.39 � 0.65 m. This yields ∆h4,corr �

1.8�2.0 � 3.8 m and ∆s4,corr � 0.5 � 0.3 � 0.8 m. After 250 days when load-step 4 is com-
pleted we have (t � 15 days) U

–
2 � 0.13 which yields ∆s � 0.10 m and s � 0.75 m. 100, 200

and 400 days later we have U
–

� 0.59, 0.74 and 0.89 from which ∆s � 0.47 (s � 0.47 �

0.65 � 1.12 m), 0.67 (s � 1.24 m) and 0.71 m (s � 1.36 m), respectively.
The theoretical course of settlement determined in the conventional way, Eq. (18), is

less complicated in that the total consolidation curve can be determined for each load step
separately and added to each other. Assuming ch � 0.93 m2/year we find, to give an exam-
ple, 400 days after the start of the loading process (t1 � 385 days, U

–
� 0.92; t2 � 340 days,

U
–

� 0.89; t3 � 260 days, U
–

� 0.82; t4 � 170 days, U
–

� 0.67) the settlement s �

0.92·0.15 � 0.89·0.6 � 0.82·0.2 � 0.67·0.5 � 1.17 m.
The results obtained by the two methods of analysis are shown in Figure 20.
The values of ∆h

–
applied in the different load steps agree quite well with observations of

the excess pore water pressure (cf. Hansbo, 1997). Inserting the maximum value h
–

0v � 4.6 m
into Eq. (14) we find outside the zone of smear imax � 17.7 and inserting this into Eq. (16),
the correlation between ch � 0.93 m2/year and λ � 0.37 m2/year correspond to il � 3.7.

7.4. The Vagnhärad vacuum test
Torstensson (1984) reported an interesting full-scale test in which consolidation of the clay
was achieved by the vacuum method. The subsoil at the test site consists of postglacial clay
to a depth of 3 m and below this of varved glacial clay to a depth of 9 m underlain by silt.
The clay is slightly overconsolidated with a preconsolidation pressure of about 5–20 kPa
higher than the effective overburden pressure. The coefficient of consolidation ch was
found to be equal to 0.95 m2/year and the average virgin compression ratio CR equal to 0.7
(max. 1.0). 

The vacuum area, 12 m square, was first covered by a sand/gravel layer 0.2 m in thick-
ness, and then by a Baracuda membrane, which was buried to 1.5 m depth along the bor-
der of the test area and sealed by means of a mixture of bentonite and silt. 

Mebradrains (dw � 0.066 m) were installed in a square pattern with 1.0 m spacing to
a depth of 10 m. The equivalent diameter of the mandrel dm � 0.096 m. The average
under-pressure achieved by the vacuum pump was 85 kPa. After 67 days, the vacuum
process was stopped and then resumed after 6 months of rest. From the shape of the set-
tlement curve (Figure 21), Asaoka’s method yields the correlation si � 0.0756�

0.9075si–1 from which sp � 0.82 m. This value is low with regard to the loading condi-
tions and the compression characteristics. The main reason seems to be that the applied
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vacuum effect is not fully achieved in the drains. Thus, the primary settlement 0.82 m cor-
responds to a vacuum effect of about 35 kPa (∆h � 3.5 m). Another reason may be that
the test area is too small as compared to the thickness of the clay layer. 

The theoretical settlement curve in this case has to be determined in two steps, the first
one up to a loading time of 67 days leading to a then settlement s1�U

–
h1sp. In the next load

step, starting again from the time of resumption of the application of vacuum, the remain-
ing primary settlement is obtained from the relation ∆s�U

–
h(sp � s1), i.e. the remaining set-

tlement equals st � s1 � U
–

ht (sp � s1), where t starts from the time of resumption of the
application of vacuum. In this case, where vacuum is applied to create underpressure in the
drains, the effect of vertical one-dimensional consolidation is eliminated.

Inserting the values D � 1.13 m, dw � 0.066 m, ds � 0.19 m, kh/ks�κh/κs�4 and ∆h
–

�

3.5 m into Eqs. (18) and (19), the best agreement between theory and observations is found
for ch � 2.4 m2/year and λ � 0.95 m2/year (Figure 21). Even in this case the λ theory
agrees better with observations than the classical theory.
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Figure 21. Results of settlement observations at Vagnhärad, Sweden. Consolidation by vacuum. 1.0 m drain
spacing (D � 1.13 m). EOP, end of primary consolidation settlement estimated according to Asaoka’s method.
Continuous lines: analytical results according to non-Darcian flow, Eq. (19), with λ � 0.95 m2/year and n � 1.5. 

Broken lines: analytical results according to Darcian flow, Eq. (18), with ch � 2.4 m2/year.
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Inserting the maximum value ∆h
–

� 3.5 m into Eq. (13) yields imax � 7.3, and inserting the
values ch � 2.4 m2/year and imax � 7.3 into Eq. (15) yields λ � 1.1 m2/year. The value λ �

0.95 m2/year corresponds according to Eq. (15) to imax � 9.9. Assuming il � 5, the value of
imax, derived from Eq. (16), becomes respectively 7.7 instead of 7.3 and 11.8 instead of 9.9.

7.5. The Porto-Tolle test site, Italy
The Porto Tolle experimental embankment had a crest width and length of 30 and 300 m,
respectively, and a bottom width of 65 m. The load placed on the embankment was about
100 kN/m2. It was divided into four sections with different types of vertical drains. Here,
two types of drains will be analysed, namely one with band drains of type Geodrain and
another with jetted sand drains, 0.3 m in diameter. The drains were placed in equilateral
triangular pattern, Geodrains with 3.8 m spacing and sand drains with 5.0 m spacing.

The soil consists of 7 m sand and silty sand underlain by about 20 m of soft, normally
consolidated light-brown silty clay resting on dense, silty sand. The consolidation charac-
teristics of the clay were determined by means of oedometer tests and field investigations.
According to the oedometer tests, the coefficient of consolidation cv was found to be equal
to 3–9 m2/year and the coefficient of consolidation ch equal to 6–16 m2/year. From the
results of a trial embankment without vertical drains, cv was found equal to 9 m2/year. The
virgin compression ratio CR was not given. The primary consolidation settlement of the
section with Geodrains, shown in Figure 22, estimated according to Asaoka’s method,
yields si � 0.249 � 0.756si�1, corresponding to a total primary consolidation settlement
of 1.0 m, while the settlement of the section with sand drains yields si � 0.259 �

0.703si�1, corresponding to a total primary consolidation settlement of 0.9 m. The vertical
stress increase in the middle of the clay layer due to the load of the embankment can be
estimated at ∆σ � 100[(30 � 65)/2] /[17 � (30 � 65)/2] ≈ 74 kPa.

The observations are compared with Eqs. (18) and (19) assuming that the primary con-
solidation settlement is in accordance with the values given above, i.e. equal to 1.0 m in
the section provided with Geodrain and 0.9 m in the section provided with sand drains.
Inserting for Geodrains the values D � 3.99 m, dw � 0.066 m, ds � 0.19 m, kh/ks �

κh/κs � 2 and for sand drains D � 5.25 m, dw � 0.3 m, ds � 0.4 m, kh/ks � κh/κs � 2 and
an initial hydraulic head ∆h

–
0 � 7 m (assuming ∆u–0�γw∆h

–
0�∆σ) into Eqs. (18) and (19),

the best agreement between theory and observations is found for ch � 24 m2/year and λ �

14 m2/year with the exponent n � 1.5 (Figure 22). In both cases the coefficient of consol-
idation cv is assumed to be equal to 9 m2/year.

According to Eq. (18) the average degree of consolidation when the load-step leading
to full load is completed (consolidation time t � 3.4 months; full load during 1.7 months)
U
–

� 41% for Geodrains and 42% for sand drains. At t � 6, 9 and 12 months we find U
– 

�

68%, 85% and 93%, respectively, for Geodrains, and U
–

� 72%, 87% and 94%, respec-
tively, for sand drains. According to Eq. (19) the average degree of consolidation when the
load-step leading to full load is completed (consolidation time t � 3.4 months; full load
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during 1.7 months) U
– 

� 51% for Geodrains and 47% for sand drains. At t � 6, 9 and 12
months we find U

– 
� 76%, 87% and 92%, respectively, for Geodrains and U

– 
� 73%, 85%

and 91%, respectively, for sand drains. Even in this case the λ theory agrees better with
observations than the classical theory.

7.6. The Stockholm-Arlanda project 
At Stockholm-Arlanda Airport, different types of soil improvement techniques have been
used. Among these, vertical drainage in combination with preloading has been used along
the runway/taxiway in an area of 250,000 m2 containing clay and organic deposits. 

The requirements placed on the completed project allowed a maximum settlement of
30 mm. The design of the vertical drain project aimed at creating an effective preconsolida-
tion pressure of at least 1.25 times the effective vertical pressure reached in the soil after
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Figure 22. Trial embankment at Porto Tolle, Italy. Measured and calculated settlements and loading conditions
for test sections provided with band drains, type Geodrain and jetted sand drains. Broken line: Geodrain; dash-
dotted line: jetted sand drains according to Eq. (18) with ch � 24 m2/year;continuous lines: Eq. (19) with 

λ � 14 m2/year and n � 1.5.
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completion of the project. This was done in order to eliminate the risk of too large creep set-
tlement after the primary consolidation period (cf. test Area III at Skå-Edeby, Figure 15).
The drain spacing and the preloading conditions were selected in order to achieve 95% pri-
mary consolidation within 12 months of loading. The Arlanda project is interesting from the
point of view of the extreme loading conditions. Thus, in order to achieve the goal set up,
preloading has been carried out by means of 14–20 m of fill. The load of the fill has caused
a relative compression of 22–29%, corresponding to total settlements of 1.6–2.6 m. 

According to the design requirements, the drains had to be installed in equilateral tri-
angular pattern with a drain spacing of 0.9 m. Furthermore, depending on the large rela-
tive compression to be expected, the drains had to be capable of undergoing a vertical
compression of the order of 35% without losing their function. Prefabricated drains, type
Mebradrain 88, were selected for the project. The installation of the drains was made by
means of steel mandrel with the dimensions 60 
 120 mm. 

The clay at one of the sites of observation presented here, site K, was medium to highly
sensitive and normally consolidated with water content of mainly 60–90% and a liquid
limit of 40–80% (the results at other points of observation and consequential analysis are
presented by Eriksson et al., 2000). The undrained shear strength was fairly constant,
mainly about 7–9 kPa, irrespective of depth. The groundwater level was situated just below
the ground level. The results of the oedometer tests, interpreted in the way shown in Figure
23, and the settlements derived accordingly are given in Table 7. 

The settlement values calculated from the oedometer test results were compared with
those determined from the course of settlement shown in Figure 24. Thus, according to
Asaoka’s method the primary consolidation settlement is obtained from the correlation
si � 0.590 � 0.775si�1, which yields sp � 2.63 m. The discrepancy can be explained by

approximate correlation
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Figure 23. Interpretation of the results of oedometer tests used for the Stockholm-Arlanda project. Oedometer 
modulus M � ∆σ�/∆ε .
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Figure 24. Comparison between calculated course of settlement and observations at Stockholm Arlanda
Airport. Broken line: Darcian flow according to Eq. (18) with ch � 2.6 m2/year, continuous line: non-Darcian flow

according to Eq. (19) with λ � 0.7 m2/year and n � 1.5.

Table 7. Parameters used in the settlement analysis (see Figure 18). ∆hj, hydraulic head of excess pore water
pressure

Depth (m) Mij (kPa) M�j σ �ij � σ �cj (kPa) ∆hj (m) Load (kN/m2) Settlement (m)

2 80 12.9 9 2.5 0–80 1.8
4 165 19.3 12 2.0 80–215 0.7
6 188 15.3 21 2.0 215–390 0.4
8 279 17.5 20 2.5 0–390 2.9



the fact that the oedometer results given in Table 7 represent mean values of oedometer
tests carried out on samples taken as far as 70–165 m away from the point of settlement
observation. The settlements obtained in the various load steps were adjusted by multipli-
cation by a factor obtained by dividing the final settlement values obtained by Asaoka’s
method with the final settlement values evaluated based on the oedometer tests. The
adjusted values are given in Table 8.

7.6.1. Analysis of consolidation process. According to the oedometer tests, the coeffi-
cient of consolidation cv varies from about 0.2 to 0.3 m2/year at pre-consolidation pressure
to about 0.5–1.0 m2/year (maximum 2.5 m2/year) at the end of primary compression under
the maximum load applied (390 kN/m2). The following assumptions are applied in the
analysis: D � 1.05 
 0.9 � 0.945 m; dw � 0.066 m; ds � 0.19 m; kh/ks � κh/κs � ch/cv � 3;
l � 4.5 m; ch � 2.6 m2/year and λ � 0.7 m2/year with the exponent n � 1.5. 

7.6.2. The course of settlement in Darcian flow. Inserting the consolidation time t1 � 1
month (the length of time that corresponds to full loading condition in load-step 1), we find
U
–

1 � 0.42 at the completion of load-step 1, and, consequently, s �0.42 
 1.63 � 0.69 m.
At the completion of load-step 2 (t1 � 2 months and t2 � 0·5 months) we find U

–
1 � 0.65

and U
–

2 � 0.25, whence s � 0.65 
 1.63 � 0.25 
 0.63 � 1.22 m. Finally, at the comple-
tion of load-step 3 (t1 � 4.5 months, t2 � 3 months and t3 � 1.25 month) we find U

–
1 � 0.90,

U
–

2 � 0.79 and U
–

3� 0.49, i.e. s � 0.90 
 1.63 � 0.79 
 0.63 � 0.49 
 0.36 � 2.15 m.
Three months later we find U

–
1 � 0.98, U

–
2 � 0.95 and U

–
3 � 0.89, i.e. s � 0.98 
 1.63 �

0.95 
 0.63 � 0.89 
 0.36 � 2.52 m, and another 3 months later we find U
–

1 � 0.995,
U
–

2 � 0.99 and U
–

3 � 0.98, i.e. s � 2.60 m.

7.6.3. The course of settlement in non-Darcian flow. In this case, according to Eq.
(19), the average piezometric head in each load-step has a great influence on the rate of
consolidation.

Assuming that the average excess pore water pressure is equal to the load placed on the
ground we have in load-step 1 (time of full loading 1 month) the hydraulic head ∆h

–
1 �

8 m, which yields U
–

1 � 0.46. This yields s � ∆s1U
–

1 � 0.46 
 1.63 � 0.76 m and a
hydraulic head ∆h

–
2�(1 � U

–
1) 
 ∆q1/γw � ∆q2/γw � 0.54 
 8 � 13.5 � 17.8 m. At the

completion of load-step 2, inserting a time of consolidation of half a month (the time of
full loading) we have U

–
2 � 0.38, which yields the settlement s � ∆s1U

–
1 � U

–
2[∆s1 �

∆s2 � ∆s1U
–

1] � 0.76 � 0.38(2.27 – 0.76) � 1.33 m. The hydraulic head now becomes
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Table 8. Settlement values, adjusted according to Asaoka’s method

Load step (kN/m2) 0–80 80–215 215–390 0–390
Settlement (m) 1.63 0.64 0.36 2.63



∆h
–

3 � 0.62 
 17.8 � 17.5 � 28.5 m. Finally, at the completion of load-step 3, when the
loading operation has been completed, we have (time of consolidation under full load
1 1/4 month) U

–
3 � 0.70, which yields s � 1.33 � 0.70(2.63 – 1.33) � 2.24 m. Three

months later we have U
–

3 � 0.93 from which s � 2.45 m.
A comparison between analytical results and observations are made in Figure 24.

7.6.4. The course of excess pore pressure dissipation. In this case, the piezometers
were placed inside concrete tubes with an outer diameter of 1 m before the installation of
the drains. The existence of these tubes created an obstacle to keeping up the intended
drain pattern. Thus, the distance from a piezometer to the nearest drain was estimated at
0.9 m. The average D value in the vicinity of a piezometer was estimated at 1.335 m
instead of the normal value of 0.945 m.

The excess pore water pressure u caused by loading is analysed by Skempton’s pore
pressure equation u � B[σ3 � A(σ1 � σ3)]. In our case the pore pressure coefficients can
be assumed to be equal to B � 1 (water-saturated clay) and A � 1.2 (load increase very
high in comparison with the preconsolidation pressure). According to the theory of elas-
ticity the principal stress increase becomes σ1 � ∆q and σ3 � 0.9∆q. This yields u0 �

1.02∆q whence the hydraulic head increase ∆h0 � u0/γw�0.104∆q.
Now, assuming that the piezometers are placed in the centre between the drains we have

ρ~∆D � 0.5. For U
–

h � 0 and D � 1.335 m we then have according to Eq. (7) ∆h � 1.06 


0.104∆q � 0.11∆ q. When dealing with the excess pore pressure dissipation, the excess pore
pressure developed during the placement of each load-step is assumed to correspond to the
total load increase (no reduction of the pore pressure caused during the placement of the load-
step). This can be justified by the dynamic disturbance effects caused by the filling operation.
Therefore, the time of consolidation is chosen with reference to the time when the filling oper-
ation in a load-step is completed. The effect of the contribution by one-dimensional vertical
consolidation on the excess pore pressure values is not taken into account.

Assuming Darcian flow, the value of ∆h during the course of consolidation can be found
by Eqs. (7) and (5). Proceeding along the mentioned principle, taking into account only the
effect of the drains (cv � 0), we find, at the completion of load-step 1, ∆h � 0.11 
 80 �
8.8 m. At the completion of load-step 2 we have t1 � 1 month which yields U

–
h1 � 0.19.

Hence ∆h � 0.81 
 8.8 � 0.11 
 135 � 22.0 m. Finally, at the completion of load-step 3
we have t1 � 3.5 months and t2 � 2.5 months from which U

–
h1 � 0.53 and U

–
h2 � 0.42; from

this we obtain ∆h � 0.47 
 8.8 � 0.58 
 0.11 
 135 � 0.11 
 175 � 32.0 m. An easier
way of finding the value of ∆h, applied in the following, is to start the analysis only from
the time when load-step 2 is completed, which yields the same result: ∆h � 0.58 
 22.0 �

0.11 
 175 � 32.0 m. Three months later we have U
–

h3 � 0.48, whence ∆h � 0.52 


32.0 � 16.7 m, and another 3 months later, U
–

h3 � 0.73, i.e. ∆h � 8.7 m.
Assuming non-Darcian flow, we find according to Eq. (9) for U

–
h � 0 and ρ /D � 0.5

the value of ∆h � 1.11 
 0.104∆q � 0.115∆h0. At the completion of load-step 1 we now
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have ∆h � 0.115 
 80 � 9.2 m. At the completion of load-step 2 we have according to
Eq. (6) U

–
h1 � 0.24, whence ∆h � 0.76 
 9.2 � 0.115 
 135 � 22.5 m. At the comple-

tion of load-step 3 we have U
–

h2 � 0.59, from which ∆h � 0.41 
 22.5 � 0.115 
 175 �
29.4 m. Three months later we have U

–
h3 � 0.68, whence ∆h � 0.32 
 29.4 � 9.4 m, and

another 3 months later, U
–

h3 � 0.84, i.e. ∆h � 4.6 m.
The results of the analysis are compared with the results of pore pressure observations

in Figure 25. In reality, the observational results were obtained through measurements
where the horizontal distance between the piezometers and the nearest drain was 0.8 m
(ρ � D/2 � 0.8). The values of ρ and D, however, chosen in the analysis, are based on the
average drain spacing nearest to the piezometers.

From the results of the analysis of the consolidation process, shown in Figures 24 and
25, we find a slightly better agreement between the observations and the analysis based on
validity of Darcy’s flow law than the analysis based on exponential flow. This can be
explained by the fact that the prevailing hydraulic gradients in this case are very high and
in excess of the limiting hydraulic gradient il in exponential flow almost during the whole
consolidation process. In this case, the maximum hydraulic gradient during the consolida-
tion process is equal to 77, while the adapted values of λ and ch used in the analysis cor-
respond to a limiting hydraulic gradient il equal to 7.
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Figure 25. Comparison between theoretical and observed excess pore pressure dissipation at Stockholm Arlanda
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� 15.0; K 14 (after 10 months of loading) �14.3. Broken line: Darcian flow according to Eq. (18) with 

ch � 2.6 m2/year; continuous line: non-Darcian flow according to Eq. (19) with λ � 0.7 m2/year and n � 1.5.



FINAL COMMENTS

The choice of consolidation parameters is mostly based on the results of conventional
oedometer tests representing one-dimensional consolidation with pore water escape in the
vertical direction. The coefficient of consolidation in the case of pore water escape in the hor-
izontal direction is usually determined by means of piezocone tests. The results thus obtained
have to be checked by a follow-up of the consolidation process, preferably by careful instru-
mentation of a test area or of the project itself. In the case of vertical drainage, the choice of
the consolidation parameters will depend on the assumptions connected with the diameter
of the zone of smear and the ratio of permeability coefficients in natural soil and in the zone
of smear. For example, if the ratios κh/κs and kh/ks in the Örebro test areas are chosen equal
to 2 instead of 4, the coefficient of consolidation λ, giving equally good agreement with the
test results as mentioned above, will be 0.31 m2/year instead of 0.58 m2/year. The coefficient
of consolidation ch will be 0.70 m2/year instead of 1.15 m2/year. This example indicates the
importance of a follow-up of the consolidation process to check the choice of consolidation
parameters. Monitoring should include both settlement and pore pressure observations. From
the results obtained at an early stage of the consolidation process the consolidation parame-
ters can be estimated and the continuation of the consolidation process predicted with accept-
able accuracy.

NOTATIONS

a thickness of prefabricated band-shaped drain
b width of prefabricated band-shaped drain
ch coefficient of consolidation valid for vertical drainage (Darcian flow)
cv coefficient of consolidation valid for one-dimensional consolidation (Darcian flow)
Cc compression index
CR compression ratio (� Cc/(1 � e0) � ε2 / log2)
D diameter of soil cylinder dewatered by a drain
dw drain diameter
ds diameter of zone of smear
e void ratio
h hydraulic head
i hydraulic gradient
k coefficient of permeability (Darcian flow)
ks coefficient of permeability in the zone of smear (Darcian flow)
kh coefficient of permeability in horizontal pore water flow
kw coefficient of permeability of the drain
l length of partially penetrating drain (half-length of penetrating drain)
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M compression modulus determined by oedometer tests
n exponent of hydraulic gradient in exponential flow correlation
qw discharge capacity of drain at an inner hydraulic gradient equal to one
t consolidation time
u excess pore water pressure
z depth coordinate
ε relative compression
ε2 relative compression along the virgin curve caused by doubling the load
γw unit weight of water
γ � γsat � γw � effective unit weight of soil (γsat � unit weight of water saturated soil)
κ coefficient of permeability (exponential flow)
κh coefficient of permeability in horizontal pore water flow (exponential flow)
κs coefficient of permeability in the zone of smear (exponential flow)
λ coefficient of consolidation (exponential flow)
ρ radius vector
σ total stress
σ � effective stress
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ABSTRACT

In this chapter, a two-demensional plane strain solution is adopted for the embankment analy-
sis, which includes the effects of smear zone caused by mandrel driven vertical drains. The
equivalent (transformed) permeability coefficients are incorporated in finite element codes,
employing modified Cam-clay theory. Selected numerical studies have been carried out to
study the effect of embankment slope, construction rate, and drain spacing on the failure of
the soft clay foundation. Finally, the observed and predicted performances of well-instru-
mented full-scale trial embankments built on soft Malaysian marine clay have been discussed
in detail. The predicted results agree with the field measurements.

1. INTRODUCTION

The rapid development and associated urbanization have compelled engineers to construct
earth structures, including major highways, over soft clay deposits of low bearing capac-
ity coupled with excessive settlement characteristics. In the coastal regions of Australia
and Southeast Asia, soft clays are widespread and particularly in the vicinity of capital
cities. Because soft soils are weak, unreinforced embankments can only be built 4–5 m
high. However, higher embankments are often needed and their rapid construction is
pertinent given the usual stringent deadlines. To achieve these goals, special construction
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measures such as light-weight embankment fill, the provision of reinforcement at the bot-
tom of the embankment, and suitable ground improvement techniques and staged embank-
ment construction must be considered. The application of prefabricated vertical drains
(PVDs) with preloading (vacuum pressure or surcharge) has become common practice and
is one of the most effective techniques for ground improvement.

Many improvement techniques have been developed to suit particular soil condition,
with most soft clay methods based on consolidation. Preloading with vertical drains is a
successful ground improvement technique, which involves the loading of the ground sur-
face to induce most of the ultimate settlement of the underlying soft formation. Usually, a
surcharge load equal to or greater than the expected foundation loading is applied to accel-
erate consolidation with the aid of vertical drains. The application of vacuum pressure can
reduce the amount of surcharge fill material required to obtain the same consolidation set-
tlement because it generates suction, which increases the effective stress and accelerates
consolidation.

Consolidation of soil is the process of decreasing the volume in saturated soils by
expelling the pore water. Therefore, the consolidation rate is governed by the compress-
ibility, permeability, and length of the drainage path. The settlement level is directly related
to the void ratio change, which is directly proportional to the rate of dissipation of excess
pore water pressure. For three decades, vertical drains with preloading have been used to
accelerate the consolidation process before commencing construction.

Preloading on its own can reduce the total and differential settlement facilitating 
the choice of foundations, but when vertical drains are used with preloading, the settlement
process can be accelerated considerably (Figure 1). The main advantages of vertical drains
are: (i) to increase the shear strength of soil through a decreased void ratio and moisture con-
tent; (ii) to decrease the time for preloading to minimize the same level of postconstruction
settlement; (iii) to reduce differential settlement during primary consolidation; and (iv) to
curtail the height of surcharge fill required to achieve desired precompression.

2. INSTALLATION AND MONITORING OF VERTICAL DRAINS

Before installing vertical drain it is essential that the site be prepared. This may involve
removing surface vegetation and debris and grading the site for a sand blanket to act as a
medium for expelling water from the drains and an appropriate working mat. The vertical
drains can be installed by either the washing jet method, the static method or the dynamic
method. The washing jet method is primarily used when installing large diameter sand
drains, whereby sand is washed in through the jet pipe. PVDs are usually installed by the
static or dynamic method (Figure 2). In the latter, the mandrel is driven into the ground with
either a vibrating or drop hammer, but in the former, the mandrel is pushed into the soil by
a static load. The static method usually causes less ground disturbances and is preferred for



more sensitive soils. Although faster, the dynamic methods generate higher excess pore
pressures and a greater disturbance of the soil around the mandrel during installation.

On major projects, instrumentation is essential for verifying performance and observing
design amendments, as warranted, to prevent unacceptable displacement. Figure 3 shows a
typical scheme of instruments required to monitor the performance of a soft clay founda-
tion beneath an embankment containing PVD. The most commonly used instruments are
inclinometers, settlement indicators, and piezometers, as described in the following section.

2.1. Inclinometers
These instruments are used to monitor the lateral (transverse) movements of natural slopes
or embankments. An inclinometer casing has a grooved metal or plastic pipe that is placed
into a borehole (Dunnicliff, 1988). The space between the wall of the borehole and the
casing is backfilled with a sand or gravel grout. The bottom of the pipe must rest on a firm
base to achieve a stable point of fixity. To monitor embankment performance, inclinometers
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Figure 2. Typical installation rig (Source: Colbond bv, The Netherlands, http://www.colbond-gepsynthetic. com).
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Figure 3. Basic instrumentation for a typical embankment (adapted from Rixner et al., 1986).



are normally placed at or near the toe of the embankment where excessive lateral movement
is usually of some concern.

2.2. Settlement indicators
Settlement plates or points are commonly installed where significant settlement is pre-
dicted (Dunnicliff, 1988) to record the magnitude and rate of settlement under a load.
Therefore, they should be placed immediately after installing the vertical drains. In the
simplest form, this instrument is a settlement plate consisting of a steel plate placed on the
ground before construction of embankment. Surface settlement points measure vertical
displacement with depth, for example, along an embankment centerline. Typically, a ref-
erence rod and protecting pipe are attached to the settlement-monitoring platform.
Settlement is often evaluated periodically until the surcharge embankment is completed,
then at a reduced frequency, measuring the elevation of the top of the reference rod.
Benchmarks used for reference datum must be stable and remote from all other possible
vertical movements. Further information about settlement points is given elsewhere
(Dunnicliff, 1988).

2.3. Piezometers
A detailed description and analysis of various types of piezometers to measure in situ pore
water pressure are presented by Hanna (1985) and Dunnicliff (1988). Piezometers should
be installed at the bottom of the sand blanket, at various intermediate depths within the
compressible layer. A dummy piezometer is usually installed a sufficient distance away
from the embankment to record natural groundwater level and excess pore water pressure
at a given location is determined by comparison with the “dummy” level.

3. DRAIN PROPERTIES

3.1. Diameter of influence zone
As shown in Figure 4, the equivalent diameter of the influence zone (De) can be found in
terms of the drain spacing (S) as follows (Hansbo, 1981):

De � 1.13S for drains installed in a square pattern (1)

and

De � 1.05S for drains installed in a triangular pattern (2)

Drains in a square pattern may be easier to lay out and control during installation in the
field but a triangular pattern usually provides a more uniform consolidation between them.
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3.2. Equivalent drain diameter of band-shaped vertical drain
Most prefabricated drains have rectangular cross-section (band-shaped, Figure 5), but for
design purposes, the rectangular (width a, thickness b) section has to be converted into an
equivalent circle with a diameter of dw, because the conventional theory of radial consoli-
dation assumes that drains are circular.

The following typical equation is used to determine the equivalent drain diameter:

dw � 2(a � b)/π (Hansbo, 1979) (3)

Atkinson and Eldred (1981) proposed that a reduction factor of π /4 should be applied to
Eq. (3) to take account of the corner effect, where the flow lines rapidly converge. From
the finite element studies, Rixner et al. (1986) proposed that

dw � (a � b)/2 (4)

Pradhan et al. (1993) suggested that the equivalent diameter of band-shaped drains should
be estimated by considering the flow net around the soil cylinder of diameter de (Figure 6).
The mean-square distance of their flow net is calculated as

s�2 � d2
e � a2 � de (5)

Then, dw � de �2�(s���2)� � b (6)

2a
�π 2

1
�
12

1
�
4
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Figure 4. Typical drain installation patterns and the equivalent diameters (adapted from Barron, 1948 and
Hansbo, 1981).



More recently, Long and Covo (1994) found that the equivalent diameter dw could be com-
puted using an electrical analogue field plotter:

dw � 0.5a � 0.7b (7)

3.3. Discharge capacity
The discharge capacity is probably the most important parameter that controls the per-
formance of prefabricated vertical drains. According to Holtz et al. (1991), the discharge
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capacity depends primarily on the following factors (Figure 7): (i) the area of the 
drain core available for flow; (ii) the effect of lateral Earth pressure; (iii) possible folding,
bending and crimping of the drain; and (iv) infiltration of fine particles into the drain 
filter.

The current recommended values are given in Table 1 and the discharge capacities of
various types of drains are shown in Figure 8 as a function of lateral confining pressure.

58 Chapter 2

(b)     sinosoidal bending

Relatively
uniform soil

mass

Weak
zones

Weak
zones

(a)     uniform bending

(c)       local bending (d)      local kinking (e)        multiple kinking

∆H

∆H ∆H ∆H

∆H

Figure 7. Possible deformation modes of PVD (adapted after Holtz et al., 1991).

Table 1. Current recommended values for specification of discharge capacity

Source Value Lateral stress (kPa)

Kremer et al. (1982) 256 100
Kremer (1983) 790 15
Jamiolkowski et al. (1983) 10–15 300–500
Rixner et al. (1986) 100 Not given
Hansbo (1987) 50–100 Not given
Holtz et al. (1989) 100–150 300–500
de Jager and Oostveen (1990) 315–1580 150–300



4. FACTORS INFLUENCING THE VERTICAL DRAIN EFFICIENCY

4.1. Smear zone
In the field, vertical drains are installed using a steel mandrel, which is pushed into ground
statically or dynamically then withdrawn, leaving the drain in the subsoil. This process
causes significant remolding of the subsoil, especially in the immediate vicinity of the
mandrel. The resulting smear zone will have reduced lateral permeability, which adversely
affects consolidation process.

The combined effect of permeability and compressibility within the smear zone causes
a different behavior from the undisturbed soil. Predicting soil behavior surrounding the
drain requires an accurate estimation of the smear zone properties. In many classical solu-
tions (Barron, 1948; Hansbo, 1981; Indraratna et al., 1997), the influence of the smear
zone is considered with an idealized two-zone model.

Two parameters are necessary to characterize the smear effect, namely, the diameter of
the smear zone (ds) and the permeability ratio (kh /ks), i.e., the value in the undisturbed zone
(kh) over the smear zone (ks). Both the diameter of the smear zone and its permeability are
difficult to quantify and determine from laboratory tests, and so far, there is no compre-
hensive or standard method to measure them. The extent of the smear zone and its perme-
ability vary with the installation procedure, size and shape of the mandrel, and the type and
sensitivity of soil (macro fabric). Field and laboratory observations (Indraratna and
Redana, 1998) indicated a continuous variation of soil permeability with the radial
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distance away from the drain centreline. Also, the smear zone diameter (ds) has been the
subject of much discussion in literature dealing with PVD.

Investigations by Holtz and Holm (1973) and Akagi (1977) indicate that

ds � 2dm (8)

where dm is the diameter of the circle with an area equal to the cross-sectional area of the
mandrel. Jamiolkowski et al. (1981) proposed that

ds � (2.5 � 3.0)dm (9)

Hansbo (1981, 1997) proposed a different relationship as follows:

ds � (1.5 � 3.0)dw (10)

Based on laboratory study and backanalysis, Bergado et al. (1991) proposed that the fol-
lowing relation could be assumed:

ds � 2dw (11)

Indraratna and Redana (1998) proposed that the estimated smear zone could be as large as
(4–5)dw. This proposed relationship was verified using a specially designed large-scale
consolidometer (Indraratna and Redana, 1995). Figure 9 shows the variation of kh/kv ratio
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along the radial distance from the central drain. According to Hansbo (1987) and Bergado
et al. (1991), the kh/kv ratio was found to be close to unity in the smear zone. This agrees
with the study by Indraratna and Redana (1998). More recently, the primary author and his
co-workers at the University of Wollongong attempted to estimate the extent of the smear
zone caused by mandrel installation using the Cylindrical Cavity Expansion theory. They
used the modified Cam-clay (MCC) model and verified that the extent of smear zone pro-
posed by Indraratna and Redana (1998) was reasonable. Most recent results indicate that
for most soft clays the extent of the smear zone is between 4dw and 6dw. The recommended
smear zone parameters by different researchers are listed in Table 2.

4.2. The effect of a sand mat
Part or all water ingress to drains will flow to the ground first and then drain out through
the sand mat. Since the hydraulic conductivity of sand is considerably higher than clay, it
can usually be assumed that there is no hydraulic resistance in the sand mat. However, in
some cases, depending on local materials, lower quality clayey sand may be used as a sand
mat. In these instances, the hydraulic resistance in the sand mat may influence the rate of
consolidation of the clay subsoil the amount which is a function of the hydraulic conduc-
tivity of the sand as well as the embankment geometry.

4.3. Well resistance
Well resistance refers to the finite permeability of the vertical drain with respect to the soil.
Head loss occurs when water flows along the drain and delays radial consolidation. It
should be pointed out that well resistance is controlled not only by the discharge capacity
of the drain qw, but also by the permeability of the soil kh, the maximum discharge length
lm and any geometric deficiencies (bending, kinks, etc.) on the drains.
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Table 2. Proposed smear zone parameters

Source Extent Permeability Remarks

Barron (1948) rs � 1.6rm kh/ks � 3 Assumed
Hansbo (1979) rs � 1.5�3rm Open Based on available literature at that time
Hansbo (1981) rs � 1.5rm kh/ks � 3 Assumed in case study
Bergado et al. (1991) rs � 2rm kh/kv � 1 Laboratory investigation and backanalysis 

for soft Bangkok clay
Onoue (1991) rs � 1.6rm kh/ks � 3 From test interpretation
Almeida et al. (1993) rs � 1.5�2rm kh/ks � 3~6 Based on experience
Indraratna et al. (1998) rs � 4�5rm kh/kv � 1.15 Laboratory investigation (for Sydney clay)
Chai and Miura (1999) rs � 2�3rm kh/ks � Cf(kh/ks) Cf the ratio between lab and field values
Hird et al. (2000) rs � 1.6rm kh/ks � 3 Recommend for design
Xiao (2000) rs � 4rm kh/ks � 1.3 Laboratory investigation (for Kaolin clay)

rs = radius of smear zone.



Mesri and Lo (1991) proposed the governing equation for vertical flow within the ver-
tical drain in terms of excess pore water pressure at soil–drain interface. Based on Mesri’s
equation, a well-resistance factor (R) is defined as

R � π (kw/kh)(rw/lm)2 � qw/(khl
2
m) (12)

Analysis of the field performance of vertical drains indicated that the well resistance is
negligible when R � 5. In other words, the minimum discharge capacity qw(min) of vertical
drains required for negligible well resistance may be determined from

qw(min) � 5khl
2
m (13)

The above relationship is illustrated in Figure 10 for most typical values of kh and lm.
Table 3 summarizes the well-resistance indices proposed by various investigators to

evaluate the influence of finite discharge capacity of vertical drains. Note that the proposed
indices are also transformed to the well-resistance factor (R) proposed by Mesri and Lo
(1991). It can be seen that these indices depend on R, except for the expression proposed
by Aboshi and Yoshikuni (1967) and Stamatopoulos and Kotzias (1985), in which the drain
spacing is also included.
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In general, laboratory and field data indicate that the discharge capacities of most com-
mercial PVDs have little influence on the consolidation rate of clay, especially for drains
that are not too long (Indraratna et al., 1994). For values of qw � 100–150 m3/year (in the
field) and where drains are shorter than 30 m, there should be no significant increase in the
consolidation time. Given these circumstances, it may be claimed that for commercial
PVDs, well resistance is usually negligible in most practical situations unless the drains
are excessively long and geometric deficiencies occur during installation (bending, kinks,
etc). In most soft clays, well resistance can be ignored for PVD � 15 m long.

5. DEVELOPMENT OF VERTICAL DRAIN THEORY

Analytical solutions already developed for consolidation of ground improved with vertical
drains invariably employ the “unit cell” model, as illustrated in Figure 11. The theory for
radial drainage consolidation has been addressed by many researchers (Rendulic, 1936;
Carrillo, 1942; Barron, 1948; Yoshikuni and Nakanode, 1974; Hansbo, 1981; Onoue,
1988; Zeng and Xie, 1989).

5.1. Rendulic and Carillo diffusion theory
Rendulic (1936) formulated and solved the differential equation for one-dimensional ver-
tical compression by radial flows

� ch� � � (14)
∂u
�∂r

1
�
r

∂2u
�∂r 2

∂u
�∂t
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Table 3. Summary of proposed well-resistance indices

Source Index of well resistance

Aboshi and Yoshikuni (1967) Ri � � �2

�

Yoshikuni and Nakanodo (1974), Onoue (1988) L � � �2

�

Hansbo (1981) W � 2 � �2

� 2π

Stamatopoulos and Kotzias (1985) Ri � � �
2

�

Zeng and Xie, (1989) G � � �
2

�

Mesri and Lo (1991) R � π � �
2

�

n = De /dw is the spacing ratio.
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where r is the coordinate and ch the horizontal coefficient of consolidation (kh/γwmv).
Carillo (1942) showed that for radial drainage and associated 1-D consolidation, the

excess pore water pressure ur,z is given by

� ch� � � � cv (15)

ur,z � uruz/u0 (16)

where, ur and uz are the excess pore water pressure due to radial flow and vertical flow
only, and u0 is the initial pore water pressure. By substituting the average excess pore water
pressure into Eq. (16), the average degree of consolidation of the compressible stratum can
be obtained by combining Uz and Ur, hence

(1 � U�) � (1 � U�z)(1 � U�r) (17)

where U� is the average degree of consolidation of the clay at time t for combined vertical
and radial flow, and U�z and U�r are the average degree of consolidation at time t for verti-
cal and radial flow, respectively. It should be noted that both Rendulic and Carillo’s solu-
tions are for “ideal” drains only (infinite discharge capacity with no smear zone).

5.2. Barron’s (1948) ‘equal strain’ rigorous solution
Barron (1948) addressed the smear and well-resistance effects that can decrease the per-
formance of vertical drains. He presented closed-form solutions for two extreme cases for
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radial drainage-induced consolidation, namely, “free strain” and “equal strain”, and showed
that the average consolidation obtained in both cases is almost the same.

The “free strain” hypothesis assumes that the load is uniform over a circular zone of influ-
ence for each vertical drain. The differential settlements occurring over this zone do not affect
the redistribution of stresses caused by the fill load arching. In contrast, the “equal strain”
assumes that arching occurs in the upper layer during consolidation without any differential
settlement in the clay layer, which is what its simplicity is commonly used by researchers.

Figure 12 shows the schematic illustration of a soil cylinder with a central vertical
drain, where rw is the radius of the drain, rs is the radius of smear zone, R is the radius of
soil cylinder and l is the length of the drain installed into soft ground. The coefficient of
permeability in the vertical and horizontal directions are kv and kh, respectively, and k�h is
the coefficient permeability in the smear zone. Based on “equal strain”, Barron (1948) pro-
posed a solution to Eq. (14) taking the smear effect into account as

ur � u� �ln� � � � � �ln(s)� (18)

where the smear factor ν is given by

v � F(n, s, kh, k�h) � � ln� � � � � � �ln(s)� (19)

and u� � u0 exp��8Th /v� (20)
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In the above expression, s = rs/rw, n=R/rw, Th is the time factor given by Th � ch t/4R2, u�
the average excess pore water pressure, and u0 the initial excess pore water pressure.

The average degree of consolidation, U�r, in the soil body is given by

U�r � 1 � exp�� � (21)

5.3. Hansbo (1981) – Analysis with smear and well resistance
Hansbo (1981) presented an approximate solution for vertical drain based on the “equal
strain” by taking both smear and well resistance into consideration. The U�r, presented by
Hansbo (1981), can be expressed as

U�r � 1 � exp(�8Th/µ) (22)

where upon ignoring the insignificance terms, gives

µ � ln� � � � �ln(s) � 0.75 � πz(2l � z) (23)

6. 2-D MODELLING OF VERTICAL DRAINS

Even though each vertical drain is axisymmetric, finite element analyses dealing with mul-
tidrain embankments have commonly been conducted under “plane strain” conditions for
optimizing computational efficiency. Therefore, to employ a realistic 2-D plane strain analy-
sis for vertical drains, the appropriate equivalence between the plane strain and axisymmet-
ric analysis needs to be established in terms of consolidation settlement. Figure 13 shows
the conversion of an axisymmetric vertical drain into an equivalent drain wall. This can be
achieved in several ways (Hird et al., 1992; Indraratna and Redana, 1997), for example: (i)
geometric matching – the drain spacing is matched while maintaining the same perme-
ability coefficient; (ii) permeability matching – coefficient of permeability is matched
while keeping the same drain spacing; and (iii) combination of (i) and (ii), with the plane
strain permeability calculated for a convenient drain spacing.

6.1. Shinsha et al. (1982) – permeability transformation
Shinsha et al. (1982) first proposed an acceptable matching criterion for converting the
permeability coefficients. The equivalent coefficient of permeability was calculated on the
assumption that the required time for a 50% degree of consolidation in both schemes was
the same, giving

kpl/kax � (B/De)
2Th50/Tr50 (24)
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where Th50=0.197 is a dimensionless time factor at 50% consolidation of laminar flow and
Tr50 the corresponding radial flow.

6.2. Hird et al. (1992) – geometry and permeability matching
By adapting Hansbo’s (1981) theory for the plane strain case, Hird et al. (1992) showed
that the average degrees of consolidation U, at any depth and time in the two unit cells
were theoretically identical if well resistance was ignored:

� (25)

where subscripts “ax” and “pl” represent the axisymmetric and plane strain conditions,
respectively. Note that the geometric matching is achieved by substituting kpl=kax=kh in
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Eq. (25), whereas the permeability matching is obtained by substituting B=R. For incor-
porating well resistance, the following dimensionless expression can be used:

Qw/qw � 2B/π R2 (26)

6.3. Bergado and Long (1994) – equal discharge concept
The converted permeability, including smear effect, is introduced based on the condition
of the equal discharge rate in both schemes and on the assumption that the coefficient of
permeability is independent of the seepage state:

� (27)

where as=t/D, t is the thickness of the walls in 2-D model, D and S are the row spacing
and pile spacing of the actual case, respectively, α � De/D, S � D and α � 1.05 for square
pattern, S � 0.866D and α � 1.13 for triangular pattern.

6.4. Chai et al. (1995) – well resistance and clogging
Chai et al. (1995) successfully extended the analysis by Hird et al. (1992) to include the
effect of well resistance and clogging. In this approach, the discharge capacity of the drain
in plane strain (qwp) for matching the average degree of horizontal consolidation is given by

qwp � (28)

6.5. Kim and Lee (1997) – Time factor analysis
They assume that the time durations for the two systems (plane strain and axisymmetric)
to achieve a 50% and 90% degree of consolidation are the same. Then, the following sim-
ple expression is obtained:
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3

(29)

6.6. Indraratna and Redana (1997) – Rigorous solution for parallel drain wall
Indraratna and Redana (1997) converted the vertical drain system shown in Figure 13 into
an equivalent parallel drain wall by adjusting the coefficient of soil permeability. They
assumed that the half-widths of unit cell B, of drains bw, and of smear zone bs are the same

S
�πdw

Tr90
�
Th90

Tr50
�
Th50

B
�
R

kpl
�
kax

4khl
2

����

3B�ln��
n
s

�� � �
k
k

h

s
�ln(s) � �

1
1
7
2
� � �

2
3
l2

q
π
w

k

a

h��

πD(1 � as)
����

2S�ln��
α
d
D

s
�� � ��

k
k
a

s

x��ln��
d
d

w

s���
kpl
�
kax

68 Chapter 2



as their axisymmetric radii R, rw and rs, respectively. The equivalent permeability of the
model is then determined by

khp � (30)

The associated geometric parameters α, β and the flow term θ are given by

α � (31a)

β � [3n(n � s � 1) � (s2 � s � 1)] (31b)

and

θ � �1 � � (31c)

where qz � 2qw/π B is the equivalent plane strain discharge capacity.
In Eq. (30), as khp appears on both sides of the equation the solution is obtained by iter-

ation with an initially assumed khp/k�hp ratio.
To verify the above model a finite element analysis was undertaken for both axisymmet-

ric and equivalent plane strain models. As an example, a unit drain was analyzed with a drain
installed to a depth of 5 m below the ground surface at 1.2 m spacing. The model parame-
ters and soil properties were rw � 0.03 m, rm � 0.05 m, kh � 1 � 10�8 m/s, k�h � 5 �

10�9 m/s, and the corresponding equivalent coefficients of plane strain permeability were
k�hp � 5.02 � 10�10 m/s, and khp � 2.97 � 10�9 m/s based on Eq. (30). The water table was
assumed to be at the surface and rs � 5rm (based on experimental results). For the elasto-plas-
tic finite element analysis, MCC model was used as follows: λ � 0.2, κ � 0.04, M � 1.0,
ecs � 2 and Poisson’s ratio ν � 0.25, with a saturated unit weight of 18 kN/m3.

The results of both axisymmetric and plane strain analysis are plotted in Figure 14. The
average degree of radial consolidation Uh (%) is plotted against the time factor Th for per-
fect drain conditions. As illustrated, the proposed plane strain analysis agree perfectly with
the axisymmetric analysis, with the maximum deviation between the two methods being
less than 5%.

Figures 15 and 16 illustrate the settlements and excess pore pressure variations over
time, including smear plus well resistance for a single drain and again the axisymmetric
model and the equivalent plane strain model agreed.

Based on the above single drain analysis, Figures 14–16 provide concrete evidence that
the equivalent (converted) plane strain model is an excellent substitute for the axisymmetric
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model. In finite element modelling, the 2-D plane strain analysis is expected to reduce com-
putational time considerably compared to the time taken by a 3-D, axisymmetric model,
especially in multidrain analysis. 

7. SIMPLE 1-D MODELLING OF VERTICAL DRAINS

A simple approximate method for modelling the effect of PVD is proposed by Chai et al.
(2001). Because PVD increases the mass permeability of subsoil in the vertical direction,
it is logical to establish a value for vertical permeability which approximately represents
the effect of vertical drainage of natural subsoil and radial permeability toward the PVD.
This equivalent vertical permeability (kve) was derived from an equal average degree of
consolidation under the 1-D condition. To obtain a simple expression for kve, an approxi-
mation equation for consolidation in the vertical direction was proposed:

Uv � 1 � exp(�CdTv) (32)

where Tv is the time factor for vertical consolidation, and Cd � constant � 3.54. The
equivalent vertical permeability, kve, can be expressed as:

kve � �1 � �kv (33)

where l is drain length, De the equivalent diameter of unit cell, and

µ � ln� � � ln(s) � � (34)

8. A FINITE ELEMENT MODEL PERSPECTIVE FOR GENERAL DESIGN

Finite element analysis is an important tool for current design processes (Potts and
Zdravkovic, 2000). In this section, selected numerical studies have been carried out to
study how the embankment slope, construction rate, and drain spacing affect the failure of
a soft clay foundation using the finite element code ABAQUS. The subsoil profiles are
given in Tables 4 and 5 and the plane strain permeability coefficients are calculated using
Eq. (30).

8.1. Element types for soil and soil–drain interface
The types of elements used in consolidation analysis in the finite element code ABAQUS
are shown in Figure 17. The basic element type is a four-node bilinear displacement and
pore pressure element (CPE4P) consisting of four displacement and pore pressure nodes at
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the corners. The higher order of this element is a 20-node tri-quadratic displacement and tri-
linear pore pressure nodes with reduced integration (C3D20RP), which contain 20 dis-
placement nodes and eight pore pressure nodes. As explained by Hibbitt, K. & Sorensen
(2004) reduced integration elements use a lower order of integration to form element stiff-
ness. ABAQUS recommends using reduced integration elements because it usually gives
more accurate results and is less time consuming than full integration. The common element
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Table 4. Soil properties used in finite element analysis

Depth (m) Soil type kh (10�9 m/s) eo λ κ ν Μ γ (kN/m3)

0–2.0 Weathered clay 30.1 1.8 0.3 0.03 0.3 1.2 16.0
2.0–8.5 Very soft clay 12.7 2.8 0.73 0.08 0.3 1.0 14.5
8.5–10.5 Soft clay 6.02 2.4 0.5 0.05 0.25 1.2 15.0
10.5–13.0 Medium clay 2.55 1.8 0.3 0.03 0.25 1.4 16.0
13.0–18.0 Stiff clay 0.60 1.2 0.1 0.01 0.25 1.4 18.0

Table 5. In situ stress condition used in finite element analysis

Depth (m) σ �ho(kPa) σ �vo(kPa) u (kPa)

0 5 5 �5
0.5 8 8 0
2 11 11 15
8.5 28 39.75 80
10.5 35 49.75 100
13.0 49 64.75 125
15.0 57 80.75 145

CPE6P CPE4P CPE8RP

C3D20RP

CINPE5R  ASI3
 (interface element)

Pore pressure node Displacement node

Figure 17. Types of elements used in consolidation analysis (Hibbitt, K. & Sorensen 2004).



type used in the analysis presented here is the CPE8RP element, which contains eight dis-
placement nodes and four pore pressure nodes.

Interface elements are most appropriate to simulate soil–drain interaction. Since the
thickness of PVD is relatively small compared to its spacing, the interface element is
envisaged as the soil element having properties similar to the adjacent soil except for per-
meability. A three-node interface element (ASI3) is shown in Figure 17, where there are
two pore pressure nodes at the ends.

In finite element analysis, the pore pressure shape function is usually one order less
than the displacement shape function. In most of the elements shown in Figure 17, the pore
pressure shape function is linear, while the displacement shape functions are either quad-
ratic or cubic.

Figure 18 presents a typical discretized finite element mesh, which is used for numer-
ical analysis, where only one-half of the embankment is considered by symmetry. A foun-
dation depth of 15 m was considered sufficient for analysis, assuming the existence of a
stiff clay layer beneath this depth. The mesh consists of more than 1000 CPE8RP elements
and the vertical drains are modelled by an interface element (ASI3). A finer mesh was
employed for the zone beneath the embankment, with a half-width of 20 m. The embank-
ment loading is simulated by applying incremental vertical loads.

8.2. Embankment constructed on soft clay without any improvement
8.2.1. Effect of the slope of the embankment. To illustrate the effect of embankment
slope on foundation failure, two plane strain finite element analyses were conducted using
the finite element mesh shown in Figure 18. Two slopes are considered here, 2:1 and 3:1
(horizontal:vertical), and the loading is simulated by a constant rate of 0.1 m/week.
Failure is identified when the solution fails to converge and displacement continues to
increase without any further load added.

Figure 19 shows the predicted heave at the toe of the embankment based on the two
models. A measurable change in settlement rate close to failure is observed and, finally,
settlement increases without having to increase the embankment height. The decrease in
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embankment slope has the effect of increasing the embankment height at failure from 1.8
to 2.1 m. Figure 20 presents excess pore pressure distribution at 2 m below ground level
at the embankment toe. As expected, excess pore pressure increment is not gradual and a
sudden increase is observed because the point considered here is located within the
expected failure zone. Predicted surface settlement profile at failure based on these two
models is presented in Figure 21.

8.2.2. Effect of loading rate of the embankment. To study the effect of construction
rate of the embankment on failure height, plane strain finite element analysis was con-
ducted for the two different construction rates, 0.1 m/week and 0.35 m/week, for an
embankment slope of 3:1. The predicted heave at the toe of the embankment is shown in
Figure 22. The slow rate of construction permits a greater embankment height at failure,
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because this gradual rate of construction allows the soft clay to gain shear strength upon
pore pressure dissipation.

8.3. Influence of drain spacing 
To investigate the effect of vertical drains on embankment stability, four different drain
spacings were considered in the analysis; 1, 1.5, 2 and 3 m. The embankment is raised to
a maximum height of 4 m, with two different construction rates, 0.1 m/week and 0.35
m/week. The slope of the embankment is assumed to be 2:1.

Figures 23 and 24 show the predicted surface settlement at the centerline and toe of the
embankment, respectively. For a construction rate of 0.1 m/week, impending failure is not
noticed for a small drain spacing of up to 2 m, which suggests that the higher dissipation
of pore pressure and slower construction rate allow the soft clay foundation to gain suffi-
cient strength to support a 4 m high embankment. If the construction rate is increased to
0.35 m/week, the foundation stabilized with PVD at 1 m spacing reaches its ultimate set-
tlement within a shorter period (100 days) compared to a construction rate of 0.1 m/week

Theoretical and Numerical Perspectives and Field Observations 75

0 20 40 60

−400

0

400

−800

Slope =2:1

Slope =3:1

Swelling at toe

Distance from centreline (m)

Se
ttl

em
en

t (
m

m
)

Figure 21. Surface settlement profile at failure.

0.1 m/week

0.35 m/week

H
ea

ve
 (

m
m

)

0

50

250

200

150

100

Embankment height (m)
0 0.5 2.0 2.51.0 1.5

Figure 22. Heave at the toe of embankment.



(300 days). It is not possible to reach the final embankment height of 4 m if the drain spac-
ing is 1.5, 2 or 3 m (Figure 24b).

9. PERFORMANCE OF TEST EMBANKMENTS CONSTRUCTED ON SOFT MARINE

CLAY IN MALAYSIA

To study the performance and cost effectiveness of various ground improvement methods,
in 1986 the Malaysian Highway Authority constructed a series of 15 trial embankments in
Muar clay with nine different ground improvement techniques. The site of the test
embankment is about 500 km east of Malacca on the southwest coast of Malaysia (Figure
25). The finite element program ABAQUS is used to predict the behavior of two of these
embankments; one without any foundation improvement (i.e. north of embankment #1 in
Figure 25), the other with geosynthetic vertical drains (PVD) at 1.3 m spacing installed in
a triangular pattern (i.e. #14 in Figure 25).

9.1. Embankment constructed to failure
This embankment is shown in Figure 25, and is located just north of embankment #1. The
cross-section of embankment showing the key instruments with subsoil variation, and the
discretized finite element mesh, are shown in Figures 26 and 27, respectively. The piezome-
ters P5, P6 and the inclinometers I3, I4 are used to monitor embankment failure. The
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embankment was raised with a fill material of 20.5 kN/m3 bulk unit weight at a constant
rate of 0.4 m/week (Indraratna et al., 1992). The MCC parameters and the in situ stresses
are given in Tables 6 and 7, respectively.

The excess pore pressure variation along the embankment centerline, the surface set-
tlement, and the lateral displacement at 10 m from the centerline are plotted in Figures
28–30 for a fill height of 5 m. As expected, the lateral displacement is significantly
reduced in the stiffer clay layer. In general, the MCC theory overestimates the lateral dis-
placements. The reason for this discrepancy can be attributed to several factors, including
the lateral variability of soil parameters, the use of a simplified associated flow rule, and
the effect of the stiff surficial crust (Potts and Zdravkovic, 2001). It was found that lateral

Theoretical and Numerical Perspectives and Field Observations 77

Heave

Heave

0 1 2 3 4 5

0 1 2 3 4 5

Se
ttl

em
en

t (
m

m
)

(a)

1m spacing
1.5m spacing
2m spacing
3m spacing

1m spacing
1.5m spacing
2m spacing
3m spacing

Se
ttl

em
en

t (
m

m
)

−200

−100

0

100

200

300

−300

Embankment height (m)

Embankment height (m)

(b)

0

−100

400

300

200

100

Figure 24. Predicted surface settlement at toe for different drain spacing at a construction rate of (a) 0.1 m/week,
(b) 0.35 m/week.



displacements are also sensitive to nominal changes of compression parameter λ
(Indraratna et al., 1992).

9.2. Embankment stabilized with geosynthetic vertical drain
The location of this embankment is shown in Figure 25 as embankment # 14. The embank-
ment cross-section with key instrumentation and the associated subsoil profile is shown in
Figure 31. The equivalent drain radius based on Eq. (4) is estimated to be rw=0.03 m and
the smear zone radius is taken as rs=0.15 m. The Cam-clay parameters and equivalent
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plane strain permeabilities based on Eq. (30) are given in Table 8. Table 9 tabulates the in
situ stress distribution. Embankment construction was carried out in two loading stages;
during the first 14 days the height was raised to 2.57 m (Stage 1), and after a 90 day rest
period the height was raised to 4.74 m in 24 days (Stage 2).
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Table 6. Soil parameters used in finite element analysis

Depth k λ ecs M ν γs kh kv

(kN/m3) (m/s) (m/s)

0–2.5 0.05 0.13 3.07 1.19 0.3 16.5 1.5 � 10�9 0.8 � 10�9

2.5–8.5 0.05 0.13 3.07 1.19 0.3 15.5 1.5 � 10�9 0.8 � 10�9

8.5–18.5 0.08 0.11 1.61 1.07 0.3 15.5 1.1 � 10�9 0.6 � 10�9

18.5–22.5 0.10 0.10 1.55 1.04 0.3 16.0 1.1 � 10�9 0.6 � 10�9

Source: Indraratna and Sathananthan (2003)
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Table 7. In situ stress condition

Depth (m) σ h0 (kPa) σ v0 (kPa) u (kPa) P�c (kPa)

0 0 0 0 110
2.5 13.2 22.0 16.7 110
8.5 33.7 56.1 75.5 40
18.5 67.9 113.1 173.6 60
22.5 81.5 135.9 212.9 60

Source: Indraratna and Sathananthan (2003)



The finite element mesh of the embankment is shown in Figure 32 and the location of
inclinometer (ID1-23 m away from the centerline) and piezometers are conveniently
defined at mesh nodes. The well resistance of the drain was included because they were 18
m long. The well resistance was simulated by considering the vertical permeability of the
transformed drain wall as previously discussed in Eq. (31c). The equivalent coefficient of
permeability of drain was estimated as 0.0005 m/s by a single drain analysis.

The predicted and measured settlements at the centerline and along the surface are
shown in Figures 33 and 34, respectively. Heave is also predicted beyond the toe of the
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embankment, i.e. at about 45 m away from the centerline but regrettably, no field data
were available for comparison. The predictions acceptably agree with the limited field
measurements obtained near the centerline.

The evaluated and measured excess pore water pressure variations are shown in
Figure 35. The measured excess pore pressure does not indicate much dissipation during
Stage 2 due to the piezometer malfunctioning. Even though the prediction of excess pore pres-
sure is made accurately in Stage 1 by including the smear effect, the predicted postconstruc-
tion pore pressure only improved slightly by including both smear and well resistance. As
expected, the “perfect drain” underestimates the measurements. Observed and predicted lateral
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Table 8. Soil parameters used in finite element analysis

Permeability (10�9 m/s)
Depth (m) κ λ ecs M ν γs kh k�h khp k�hp

0–1.75 0.06 0.30 3.10 1.19 0.29 15.0 6.4 3.0 2.45 0.60
1.75–5.50 0.06 0.60 3.10 1.19 0.31 15.0 5.2 2.7 1.36 0.58
5.50–8.0 0.05 0.30 3.06 1.12 0.29 15.5 3.1 1.4 0.81 0.29
8.0–18.0 0.04 0.35 1.61 1.07 0.26 16.0 1.3 0.6 0.34 0.13

Source: Indraratna and Sathananthan (2003)

Table 9. In situ stress condition

Depth (m) σ �
v0 (kPa) σ �

h0 (kPa) u (kPa) P�
c (kPa)

0 0 0 0 110
1.75 28.6 17.3 0 95
5.50 48.4 29.1 36.7 44
8.0 62.6 37.6 61.3 60
18.0 124.6 74.8 159.3 135

Source: Indraratna et al. (1994)

Figure 32. Finite element mesh used in plane strain analysis (adapted after Indraratna et al., 2000).
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deformations are plotted in Figure 36. Acceptable agreement between the field data and pre-
dictions is obtained when both the smear and well resistance are considered. The perfect drain
condition gives the smallest lateral deformation while maximizing vertical deformation.

9.3. Normalized deformation factors
The lateral displacement and settlement can be normalized with respect to the correspon-
ding fill height to examine the effectiveness of the ground improvement techniques. Thus,
the following “stability” indicators are defined (Indraratna et al., 1997): β1, the ratio
between lateral displacement and the corresponding fill height, β2 the ratio between set-
tlement and the corresponding fill height, and α � β1/β2.

Figure 37 shows variation of β1 with depth and Figure 38 shows the variation of α with
depth. The normalized displacement of PVD-stabilized embankment is considerably less
than an embankment constructed to failure. These results clearly show that vertical drains
effectively decrease lateral deformations and enable the critical height of an embankment
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to be increased. After 13 days, the untreated embankment fails with unacceptably large lat-
eral displacement (Figure 37). The PVD-stabilized foundation takes more than 7 years
before lateral displacement become similar to the failed embankment.

The normalized deformation factors for a few trial embankments are also compared in
Table 10. In comparison with the unstabilized embankment constructed to failure, the sta-
bilized foundations are characterized by considerably smaller values for α and β1, which
elucidates their obvious implications on stability. The normalized settlement (β2) on its own
is not a proper indicator of instability but is still a useful stability indicator when taken in
conjunction with α and β1. For example, the foundation having SCP gives the lowest val-
ues of β1 and β2, clearly suggesting the benefits of sand compaction piles over band drains.

10. CONCLUDING REMARKS

In this chapter, the use of prefabricated vertical drains, their properties and associated mer-
its and demerits have been discussed. The behavior of soft clay under the influence of PVD
was described on the basis of numerous case histories where both field measurements and
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Table 10. Normalized deformation factors (modified after Indraratna et. al., 1997)

Ground improvement scheme α β1 β2

Sand compaction piles for pile/soil stiffness ratio 0.185 0.018 0.097
of 5 (h=9.8 m, including 1 m sand layer)

Geogrids + vertical band drains in square pattern 0.141 0.021 0.149
at 2.0 m spacing (h=8.7 m)

Vertical band drains in triangular pattern at 0.127 0.035 0.275
1.3 m spacing (h=4.75 m)

Embankment rapidly constructed to failure on 0.695 0.089 0.128
untreated foundation (h=5.5 m)
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numerical predictions were available. A sophisticated 3-D multidrain analysis with an indi-
vidual axisymmetric zone of influence, with smear for each and every drain, will easily
exceed computational capacity when applied to a real embankment project with a large
number of PVD. In this context, the equivalent plane strain models will continue to offer a
sufficiently accurate predictive tool for design, performance verification, and back analysis. 

Selected numerical studies have been carried out to study the effect of embankment
slope, construction rate, and drain spacing on the failure of soft clay foundations. Finally,
the observed and the predicted performances of well-instrumented full-scale trial embank-
ments built on soft Malaysian marine clay have been discussed using the plane strain the-
ory. The numerical results based on ABAQUS conclude that the inclusion of both smear
and well resistance improves the accuracy of the predicted settlement, excess pore pres-
sures, and lateral deformation. As expected, the perfect drain analysis always overpredicts
settlement and underpredicts excess pore pressures. The results presented here reaffirm
that the effects of soil disturbance (smear) and well resistance are important for estimating
deformation. While an accurate prediction of surface settlement is generally feasible, the
acceptable prediction of lateral displacement is often difficult due to inherent assumptions
made in the plane strain models. An accurate prediction of lateral displacement undoubt-
edly depends on the correct assessment of the value of λ of the MCC model, and the dis-
charge capacity of PVD, among other parameters.
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ABSTRACT

The vacuum preloading method has been used in a number of countries for soil improve-
ment and land reclamation works. Prefabricated vertical drains are normally used together
with the vacuum preloading technique. When a surcharge load larger than the vacuum load
is required, a combined vacuum and fill surcharge preloading method is also adopted. The
mechanism of the vacuum preloading method is explained by examining the pore water
pressure and effective stress changes in both the fill surcharge and vacuum preloading
cases. Two case studies are presented to illustrate the applications of the vacuum preload-
ing method and the combined vacuum and fill surcharge preloading method. Discussions
on the effective depth of the vacuum preloading method and the methods to estimate the
degree of consolidation are also made.

1. INTRODUCTION

One of the commonly used soil improvement methods for soft clay is vacuum preloading.
This method has been successfully used in a number of countries for land reclamation and
soil improvement work (Holtz, 1975; Choa, 1990; Jacob et al., 1994; Bergado et al., 1998;
Chu et al., 2000). Sand drains and recently prefabricated vertical drains (PVDs) have often
been used to distribute vacuum load and discharge pore water. A vacuum load of 80 kPa or
above can be applied and maintained as long as it is required. When a higher preload is
required, a combined vacuum and fill surcharge can be applied. Compared with the fill sur-
charge method for an equivalent load, the vacuum preloading method is cheaper and faster
(Chu et al., 2000). The vacuum preloading method has also been incorporated in the land
reclamation process when clay slurry dredged from seabed is used as fill for land reclama-
tion. As the clay slurry fill is too soft for fill surcharge to be applied, the vacuum preload-
ing method is ideally used for the consolidation of the clay slurry. Thousands of hectares of
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land have been reclaimed in Tianjin, China, using this method. When the reclaimed land is
subsequently used for industrial and infrastructure developments, the vacuum preloading
method will be used again to improve the foundation soil that consists of a layer of consol-
idated slurry fill and the underlying seabed marine clay (Chen and Bao, 1983).

In this chapter, the mechanism of vacuum preloading is explained by examining the pore
water pressure and effective stress changes in both fill surcharge and vacuum preloading
cases. Two case studies are presented. One case describes the use of the vacuum preloading
method for the soil improvement of the foundation soil of an oil storage station. The other
case illustrates the application of the combined vacuum and fill surcharge preloading method
for the improvement of a storage yard. Discussions on the effective depth of the vacuum pre-
loading method and the methods to estimate the degree of consolidation are also made.

2. MECHANISM OF VACUUM PRELOADING

The principles and mechanism of vacuum preloading have been well explained in the liter-
ature, e.g., Kjellman (1952), Holtz (1975), Qian et al. (1992) and Chu et al. (2000). To assist
to explain the interpretations adopted later for the case studies, the pore water pressure and
effective stress change processes in both fill and vacuum preloading are examined here.

The consolidation process of soil under surcharge load has been well understood and can
be illustrated using the spring analogy as shown in Figure 1(a). For the convenience of expla-
nation, the pressures in Figure 1 are given in absolute values and pa is the atmospheric pres-
sure. As shown in Figure 1(a), the instance when a surcharge load, ∆p, is applied, it is the
excess pore water pressure that takes the load. Therefore, the initial excess pore water-
pressure, ∆u, is the same as the surcharge ∆p. Gradually, the excess pore water pressure
dissipates and the load is transferred from water to the spring (i.e., the soil skeleton) in the
model shown in Figure 1(a). The amount of effective stress increment equals to the amount
of pore water pressure dissipation, ∆p � ∆u (Figure 1(a)). At the end of consolidation,
∆u = 0 and the total gain in the effective stress is the same as the surcharge, ∆p (Figure 1(a)).
It should be noted that the above process is not affected by the atmospheric pressure, pa.

The mechanism of vacuum preloading can also be illustrated in the same way using the
spring analogy shown in Figure 1(b). When a vacuum load is applied to the system shown in
Figure 1(b), the pore water pressure in the soil reduces. As the total stress applied does not
change, the effective stress in the soil increases. The instance when the vacuum load, �∆u, is
applied, the pore water pressure in the soil is still pa. Gradually, the pore pressure is reducing
and the spring starts to be compressed, i.e. the soil skeleton starts to gain effective stress. The
amount of the effective stress increment equals to the amount of pore water pressure reduc-
tion, ∆u, which will not exceed the atmospheric pressure, pa, or normally 80 kPa in practice. 

For an idealised soil profile with the water table and a single drainage boundary at the
ground level, the distributions of pore water pressure and effective stress with depth at a
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given time during consolidation can be plotted in Figures 2(a) and (b) for surcharge and vac-
uum preloading respectively. Under surcharge load, the effective stress equals to ∆σv � ut(z),
where ∆σv is the surcharge and ut(z) the excess pore water pressure. As the pore water pres-
sure increases with depth, the effective stress decreases with depth as shown in Figure 2(a).
Under vacuum load, the effective stress equals to σ0� � u0(z) � ut(z), where σ0� is the initial
effective overburden stress, u0(z) the hydrostatic pore water pressure, and ut(z) the pore
water pressure. When the vacuum pressure is applied from the ground level, ut(z) is small-
est at the top. Therefore, the effective stress will be the highest at the top (Figure 2(b)). It
should be pointed out that in the case of vacuum preloading, the increment in effective stress
cannot exceed 98 kPa, although the effective stress in the soil can be higher than 98 kPa. 

It will be shown in the case studies that the above simplified model depicts well the
pore water pressures change process in soil under vacuum preloading. 
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3. CASE I: SOIL IMPROVEMENT FOR AN OIL STORAGE STATION 

An oil storage station was constructed in 1996 near the coast of Tianjin, China, on a site
which was recently reclaimed using clay slurry dredged from the seabed. The soil had a
high water content, was very soft and was still undergoing consolidation. The seabed soil
on which the dredged slurry was deposited was also soft. The site soil conditions needed
to be improved before any construction work could be carried out. 

Several soil improvement schemes were considered. Preloading using a fill surcharge
was not feasible as it is difficult to build a fill embankment several meters high on soft clay.
Vacuum preloading was adopted as it was considered the most suitable and cost-effective
method for this project.

The site for the oil storage station is shown in Figure 3. It covered a total area of
approximately 50,000 m2. For the purposes of soil improvement, the site was divided into
two sections: Section I of 30,000 m2 and Section II of 20,000 m2, as shown in Figure 3.

The soil profile included two layers that required improvement. The first layer was soft
clay consolidated from dredged slurry. It was about 4–5 m thick. The second layer below
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u0(z) = hydrostatic pore water pressure profile; σv(z)′ = effective stress at time t;
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this was seabed marine clay. It was about 10–16 m thick and was underlain by a stiff sandy
silt layer. The marine clay layer was further divided into three sublayers in accordance with
the United Soil Classification System (USCS) classification system: a low plasticity silty
clay (ML) layer of 2–4 m thick, a low to medium plasticity clay (CL) layer of 7–8 m thick,
and a low plasticity silty clay (ML) layer which was relatively stiff. The basic engineering
properties of the soils are shown in Figures 4(a) and (b) for Sections I and II respectively.
It can be seen from Figures 4(a) and (b) that except at the bottom of the marine clay layer,
the water content (W) of the soil was generally at or above the liquid limit (LL) and the
undrained shear strength (Cu) of the soil was generally low. The coefficient of consolida-
tion in the horizontal direction was in the range of 1.1 � 4.7 � 10�3 cm2/s.

The soil improvement work was carried out as follows. As the ground surface was very
soft, a 2 m thick partially dried clayey fill with a 0.3 m sand blanket on top was first placed.
PVDs were then installed at a square grid of 1.0 m to a depth of 20 m. Corrugated flexible
pipes (100 mm diameter) were laid horizontally in the sand blanket to link the PVDs to 
the main vacuum pressure line. The pipes were perforated and wrapped with a permeable
fabric textile to act as a filter layer. Three layers of thin Poly Vinyl Chloride (PVC) mem-
brane were laid to seal each section. Vacuum pressure was then applied using vacuum pumps.

The schematic arrangement of the vacuum preloading method adopted is shown in
Figure 5. The vacuum pressure was applied continuously for 4 months until the required
degree of consolidation was achieved and the settlement rate for a consecutive 10-day
period was less than 2 mm/day. The average vacuum pressure was 80 kPa. The total sur-
charge applied was about 120 kPa including the 2 m of fill and 0.3 m sand blanket.

After the installation of the PVDs, instruments including pore water pressure gages,
surface settlement plates, multilevel settlement gages, piezometers, and inclinometers
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were installed in both sections to monitor the system performance. The instrumentation
scheme is shown schematically in Figure 3 (plan view) and Figure 6 (elevation view).
Undisturbed soil samples were taken and field vane shear tests were conducted both before
and after the soil improvement.

It was observed during the installation of PVDs that the ground settled 14.9 cm in
Section I and 26.8 cm in Section II during the installation of the PVDs. This was due to
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Figure 4. Basic soil properties at: (a) Section I; (b) Section II.



the further consolidation of the slurry clay under the influence of the surcharge effect of
the 2 m of fill and 0.3 m sand blanket. During the vacuum preloading, the settlements at
different depths were monitored. The monitored settlement versus time curves for both
sections are presented in Figures 7(a) and (b). The surface settlement at the end of pre-
loading was 85.6 and 92.5 cm for Sections I and II, respectively.

Under vacuum load, the pore water pressure in the soil reduced. The reductions in the
pore water pressure at different depths are plotted against time in Figures 8(a) and (b) for
Sections I and II, respectively. Generally the pore water pressures at various depths
approached constant after 1.5–2.5 months of vacuum treatment. The pore water pressures
at the initial, 30, 60 days and at the final stage together with hydrostatic pore water pres-
sure line and the suction line are plotted in Figures 9(a) and (b). It can be seen that as the
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1, drains; 2, filter piping; 3, revetment; 4, water outlet; 5, valve; 6, vacuum
gauge; 7, jet pump; 8, centrifugal pump; 9 trench; 10, horizontal piping;
11, sealing membrane.

Figure 5. Schematic arrangement of vacuum preloading method.



pore water pressure at every depth is reducing towards the suction line, it indicates that the
vacuum preloading was very effective throughout the entire depth.

The vacuum load caused an inward lateral movement in the soil. The lateral displace-
ments monitored at various depths and at different times are presented in Figure 10 for
both sections I and II. The lateral displacement at the north boundary of Section II was not
recorded due to a failure of instrument.

As shown in Figure 10, the lateral displacement was greatest at the ground level and
reduced sharply with depth. The lateral displacement at ground level is plotted versus time
in Figure 11. It can be seen that the ground lateral displacements measured for Sections I
and II on the North boundary are quite consistent. The displacement measured on the South
boundary of Section I is higher compared with that on the North side. Unlike the surface
settlement, the rate of the lateral displacement does not reduce rapidly with time. This is
indicative that the ground lateral displacement is affected not only by the primary consoli-
dation, but also by the shearing and secondary consolidation processes. At the end of the
vacuum preloading period, the lateral displacements were up to 48.3 cm in Section I and
31.7 cm in Section II. Cracks had developed on the ground surface at about 10 m away from
the edge of the preloaded area. As there were no adjacent buildings or facilities, so the lat-
eral displacement and cracks were tolerable. However, for site where adjacent structures are
present, lateral displacements can cause problems. The effect of lateral displacement and
any risk of damage to adjacent structures is often an important factor which needs to be con-
sidered when using the vacuum preloading method for soil improvement work.
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Field vane shear tests were conducted before and after vacuum preloading in both
Section I and II and the results are presented in Figures 12(a) and (b). It can be seen that
the undrained shear strength after vacuum preloading increased 2–3-fold for both sections.

4. CASE II: SOIL IMPROVEMENT FOR A STORAGE YARD

The second case is also from Tianjin, China. To cater for the further expansion of the
Tianjin Port, a new pier for transporting industrial materials was constructed. This
included a storage yard of 7433 m2. The storage yard was located on a 16 m thick soft clay
layer. The top 3–4 m of the clay layer was reclaimed recently using clay slurry dredged
from seabed. The rest 16–19 m was original seabed clay. The soil in both layers was soft
and was still undergoing consolidation. This soft clay layer needed to be improved before
the site could be used as a storage yard.
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Preloading using fill surcharge alone was not feasible as it was difficult to place a fill
embankment several meters high on soft clay. The vacuum preloading method could be
used. However, the nominal vacuum load of 80 kPa was not sufficient for this project.
Therefore, a combined vacuum and fill surcharge preloading method was adopted. Fill sur-
charge of a height ranging from 2.53 to 3.50 m was applied in addition to the vacuum load
and a 0.3 m of sand blanket. The fill was applied in stages partially for stability consider-
ation and partially due to practical constraints in transporting fill. The fill used was a silty
clay with an average unit weight of 17.1 kN/m3. 

The layout of the storage yard is shown in Figure 13. It was a L-shape with a total area
of 7433 m2. For the convenience of construction, the site was divided into three sections, I,
II and III, as shown in Figure 13. The soil conditions in the three sections were very 
similar. The idealized soil profile together with the typical liquid limit (LL), plastic limit
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(PL), water content (w/c), void ratio, and the field vane shear strength profiles as measured
for Section II are shown in Figure 14. The average coefficient of compressibility determined
by oedometer tests for each layer is also given in Figure 14. The water content of the soil
was higher than or as high as the liquid limit at most locations in the soft clays. The field
vane shear strength of the soil was generally between 20 and 40 kPa.

The soil improvement work was carried out in a way similar to that in the first case. A
0.3 m sand blanket and PVDs installed at a spacing of 1.0 m were used. The soil improve-
ment started from Section I, followed by Section 2 and then Section 3. The loading
sequence and the ground settlements induced by the vacuum and surcharge loads for the
three sections are shown in Figures 15a,b and c respectively. The vacuum load was applied
for 4 to 8 weeks before fill surcharge loads were applied in stages. The total fill height
applied was 2.53, 3.5 and 2.84 m for Section I, II and III respectively. The maximum 
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surface settlements induced by the vacuum and surcharge loads were 1.212, 1.614 and
0.884 m for Sections I, II and III respectively. The average surface settlements as measured
by all the settlement plates were 1.14, 1.54 and 0.84 m. As shown in Figure 15, a vacuum
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pressure of 80 kPa or above was maintained for the whole duration of soil improvement in
all the three sections, except a power failure occurred during the vacuum preloading for
Section I.

Instruments including surface settlement plates, multilevel settlement gages, and stand-
pipes were installed in all three sections to monitor the consolidation performance.
However, inclinometers were installed in Sections I and II only and pore water pressure
transducers in Section II only due to budget constraints. In plan view, the locations of those
instruments are shown schematically in Figure 13. The instruments were installed at dif-
ferent depths in a way similar to that shown in Figure 6. Soil samples were taken from
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Sections II and III both before and after soil improvement for laboratory tests. Field vane
shear tests were also conducted at Sections II and III both before and after the soil
improvement. 

Some settlements took place after the vertical drains were installed, but before the vac-
uum and surcharge loads were applied. The durations between the installation of vertical
drains and the application of vacuum loads were between 3 and 4 weeks. The ground 
settlement measured before the application of vacuum loads was 0.21, 0.31 and 0.25 m for
Sections I, II and III, respectively. The settlements were induced mainly as a result of the
dissipation of the existing excess pore water pressures in the soil as the soil was still under
consolidation due to land reclamation. The disturbance to the soil caused by the installa-
tion of the vertical drains also contributed to the settlement. 

The settlements monitored by the settlement gages installed at different depths during
vacuum and surcharge loadings are plotted versus duration for all three sections in Figures
16a,b and c. Settlements were observed in soil up to 14.5 m deep, which indicate that the
vacuum preloading was effective for the entire 16 m soft clay. The settlement versus dura-
tion curves are not smooth. Some of the “dips” in the curves were caused by the applica-
tion of the staged loads (see Figure 15). However, some might be due to errors in the
measurements, for example, the settlement measured at 14.5 m in Section II (Figure
16(b)). Towards the end of the combined loadings, the settlement curves appear to be 
converging.

The reductions in the pore water pressures measured by the piezometers installed at dif-
ferent depths are plotted versus loading duration in Figure 17 for Section II. Under the vac-
uum load, the pore water pressures reduced quickly with time. However, when the fill
surcharge was applied, a localized pore pressure increase occurred.
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Figure 13. Project site layout and plan view of instrumentation.
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Based on the pore water pressure monitoring data shown in Figure 17, the pore water
pressure distributions with depth at the initial stage, 30 and 60 days and the final stage are
plotted in Figure 18. The hydraulic pore water pressure line and the suction line are also
plotted in Figure 18. Before the application of vacuum and surcharge loads, the initial pore
water pressures, u0(z), were greater than the hydrostatic pore water pressure, indicating
that the subsoil was still under consolidation. These initial excess pore water pressures
were mainly the remaining pore water pressures generated during land reclamation and the
pore water pressure induced by the placement of the sand blanket. The total fill surcharge
was about 60 kPa for Section II. By assuming the surcharge load as a strip load of 30 m
wide, the vertical stress distribution over depth can be calculated using the Boussinesq’s
solution. The initial excess pore water pressure due to fill surcharge is taken to be the same
as the vertical stress at the corresponding depth. Using the vertical stress calculated, the
initial pore water pressure distribution after the application of the fill surcharge is shown
as u0(z) � ∆σ in Figure 18. The suction line for a suction of �80 kPa is also plotted in
Figure 18 as the line us. The pore water pressure distributions at 30, 60 days and the end
of preloading (uf (z)) are also shown in Figure 18. These curves show the changes of the
pore water pressure profiles with time. The area bound by the final pore water pressure
curve, uf (z), and the suction line, us, represents the remaining excess pore water pressures
that have not dissipated.

The lateral displacements as measured by inclinometer for Sections I and II at different
depths and at different durations are presented in Figures 19a and b. The lateral displace-
ment was the largest at the ground level and reduced sharply with depth. It can be seen
from Figures 19a and b that the lateral displacement increased inward (to the left) with
time initially. However, after some surcharges were applied (55 days for Section I and 83
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days for Section II), the lateral displacement started to move back outward (to the right).
To visualize the change in the movement more clearly, the ground lateral displacements
are plotted versus duration in Figure 20. For Sections I and II, the vacuum load was applied
for 7–8 weeks before staged surcharge loads were applied (see Figure 15). The ground
moved laterally inward during the pure vacuum preloading stage, as shown in Figure 20
by the pre-peak portion of the curves. After the surcharge loads were applied, the ground
started to move outward, as shown by the post-peak portion of the curves in Figure 20. As
discussed in the first case, one of the shortcomings of the vacuum preloading method is
that the inward lateral movement in soil can be sometimes excessive and causes adverse
effects to the adjacent structures. However, when the vacuum preloading is combined with
fill surcharge, this problem can be overcome or alleviated as the inward movement caused
by the vacuum load can be compensated by the outward movement induced by fill sur-
charges. Therefore, one of the advantages of the combined preloading method is that it can
reduce the lateral movement. 

The lateral displacement induced in Section II was larger than that in Section I. This
could be due to the adjacent effect of Sections I and III on Section II and the fact that
Section II was about 1.5 times longer than Section I.

Field vane shear tests were conducted before and after preloading in both Sections II
and III and the results are presented in Figures 21a and b. It can be seen that considerable
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improvement in the vane shear strength was achieved throughout the entire depth of 16 m,
where field vane shear tests were conducted. On average, the vane shear strength has
increased by 2-fold. 

The changes in water content for soil before soil improvement and after the removal of
the vacuum and surcharge loads are plotted in Figure 22 for Section II. A substantial reduc-
tion in the water content was observed in soil up to 13 m deep. The change in the water
content of the soil deeper than 13 m became much smaller. Even then, there was consid-
erable increase in the field vane shear strength in soil both above and below 12 m, as
shown in Figure 21a. This could be because the soil deeper than 13 m was stiffer as 
indicated by the smaller void ratios and higher vane shear strength (see Figure 2). Similar
observations were also made in other projects (Shang et al., 1998; Yan and Chu, 2003).
Therefore, the change in water content may not be directly proportional to the increase in
the undrained shear strength. For this reason, the change in water content is not a good
indicator in quantifying the results of soil improvement.

5. SPECIFIC ISSUES

5.1. Depth of soil improvement
One of the common concerns in the use of vacuum preloading is that the vacuum pressure
is only effective up to a depth of 10 m. The field monitoring data obtained from the two
cases have shown that the vacuum preloading is still effective for soils much deeper than
10 m below the ground surface. It needs to be pointed out that there are two processes
involved in the vacuum preloading. The first is to pump water out from the vertical drains,
and the second is to increase the effective stress to consolidate the soil by reducing the pore
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water pressure in the soil. In the former, the effective depth cannot exceed 10 m. However
in the latter, the limit in the depth will depend on the well resistance. Another common
concern is that the vacuum generated will reduce with depth. This is not the case as far as
the two cases are concerned. As shown in Figures 9(a), (b) and 18, the reduction in the pore
water pressure was almost uniform throughout the whole soft clay layers. When good
quality PVDs are used, the well resistance can be negligible. The vacuum pressure can be
easily distributed to a depth of 20 m or even deeper.
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5.2. Calculation of Degree of Consolidation 
Degree of consolidation (DOC) is an important parameter in evaluating the effectiveness
of soil improvement. It is also often used as a design specification in a soil improvement
contract. DOC is normally calculated as the ratio of the current settlement over the ulti-
mate settlement. However, for a soil improvement project, the ultimate settlement is
unknown and has to be predicted. Methods that are commonly adopted to estimate the 
ultimate settlement are the Asaoka’s method (1978), the hyperbolic method (Sridharan and
Rao, (1981); and the Zeng et al. method (1981). 

As an alternative, pore water pressure data can be used to assess the DOC. The pore water
pressure dissipation ratio can be calculated easily as the ratio between the amount of pore
water pressure dissipation to the initial pore water pressure, [ui – u(t)]/ui, where ui is the ini-
tial pore water pressure and u(t) the pore water pressure at time t. However, this ratio indi-
cates only the DOC of a soil element, not the average DOC. The average DOC can be
calculated using the pore water pressure distribution over the entire soil depth. When the pore
water pressure distribution profiles are established, the average degree of consolidation can
also be calculated based on pore water pressure data using the one-dimensional consolida-
tion theory. Assuming the pore pressure distribution shown in Figure 9 is representative, the
average degree of consolidation at the end of preloading, Uavg, can be calculated as follows:

Uavg � 1 � (1)

and

us � γwz � 80

�[uf (z) � us]dz
����[u0 (z) � ∆σ � us]dz
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where u0(z) is the initial pore water pressure at depth z; uf (z) the final pore water pressure,
i.e. the pore water pressure measured at the end of preloading, at depth z; ∆σ the stress
increment due to surcharge at a given depth; us the suction line, at depth z, and unit weight
of water γw. The integrals in the numerator and denominator of Eq. (1) can be calculated
using the area between the curve uf (z) and the line us, and the area between the curve 
u0 (z) � ∆σ and the line us in Figures 9(a), (b) and 18. 

Applying Eq. (1) to both cases, i.e., based on the pore water pressure distributions shown
in Figures 9(a), (b) and 18(c), the Uavg at different time intervals can be estimated. The val-
ues are shown in Figure 1. The Uavg estimated using settlement data and the Asoaka’s
method are also given in Table 1. As compared in Table 1, Uavg estimated based on pore
water pressures is generally smaller than that based on settlements. Similar observations
have also been made by Holtz and Broms (1972), Hansbo (1997), Bo et al. (1999) and
Bergado et al. (2002). The differences in the average degree of consolidation calculated from
settlement and that calculated from pore water pressure could be attributed to the following
factors. (a) Both the settlements and the pore water pressures were measured at specific
points only. Thus, the data may not be representative of the average values for the whole
layer. (b) There are uncertainties involved in the prediction of the ultimate settlement. As the
width of the surcharge area was limited compared to the thickness of the compressible soil
layer, the settlements measured might include the immediate settlement. The settlement
measurement could also be affected by secondary compression. (c) Due to the compression
and rearrangement of the soil structure, the excess pore water pressure may maintain at
higher levels similar to the observations of Holtz and Broms (1972) and Bo et al. (1999). (d)
As the load was applied over long rectangles, it was not a truly one-dimensional problem.
(e) It was a large strain consolidation problem. Factors (a) and (b) lead to an overestimation
of consolidation settlement, whereas factor (c) results in an overestimation of the excess
pore water pressure. This could be a part of the reasons why the degree of consolidation esti-
mated based on settlement is higher than that based on pore water pressure. 

It should be mentioned that any method can only be as reliable as the field monitoring
data. Any uncertainties involved in the field pore water pressure and settlement measure-
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Table 1. Comparison between DOC calculated using pore water pressure and that using settlement

Degree of Based on settlement data and Based on pore water pressure data
consolidation Asaoka’s method

(DOC) 30(%) 60(%) 90(%) End(%) 30(%) 60(%) 90(%) End(%)

Case I
(Section I) 45 80 88 95 38 73 84 92
Case I
(Section II) 60 76 91 96 63 83 86 90
Case II
(Section II) — — — 87 60 68 — 82



ments will inevitably affect the degree of consolidation estimation. Furthermore, when
pore water pressures are only measured at a limited number of points, the spatial pore
water pressure distribution cannot be constructed. In this case, the pore water pressure dis-
tribution profile established for one section has to be assumed to be the same as that at
other sections. This may not be case, although with the use of PVDs the pore water pres-
sure distributions tend to be even out. For the degree of consolidation estimated based on
settlement, there is one more source of uncertainty, i.e. the uncertainties involved in the
ultimate settlement prediction. In view of the various uncertainties involved in the degree
of consolidation calculation, it is recommended to estimate the degree of consolidation
using both settlement and pore water pressure data. Even if the degree of consolidation is
to be calculated using settlement data, the pore water pressure distribution profile provides
a way to visualize whether the pore water pressure dissipation is consistent with the degree
of consolidation calculated based on settlement. If the differences between the two meas-
urements are too large and cannot be explained, the results should then be examined before
they are accepted. For contracting purpose, it will be necessary to specify clearly whether
the degree of consolidation should be evaluated based on settlement or pore water pressure
or both to avoid future dispute. 

6. CONCLUDING REMARKS

Two case studies illustrating the application of the vacuum preloading method to the
improvement of soft clay are reported. Based on the studies, the following conclusions can
be made:

(a) The vacuum distribution system comprising PVDs at a square grid of 1.0 m together
with horizontal 100 mm diameter corrugated flexible collector pipes was effective in
distributing the vacuum pressure and collecting drained water. In both cases, the total
ground settlement was more than 1 m. The undrained shear strength as measured by
field vane shear tests increased by two folds. A substantial reduction in the water con-
tent was observed. 

(b) When a surcharge of higher than the vacuum pressure applied is required, the com-
bined vacuum and fill surcharge preloading method can be applied. The effectiveness
of this combined method has been illustrated by the second case study. One advantage
of the combined surcharge method is that the lateral movement of the soil can be
reduced. The vacuum load induces an inward lateral movement, whereas the fill sur-
charge causes an outward lateral movement. When both the vacuum and fill surcharge
are applied, the resulting lateral movement becomes smaller due to the compensating
effect. Therefore, the use of the combined loading method can reduce the lateral
movement of the soil and its adverse effect to adjacent structures. 
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(c) It is a misconception that the vacuum preloading method can only be applied to a
depth of less than 10 m. Both case studies have shown that the vacuum preloading
method is effective in treating soils much deeper than 10 m. There is no indication that
the vacuum load will reduce with depth. 

(d) The average degree of consolidation can be assessed based on both settlement and
pore pressure data. Uncertainties are involved in both methods. As shown by both
cases, the average degree of consolidation estimated based on settlement data is nor-
mally higher than that based on the pore water pressure data. 
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Chapter 4

Key Issues in the Application of Vertical Drains to a
Sea Reclamation by Extremely Soft Clay Slurry

Masaaki Terashi and Masaaki Katagiri

Nikken Sekkei Nakase Geotechnical Institute, Tokyo, Japan

ABSTRACT

The construction of the New Kitakyushu Airport on a man-made island is now on its final
phase and the airport will be opened by the end of March 2006. The man-made island is
located on soft marine clay deposits and the island itself was reclaimed from the sea by
extremely soft clay slurry with high water content. The application of a variety of ground
improvement technologies was the key component of the project from the geotechnical point
of view. During the construction of seawalls surrounding the man-made island, ground
improvement technologies were absolutely necessary to maintain their stability. In the recla-
mation phase, the acceleration of consolidation in order to minimize the uneven residual set-
tlement was of prime importance. When dredged clay slurry with high water content is
discharged into a pond, suspended soil particles settle loosely on the sea bottom. The dredged
clay layer thus created subsequently settles largely due to its own weight in the long term. To
create a reliable foundation ground for airport facilities, the placement of good quality fill
material over the dredged clay layer and the vertical drainage to accelerate the consolidation
of the layer are necessary. For the design of vertical drains in such a soft reclaimed clay
ground, the accurate evaluations of the profile of reclaimed clay layer and of consolidation
parameters covering a wide stress range are necessary. Based on the authors’ experience, the
key issues for sea reclamation projects are pointed out along with the flow of construction.
Then, taking the New Kitakyushu Airport Project as an example, the authors describe the
ground improvement employed, the prediction method of reclaimed soil profile, determina-
tion of consolidation parameters of reclaimed clay layer and the results of observation.

1. INTRODUCTION

Development of coastal areas in the growing economies in Asia has necessitated, and will
enhance, the sea reclamation projects to implement a variety of infrastructures. We have
already seen such gigantic projects as the Seoul Incheon Airport, the Changi Airport in
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Singapore, Hong Kong International Airport at Chek Lap Kok and many others in Japan. In
most of these cases, good quality hill-cut materials were used for reclaiming the sea.
Although the use of hill-cut material can reduce the geotechnical problems and make the
rapid construction easier, it may cause the destruction of the environment at the borrow area
and invites the increase in the construction cost. Meanwhile, regardless of the infrastructure
development projects, the dredging of sea bottom sediment is performed for the maintenance
of navigation channels and anchorage areas in the coastal area. The use of the dredged sea
bottom sediment for the sea reclamation is both an environment-friendly and a cost-saving
approach. This chapter describes a case history of one of such undertakings in Japan with
special emphasis on the ground improvement techniques employed in the project.

Figure 1 is an aerial photograph of the New Kitakyushu Airport, which is under con-
struction at the time of writing this chapter and is scheduled to be opened by the end of
March 2006. You can identify that the airport is being constructed on a man-made island
and the extension of the runway is taking its shape. The man-made island is located on soft
marine clay deposits and the island itself was reclaimed from the sea by dredged clay
slurry with extremely high water content. Construction of seawalls surrounding the man-
made island, dredging, reclamation, and airport construction are all carried out under the
supervision of the Kyushu Regional Development Bureau of the Japanese Ministry of
Land Infrastructure and Transport (KRDB-MLIT).

The man-made island actually consists of four areas (four separate disposal ponds) as
shown in Figure 2. The initial and primary purpose of these disposal ponds was to accom-
modate the dredged sea bottom sediments from the maintenance dredging of the nearby
navigation channels and anchorage areas. The maintenance dredging is a long-lasting 
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Figure 1. Aerial view of New Kitakyushu Airport as of December 2003 (Kanda Port Office, KRDB-MLIT).



project as long as the area is used for marine transportation. The dredging and reclamation
were carried out one after another in the sequence of K0, K1 and K2 disposal ponds. The
K3 is still used as a disposal pond and is expected to accommodate dredged sea bottom
sediments at least 10 years from the opening of the Airport.

The feasibility study of the K0 disposal pond started in 1972 and the construction of
sea walls for the K0 pond started in 1977. The K0 area was reclaimed from the sea for
about 18 years since July 1979 to March 1997. The total amount of dredged soil measured
at their original sea bottom was about 29 million cubic meters. During these years in 1993,
the master plan of locating the New Kitakyushu Airport on these disposal ponds was
adopted. The project then had dual purposes of disposal and the relocation of existing air-
port inland. Accordingly, the K1 pond was reclaimed much faster than K0 pond for 32
months from October 1996 to June 1999, and then the reclamation of K2 pond started in
December 1998 and ended in March 2002. The time history of these reclamation works
together with the following construction schedule is summarized in Table 1. The interrup-
tion of the reclamation at K2 pond was the result of partial damage to the seawall caused
by an unexpected huge typhoon attack.

The first geotechnical issue was the construction of seawall on soft seabed. The ground
improvement technologies employed will be only briefly touched upon here, because the
issue is not the major concern of the current chapter.

The layout of airport facilities such as a runway, a taxiway, an apron and a terminal
building on the man-made island is shown in Figure 2. In the construction of airport facil-
ities, strict measures should be taken in terms of flatness of the pavements. For example,
the maximum-allowable gradient on runway is less than 1%. The 2,500 m long runway is
constructed across three areas, K0, K1 and K2. As shown in Table 1, these three ponds
experienced different rate of reclamation and different elapsed time since the preloading
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Figure 2. Layout of airport facilities on three disposal ponds, K0 to K2 (Sato et al., 2000).



until the construction of the runway and hence the residual settlement of pavement will
inevitably be different for each pond if no countermeasures are taken. Furthermore, the
runway is to be constructed over the temporal seawall separating K0 and K1 and that
between K1 and K2. The ground improvement to tame the uneven settlement was a must
for assuring the requirements to the runway. The difficult geotechnical issues encountered
during the reclamation to the construction of the airport facility will be discussed in 
section 3 and 4.

2. SEAWALLS SURROUNDING THE RECLAIMED LAND

2.1. Site conditions
The mean water level at the reclaimed land is DL + 2.0 m. The sea bottom is almost flat
at around DL-7 m and water depth gently increases offshore at the gradient of 1/3000. The
ground condition is a complicated multilayer system of soft normally consolidated
Holocene clay, volcanic clay, volcanic sand, 2nd Pleistocene clay, 2nd Pleistocene sand,
1st Pleistocene clay and 1st Pleistocene sand appearing from the sea bottom downward. A
typical soil profile is shown in Figure 3. The top layer that poses the problem of stability
and settlement of the seawalls changes its thickness from 4 to 10 m depending on the loca-
tion, but generally increases toward the sea.

2.2. Type of seawalls and the ground improvement employed
Depending on the thickness of soft clay layer and on the expected function of the seawall,
roughly five different types of seawall and corresponding ground improvement techniques
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were employed. Typical cross-sections of the seawalls are summarized in Figure 4 taking
the K0 area, for example (Kanda Port Office, 1998).

Type I is the steel sheet pile cellular cofferdam-type revetment. In this type, sand drains
were installed into the clay layer and the sand mat with 4 m thickness was placed. Then the
steel sheet piles were driven down to the sandy layer beneath the soft compressible clay layer.

Type II is the sloping rubble mound-type revetment. The revetment was constructed in
stages by expecting the strength increase of clay layer with the aid of sand drains.

Type III is a composite-type revetment with concrete blocks and rubble mound. The
subsoil was improved by sand compaction pile (SCP) method.

Type IV is similar to Type III but the subsoil was improved by replacement method.
Type V is a concrete caisson underlain by rubble mound. Subsoil was improved by the

deep mixing method.
Type I and Type V were used at the locations where the berthing function is required

and Types II, III and IV were used simply to protect the island from the wave.
Among the ground improvement techniques employed along the seawall, there may be

no need to explain the replacement of soft clay with good quality sand in Type IV and sand
drain used for Types I and II. It may be appropriate to add brief descriptions on the SCP
method used for Type III and deep mixing used for Type V. Both the ground improvement
technologies were developed in Japan in the 1970s when Japan was enjoying the miracu-
lous economic development. The needs of rapid construction of infrastructures enhanced
the research and development.

2.2.1. Sand compaction pile method. The equipment of the sand compaction pile
(SCP) method resembles that for sand drain installation. When the tip is penetrated to a
predetermined depth, the equipment is withdrawn leaving a loose sand pile of predeter-
mined length through its mandrel. Then with the aid of a vibrator at the top of the 
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Figure 3. Soil profile at the construction site.



124 Chapter 4

 
(a)   Type I: Steel pile cellular cofferdam-type revetment − Sand Drain      

 

(b)   Type II: Sloping rubble mound-type revetment − Sand Drain

 

(c)   Type III: Concrete blocks and rubble mound − SCP

(d)   Type IV: Concrete blocks and rubble mound − Replacement

(e)   Type V: Concrete  caisson − Deep mixing  

Figure 4. Various types of seawall and associated ground improvements (Kanda Port Office, 1998).



mandrel, the mandrel compresses the sand pile and expands its diameter. By the sequence
of this process, compacted sand piles are created in situ. The compacted sand piles func-
tions to reduce settlement and to reinforce soft clay layer as a system. The technique is one
of the most preferred ground improvements in Japan to tame soft ground. Aboshi et al.
(1990) provided a concise state of the art of this technology.

2.2.2. Deep mixing method. Deep mixing method (DMM) is a kind of deep in situ
admixture stabilization using such hardening agents as lime, cement or combined materi-
als thereof. The improvement becomes possible by ion exchange at the surface of clay
minerals, bonding of soil particles and/or filling of void spaces by chemical reaction prod-
ucts. The strength of treated soils is of the order of 100 to 1000 kPa in terms of unconfined
compressive strength. The research and development of the method was started in the late
1960s and was put into practice in the middle of 1970s, then spread into other parts of the
world. Lime is replaced mostly with cement in Japan and replaced with lime–cement mix-
ture in Nordic countries. More recently, the combined materials of lime or cement with
gypsum, fly ash and slags have appeared and are employed for particular purposes. Three
decades of practice have seen the equipment improved, hardening agents changed,
research efforts paid and experience accumulated (Terashi, 2003).

3. CONSTRUCTION FLOW AND KEY ISSUES

3.1. Construction flow from reclamation to construction of facilities
The time history of ground surface level from the start of reclamation with dredged clay
to the opening of facilities on the reclaimed ground is schematically shown in Figure 5.
The horizontal axis is time, and the vertical one shows the elevation. Term of each con-
struction stage and the change in thickness of each layer are also illustrated.

The construction stage in the figure starts after the completion of containment dykes on
the sea that was briefly described in the previous section. The discharge of dredged clay
into the pond begins at time A and ends at time B. During this reclamation stage, sus-
pended clay particles discharged into the pond settle loosely. While the discharging con-
tinues, the surface elevation of dredged clay layer increases by the combined process of
sedimentation and self-weight consolidation. On top of these, if the pump-dredged clay is
used, the grain size sorting occurs before sedimentation. Grain size distribution changes
from the outlet of discharge pipe to the spillway. The grain size sorting results in the spa-
tial inhomogeneity of the completed reclaimed land.

Often the owner of the dredging, reclamation, and infrastructure development projects
are different. The economy for one project is not always the economy for the others. The
time schedule of dredging and reclamation is determined by the needs of the maintenance
of navigation channel or anchorage areas, whereas the target time of the infrastructure
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development is determined by a separate reason. Similarly, the necessary height of the con-
tainment dikes and the area of reclaimed land may be determined by the different needs.
The total economy and the total construction time saving can be achieved by the well-con-
sidered initial scenario for whole projects.

If the disposal pond is constructed only for the purpose of accommodating the dredged
soil, and if the life of the pond is fairly long, engineers’ concern is the economy of dredg-
ing and transportation alone. They need only limited geotechnical information of the soil
at the dredging area such by SPT N values to identify the type of soil in order to select
most appropriate machineries for dredging and transportation. Often the selection depends
on local availability of machineries. They may be satisfied with the rough prediction of
volume change during the dredging to reclamation process such as by empirical “bulking
factor”, which is not a function of time. However, if the infrastructure development follows
the reclamation, the accurate prediction becomes important both for time and elevation.

In the New Kitakyushu Airport projects, K0 pond was planned only for disposal pur-
pose, K1 and K2 ponds are planned to locate the airport facilities and the K3 pond is again
aimed only to accommodate dredged soil. In the current project pump dredger owned by
the Kyushu Regional Development Bureau was selected. Figure 6 shows the outlet of
pump-dredged clay into a pond. The clay slurry has high water content of around 2000%
at the time of discharge.

Between time B and C in Figure 5 is the ground improvement work stage. At time B,
the settlement due to self-weight consolidation is still in progress and will take a long time
to complete. To create a reliable foundation ground at a specified elevation for the struc-
tures to be built on, the placement of good quality fill material over the dredged clay layer
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Figure 5. Schematic time record of elevation of reclaimed land and flow of construction (Katagiri et al., 2003).



is necessary. Most often, the surface soil stabilization and construction of working plat-
form by sand mat precedes the placement of fill (Figures 7 and 8).

When a rapid construction is required, deep soil improvement such by vertical drain fol-
lows the placement of sand mat for increasing consolidation rate. The sand mat also has an
important function of horizontal drainage after the installation of vertical drains. During this
stage, the self-weight consolidation of the reclaimed clay layer and the consolidation caused
by sand mat continue. Figure 9 shows the sand mat surface after the installation of band-
shaped drains at K1 area. A variety of band-shaped drains are available in the Japanese mar-
ket. In total, 10,000 km of band-shaped drains produced by 12 different manufacturers were
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Figure 6. Discharge of dredged clay and mud surface immediately after the reclamation (Kitakyushu Port and
Airport Office, KRDB-MLIT).

Figure 7. Placement of net over the reclaimed dredged soil for surface stabilization (Kitakyushu Port and Airport
Office, KRDB-MLIT).



installed at the project site. Figure 10 shows, for example, three drains whose shares in the
project were large.

The placement of good quality fill material begins at time C and ends at time D in Figure 5.
The fill material also causes additional large consolidation settlement. When the existing
seabed is a thick soft clay layer, the weight of dredged clay and fill material generates the
consolidation settlement of seabed as well in the long term. If the term of construction is
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Figure 8. Sand mat placement on the net by hydraulic means (Kitakyushu Port and Airport Office, KRDB-MLIT).

Figure 9. Band-shaped drain installed after the placement of sand mat (Kitakyushu Port and Airport Office,
KRDB-MLIT).



limited, it becomes necessary to accelerate the consolidation of seabed also by vertical
drainage. If the substantial portion of primary consolidation of clay layers is not attainable
during this filling stage, the ground is left for consolidation during time D and E.

The construction of the structures starts at time E and ends before time F when the
structures will be in operation. The performance requirement in terms of allowable resid-
ual settlement is different for specific structure. When the residual settlements at time E
and F exceed allowable value, the appropriate preloading by surcharge fill is applied at
time D and left in place until time E.

3.2. Key issues involved
The flow of the construction stages that involve dredging, reclamation, filling as well as
the construction of the structures is examined in the previous sub-section. The time and
cost of each construction stage are deeply dependent on the consolidation of the dredged
clay. The key issues in each stage will be identified in the following paragraphs.

3.2.1. Reclamation stage. The time and surface level relation between time A and B is
a function of rate of discharged soil quantity and consolidation parameters of dredged clay.
The higher the rate of discharge and the water content of dredged clay, the smaller the true
soil solid volume even if the surface elevation is the same at time B. If the true soil solid
volume is smaller, the magnitude of settlement of the reclaimed clay becomes larger and
then will give rise to an increase in the amount of hill-cut material to achieve a specified
land elevation. The choice of appropriate dredging and transporting technique is the key to
increase the true soil solid volume. The recent development in the machinery may provide
an alternative approach of reducing the water content before the discharge of dredged clay.

The reclamation with dredged clay slurry is a complicated process but can be solved
numerically by a generalized consolidation theory. In the present project, the numerical
method named ‘CONAN’ for the reclamation with dredged clay is adopted. The CONAN
was developed on the basis of a generalized one-dimensional consolidation theory (Imai,
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Figure 10. Examples of band-shaped drains (Kitakyushu Port and Airport Office, KRDB-MLIT).



1995) that can easily take the accumulation of reclaimed layers into account based on the
technique proposed by Yamauchi et al. (1991). The detailed procedure of this numerical
method was described by Katagiri et al. (2000). In order to conduct the analysis, (1)
boundary conditions in terms of drainage, (2) soil condition of the seabed underlying the
reclaimed clay layer, (3) reclamation time program, and (4) consolidation parameters of
dredged clay that span a wide range of stress level are necessary. Therefore, soil investi-
gation and testing of the seabed to identify (1) and (2) at the construction site should be
carried out in advance of all the planning. Reclamation time program (3) is associated with
the maintenance-dredging project and tends to be altered with time due to budget or
unforeseen incidents. For example, as explained earlier in Table 1, the reclamation of K2
pond was interrupted for nearly 1 year due to an unforeseen attack of a huge typhoon. The
numerical prediction must be repeated to simulate the change(s) along with the progress
of reclamation. The ordinary oedometer test is not applicable for the extremely soft
dredged clay. Sampling at the dredging area and the combination of multisedimentation
test (MST) (Yamauchi et al., 1990) or centrifuge test (Nishimura et al., 2000) and conven-
tional oedometer test will provide the reliable consolidation parameters for the analysis.

When the rate of discharge is slow as in the case of K0 disposal pond, the desiccation
will take place at the surface of reclaimed clay after the elevation exceeds the water level,
which will further complicate the consolidation phenomenon. The back-analysis of the
reclamation process in the K0 pond provided the analytical approach for such a situation
(Katagiri et al., 2001).

3.2.2. Ground improvement work stage. If there is ample time before the ground
improvement work, detailed soil investigation and testing are carried out to determine the
consolidation parameters and initial soil condition of the reclaimed layer at time B for the
design of ground improvement. This is the case for K0 area. Due to the tight time con-
straint and the lack of advance budget allocation, however, the design of ground improve-
ment should be carried out with a limited soil investigation after time B, or even worse,
during the reclamation stage without any actual test data. The latter was the situation for
K1 and K2 ponds. In such a situation, the numerical simulation midway between time A
and B of the preceding reclamation stage (intermediate predictions) and the back-analysis
of the completed reclaimed layer will provide a fairly reliable insight into the consolida-
tion parameters and the initial soil condition for designing ground improvement at time B.

There may be a case where the effective land use program is established just before the
completion of reclaimed land and suffers also from the lack of geotechnical information.
In the case of rapid reclamation with clayey soil, the problem will be duplicated due to the
difficulty of recovering good quality sample at time B when substantial portion of the
reclaimed layer is still extremely soft. In such a situation, the back-analysis of the com-
pleted reclaimed layer will be effective as far as the reclamation record and water content
distribution with depth at time B are available.
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From the construction aspect, the most difficult is the placement of sand mat in order
to provide working platform for the ground improvement such as the installation of band-
shaped drains. As mentioned earlier, surface improvement such as the placement of net
precedes the drain installation (Figure 7). The net functions as the separator between sand
mat and extremely soft dredged clay. Only the skill of the experienced contractor can min-
imize the risk of the burst of the net covering the mud surface.

3.2.3. Preloading stage. The placement of the permanent fill starts at time C. From
time C to time E, the consolidation of reclaimed clay layer will be accelerated by the
ground improvement such as by vertical drains. However, the predicted rate of settlement
and the magnitude of settlement will never show the perfect coincidence with the real
behavior. There are various reasons but the most important factor in the reclaimed clay
layer is its inhomogeneity that is due to the grain size sorting during the reclamation stage.
This will result in the uneven settlement of the huge reclamation area. Figure 11 is the
uneven settlement observed in the K2 area.

The only countermeasure for the uneven settlement is to change the fill height (consol-
idation pressure) from place to place. The control of fill height can be done on the basis of
repeated modification of the initial prediction verified through careful and dense observa-
tion of consolidation progress. The application of cone penetration test with pore pressure
measurement is quite effective in the economy of observation (Murakawa et al., 2002;
Yonezawa, et al., 2004).
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Figure 11. Uneven settlement (Kitakyushu Port and Airport Office, KRDB-MLIT).



3.2.4. Construction stage of the superstructures. It is impossible to tame the residual
and uneven settlement completely. In the case of the New Kitakyushu Airport, the runway
is built over three different areas of which K0 to K2 areas are reclaimed in series. The
degree of consolidation, the magnitude of total settlement and the magnitude of the resid-
ual settlement differs from each other. Nevertheless, the runway should be constructed in
parallel with time and should be completed in the same time.

The prediction, observation and back-analyses of changing elevation during the con-
struction stage are important for construction control that include the modification of pre-
load intensity and the time duration for consolidation depending on the places.

3.3. Design of ground improvement by vertical drains
The design procedures adopted in the Kitakyushu project is shown in Figure 12. As
explained earlier, the design of ground improvement often precedes the completion of
reclamation. In the figure, PRESENT is the time when design should be undertaken.

The determination of the ground model (soil profile) and consolidation parameters in
such a situation should be carried out by the numerical simulation of the reclamation stage.
From the back-analysis of preceding reclamation with the dredged clay, the consolidation
parameters are identified. Using these parameters the soil profile of the reclaimed ground
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at the instance of installation of vertical drains can be predicted by the CONAN analysis.
The design of preloading with vertical drains is carried out to determine the magnitude of
preload and length and spacing of drains. The design should satisfy the allowable residual
settlement within the given construction time. In the clay ground with vertical drains,
excess pore water in the clay layer dissipates radially toward the vertical drains by hori-
zontal flow, and the settlement of ground occurs vertically. To design the consolidation
process, Barron’s equation or the Yoshikuni’s equation (Yoshikuni, 1979) may be used.
The latter can take the well resistance and sand mat resistance into account. In either case,
the horizontal coefficient of consolidation is necessary. The magnitude of settlement is
estimated by the compression index, Cc. Tanaka et al. (1991), Matsuoka et al. (1998) and
Egashira et al. (2001) carried out the field experiments and back-analyses to evaluate the
horizontal coefficient of consolidation. These results indicated that the horizontal coeffi-
cient of consolidation was influenced by the spacing of vertical drains.

4. PREDICTION AND PERFORMANCE

The reclamation of the K0 area was conducted only for accommodating dredged soil and,
hence, there was not much geotechnical information on the dredged clay and the reclaimed
clay layer. In contrast, the reclamation of K1 pond started shortly after the master plan of the
airport was adopted. The reclamation analysis to predict the dredged clay layer became
important, although there was only a limited advance information. The section describes the
reclamation analyses starting from the prediction with a limited information, and the process
of improving its accuracy through the combination of observation and back-analyses.

4.1. Reclamation analysis for K1 area
The reclamation analysis described in this sub-section is the numerical simulation by
CONAN of the formation of reclaimed clay layer, which corresponds to the time span from
A to B in Figure 5.

The K1 area is 900 � 940 m in plan and the average depth of seabed and the thickness
of Holocene clay layer are DL 7.7 m and 5 m before the reclamation, respectively. The
sandy layer is lying beneath the Holocene clay layer. The conditions of the existing seabed
at the K1 area are as follows. The Holocene clay layer before the reclamation is 3–5 m
thick, and is in a normally consolidated state. The consolidation parameters are determined
by the test results of undisturbed samples from the seabed, and are Cc = 1.05 and cv = 50
cm2/day. Drainage at the bottom of Holocene clay layer is permitted.

Reclamation with the dredged clays is planned up to DL +7 m, which corresponds to
the height of the seawall. The dredged clays are from three navigation channels located
near the construction site. The physical properties of the clays at the borrow area are as fol-
lows: density of soil particle ranges from 2.55 to 2.71 g/cm3, with the average value of 2.64
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g/cm3, natural water content 73–145%, with the average value of 101%, liquid limit:
47–99%, plasticity index: 26–69. For the numerical analysis, true mass of solid part of the
clays to be discharged into the pond was needed, and was calculated by the mean water
content of 101% obtained from the soil investigation.

The consolidation parameters of dredged clay spanning a wide stress range were deter-
mined by the MST and the ordinary consolidation tests (OCT) conducted only on three sam-
ples taken from the borrow area (nearby navigation channels). For the initial prediction before
reclamation, only the relations #1 and #A in Figure 13 (hereinafter called “average relations”)
were available that were determined by averaging the tests results on three samples.
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The dredging and reclamation plan for the K1 area was changed during the project.
Total amount of dredged clay at their borrow area has not changed and was about 10 mil-
lion cubic meters. The project started with the 1996 Plan, in which the reclamation term
was 40 months. The reclamation term was changed later and the actual reclamation was
carried out in 32 months. The initial prediction had provided valuable insight to the proj-
ect but became insufficient for design purpose of the following stages. In the intermediate
analysis at 26 months, the actual record of reclamation up to 26 months and the subsequent
plan at that time were used as the basis for calculation. Along with the progress of recla-
mation, the soil samples were taken from the K1 area after the grain size sorting during
sedimentation. The consolidation parameters thus obtained had a wider range as shown in
Figure 13 (Sato et al., 2000).

In the intermediate prediction analysis, the consolidation parameters are modified on
the basis of “average relations” as shown in Figure 13. For the compressibility, the incli-
nation of log f - log p relation was changed by fixing a point at p = 1000 kPa on the aver-
age relation, as #2 to 4. The permeability was changed by shifting the log cv - log p relation
in parallel to the average one (#A), as #B and C. These assumed relations are within the
range obtained by the samples from the K1 area. At 26 months after the start of reclama-
tion, the intermediate prediction was performed as shown in Figure 14.

This prediction is actually a back-analysis up to that period of time and the best-fit solu-
tion is utilized for the prediction in the subsequent reclamation. Figure 14 shows the meas-
ured elevation of the reclaimed land monitored from the beginning of reclamation to 26
months together with some of the intermediate predictions, with different combinations of
consolidation parameters shown in Figure 13. The consolidation parameters used were
denoted in such a way as case 2C, for example, which means a set of #2 log f - log p rela-
tion and #C log cv - log p. The prediction by cases 2B, 2C, and 4C equally simulated the
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actual measurement as far as the surface elevation is concerned. The prediction by case-
3C is located between case-2C and 4C. By the solution case-2C, the predicted peak of ele-
vation would become about 8.0 m at the end of reclamation, and would be slightly larger
than the designed elevation of 7.0 m.

Figure 15 shows the water content distribution obtained on a number of samples taken
at the K1 area at 26 months. The predictions with some sets of consolidation parameters
are also shown in the same figure. As the grain size sorting occurs during the sedimenta-
tion process, the grain size distribution and Atterberg limits are also investigated on all the
samples taken. The original characteristics of the dredged clays at the borrow area were 
Ip = 59–69, Fc = 43–50% and Fs = 4–8%. The data plotted on the upper right of the fig-
ure with water content above 200% and enclosed with a circle are obtained from the sam-
ples with higher liquid limit and with larger clay fraction content (<5 µm) in comparison
with original clays. The data with lower water content on the lower left enclosed with
another circle are from the samples which contains sand fraction more than 25%. When
ignoring the data enclosed with two circles, the predicted water content distributions by the
cases 2C, 3C and 4C agree well with the measured ones. At this intermediate stage, the
suitable set of consolidation parameters was determined as the case 2C because the pre-
dicted relation for that set simulated the overall behavior until 26 months.
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4.2. Estimation of soil profile
Figure 16 shows the estimated soil profile prior to ground improvement, which corre-
sponds to time B in Figure 5. The soil profile is the initial condition for the settlement
analysis under the fill load with vertical drainage. The profile was obtained from the
CONAN analysis using the identified consolidation parameters (case 2C) in the interme-
diate prediction. Figure 16(a) shows the excess pore pressure distribution that is defined as
total overburden stress minus effective stress calculated by CONAN. The settlement of
reclaimed land under the fill was calculated by considering this initial excess pore pressure
distribution and load of fill, using compressibility Cc. The rate of consolidation was eval-
uated by the modified Yoshikuni’s equation, as mentioned earlier.

The water content distribution was also obtained from CONAN analysis as shown in
Figure 16(b). In this figure, the water contents measured later at 39 months are also plot-
ted. In the Holocene clay layer, the prediction is slightly larger than the measured ones, but
in the reclaimed layer, the prediction is located in the middle within the distribution of
measured data. The numerical result is confirmed to agree with the measured data when
the appropriate consolidation parameters are identified through the back-calculations.

4.3. Estimation of consolidation parameters of reclaimed land
The consolidation parameters for the settlement analysis under the fill load were estimated
by extrapolating the parameters identified by the CONAN analysis during the reclamation
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with dredged clay. The stress level in the reclaimed land during the filling was thought to be
from 1 to 100 kPa, and that in the reclamation stage with dredged clay was less than 3 kPa.

For the compressibility, extrapolation of the log f - log p relation of reclaimed clay layer
was used as shown in Figure 17. The solid curve in the range from 0.01 to 1 kPa is the
identified one, and the line over 1 kPa is linear extrapolation with Cc = 1.05. The plots in
the same figure show the test results of undisturbed samples taken from the deep part of
the reclaimed layer in the K1-area during the reclamation. The assumed relation is located
in the middle of the test results, and is thought to be appropriate.

For the rate of consolidation, 50 cm2/day that corresponds to the lower value of #C in
Figure 13(b) in the range from 1 to 100 kPa was selected. The test results of undisturbed
samples were distributed from 20 to 120 cm2/day in normally consolidated state. The coef-
ficient of consolidation is also adequate.

For the design of ground improvement using the vertical drain, the horizontal coeffi-
cient of consolidation is necessary. In this project, the result of field experiment at the K0
area (Egashira et al., 2001) and Kashii Park-Port in Fukuoka (Matsuoka et al., 1998)
shown in Figure 18 were used. The relationship between pitch of drain, d and ratio of hor-
izontal coefficient of consolidation, ch to vertical coefficient of consolidation, cv obtained
from the consolidation tests on the sampled specimens is linear. The ch value for the pres-
ent calculation was estimated by the linear d - ch/cv relation.

4.4. Evaluation of design of ground improvement
Figure 19 shows the monitored settlement of reclaimed land up to 660 days after the com-
pletion of reclamation with dredged clay. The predicted result is also drawn in the same
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figure. The total settlements measured at various locations varied from 450 to 540 cm. The
corresponding prediction was approximately 490 cm and was equivalent to the mean
value. Therefore, the determination method of ground model used in this project is practi-
cally acceptable.

4.5. Construction control to tame the uneven settlement
The reclamation by extremely soft clay soil is a complicated process as explained earlier.
The sedimentation of soil particle is always associated with the grain sorting process. Sand
particles settle near the discharge outlet and colloidal particles travel down to the spillway,
which result in the inhomogeneity of reclaimed layer.

Key Issues in the Application of Vertical Drains to a Sea Reclamation 139

0

0.5

1

1.5

pitch of VD, d (m)

0 1 2 3

R
at

io
 o

f 
c h

 to
 c

v,
  c

h/
c v

Field Experiment at K0−area,
Egashira et al., (2001)

Kashii Park−Port in Fukuoka,
Matsuoka et al., (1998)

ch = cv

Figure 18. Relationship between drain pitch and ch/cv for design of vertical drain (Matsuoka et al., 1998;
Egashira et al., 2001).

0

200

400

600

800

0 200 400 600 800 1000 1200 1400

Time (day)

Se
ttl

em
en

t (
cm

)

sand  mat

including sand
layer

predictionVertical drain

filling

Figure 19. Predicted and measured settlements of reclaimed land with vertical drain during filling
(Azuma et al., 2002).



Most often the sand particles form a layer or layers in the reclaimed soil whose thick-
ness changes in some places. The uneven settlement as illustrated in Figure 11 is not an
exceptional case. As shown in Figure 19, the primary consolidation will end earlier at some
locations and continue at the other locations. The uneven settlement during filling stage is
inevitable but not a real problem. The trouble is anticipated if the residual settlement after
the completion of superstructure would violate the function of superstructure.

The solution for taming the residual settlement is the timely modification of the prede-
termined preload intensity and the time duration for consolidation in advance of the con-
struction of superstructure depending on the places. The modification should be based on
the dense observation of the elevation. A total of 107 settlement plates were monitored in
K2 area alone. In order to verify the monitored settlement, the thickness of sand layer
intervening the reclaimed layer was estimated by the CPT test results and the back-analy-
ses of settlement time relation were repeated.
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Figure 20(a) shows the contour line of the thickness of sand layer estimated and Figure
20(b) shows the contour of measured settlement over the K2 area. The good coincidence
was found between the estimated thickness of sand and measured settlement. The criteria
for judging the sand were: (1) the magnitude of tip resistance, (2) the magnitude of pore
pressure and (3) the classification chart proposed by Robertson (1990) based on correla-
tion between tip resistance, sleeve friction and pore water pressure.

5. CONCLUDING REMARKS

Construction of the reclaimed land currently the site for the New Kitakyushu Airport was
started at K0 area with the primary purpose of accommodating dredged clay slurry from
maintenance dredging of nearby navigation channels and anchorage areas. Figure 21
shows the aerial photograph taken in August 1979. One-half of the containment dykes for
K0 area were completed and in the middle of the K0 area the temporary sheet pile wall
structure separating the half-completed pond and surrounding sea may be observed. On the
upper left corner of the photo that is the location for Type V containment dyke, two barges
were improving the sea bottom by deep mixing.

The sea reclamation was extended to K1 area, then to K2 area. Figure 22 shows the aer-
ial photo taken in August 1996 immediately before the reclamation started at K1 pond. As
the master plan of the airport on these reclaimed land was already determined in 1993,
dredging and reclamation project changed into rapid construction.

The recent aerial photo of the reclaimed land was shown earlier in Figure 1. For the
construction of infrastructures on the reclaimed land with dredged clay, the key issues
from the geotechnical point of view are pointed out along with the flow of construction
stages. In particular, the determination of ground model and consolidation parameters is
serious problem, if the design of ground improvement should be undertaken before the
completion of reclamation.
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Figure 21. Aerial Photo in August 1979 (Kanda Port Office, KRDB-MLIT).



The design approach in such situation was proposed. The case records clearly demon-
strated the importance of taking the key issues into account, validity of the approach and
the practical use of CONAN employed for the prediction of reclamation.
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ABSTRACT

The chapter reports data of soil improvement techniques used in Brazil. The case histories
presented are related to embankments built on Sarapuí and Barra da Tijuca clays, both 
very soft and organic clays. Vertical drain has been the most widely used technique 
for soil improvement in Brazil for some time and was used in both sites. Both clays 
have been well studied and a summary of the geotechnical properties of Sarapuí clay
(Almeida and Marques, 2002) and Barra da Tijuca clay (Almeida, 1998) are presented 
initially.

The Sarapuí test embankment (Almeida and Ferreira, 1992) consisted of five test sec-
tions built with the purpose to compare the performance of five types of vertical drains.
Three types of sand drains and two types of prefabricated drains were used. All drains were
spaced in a square pattern.

The other case history (Almeida et al., 2000) consisted of an embankment built on
Barra da Tijuca highly compressible organic clay, in which water content varies from
500% near the surface to 100% at the base of the clay deposit. In this case history a
Mebradrain was used.

All embankments were instrumented for monitoring of both settlements and pore pres-
sure and the results of these measurements will be shown. For both sites emphasis is given
to values of the coefficient of consolidation (cv) back-calculated from field measurements,
which are compared with cv from lab and in situ tests.

In Barra da Tijuca clay two stages of construction were initially planned. However, due
to non-technical reasons, the second stage was not performed.
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1. INTRODUCTION

The chapter presents data of two embankments built on Sarapuí and Barra da Tijuca clays,
both very soft and organic clays, in which vertical drains have been used. The localization
of the two clay deposits is shown in Figure 1. These clays have been well studied and a
summary of the geotechnical properties of each deposit is presented initially.

The Sarapuí test embankment consisted of five test sections built with the purpose to com-
pare the performance of five types of vertical drains. Three sand drains were evaluated, open
mandrel, closed mandrel and jetted, all with 400 mm diameter and spaced 2.5 m. Also, two
fibro-chemical drains were used, polyethylene PVD drain (2.8 � 100 mm) spaced 1.7 m and
polyester drain (4.5 � 210 mm) spaced 2.0 m. All drains were spaced in a square pattern.

The other case history consisted of an embankment built on Barra da Tijuca highly
compressible organic clay, in which water content varies from 500% near the surface to
100% at the base of the clay deposit. In this case history a Mebradrain spaced 1.7 m in a
triangular pattern was used.

All embankments were instrumented for settlements and pore pressure monitoring and
some of these measurements will be shown herein. For both sites emphasis is given to val-
ues of the coefficient of consolidation (cv) back-calculated from field measurements,
which are compared with cv from laboratory and in situ tests. In both analyses the smear
was taken into account, following the equations proposed by Hansbo et al. (1981). The
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Figure 1. Localization of Sarapuí clay and Barra da Tijuca clay deposits.



hydraulic resistance of the drains was necessary to be considered, owing to the relatively
short drain lengths used in these sites, 9 m at Sarapuí and 12 m at Barra da Tijuca.

2. SARAPUÍ TRIAL EMBANKMENT II

A comprehensive study on the behavior of Rio de Janeiro Sarapuí very soft clay was carried
out in the period of 1970–1990, and has been reported in detail by Almeida and Marques
(2002). An important part of this study was the trial embankment II, built over vertical drains.
This embankment was monitored for about one decade (1981–1990). Three sections with
sand drains, two sections with prefabricated drains and two without drains were monitored
with settlements plates, magnetic settlements gauges, inclinometers and Casagrande and
hydraulic piezometers. A complete analysis of the behavior of this embankment was reported
by Almeida and Ferreira (1992), and the main topics are summarized here. Emphasis is given
to values of coefficients of horizontal consolidation obtained by back-analyses of field data,
which are compared with ch obtained by laboratory and in situ tests.

2.1. Sarapuí clay site
Figure 2 shows the Sarapuí clay geotechnical profile based on the investigation carried out
near the trial embankments sites. An 11 m thick, very soft clay layer, overlying fine to
coarse sand layer composes the geotechnical profile. The liquid limit (wL), plastic limit
(wP), measured without oven drying, and natural water content (wn) profiles are also pre-
sented. Sarapuí clay water content is slightly higher than liquid limit, and the sensitivity of
this clay is 4.4.

Sarapuí clay is lightly overconsolidated due to aging and water table fluctuation. The
initial voids ratio (e0) decreases with depth from 4.9 to 2.46 and natural unit weight (γn)
varies from 12.5 to 14.5 kN/m3. Below the crust the overconsolidation ratio (OCR) of the
clayey deposit varies from 2.0 to 1.3. Sarapuí clay is a very compressible soil, Cc varies
from 1.3 to 3.2. The average Cc/(1 � e0) relationship is 0.41, as shown in Figure 2.

Conventional and special oedometer tests were carried out to obtain coefficient of hor-
izontal consolidation (ch) values. Tests included inflow- and outflow-types of radial
drainage tests, vertical drainage tests on samples at 90o with horizontal plane (Lacerda 
et al., 1977, 1995). The representative value of ch obtained at a normally consolidated
range was 2.4 � 10�8 m2/s and it was found that the ch/cv relationship lies between 1.0
and 2.0, which is typical for very soft clays.

2.2. Trial embankment II
Embankment II was built 35 m wide and 315 m long, divided into seven instrumented sub-
areas, where different kinds of drains were installed, as described in Table 1. Sections A
and G, without drains are not analyzed here.
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Figure 2. Characteristics of Sarapuí clay deposit (apud Almeida and Marques, 2002).

Table 1. Characteristics of sub-areas – Embankment II (Almeida and Ferreira, 1992)

Section Clay Final Vertical Installation Dimensions Drain 
thickness (m) H (m) drain type type (mm) distance (m)

A 10.5 1.8 None
B 10.5 3.5 Close-ended Displacement dw � 400 2.5

mandrel/sand
C 10.5 3.5 Open-ended Low dw � 400 2.5

mandrel/sand displacement
D 10.5 3.8 Jetted/sand Non dw � 400 2.5

displacement
E 10.2 3.6 Prefabricated Low 2.8 � 100 1.7

(polyetilen) displacement
F 10.0 3.6 Prefabricated Low 4.5 � 210 2.0

(polyester) displacement
G 9.0 3.6 None



Loading was applied in two main stages and the final height was about h � 3.6 m. The
first stage of loading was applied during 1981, in two steps. The first step (h � 0.7 m) dur-
ing a month and the second, 200 days after, lasted approximately 2.5 months (h � 2.0 m).
The second stage, in 1986, was applied only from section B to G, in one week, until final
height, approximately 3300 days of monitoring. Data records of the central settlement
plates are shown in Figure 3.

The lowest ch value was obtained at closed mandrel section, as expected, however the
monitoring of settlements plates showed that although sand jetted drains presented initially
high strain rates, the rate dropped with time and in general, the strain rates of prefabricated
drains section were higher than those of sand drains section.

2.3. Coefficients of consolidation
The analysis presented here concentrates on the second loading stage, for which the clay
layer was on a normally consolidated condition (Almeida and Ferreira, 1992).

Some geometric data used in the consolidation solutions are given in Table 2. The main
parameters used for the analysis of radial drainage are:

● dw � diameter of the drain in the case of sand drains and equivalent diameter of the
drain in the case of prefabricated drains;

● ds � the diameter of the smeared zone and s � ds/dw;
● kh � horizontal coefficient of permeability of the undisturbed soil; 
● k�h � the horizontal coefficient of permeability in the smeared zone.

The ratio s � ds/dw used for the analysis of radial drainage was based on literature 
recommendations (Hansbo et al., 1981; Jamiolkowski et al., 1983, 1985; Hansbo, 1987
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Holtz et al., 1987). Values adopted were s � 2 for displacement-type sand drains, s � 1
for jetted sand drains (also known as low displacement drains), and s � 1.5 for prefabri-
cated drains. The ratio kh/k�h � 3, also used for the analysis of radial drainage, was based
on the experimental data available for the Sarapuí clay. Further details about the parame-
ters adopted in the analysis can be obtained in Almeida and Ferreira (1992).

Table 2 shows the average coefficient of vertical and horizontal consolidation obtained
from laboratory tests, in situ tests, and back-calculated from settlement data using Asaoka
(1978) method.

Calculations of ch presented in this section assumed just radial drainage, as preliminary
calculations considering combined drainage resulted in ch just 10% smaller than when it is
not considered.

Analysis of ch values in Table 2 shows that the ch values are fairly close. The smallest
values are those from the laboratory ch(lab) and pore pressure data ch(u) and the greatest
values are those from settlement data ch(s) and piezocone data ch(piez). The ratio
ch(s)/ch(lab) is around 2.5, which is expected and usually attributed to the macrostructure
of the deposit (e.g. small lenses and draining layers). In the present case, however, the only
apparent inhomogeneity is the stiffer and more permeable top crust.

Comparison between ch(s) and ch(u) indicates that the former is about three times the lat-
ter. The non-linearity between effective stress and void ratios appears to be the reason for
this discrepancy (Almeida and Ferreira, 1992). Comparison between ch(lab) and ch(piez)
shows that the former is smaller than the latter for normally consolidated (nc) conditions.
The above data suggest that secondary consolidation had negligible influence on ch(s) com-
putations. However the influence of the secondary consolidation on the coefficient of verti-
cal consolidation cv was found (Almeida and Ferreira, 1992) to be quite substantial.

3. BARRA DA TIJUCA EMBANKMENT

This section summarizes data presented by Almeida et al. (2000) related to the perform-
ance of an embankment built over an area of 92,000 sq. m, over Barra da Tijuca very soft
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Table 2. ch and cv data, second stage of loading (adapted from Almeida and Ferreira, 1992; Almeida and
Marques, 2002)

Test or data Depth (m) Method Reference ch (10�8 m2/s)

Radial oedometer tests 5.6 Taylor Coutinho (1976) 2.4
Piezocone 2.2–8.2 Houlsby and Teh Danziger (1990) 3.1–8.7

(1988)
Magnetic settlement Whole layer Asaoka (1978) Almeida et al.  4.2–8.1

gauges (1989)
Piezometers 3.3–8.3 Orleach (1983) Ferreira (1991) 1.2–2.8



compressible clay (Almeida, 1998), in which prefabricated vertical drains have been
installed. Coefficients of horizontal consolidation obtained from the analysis of field set-
tlements are compared to the values obtained from the piezocone test and laboratory spe-
cial oedometer test. The increase in clay strength associated with the installation of the
prefabricated vertical drain is evaluated by comparing the results of vane tests performed
before and after the clay consolidation.

3.1. Site description
The site under study consists of very soft fluvial-marine gray clay with a top layer of peat.
Figure 4 shows data of water content and Atterberg limits. It is observed that water con-
tent decreases from around 500% close to the ground level to around 100% at the bottom
of the clay deposit. The maximum thickness of the compressible soil is 12 m. A sandy soil
is found under the compressible soil of alluvial origin, under which residual soil is found.
Figure 4 also shows the variation in OCR and CR � Cc/(1 � e0) with the depth. The aver-
age value of the over-consolidation ratio (OCR) is 1.5 below 2.0 m depth and the average
compression ratio (CR) of the clay deposit is equal to 0.52. A detailed discussion on the
properties of this deposit has been given by Almeida (1998).

Settlements were measured by using 20 square settlement plates installed before the
embankment was built. Figure 5 shows the typical cross section of the completed
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Figure 4. Barra da Tijuca characterization profile (adapted from Almeida et al., 2000).



embankment. The 0.60 m thick drainage blanket provided support for the equipment used
to install a prefabricated vertical drain with dimensions 0.1 � 0.3 m the equivalent drain
diameter dw � 6.6 cm in a 1.70 m triangular grid. Figure 6 shows a number of settlement-
time curves obtained from the readings of the settlement plates. The embankment thick-
ness has also been recorded for each settlement measured, as shown in Figure 6. The last
construction stage should have been performed when the embankment achieved 80% con-
solidation but a delay occurred due to non-technical issues.

Pore pressure observations showed that the drainage blanket and the underlying soil acted
as drainage interfaces, thus vertical and radial consolidation were considered when analyz-
ing settlement data with the purpose to obtain coefficients of horizontal consolidation.
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3.2. Coefficients of consolidation
Coefficients consolidation at each settlement plate for the period up to 720 days were
obtained using the Asaoka (1978) method modified by Magnan and Deroy (1980) for com-
bined radial and vertical drainage, for which a ratio ch/cv � 1.5 was assumed, following
local experience. Other parameters used were s � ds/dw � 1.5 and kh/k�h � 2. Values of ch

calculated up to 720 days for the 17 plates ranged from 3.7 to 10.3 � 10�8 m2/s and the
average value was 6.8 � 10�8 m2/s. Most U values computed for this period were found
to be close to 90% (Almeida et al., 2000).

The results of the coefficients horizontal consolidation obtained from settlement data is
compared here with those obtained from piezocone dissipation tests. The Houlsby and
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Teh’s (1988) method was used to obtain the ch (nc) values for the normally consolidated
band, from the piezocone tests, using the soil rigidity rate Ir � 93 obtained by Oliveira
(1997) and the ratio Cs/Cc � 0.10. The results of ch, obtained for four boreholes and 10 dif-
ferent depths was between 2.4 and 13.7 � 10�8 m2/s (Almeida et al., 2000). Special radial
drainage oedometer tests (Coelho, 1997; Almeida et al., 2000) have also been computed.
Figure 7 and Table 3 show a good agreement between ch values obtained from the settle-
ment analysis with the dissipation tests using the piezocone.

3.3. Shear strength
Two vane test campaigns were performed in the soft clay, the first in early 1996, before
building the embankment and the second at the end of November 1997. Two verticals were
carried out in each test campaign and all were performed (Nascimento, 1998) using the
same electric vane equipment and at the same location of the site. The results of both cam-
paigns are shown in Figure 8.

In order to compare results from both vane test campaigns, taking into account the set-
tlements that have occurred and the differences in depth in both test programs, the depth
data were normalized with reference to the thickness of the layer at the time of the tests,
thus the Su data were reduced to the same normalized depths. Values of average undrained
resistance Su were computed for each normalized depth for the two test programs, which
permits the calculation of the increased resistance ∆Su given in Table 4.

In the design of embankments built in stages, it is common to compute the increased
strength ∆Su as a result of the increase in effective stress ∆σ �v. A conservative value
∆Su/∆σ�v � 0.22 may be adopted for the normalized increase in resistance. The ∆Su/∆σ �v
values obtained for the present case are shown in Table 4. The computed value of ∆σ �v took
into account the embankment submersion due to the settlement (measured nearby the vane
tests) and also the degree of consolidation U � 90% estimated at the time when vane test
was carried out (Almeida et al., 2000). More than half the top part of the clay layer, with
higher initial water content, presented ∆Su/∆σ�v is above 0.22. However, extremely low
∆Su/∆σ�v values were obtained for the bottom half of the clay layer with less water content.
However, the average gain in strength of the whole clay layer is close to ∆Su/∆σ �v � 0.22.
Therefore, the vertical drains have contributed to the improvement in the clay layer by
increasing its resistance, although the magnitude of this increase has varied along the clay
layer.
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Table 3. Summary of ch values of Barra da Tijuca clay (Almeida et al., 2000)

Method Range of ch variation (10�8 m2/s) ch (average) (10�8 m2/s)

Asaoka 3.7 – 10.5 6.8
Piezocone 2.4 – 13.7 8.2
Special radial oedometer tests 3.6 – 6.8 5.0
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Table 4. Analysis of the gain in strength

Normalized depth (m) ∆Su (kPa) ∆Su/∆σ�v

0.35 6.50 � 1.31 0.25
0.40 8.85 � 2.14 0.34
0.45 12.25 � 0.67 0.47
0.50 11.86 � 2.28 0.46
0.55 8.32 � 2.06 0.32
0.60 1.65 � 2.16 0.06
0.65 1.44 � 2.51 0.05
0.70 1.39 � 2.40 0.05
0.75 4.26 � 2.91 0.17

Figure 8. Results of the two vane test campaigns (Almeida et al., 2000).



4. CONCLUSIONS

4.1. Sarapuí
A test embankment has been constructed on well-studied Sarapuí soft clay site in which
the rate of consolidation was accelerated using different types of vertical drains. Field
observations have been made for about 10 years, and settlement and pore pressure data
were back-analyzed and coefficients of horizontal consolidation calculated considering
smear effects. Back-calculated ch values from settlement and pore pressure data have
shown a reasonable agreement with laboratory and in situ values.

Because vertical drains accelerate primary compression, the influence of secondary
consolidation appears to be smaller on back-calculated ch than on back-calculated cv

(Almeida and Ferreira, 1992).
It was observed that strain rates of prefabricates drains section were higher than those

of sand drains section.

4.2. Barra da Tijuca
A settlement study was performed on the behavior of Barra da Tijuca very soft clay with
prefabricated vertical drains. The settlements covered a period up to 2 years, when the
average degree of consolidation reached around 90%.

The coefficient of horizontal consolidation ch obtained from settlement plates took into
account the smear in the radial consolidation from the drain installation, as well as the ver-
tical consolidation in parallel to the radial consolidation. Values of ch were measured in
special oedometer tests with drains installed in the sample, and in dissipation tests using
the piezocone to compare with field values. The three sets of values were found to be quite
close, with little dispersion of the laboratory values, followed by the field readings and
lastly the piezocone data. The generally good agreement obtained suggests that during the
period of analysis the secondary consolidation was negligible compared to the primary
consolidation.

The increase in clay resistance, assessed by the vane tests performed before and after
the construction of the embankment showed a higher gain in Su for the top half of the clay
layer with high water content and, oddly enough, a negligible gain for the bottom half of
the clay layer with less water content.
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Chapter 6

Case Study of Ground Improvement Work at the
Suvarnabhumi Airport of Thailand
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ABSTRACT

The Construction of Suvarnabhumi Airport (or Second Bangkok International Airport) has
been planned since 1960s to accommodate the rapid growth of air traffic in this region. The
Suvarnabhumi Airport (SA) will not simply substitute the existing Bangkok International
Airport at Don Muang, but will also develop Bangkok into an international aviation hub in
Southeast Asia. The first phase of SA is scheduled to open in September 2005 with capac-
ity to deal with 40 million passengers and 1.46 million tons of cargo annually. Total con-
struction cost is estimated to be over 4 billion US$. Owing to the underlying high
compressibility and low strength soft marine clay, ground improvement by using prefabri-
cated vertical drains (PVDs) with preloading embankment was selected at SA to reduce the
postconstruction settlement prior to construction of permanent airport facilities. Over
60 million meters of PVDs have been installed at the SA site so far. A comprehensive instru-
mentation program was undertaken to observe the ground improvement performance.
Subsoil investigation was conducted after the removing criteria of preloading were achieved.
This chapter will first describe the history of major geotechnical studies with comprehensive
field-testing program and subsoil investigation at the SA site, and then discuss the design
concept and construction method of the ground improvement projects conducted at Airside
Pavements including runways, taxiways, apron and airside roads. The ground improvement
performance is evaluated through the comparison of monitoring data with design assump-
tions and change of soil properties before and after ground improvement. The issues on
ground subsidence and under-hydrostatic water pressure encountered at this new airport site
and settlement occurred during pavement construction are also addressed.

1. INTRODUCTION

The need for a second international airport in Bangkok (the Suvarnabhumi Airport or
SA) has been foreseen for more than 40 years to accommodate the rapid growth of air
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traffic in this region resulted from Thailand’s dynamic economic and tourism develop-
ment. The new airport will not simply substitute the existing Bangkok International
Airport at Don Muang, but will also develop Bangkok into a regional aviation hub in the
face of competition from Singapore’s Changi Airport and Kuala Lumpur International
Airport of Malaysia. The new airport site is at Nong Ngu Hao (means “Cobra Swamp”
in Thai language), about 30 km to the east of Bangkok Metropolis (Figure 1) and cov-
ering an approximate area of 3,200 ha with boundaries approximately 8 km long and
4 km wide. Construction of the SA project was approved by the Thai Government on 7
May, 1991 and is scheduled to open on 29 September, 2005 with capacity to deal with
45 million passengers and 3.3 million tons of cargo per year in the first phase of the mas-
ter plan (as shown in Figure 2). In the future, the new airport will be able to serve 100
million passengers and 6.4 million tons of cargo annually with four runways and two
passenger terminals. Total cost for the first phase construction is estimated to be over 4
billion US$.

The new airport site is situated on a swampy land in flat marine deltaic deposit with an
average elevation of less than 1 m above the mean sea level (MSL). Prior to the airport
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construction, most of the areas were covered by fishponds or agricultural usages with sev-
eral crossing canals. In general, the SA site is subject to two major geotechnical concerns:
the overall ground subsidence, and the underlying high compressibility and low strength
soft marine clay.

The ground subsidence has affected all portions of the Bangkok region for over 30
years. Study of the Bangkok subsidence problem was first published in 1968 and was then
carried out continuously by the Asian Institute of Technology (AIT), the National
Environmental Board (NEB), the Royal Thai Survey Department (RTSD) and the
Department of Mineral Resources (DMR). According to an early study, maximum subsi-
dence in Bangkok during the period of 1933–1987 was more than 1,600 mm and the
ground elevation in some areas were already below the MSL. The ground subsidence was
mainly caused by deep-well pumping for water supply which resulted in quick consolida-
tion of the compressible subsoils. Earlier study indicated that the subsidence rate at Nong
Ngu Hao was estimated to be about 30–50 mm/year. Based on the measuring stations
around the SA site as shown in Figure 3, a total of 500–600 mm subsidence has occurred
at Station 29 during the past 20 years. To reduce the subsidence rate, remedial measures
were taken to control groundwater pumping by the Royal Thai Government in 1983. Since
1995, the rate of subsidence has been found to reduce to about 20 mm/year.
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The overall site development concept for the airport is to construct facilities at existing
ground level with polder system around the site for flood prevention instead of elevating
the airport facilities above potential flood levels. It is therefore necessary to improve the in
situ soil properties sufficiently to support the applied loads. The preferred engineering
approach to the site soil improvement program was preconsolidating the subject area by
applying temporary surcharge load, which should be greater than the permanent load at
end of preloading to reduce postconstruction settlement and strengthen the soil.
Installations of subsurface drainage system such as sand drains or prefabricated vertical
drains (PVD) are necessary to accelerate the primary consolidation settlement.

2. SUBSOIL CONDITIONS

The subsoil under the airport site was mainly formed by the Chao Phraya delta in sedi-
mentary process with the influence of sea level fluctuations. The change of sea level
caused repetition of aggradation and erosion of the sediments, which brought fine particles
to deposit on the top layer. According to Muktabhant et al. (1966), factors involved in cre-
ating the depression of the Chao Phraya basin were considered as the results of the Late
Tertiary structural movements of the Earth’s crust and sequence of alluviation cycle.
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Comprehensive soil investigations have been carried out at the SA site in various stages
since 1972. The investigations showed that the subsoil conditions at Nong Ngu Hao are
relatively uniform throughout the site, consisting of a weathered crust formed by cyclic
wetting process together with natural cementation with a total thickness of 1–2 m, overly-
ing a soft clay layer (the so-called “Bangkok Clay”) extending to about 8–11 m below the
surface followed by medium stiff-to-stiff clay within the depth of 20 m. The changes of
physical properties with depth are associated with increasing silt or fine sand contents and
decreasing clay fractions. Groundwater level was at about 1.5 m depth. Underlying the
stiff clay is dense sand stratum with interlayers of stiff clay and clayey sand extending to
the maximum depth of 155 m. The major concern for the airport construction is the pres-
ence of the 8–11 m thick layer of very soft Bangkok Clay, which often has natural water
content more than 100% with low shearing strength (su<2.5 t/sq. m). The general proper-
ties of the in situ subsoils up to 20 m deep are summarized in Figure 4.

3. HISTORY OF GEOTECHNICAL STUDY AT THE SA SITE

During the project planning stage of about 30 years ago, various studies were carried out to
determine the viability and suitability for the Nong Ngu Hao site to be developed into an
international airport. Historical engineering studies conducted at the SA site include acces-
sibilities, ground surface hydrology, flood control, subsoil condition and site improvement,
etc. The following sections summarize major geotechnical studies conducted at the site
prior to the airport construction:

(1) Performance study of test sections by Norwegian Geotechnical Institute/Asian
Institute of Technology (NGI)/(AIT) (1972–1974)
Two test embankments were constructed at the site including one embankment con-
structed to failure (up to 3.4 m high or 6.2 t/sq. m). No ground treatment was applied
under these embankments. A total of 28 soil borings and 64 vane shear borings were
taken during this study (STS and NGI, 1992).

(2) Master plan study by Netherlands Airport Consultants B.V./Moh and Associates
Group Consulting Engineers (NACO/MAA) (1983–1984)
The master plan study included a field testing program with three test embankments:
one with embankment surcharge fill, one using vacuum loading, and the third one
using groundwater lowering technique by pumping. Large diameter sand drains
(0.26 m diameter) were installed to 14.5 m depth at 2 m spacing in triangular pattern.
Hydraulic connection induced by sand drains to the underneath sand layer was first
observed during this study. A total of 11 boreholes, 40 electric cone penetration tests
and 40 pore pressure probe tests were carried out during the field testing program
(Engineers, 1984).
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(3) Independent soil engineering study by STS Engineering Consultants Co. Ltd
(STS)/NGI (1992)
Several ground improvement alternatives including preloading with vertical drains,
deep soil improvement, piling support with free spanning plates, relief piles with caps
and soil reinforcement and light weight fills were studied. Preloading with vertical
drains was recommended based on comparison of cost, schedule and technical limi-
tations. A total of 51 boreholes, 100 vane shear borings and over 80 open tube (stand
pipe) piezometers were carried out during this study (STS and NGI, 1992).

(4) Full-scale PVD test embankments by AIT (1993–1995)
Three 4.2 m high test embankments with PVD spacing at 1.0, 1.2 and 1.5 m in square
pattern to 12 m deep were constructed to evaluate the ground improvement tech-
nique by using PVD. It was concluded that PVD is a suitable technique for accelerat-
ing consolidation of the Bangkok Clay. A total of three boreholes and six vane 
shear borings were carried out at the site before the test embankments construction
(AIT, 1995).

4. THE GROUND IMPROVEMENT PROJECTS

Design of the ground improvement for the Airside Pavements was carried out by the Airside
Design Group (ADG) in 1995. The joint venture team of Thai Engineering Consultants Co.,
Moh and Associates Group, Siam General Engineering Consultants Co., Upham International
Co., and Meinhardt (Thailand) Ltd. (TMSUM) consisting of Thai Engineering Consultants
and Moh and Associates associated with Siam General Engineering Consultants, Upham
International and Meinhardt (Thailand) Ltd. was responsible for the construction and super-
vision of Ground Improvement Phase I work and the team of Thai Engineering Consultants
Co., Nippon Koei Co., and Moh and Associates Group (TNM) consisting of Thai Engineering
Consultants, Nippon Koei Co., and MAA Consultants was the construction supervision con-
sultant for the Ground Improvement Phase II work. The two phases had different implemen-
tation schedule but with the same design scheme. The Ground improvement for Airside
Pavement (Phase I), one of the initial projects for the SA, was commenced in November 1997
in order to prepare the site for the construction of permanent structures in future. Besides site
clearing and leveling for about 53% (1,699 ha) of all airport sites, ground improvement by
using PVD and sur-charge load was applied to the Airside Pavements area including the West
Runway, Taxiways, Apron, part of East Runway and two access roads to accelerate consoli-
dation settlement before construction of the pavement. The total improved area is about 10%
(308 ha) of the total airport site. Total contracted amount for the Phase I ground improvement
project was about 8.24 billion Baht (or 206 million US$) and was completed in June 2002.
Pavement construction on West Runway and Aprons has been started since September 2003. 

The Ground Improvement Phase II work covered the 4,000 m long East Runway and two
Taxiways. Total working area was divided into four sections (Sections I–IV) for construction
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and was commenced in December 2002. The project was completed in August 2004 with total
construction cost of 1.3 billion Baht (or 32.7 million US$). Pavement construction on the East
Runway was started immediately after the surcharge removal.

5. THE DESIGN CONCEPT

The major design features of the ground improvement for Airside Pavements are summa-
rized as below:

● Embankment fill thickness: 3.8–4.2 m (7.65–8.67 t/sq. m).
● Counterweight berm thickness: 1.7 m.
● Thickness of soft clay layer: 9.0–11.0 m. 
● Total unit weight of soft clay: 1.43 t/cu. m.
● Undrained vane shear strength: 1.5 t/sq. m.
● PVD length and spacing: 10 m with 1 m spacing in square pattern.
● Sand drainage thickness: 1.5 m.
● Coefficient of vertical/horizontal consolidation, cv/ch: 2.0 and 4.0 sq. m/day.
● Coefficient of compressibility, Cc: 1.45.
● Ground improvement target: To reach 80% of primary consolidation at 6 months (or

11 months under 8.67 t/sq. m surcharge load at Aprons near the Terminal Building and
the Concourses, and at both ends of runway) after final stage loading.

The minimum design surcharge of 7.65 t/sq. m is to reach stress well above the appar-
ent preconsolidation stresses and to achieve a minimum thickness of sand fill in the low-
est elevated pavement areas.

PVD length was reduced from 12 m used in the AIT field test to 10 m to avoid the risk
of hydraulic contact with sand lenses in the underlying stiff clay. Shorter drain length
reduces the settlements which could be achieved during the preloading period. Based on a
comparison of settlement time and costs, spacing of PVDs was determined to be 1.0 m,
which is the closest pattern recommended for practical reasons. The triangular pattern pro-
posed in the preliminary design was changed to a square pattern to facilitate the construc-
tion of subdrains in the final design. 

The designer has considered that an efficient drainage of the surcharge fill is important
to obtain an effective preconsolidation by use of PVD. Therefore, a shorter spacing of
drainage system was planned to increase the efficiency. The use of filter fabric as a sepa-
ration layer is to avoid mixing of sand with the clay, and thereby also ensuring that the sand
is fully efficient as an improved subgrade for the pavement. 

Surcharge fill had been changed from sand fill in the preliminary design to crushed rock
in the final design as proposed by the contractor. To save the construction cost and to meet
the planned schedule, surcharge fill was used twice and removed to the stockpile area at
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final stage for the use of permanent construction. According to estimated settlement at the
end of preloading period, about 90% and 80% of surcharge fill could be recovered after 10
and 15 months of total construction period, respectively.

Stability analyses were carried out by using non-circular slip surfaces and anisotropic
shear strength which gave a lower safety factor than analyses using circular slip surfaces
and reduced vane shear strength. Increase in shear strength due to consolidation before
placing the second stage fill was also considered. A minimum safety factor of 1.4 against
slope failure was applied to design the embankment with berms.

Settlement analyses in the design were made for the three different components: imme-
diate settlement, primary consolidation settlement and secondary consolidation settlement.
Table 1 summarizes the major design parameters used for settlement analyses. The calcu-
lated immediate settlement ranged from 50 to 100 mm under surcharge of 6.1–9.2 t/sq. m.
This low value is due to the large width of the embankment and high safety factor against
stability failure. 

Primary consolidation settlement was calculated by using “conventional method” and
“λ-method”(ADG, 1995). The recompression ratio, Cr/(1+eo) was determined from the ratio
Cc/Cr =15. The vertical consolidation coefficient, cv, was determined by kvo (coefficient of
permeability at initial void ratio) and Ckv (permeability coefficient). The horizontal (radial)
consolidation coefficients, ch and λ were determined from back calculation results of the
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Table 1. Geotechnical design parameters used in ground improvement analyses for the airside pavement

Elevation at Water Unit Vane shear Cr / Cc / Ckv kvo λ ch

bottom of content weight strength (1+eo) (1+eo) (m/year) (m2/year) (m2/year)
soil layer (%) (t/m3) (t/m2)

�1 60 1.7 2.04 0.025 0.37 1.098 0.31 0.90 1.3
�2 113 1.45 1.63 0.035 0.52 1.59 0.08 0.85 1.0
�3 113 1.45 1.38 0.036 0.54 1.59 0.08 0.85 0.8
�4 113 1.45 1.43 0.035 0.52 1.52 0.047 0.85 0.7
�5 113 1.43 1.47 0.035 0.52 1.52 0.047 0.55 0.7
�6 113 1.43 1.52 0.035 0.52 1.52 0.047 0.55 0.7
�7 113 1.43 1.81 0.035 0.52 1.52 0.047 0.55 0.7
�8 110 1.48 2.12 0.035 0.52 1.40 0.040 0.55 0.7
�9 95 1.48 2.43 0.032 0.48 1.31 0.032 0.9 0.7
�10 87 1.53 2.73 0.031 0.46 1.18 0.024 0.9 0.7
�11 78 1.53 3.04 0.029 0.43 1.04 0.016 1.6 1.0
�12 73 1.64 3.35 0.026 0.39 0.855 0.011 1.6 1.0
�13 65 1.64 3.72 0.025 0.38 0.855 0.011
�14 57 1.75 4.08 0.022 0.33
�15 53 1.75 — 0.022 0.33 0.675 0.006
�16 45 1.71 0.017 0.26 — —
�17 35 1.77 0.017 0.26 0.54 0.047
�18 35 1.77 0.009 0.13
�19 32 1.87 0.009 0.13
�20 32 1.87 0.009 0.13



AIT test embankment. As shown in Figure 5, the calculated primary settlement at the end
of 10 and 15 months under 7.65 and 8.67 t/sq. m surcharge load was 1,550 and 1,750 mm,
respectively. The results of settlement analysis were used as the main acceptance criteria for
surcharge removal. The basic requirement in the design was that the “Degree of
Consolidation” for the preload should reach 80% of the primary consolidation. Figure 6
shows the correspondence of settlement ratio (last monthly settlement/total settlement) with
time. A settlement ratio of 4% and 2% should be obtained at the end of 10 (or 6 months final
waiting period) and 15 months (or 11 months final waiting period), respectively, when 80%
degree of consolidation was reached. This settlement ratio was adopted as the main crite-
rion for acceptance of the ground improvement work.

Secondary settlements were estimated on the basis of relationship between effective stress,
void ratio and time. It was assumed that creep characteristic of the soil was determined by the
void ratio and effective stress, irrespective of whether this void ratio was achieved as a result
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of creep or of surcharge. An alternative approach based on Koppejan–Buisman theory
(Stamatopouos and Kotzias, 1985) was also used for comparison. The coefficient of second-
ary compression, Cα , was assumed to be 5% of Cc and an average value of Cα = 0.024 was
used in the analyses. The amount of creep or secondary consolidation settlement depends on
the margin (Ds) between settlements achieved by the surcharge loads (Ss) compared to the total
primary settlement caused by the permanent loads (Sp), i.e. Ds = Ss – Sp. Maximum calculated
secondary settlement for Ds = 0 during the first 10 years was 250 mm. This was reduced by
50% to 125 mm for Ds = 150 mm. Figure 7 illustrates the calculated secondary settlement
under varied Ds value during the first 10 years after pavement construction.

Post-construction settlement under permanent loads consist of two contributions:

● Remaining primary consolidation settlements of the layers below the PVD tip eleva-
tion; and

● Creep or secondary consolidation settlement in the layers within the PVD depth.
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The Designer estimated that the post-construction settlements caused by the permanent
loading during the first 10 years of life are below 300 mm for runways and taxiways and
about 400 mm for aprons under the surcharge load of 7.65 t/sq. m except for the two ends
of runways where 8.67 t/sq. m surcharge load was applied due to higher pavement eleva-
tion. During preloading construction time, same surcharge load was used across the width
of the paved area to achieve homogenous thickness of surcharge fill under the pavements.
The expected uneven settlement within a distance of 45 m was estimated to be within 10%
of the total settlement.

Differential settlement between the apron and terminal building was estimated to be
about 200–250 mm with 7.65 t/sq. m surcharge load for 15 months of total construction
period (or 11 months waiting period after final stage loading). Additional settlements due
to ground subsidence were estimated to be in the ranges of 50–100 mm/year. 
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6. CONSTRUCTION PROCEDURES

The field ground improvement work, as illustrated in Figure 8, consists of site preparation
(including site clearing/leveling/backfilling), subsoil investigation, instrument installation and
monitoring, first layer filter fabric placement (on original ground), sand blanket construction,
drainage facilities installation, PVD installation, sand drainage layer construction, second
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layer filter fabric placement (on sand drainage layer), surcharge fill construction (in two
stages) and removal. It should be noted that several large canals with depth up to 6 m were
backfilled with clay and/or sand during site cleaning and leveling. Drainage facilities include
collector pipes, sub-drainage pipes and manholes were installed. Therefore, the generated pore
water under preloading would not only be drained out from the sand blanket/drainage layer,
but also be collected into the manholes to be pumped out. Sand blanket was designed to drain
out the excess pore water as well as being the working platform for PVD installation. The sur-
charge fills by using crushed rock was placed in two stages to reach the final preloading
height. The counterweight berms with 1.7 m height and 15.4 m width were constructed to sta-
bilize the preloading embankment. The embankment construction in the first stage was to
reach a total of 2.8 m fill thickness followed by 3 months waiting period for increase of sub-
soil strength prior to the next stage of construction. Due to limited construction schedule, the
3 months waiting period at most of East Runway and Taxiways were reduced to 1.5 to
2 months. Final stage loading was then placed up to 3.8 or 4.2 m. 

An initial section of phase I ground improvement project, “The Reference Section”,
was first constructed at West Taxiway with one canal crossing in order to:

● Confirm the design assumptions and the criteria for accepting the improved ground,
● Check the Contractor’s working methods; and
● Check the installation procedures and suitability of the instruments used.

The required criteria for surcharge removal after reaching the final stage loading were
specified as below:

1. Minimum 6 (under 7.65 t/sq. m) or 11 (under 8.67 t/sq. m) months waiting period; 
2. Pore water pressure dissipation �75% or degree of consolidation �80% percent; and
3. Settlement ratio (the last monthly settlement to the cumulative settlement) �4%

(under 7.65 t/sq. m) or 2% (under 8.67 t/sq. m).

In general, the final waiting period were actually one or two month(s) longer than the
estimated time at most of Airfield Pavement area (both Phase I and II) mainly to satisfy the
settlement ratio criterion. Preloading embankments were removed to MSL elevation and
subgrade elevation for Phases I and II of ground improvement work, respectively.
Removed surcharge fill were either reused again or moved to the stockpile for future use.
Additional subsoil investigations were conducted at selected area to evaluate the change of
soil properties. Table 2 summarizes the total quantity of major items used in both projects. 

7. INSTRUMENTATIONS

A well-planned instrumentation and monitoring program is necessary to provide sufficient
and important information to ensure a safe construction and to evaluate the performance of
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ground improvement. Precaution measures could then be taken if there were any abnormal
situation occurring during the construction. In general, monitoring results of instrumenta-
tions are used to

● evaluate the ground improvement performance,
● monitor the efficiency of drainage system,
● control the embankment safety during construction,
● provide data for the decision on surcharge removal,
● monitor the long-term ground subsidence and groundwater condition.

Instruments installed in this project included surface settlement plates, deep settlement
gauges, surface settlement monuments, piezometers, inclinometers and observation wells.
Purpose and installed depth of each instrument are described below:

Permanent Benchmark (PB) Installed to depth of 150 m at east and west of
project site for survey reference. 

Surface Settlement Plate (SP) Installed above sand blanket layer (except for the
Reference Section where SP were installed on
the original ground) to measure vertical settle-
ment under surcharge fill.

Deep Settlement Gauge (DG) Installed at various depths to measure the vertical
settlement of soils underlying the specified depth.

Surface Settlement Monument (SM) Installed at top of preloading embankment to
measure the fill settlement.

Inclinometer (IM) Installed at intersection between berm and main
embankment or on the main embankment to a
depth of 20 m below original ground surface to
measure lateral displacement.

Electric Piezometer (EP) Installed at various depths to monitor the dissi-
pation of excess pore water pressure.
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Table 2. Total quantities of major items in Airside Pavements ground improvement work

Item Unit Phase I Phase II Total 

Drainage sand m3 4,447,453 1,525,000 5,972,453
Filter fabric m2 6,793,294 2,188,256 8,981,550
PVD m 31,288,708 9,453,785 41,042,493
Crushed rock m3 2,947,025 2,340,900a 5,287,925
Subdrainage pipe m 255,755 79,350 335,105
Collector pipe m 12,799 3,517 16,316
Manhole No. 142 41 183

a Material was from G.I. Phase I stockpile.



AIT-Type Piezometer (AP) Installed at various depth outside preloading
embankment to measure the pore water pressure
in the sand layer

Observation Well (OW) Installed at ground level to measure the ground-
water level under surcharge fill

Dummy instruments including piezometers, deep settlement gauges, and AIT-Type
(open stand pipe) piezometers were installed at a distance of 30 m from the toe of the pre-
loading embankment to provide base readings. A typical instrumentation profile is shown
in Figure 9. Monitoring work was carried out mainly on weekly basis and before and after
each change in loading until the approval of surcharge removal. Table 3 summarizes the
total quantities of instruments and monitoring work at the project site.
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8. SUMMARY OF MONITORING DATA INTERPRETATION

Three important features were often analyzed during the preloading construction, including
(i) deformation characteristics, (ii) stability problem and (iii) pore pressure developments.

8.1. Settlement
8.1.1. Surface settlement. In general, most of the field surface settlements prior to sur-
charge removal were less than the design estimate. Marked increase in settlements was
observed immediately after placing the first and second stage of surcharge fill loading.
Table 4 summarizes the maximum, minimum and average settlement data and Figures 10
and 11 present the settlement contours for G.I. Phases I and II projects, respectively.
Relatively uniform settlement has been observed throughout most of the ground improve-
ment area. In general, the apron area encountered average settlement of 1,400 and
1,700 mm under 7.65 and 8.67 t/sq. m loading, respectively. Settlements at runways and
taxiways varied from 1,000 to 1,500 mm. The longitudinal settlement profiles with corre-
sponding waiting period for the East Runway and West Runway are shown in Figures 12
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Table 3. Total quantities of instruments and monitoring work

Project
Item Phase I Phase II

G.I. area Dummy No. of G.I. area Dummy No. of
monitoring monitoring

SP 1,724 — 131,606 579 — 33,848
SM 553 — 20,263 276 — 7,519
PB — 2 — — — —
IM 56 — 4,342 38 2,053
DG 555 55 59,543 285 35 19,954
EP 444 46 45,945 228 28 14,603
AP — 40 5,497 — 28 1,972
OW 1,722 — 130,271 579 — 31,876

Table 4. Summary of surface settlement data

Area Settlement at end of 6 months Settlement before 
waiting period (mm) surcharge removal (mm)

Max Min Avg Max Min Avg

Reference section 1,522 1,244 1,365 1,541 1,266 1,383
Apron (7.65 t/m2) 1,398 1,011 1,229 1,500 1,134 1,381
Apron (8.67 t/m2) 1,841 1,095 1,539 1,854 1,203 1,594

Phase I Cross taxiway 1,447 1,016 1,239 1,484 1,102 1,291
West runway 1,531 1,004 1,275 1,639 1,056 1,359
Emergency roads 1,280 969 1,113 1,375 980 1,145

Phase II East runway 1,520 328 1,216 1,533 914 1,297



and 13, respectively. The overall settlement occurred at the West Runway was more than
those at the East Runway due to the longer waiting period for the former prior to surcharge
removal. A small loop area in the middle of the West Runway where PVD was not installed
due to construction restrictions had only half of the settlement as compared to other areas
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with PVD under the same fill height as shown in Figure 14. Boundary areas of preloading
embankment and areas with backfilled canal normally had less settlement due to the lower
surcharge load or thinner soft clay thickness. Longitudinal cracks resulted from differential
settlement were observed at the backfilled canal Nong Prue of East Runway and boundaries
between PVD and non-PVD areas along the counterweight berms in several areas.

Due to the uncertainty of both initial and boundary conditions, it was difficult to cor-
rectly estimate the ultimate settlement in conventional way. Therefore, estimation of the
ultimate settlement was carried out by using Asaoka’s graphical method (1978). Settlement
observations were utilized for identification of unknown parameters of the equation and
future settlement was predicted through these identified parameters. Under a constant load
and equal time intervals (at least 1 month), the settlement data p1, p2 … pi are plotted with
an arithmetic scale as points (pi�1, pi) in a coordinate system with axes pi�1 and pi. A best-
fit line is then plotted to intersect with a 45° line (pi�1 � pi). The intersected point will rep-
resent the ultimate settlement. The equations are shown below:

pi � β0 � β1 � pi�1 (1)

pf � β0/(1�β1) (2)
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where pi is the settlement at time ti, ti � ∆t � i (i � 0,1,2,3…) and pf the ultimate settle-
ment when pf � pi � pi�1 at t � β 0, β1 constant obtained from time-settlement curve.

It should be noted that the longer the time interval, the higher the accuracy of settle-
ment prediction is. Typical graphical illustration of Asaoka’s method at East Runway is
shown in Figure 15. Deviation from Asaoka’s method may occur when the one-dimen-
sional theory is not fully applied such as in the early stage of consolidation and during the
secondary compression.
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8.1.2. Deep settlement. In general, deep settlement shall be inversely proportional to the
elevation of the soil layer. The soft clay layer experienced largest proportion of settlement
and a nominal settlement occurred in the stiff clay. The average settlement at depths of 2, 5,
8, 12 and 16 m at the dummy area was about 47, 30, 16, 12 and 8 mm, respectively, over a
total construction period of 40 months. The proportion of settlement under surcharge fill at
2, 5, 8, 12 and 16 m to the surface settlement in average is about 95%, 80%, 50%, 17% and
10%, respectively. However, the amount of settlement still varied greatly at different loca-
tions, especially at depth of 8 m. A typical deep settlement profile at Apron is shown in
Figure 16 and Figure 17 presents the percentage of settlement occurred at various depth. 

8.2. Lateral movement
Lateral movement measurements obtained from inclinometers indicated the continuous hor-
izontal movement of the subsoils over the depth under embankment. The main objective to
obtain the lateral movement data is to ensure a safe embankment construction by providing
the pre-warming notice prior to any shear failure or plastic flow of the soil. In general,
observed maximum lateral movement ranged from 70 to 290 mm and occurred mostly at
depths of 3–6 m in the soft clay. Narrow road configuration such as taxiways and runways
usually had larger lateral movement than other areas. Figure 18 illustrates a typical cross
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section of settlement and lateral movement profile at West Runway and Table 5 summarizes
the observed maximum lateral movement in various areas. It was noticed that most of the
maximum settlement did not occur at center of the embankment, which may result from
contribution of lateral movement and short drainage path to the side settlement plates. The
ratio of lateral movement to vertical settlement was used as the criteria for safety control in
both projects. Special attention was given to the control of rate of construction at the site
when the ratio exceeded 0.25. Figure 19 summarizes the ratios of lateral to vertical move-
ment in various areas during construction. Backfilled canal at East Runway encountered
maximum lateral movement of 290 mm with largest lateral movement to vertical settlement
ratio up to 0.45 where cracks have developed. Table 5 also shows the calculated area pro-
portion of lateral movement to settlement at West and East Runways and Taxiways. The lat-
eral movement area was calculated from the plot of maximum lateral movement vs. depth
multiplied by 2 (for both sides) and settlement under the toe of embankment was assumed
to be zero for the settlement area calculation. The calculated ratio of areas of lateral move-
ment to vertical settlement was in the range of 1–2%.
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8.3. Piezometric pressure
The piezometric pressure obtained during ground improvement can be classified into
dummy pore water pressure, excess pore water pressure and groundwater level.

8.3.1. Dummy pore water pressure. Dummy pore pressure data were obtained from the
EP and AP installed at dummy areas (without PVD installation), and elevation of dummy
readings was corrected for settlement of the piezometers. The phenomenon of under-hydro-
static water pressure within the depth of 10–20 m (soft to stiff clay) was first observed in 1973
and further confirmed during the field test program conducted in 1984, which was most prob-
ably due to decrease of piezometric head in the sand layer caused by deep well pumping.
Figure 20 summarizes the recorded dummy readings of water pressure since 1973, including
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Table 5. Summary of maximum lateral movement and calculated area ratio of lateral to vertical movement

Area Maximum lateral Average settlement Average lateral Ratio (%) 
movement (mm) area Av (m2) movement area Ah (m2) Ah/Av

Reference section 128 105 1.15 1.10
West runway 160 161 2.12 1.32
East runway 178a 86 1.21 1.44
Taxiway 159 115 1.77 1.54

aThe maximum lateral movement was at cracking area.



the latest readings obtained from the ground improvement projects. However, pore pressure
data at 12 m depth showed some degree of variation among the data. Fluctuated pore water
pressure data were observed mostly at depth of 2 m, which may be affected by the surface
water level during seasonal change. Figure 20 also shows the dummy readings where PVDs
were installed, obtained from ground improvement of Landside Road System projects at the
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SA site. The results indicated that the water pressure down to the PVD installation depth of
10 m had recovered close to hydrostatic due to recharging from ground surface.

8.3.2. Excess pore water pressure. Excess pore water pressure is calculated based on
the difference between piezometer readings under surcharge loading and dummy reading
or the dummy curve as shown in Figure 20. The theoretically calculated pore pressures
deviated significantly from the field observations with PVD installation and have not con-
sistently led to satisfactory results. Therefore, prediction of pore pressure was generally
considered as very difficult and unreliable. Incompatibility between pore pressure dissipa-
tion and settlement data was often observed. The smear effect resulted from PVD installa-
tion may also reduces the permeability of soil around the PVD. A typical excess pore
pressure dissipation curve with time and fill status at Apron is shown in Figure 21. In gen-
eral, excess pore water pressure increased during the fill construction and gradually
decreased during the waiting period. The measured dissipation of excess pore pressure
during the first stage loading, which was below the preconsolidation stress, was rapid and
the dissipation rate decreased with increasing effective stress. Fluctuated data were often
observed especially in the rainy season, which might be due to local variations in the per-
meability of the clay and flooding at the site. The excess pore water pressure at 5.0 and
8.0 m depths, in very soft to soft clay, were higher than that at 2.0 m, as expected.

Dissipation of excess pore water pressure at 12 m depth was slower than others, which
might be due to the fact that the piezometers were installed below the PVD depth. As 
concluded from the performance of AIT Test Embankment in 1995, the pore water pres-
sure will be hydrostatic eventually up to the depth of PVD installation. By considering the
above condition, excess pore pressure data were re-calculated based on the dummy read-
ings at hydrostatic up to 10 m depth. An increase of 10–20% in excess pore water pressure
dissipation was then obtained. 

The consolidation degree can also be estimated by comparing the area between the total
excess pore pressure generated during full surcharge load to the dissipated excess pore
pressure at end of waiting period. Based on the pore pressure data of PE-E5-001-004R at
East Runway, 87% consolidation was obtained as comparing with 95% consolidation esti-
mated from settlement data and Asaoka’s method. However, assessing the degree of con-
solidation from pore pressure data is not recommended as there are many problems
associated with the interpretation.

8.3.3. Groundwater level. Groundwater level, obtained from observation wells, indi-
cates the seasonal fluctuation of groundwater condition and the efficiency of drainage
facilities. The observation wells were usually installed accompanying with surface settle-
ment plates. In general, the groundwater level rose to its peak during the rainy season and
dropped in the dry season. The water level also increased when surcharge loads were
placed and decreased during the waiting period as shown in Figure 22.
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9. EVALUATION OF GROUND IMPROVEMENT PERFORMANCE

Questions regarding the suitability of various ground improvement method applied for
Bangkok Clay have been discussed for many years and many trial testing embankments
with various techniques had been carried out. Preloading with PVD to accelerate the con-
solidation settlement was first used by the Highway Department of Thailand on the 82 km
Motorway project in 1994. Performance of such method at the Nong Ngo Hao site becomes
important for Thai government agencies for future project implementations. Basically, eval-
uation of ground improvement performance can be made by comparing the field monitor-
ing data with design assumptions as well as changes of properties of the soft clay. 

9.1. Design Perspective
Before comparing the design settlement to the field data, the following factors have to be
taken into consideration:

● Actual waiting period was about 1–2 month(s) longer than the minimum requirement
of 6 months in both projects mainly due to the settlement ratio criteria; 
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● The field settlement consists not only the consolidation settlement but also immediate
settlement, subsidence and contribution from lateral movement; and

● Initial settlement under the first meter of sand blanket was ignored in the evaluation
since all settlement plates (except the Reference Section) were installed after the PVD
installation.

In general, the average field surface settlement for both ground improvement projects
were about 18–20% at the end of the 6-month waiting period, and 13–15% at the end of
surcharge removal, less than the settlement estimated by the Designer. However, all the
data indicated a similar settlement trend with time throughout the ground improvement
area except for some overlapping and backfilled canal areas of the East Runway.
According to the results of AIT test fill program completed in 1995, a total of 1,520 mm
settlement under 7.65 t/sq. m surcharge load was recorded after 6 months waiting period
for TS3 where PVDs were installed under the same pattern but 2 m longer than those
installed in this project. Therefore, it can be concluded that most of the settlement data
observed in this project appeared to be reasonable and the calculated settlement estimated
by the Designer might be on the high side. Settlement in the non-PVD area, as shown in
Figure 14, is about one-third of the settlements in PVD area under same preloading and
time, which indicates the effectiveness of the ground improvement implementation.

9.2. Change of soil properties
Decrease in natural water content and increase in total unit weight and shear strength are
expected in the soft clay after ground improvement. Additional subsoil investigation
including undisturbed sampling, filed vane shear tests and piezocone penetration tests with
laboratory tests of soil properties, conventional consolidation and Constant Rate Strain
(CRS) tests have been carried out for both projects. Due to tight pavement construction
schedule, only limited subsoil investigation were conducted at the East Runway of G.I.
Phase II project. Comparison of soil properties before and after ground improvement
within the soft clay zone for both Runways is shown in Figure 23 and Table 6. In average,
the water content reduced 24% while total unit weight and undrained field vane shear
strength increased up to 13% and 90% respectively. The West Runway had better ground
improvement results than the East Runway as shown by changing of the upper very soft to
soft clay to medium stiff clay.

Changes in water content and undrained shear strength can also be estimated from the
following equations based on field settlement data (Stamatopoulos and Kotzias, 1985):

∆wn ���wn � � (3)

∆su � su (4)
δ
�
h

1 � wnG
�
0.434Cc

δ
�
h

1
�
G

Case Study of Ground Improvement Work 189



where su, ∆su are the original and change of undrained shear strength; wn, ∆wn the original
and change of natural water content; G the special gravity of soil grains, Cc the coefficient
of compressibility, δ the settlement under preloading, and h the thickness of compressible
soils.
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Figure 23. Comparison of soil properties before and after ground improvement.
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If considering an average settlement of 1,330 mm at Runways with Cc of 1.65, the cal-
culated natural water content and undrained shear strength after ground improvement were
about 93% and 1.6 t/sq. m, respectively. The results appear to be on the lower boundary of
the field data. 

A typical piezocone penetration test results including cone resistance, local friction,
friction ratio (ratio of local friction to cone resistance) and water pressure obtained before
and after ground improvement are shown in Figure 24. The cone resistance and local fric-
tion of the upper 10 m soil shows increased in the range of 50–80% at both Runways.

The coefficient of consolidation in the horizontal direction (ch), an important parame-
ter for predicting the rate of settlement of soft soils, can be determined in the laboratory
such as CRS test, or in the field such as piezocone penetration dissipation test, or by back
analysis through field settlement data. From the piezocone penetration dissipation data
using the following equation (Seah et al., 2004), an approximate value of ch can be derived.

ch � (5)

where
R radius of probe, 1.8 cm was used in this project
T* modified time factor for a given geometry and porous element location, a value of

0.177 was used for Ut � 0.5
Ir rigidity index is the ratio of shear modulus (G) to undrained shear strength (su), a

value of 25 was used in this project
t50 50% of Ut (normalized excess pore pressure at time t) where Ut � [1 � (ut � uo)/

(ui � uo)] and ui, ut � initial pore pressure and pore pressure at time t.
The calculated ch value at depths of 2, 5, 8 and 12 m below MSL (adjusted based on the

deep settlement data) at various areas before and after ground improvement are summarized
in Figure 25. The ch value at the East Runway was slightly less than that at the West Runway.
However, scattered data were observed, which may be resulted from incomplete dissipation
process during the tests. According to the study, the above equation appears to be more suit-
able to be used in soft, normally consolidated clay rather than over-consolidated soils.

R2 � Ir
�
1
2�

� T*
��t50
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Table 6. Summary of soil properties before and after ground improvement

Area Nature water Undraind shear Total unit 
content (%) strength (t/m2) weight (t/m3)

Before After Change (%) Before After Change (%) Before After Change (%)

West Runway 110 80 �27 1.1 2.3 110 1.40 1.57 12
East Runway 113 88 �22 1.0 1.7 70 1.40 1.61 15
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Figure 24. Typical piezocone penetration test results.
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Constant rate of strain consolidometer with radial drainage tests (CRS-R) were carried
out on selected samples during the G.I. Phase II. The horizontal coefficient of consolida-
tion can be estimated from the following equation (Seah et al., 2004):

ch � � (6)

where kh is the coefficient of permeability in the horizontal direction, mv the coefficient of
volume compressibility, γw the radius of well or central drain, α the constant as function of
γw and re, vp the velocity of load piston, re the radius of specimen, ub the excess pore water
pressure at impervious outer boundary and H the height of specimen.

Table 7 summarizes the ch values obtained from both PCPT dissipation test and CRS-
R test for comparison.

The ch value can also be calculated from the field time-settlement data with the fol-
lowing equation as suggested by Asaoka (1978):

ch � (7)

where β the slope of the settlement–time curve from the Asaoka method; ∆t the time interval
in settlement–time curve; F(N) the factor considering the effect of smear, spacing and well
resistance; (� N2 ln(N)/(N2 � 1) � (3N2 � 1)/4N2, with N � De /dw); De is the equivalent
diameter of drain influence zone; dw the diameter of the well.

The calculated ch values at both projects with 1 month time interval are summarized in
Table 8. The average ch from both projects is about 0.9 sq. m/year, which is less than the
ch value obtained from field or laboratory tests. The Designer has also performed back
analysis of pore pressure dissipation of the AIT test embankment after the fill had reached

F(N)ln(β)
��

8∆t

α vpre
2

�
ubHmv

kh
�
mvrw
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Table 7. Laboratory test results of horizontal coefficient of consolidation (ch) at
East Runway 

Depth (m) PCPT dissipation testa CRS test2

ch (m2/year) ch (m2/year)

�2.0 3.47 —
�3.75 — 2.12
�5.0 2.09 —
�6.75 — 1.34
�7.75 — 3.57
�8.0 2.47 —
�9.75 — 2.68
�12.0 2.91 —

aAverage data.
bData at middepth of sample tube.



the final height of 4.2 m and found a mean value of ch ranging from 0.7 to 1.3 sq. m/year
for different soil layers.

In general, the coefficient of consolidation in vertical direction, cv, is less than the coef-
ficient of consolidation in horizontal direction, ch. For seemingly homogeneous soil, it can
generally be assumed that ch /cv is equal to 2. Figure 26 summarizes the cv values obtained
from previous engineering studies and oedometer tests after ground improvement of both
ground improvement projects. The average cv value of the soft clay layer at East Runway
is about 0.62 sq. m/year. Referring to the average ch value of 2.45 sq. m/year as obtained
from laboratory test results, the ratio of ch/cv is about 4.0. If comparing with the average
ch of 0.95 sq. m/year calculated from modified Asaoka’s method, the ratio of ch/cv is
reduced to 1.50. From this comparison, it appears that analyses using laboratory test
results tend to overestimate the efficiency of PVD for ground improvement.

9.3. Settlement during pavement construction
In general, field settlement occurred during or after pavement construction should include
the following:

● Rebound settlement (or heave) after surcharge removal (if any); 
● Secondary settlement (creep) within top 10 m (in layers above PVD tips);
● Remaining primary consolidation settlement mainly within 10–20 m depth (below

PVD tip elevation); and
● Ground subsidence.

Based on the Designer’s assumption, the total estimated primary and creep settle-
ment in 10 years for runways with pavement elevation at �1.1 � �1.4 m is about 280 mm.
Estimated ground subsidence is about 30–50 mm/year in areas surrounding the airport site.

Table 9 summarizes the settlement data of East Runway and Taxiways at end of sur-
charge removal as well as during pavement construction. The average settlement rate on
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Table 8. Summary of ch calculated from the Asaoka method

Area β De (m) F ∆t, (days) ch (m2/year)

Phase I
Reference section 0.74 1.4
Apron (7.65 t/m2) 0.81 0.9
Apron (8.67 t/m2) 0.86 0.7
West Runway 0.84 1.13 2.34 30 0.8
Cross Taxiway 0.89 0.5
Phase II
East Runway (Sec. I) 0.78 1.1
East Runway (Sec. II) 0.81 0.9
East Runway (Sec. III) 0.81 0.9
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Table 9. Field settlement during preloading and pavement construction

Area Before surcharge removala During pavement construction

δ b plate δ b δ b δ b Duration δ b rate Avg. δ b rate 
no. (mm) ratiob (mm) (week) (mm/week) (mm/week)

ER-1 SP-E3-056R 1,273 2.1 8 8 1.0
ER-2 SP-E5-025R 1,439 3.6 15 7 2.14
ER-3 SP-E3-038R 1,340 3.0 10 5 2.0 1.27
ER-4 SP-E3-020R 1,338 3.2 1 5 0.2
ER-5 SP-E3-005R 1,312 2.8 2 2 1.0

TWY A1 SP-E4-063a 1,313 — 16 4 4.0
TWY-B1 SP-E4-034R 1,328 3.9 3 8 0.38
TWY A2 SP-E5-042a 1,333 — 8 8 1.0
TWY B2 SP-E5-042a 1,207 — 7 8 0.88 1.74
TWY-A3 SP-E3-160T 1,370 1.9 1 5 0.20
TWY-A4 SP-E3-126T 1,312 2.3 15 4 3.75
TWY-B3 SP-E3-190T 1,267 3.0 4 2 2.00

aData from G.I. Phase I & II projects.
bδ is Settlement.
cSettlement ratio is the ratio of last month settlement to total settlement.



weekly basis is about 1.3 and 1.7 mm at East Runway and Taxiway, respectively. Based 
on cored samples obtained at West Runway, settlement during asphalt concrete construction
was about 10 mm/month or 2.5 mm/week. It also has the trend that the area with higher set-
tlement ratio at end of preloading period experienced higher settlement during construction.
Figure 27 presents the settlement data during construction at the East Runway. 

10. CONCLUSIONS

Ground improvement technique employing PVD and surcharge appeared to be effective in
accelerating primary settlement of the soft subsoils at the SA site. The following conclu-
sions are made based on the performance and experience during the project implementation:

1. Settlement data are more reliable than pore pressure measurements for construction
control. Relatively uniform settlement over the improved area was observed. The
measured total settlement prior to surcharge removal was about 13–15% less than the
design estimates. 

2. Less settlement was usually observed at the boundaries of improved area and back-
filled canal. Longitudinal cracks occurred on the backfilled canal Nong Pru area of
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East Runway and on the counterweight berms along the boundaries of PVD and non-
PVD areas mainly due to differential settlement.

3. Settlement in non-PVD area of West Runway was about one-third of settlement in
PVD area under same preloading and time.

4. Surcharge removal was about one to two month(s) delay as compared to the design
estimation. This was mainly to satisfy the settlement ratio criterion for stability control.
Asaoka’s graphic method was adapted to predict ultimate settlement in order to calcu-
late the degree of consolidation.

5. Most settlement occurred in the upper 8 m soft clay. The average proportion of set-
tlement at 2, 5, 8, 12 and 16 m depths to the total surface settlement was about 95%,
75%, 50%, 17% and 10%, respectively.

6. Observed maximum lateral movement occurred mostly at depths of 3–6 m in the soft
clay. Narrow road configuration such as taxiways and runways usually encountered
larger lateral movement than that in other areas. Average area ratio of lateral move-
ment to vertical settlement was in the range of 1–2%.

7. The criterion of 0.25 for the ratio of lateral to vertical movement appeared to be a rea-
sonable and useful tool for safety control of the embankment construction.

8. The rate of dissipation of excess pore pressure during the first stage loading was more
rapid than that during the final waiting period. 

9. Evaluation of ground improvement performance was made by comparison of field set-
tlement data with design estimations and changes of soil properties. 

10. Based on the performance evaluation, it can be concluded that preloading with PVD
installation is a suitable technique for accelerating consolidation of the Bangkok Clay.
Careful design, effective drainage system and proper monitoring are essential ele-
ments for success.
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ABSTRACT

This chapter starts with an introduction of a revised analytical model of radial drainage
with vacuum preloading in both axisymmetric and plane strain conditions. Observed from
large-scale radial drainage consolidation tests, the influence of vacuum pressure distribu-
tion along the drain length is examined through the dissipation of average excess pore
pressure and associated settlement. The details of an appropriate conversion procedure by
transforming permeability and vacuum pressure between axisymmetric and equivalent
plane strain conditions are described through analytical and numerical schemes. The
effects of the magnitude and distribution of vacuum pressure on soft clay consolidation are
investigated on the basis of average excess pore pressure, consolidation settlement, and
time analyses. The writers describe a multi-drain plane strain finite element method analy-
sis based on permeability conversion, which is employed to study the behavior of embank-
ments stabilized at the site of the Second Bangkok International Airport with
vacuum-assisted prefabricated vertical drains. In the field, a constant suction head is not
always stable because of the occurrence of air leaks; therefore the magnitude of applied
vacuum pressure was adjusted accordingly. The theoretical (numerical) predictions are
compared with measured field data such as settlements, excess pore pressures, and lateral
movements. The case history analysis employing the writers’ model indicates improved
accuracy of the predictions in relation to the field observations. The data indicate that the
efficiency of the prefabricated vertical drains depends on the magnitude and distribution of
vacuum pressure as well as on the extent of air leak protection provided in practice.
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1. INTRODUCTION

In recent years, the urgent need for construction of various infrastucture over unsuitable
soft soil deposits has advanced soil improvement techniques. To avoid excessive settlement
of highly compressible soil after construction, preloading prior to construction is consid-
ered to be one of the most practical methods; preloading being the application of surface,
or vacuum loading, or groundwater lowering to attain the expected consolidation settle-
ment under permanent load. However, for thick soil deposits with low permeability, the
required consolidation time by preloading alone can be too long and bearing failure may
take place during rapid embankment construction. Therefore, a system of vertical drains
with preloading is frequently introduced to accelerate the consolidation process by short-
ening the drainage path from vertical to horizontal (Nicholson and Jardine, 1982). The per-
formance of different types of vertical drains including sand drains, sand compaction piles,
prefabricated vertical drains (PVDs, geosynthetic) and gravel piles have been studied in
the past (Richart, 1957; Cooper and Rose, 1999; Indraratna et al., 1999; Indraratna and
Sathananthan, 2003). The utilization of geosynthetic PVDs has become an economical and
viable option because of their rapid installation with simple field equipment (Holtz et al.,
1991; Shang et al., 1998). Due to the scarcity of suitable surcharge material and the rela-
tively low cost of electrical power in certain areas, vacuum-assisted preloading with the
vertical drain system has been used to achieve rapid consolidation and reduce the height
of surchage fill (Kjellman, 1952; Qian et al., 1992; Chu et al., 2000; Eriksson et al., 2000;
Gao, 2004). Furthermore, the advancement of airtight systems for vacuum application by
synthetic covers has made this form of soil improvement even more attractive and viable.

In order to analyse the performance of vertical drains, unit cell theory representing a
single drain surrounded by a soil annulus in axisymmetric condition (3D) was proposed by
Barron (1948) and Richart (1957). Subsequently, Hird et al. (1992) and Indraratna and
Redana (1997) proposed a unit cell formulated for the plane strain condition (2-D), which
can be more suitably used in numerical modeling. For multi-drain simulation, a simplified
plane strain (2-D) finite element analysis can be readily adapted to most field situations
because it is almost impossible to conduct an analysis (even with the most powerful com-
puters) employing an individual axisymmetric zone around each and every independent
vertical drain, when there are hundreds of wick drains installed in large construction proj-
ects (Hansbo, 1981; Hansbo, 1997; Indraratna and Redana, 2000). To obtain realistic field
predictions, the axisymmetric properties such as the permeability coefficients and drain
geometry have to be converted into an equivalent 2-D plane strain condition, (Indraratna
and Redana, 1997). The plane strain analysis can also take vacuum preloading into account
in conjunction with PVD (e.g. Gabr and Szabo, 1997). Mohamedelhassan and Shang
(2002) discussed the application of vacuum pressure and its benefits, but without the use
of any vertical drains. The simulation of vacuum pressure with PVD in analytical or
numerical models requires further refinement to obtain better field predictions.
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The main objective of this chapter is to present some comprehensive analytical solu-
tions for vacuum preloading in conjunction with vertical drains, covering both the axisym-
metric and equivalent plane strain conditions. The analytical predictions are compared to
numerical results based on the finite element method using ABAQUS software, Version
6.4. Based on the equivalent plane strain solution, the numerical predictions are also com-
pared to the field data (e.g. settlements, lateral displacements, and excess pore pressures). 

2. THEORETICAL BACKGROUND

2.1. Principles of vertical drain incorporating vacuum preloading
The vacuum preloading method was initially introduced in Sweden by Kjellman (1952) for
cardboard wick drains. It has been used extensively to accelerate the consolidation process
for improving soft ground, such as Philadelphia International Airport, USA and Tianjin
port, China (Holtan, 1965; Yan and Chu, 2003). Recently, the PVD system has also been
employed to distribute vacuum pressure to deep subsoil layer and thereby increase the con-
solidation rate (e.g. Chu et al., 2000). Figure 1 shows the consolidation process of con-
ventional method and vacuum-assisted preloading. The increase in the effective stress in
soil mass for this method is attributed to the vacuum application in lieu of conventional
surcharge. The characteristics of vacuum preloading in comparison with conventional pre-
loading are as follows (Qian et al., 1992):

(a) The effective stress related to suction pressure increases equiaxially, and the corre-
sponding lateral movement is compressive. Consequently, the risk of shear failure can
be minimized even at a higher rate of embankment construction.

(b) The vacuum head can be distributed to a greater depth of the subsoil using the PVD
system (Figure 2). 

(c) The extent of surcharge fill can be decreased to achieve the same degree of consoli-
dation, depending on the efficiency of the vacuum system in the field (i.e., air leaks). 

(d) Since the surcharge height can be reduced, the maximum excess pore pressure generated
by vacuum preloading is less than by the conventional surcharge method (Figure 1). 

(e) With vacuum pressure, the inevitable unsaturated condition at the soil–drain interface
may be improved, resulting in an increased rate of consolidation.

Yan and Chu (2003) stated that the cost of soil improvement by vacuum preloading
reduces approximately 30% of that by conventional surcharge alone. The effectiveness of
this system depends on: (a) integrity (airtight) of membrane, (b) effectiveness of the seal
between the membrane edges and the ground surface, and (c) soil conditions and the loca-
tion of ground water level (Cognon et al., 1994). Recently, Indraratna et al. (2004) showed
by laboratory measurement that the distribution pattern of vacuum pressure along the
PVDs may influence the overall performance of vacuum preloading system (Figure 2). 
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Figure 3 shows a typical a vacuum preloading layout incorporating a PVD arrangement
(Indraratna et al., 2003). For a PVD system incorporating vacuum preloading, the installa-
tion of some horizontal drains in the transverse and longitudinal directions is usually required
after installing the sand blanket. Subsequently, these drains can be connected to the edge of
a peripheral Bentonite slurry trench, which is typically sealed by an impervious geomem-
brane. The trenches can then be filled with water to improve sealing between the membrane
and the Bentonite slurry. The vacuum pumps are connected to the prefabricated discharge
system extending from the trenches, and the suction head generated by the pump accelerates
dissipation of excess pore water pressure in the soil toward the drains and the surface. 
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Figure 1. Consolidation process: (a) conventional loading, (b) vacuum preloading assuming no vacuum loss.



2.2. Revised theory of consolidation incorporating radial drainage subjected to 
vacuum preloading
2.2.1. Solution for axisymmetric condition. Barron (1948) presented an original solu-
tion to the problem of radial consolidation by drain wells. Two distinctly different cases,
considering both smear and well-resistance effects, namely, (a) free strain and (b) equal
strain were comprehensively analyzed. Various solutions incorporating different assump-
tions and boundary conditions were later given by Yoshikuni and Nakanodo (1974),
Hansbo (1979), Onoue (1988) and Holtz et al. (1991). Barron (1948) showed that the aver-
age consolidation obtained in both “free strain” and “equal strain” cases are nearly the
same. Moreover, the solution obtained from the “equal strain” assumption was simpler
than that obtained from the “free strain.” It is also noted that a uniform settlement over a
circular zone of influence for each vertical drain is evident in the field, and therefore,
“equal strain” is now commonly treated in most radial drainage-consolidation analyses. 

When vacuum pressure is applied in the field through PVDs, the suction head may
decrease with depth, thereby reducing efficiency (Figure 4). In order to study the effect of
vacuum loss, a trapezoidal vacuum pressure distribution is conveniently assumed. In 
the vertical direction (along the drain boundary), the vacuum pressure is assumed to vary
from – p0 to – k1p0.
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p0 = -100kPa

Soil-drain boundary

Laboratory measurement

k1 = 0.75

Figure 2. Measured pore water pressure along the drain boundary at 100 kPa suction (inspired by
Indraratna, et al., 2004.)



Based on the assumption given above, Indraratna et al. (2005) proposed comprehensive
analytical solutions for vacuum preloading in conjunction with PVD. The average excess
pore pressure ratio (Ru � ∆ p/ u�0) of a soil cylinder for radial drainage incorporating vac-
uum preloading can be given by

Ru � �1 � � exp�� � � (1)

and

µ � ln� � � � �ln(s) � 0.75 � π z(2l � z) �1 � � (2)

where p0 is the applied vacuum pressure at the top of the drain, k1 the ratio between vacuum
pressure at the bottom of the drain and vacuum pressure at the top of the drain, vacuum pres-
sure ratio (VPR) = p0/u�0, with u�0 the initial excess pore water pressure, kh the horizontal per-
meability coefficient of soil in the undisturbed zone, ks the horizontal permeability coefficient
of soil in the smear zone, Th the time factor, n = ratio de /dw (de the diameter of equivalent soil
cylinder (= 2re) and dw the diameter of drain (= 2rw)), s = ratio ds /dw (ds the diameter of smear
zone = 2rs), z the depth, l the equivalent length of drain, qw the well discharge capacity.

A simplified form of µ can be alternatively given by

µ � ln� � � � �ln(s) � 0.75 � π z(2l � z) (3)
kh
�
qw

kh
�
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�
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Figure 3. Schematic diagram of PVDs incorporating preloading system.



Considering only the effect of smear, Eq. (3) becomes

µ � ln� � � � �ln(s) � 0.75 (4)

Considering the well resistance only, Eq. (3) becomes

µ � ln(n) � 0.75 � π z(2l � z) (5)

For an ideal drain, both smear and well resistance are ignored, hence, the above equation
simplifies to

µ � ln(n) � 0.75 (6)

kh
�
qw

kh
�
ks

n
�
s
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Figure 4. A unit cell with vacuum pressure distribution: (a) axisymmetric condition and (b) plane strain condition.



Note that by substituting p0 = 0 into Eq. (3), the original solution of Hansbo (1981) can be
obtained.

2.2.2. Solution for plane strain condition. The vacuum pressure distribution with a
plane strain unit cell in compliance with the axisymmetric condition is shown in Figure 4b.
The average excess pore pressure ratio (Ru � ∆p/u�0) for plane strain condition is repeated
by (Indraratna et al., 2005)

Rup � �1 � �exp�� � � (7)

and

µ p � α � (β ) � (θ )(2lz � z2) (8)

α � (8a)

β � �n(n � s � 1) � (s2 � s � 1)� (8b)

θ � �1 � � (8c)

Considering only the well resistance, Eq. (8) becomes

µ p � 0.67 � (θ )(2lz � z2) (9)

Neglecting the effect of well resistance, Eq. (8) becomes

µ p � α � (β ) (10)

For an ideal drain (both smear and well resistance are ignored), the above parameter becomes

µ p � 0.67 (11)

Note that by substituting p0p = 0 into Eq. (7), the solution proposed by Indraratna and
Redana (2000) can be readily derived. 

2.2.3. Equivalent plane strain condition procedure. It is almost impractical to conduct an
analysis (even with the most powerful computers), employing an individual axisymmetric
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zone around every drain when there are hundreds of vertical drains installed in large ground
improvement projects. Therefore, two-dimensional (2D) plane strain conversion is most con-
venient in terms of computational effectiveness compared to an extensive 3-D analysis that
can lead to considerably more time required for convergence, even with a smaller number of
drains. Complex mesh descretization often leads to poor convergence. Therefore, a simplified
procedure for vertical drain modeling transforms relevent parameters from the true axisym-
metric condition (3-D) to the equivalent plane strain (2-D) condition (Hird et al., 1992;
Indraratna and Redana, 1997, 2000). Based on the method proposed earlier by Indraratna and
Redana (2000), the relationships between axisymmetric and plane strain permeability coeffi-
cients and vacuum pressure in this method are given below. 

The equivalent permeability under plane strain is given by (Indraratna and Redana,
1997)

� (12)

where α and β have been defined earlier (see Eq. (8)).
Now, by neglecting the smear effect and well resistance for relatively short drains, the

equivalent permeability in the undisturbed zone can be derived as

� � � (13)

By rearranging Eq. (12), the equivalent permeability within the smear zone can be deter-
mined by (Indraratna and Redana, 2000)

� (14)

The equivalent vacuum pressure under plane strain is (Indraratna et al., 2005)

p0p � p0 (15)

3. SINGLE DRAIN ANALYSIS

3.1. Numerical modeling of vertical drain incorporating vacuum preloading
A finite element program (ABAQUS) was employed to simulate the unit cell of a vertical
drain and the results were compared with the analytical model. The ABAQUS (Hibbitt 
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et al., 2004) has been designed as a flexible tool for multipurpose finite element analysis,
with the feature of the boundary modification for vacuum pressure application. The soft clay
and vertical drain properties are shown in Table 1. In the field, zero lateral displacement
could be justified at the embankment centreline (i.e. ν = 0.0) and the horizontal soil perme-
ability was determined to be appoximately 10�10 m/s. The top, bottom, and outer boundaries
were set as impermeable (see Figure 5), and the vertical loading pressure (σ1 = 100 kPa) was
applied to the top of the cell. The horizontal displacement boundary was fixed, while verti-
cal displacement was permitted and a VPR of unity was also employed (i.e. p0 /u0 = 1.0). To
ensure an equal strain condition, rigid elements were selected at the soil surface and the fol-
lowing two cases were then examined:

Case i: Analysis of short drains. According to the laboratory equipment, the unit cell was
450 mm diameter (i.e. de or 2B), and 950 mm high. The equivalent drain diameter (dw) or drain
width (2bw) was taken to be 50 mm. A total of 160 elements (eight-node bi-quadratic dis-
placement and bilinear pore pressure) were used in the finite element mesh (Figure 5a). The
maximum aspect ratio of elements was not more than 3. To simulate the drain boundary, pore
pressure was set to zero for the conventional case (no vacuum pressure), or specified to be
maximum (negative) at the top, reducing linearly to 75% of applied vacuum pressure at the
bottom (k1 = 0.75). This agreed with the laboratory results shown earlier in Figure 2. 

Case ii: Analysis of long drains. The dimensions of the unit cell and vertical drain were
the same as Case i. For relatively long vertical drains, the soil height was increased to 10
m, and the vacuum pressure at the bottom of the drain was taken to be zero (k1 = 0.00).
The pore pressure at the drain boundary was set to maximum (-p0) at the top, reducing lin-
early to zero at the bottom (Figure 5b).

3.2. Comparison between axisymmetric and equivalent plane strain analyses
For multidrain simulation, plane strain finite element analysis can be readily adapted to
most field situations for the reasons explained earlier (Hansbo, 1981, 1997; Indraratna and
Redana, 1997, 2000; Indraratna et al., 2004, 2005). For this study, the ch = 3.15 m2/yr and 
re = 225 mm were used in the analysis. The discrepancy between the axisymmetric and
plane strain conditions (before conversion), with and without vacuum preloading, are
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Table 1. Soil and vertical drain properties used in the unit cell

Soil and vertical drain properties Magnitude

mv (m2/kN) 1.00 � 10�4

Vacuum pressure (kPa) 100
kh (m/s) 1.00 � 10�10

kh/ks 10.0
dw (m) 0.05
ds (m) 0.17
de (m) 0.45



shown in Figure 6. The decrease in average excess pore pressure for the axisymmetric case
is slower than the plane strain because in the unit cell, the area of a drain wall is greater
than a drain well. Figure 6 also shows that the final average excess pore pressure becomes
zero after 250 days (Th � 42.7) under axisymmetric conditions, whereas the time for zero
excess pore water pressure is about 50 days under plane strain condition (Th � 8.53). As
expected, the 25% vacuum loss along the drain (Case i) shows a greater average excess
pore pressure dissipation rate than the 100% vacuum loss along the drain (Case ii). 
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Figure 5. Finite element discretization for axisymmetric and plane strain analyses of soil in unit cell: (a) for
short drain analysis (Case i), (b) for long drain analysis (Case ii).



Figure 6 demonstrates that the axisymmetric and plane strain solutions cannot provide the
same consolidation response. Therefore, it is imperative to employ an appropriate conversion
procedure to obtain an equivalent plane strain solution that offers a very good match to the
axisymmetric consolidation curve. To examine the validity of the proposed conversion proce-
dure, the analytical and numerical models were employed to compare deviations between the
axisymmetric and equivalent plane strain conditions. Based on Eqs. (12)–(15), the parameters
used in the axisymmetric and equivalent plane strain conditions for both short and long drain
analyses (i.e. Cases i and ii) are shown in Table 2. 

After conversion of the original axisymmetric condition into the equivalent plane strain,
the results are identical as shown in Figure 7. A comparison of Figures 7(a) and (b) veri-
fies that the finite element and analytical model results coincide; hence, for the purpose of

210 Chapter 7

0.1 1 10 100 1000

Time (days)

-1

-0.8

-0.6

-0.4

-0.2

0

0.2

0.4

0.6

0.8

1

R
u

Axisymmetric

Plane strain

No vacuum

Case i

Case ii

Figure 6. Difference between original axisymmetric and plane strain analyses before establishing the equiva-
lent plane strain conversion (ch = 3.2 m2/yr, re = 225 mm).

Table 2. Permeability coefficient and vacuum pressure values for axisymmetric
and equivalent plane strain conditions

Conversion parameters Axisymmetric Equivalent plane strain 

Undisturbed permeability (×10�10 m/s) 1.00 0.463 (Eq. (13))
Smear permeability (×10�10 m/s) 0.10 0.032 (Eq. (14))
Vacuum pressure (×100 kPa) 0.50 0.50 (Eq. (15))



clarity, the analytical and finite element data are plotted separately. This conversion pro-
cedure establishes the reliability of the equivalent plane strain model for Cases i and ii.

3.3. Influence of magnitude and distribution of vacuum pressure
The effect of the value of vacuum pressure and distribution of vacuum pressure along the
vertical drain is discussed in this section. The comparison of settlement with different VPR
for Cases i and ii, as well as conventional cases, are shown in Figures 8(a) and (b), respec-
tively. As expected, the rate of settlement with applied vacuum pressure was faster than the
conventional loading (surcharge only) without any vacuum pressure. Figure 8 also shows
that, at the higher VPR, the settlement rate and ultimate settlement are increased. It is also
verified that the application of vacuum pressure increases the lateral pore pressure gradi-
ent, promoting radial flow. This accelerated consolidation and increases the rate of settle-
ment and final settlement. This is similar to increasing the applied surcharge load but
without increasing the generated excess pore water pressure. This consideration of varying
vacuum pressure along the length of drain is more realistic because the effect of vacuum
pressure diminishes with depth (Indraratna et al., 2004). For long vertical drains, it is most
probable that the applied vacuum pressure at the drain top may not propagate toward the
bottom of the drain. The data plotted in Figure 8 show that the rate of consolidation asso-
ciated with 25% vacuum loss (Case i) is greater than Case ii. It is clear that the greater the
value of vacuum pressure ratio, the higher the rate of consolidation. In the field, unless the
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magnitude of suction head is large enough (e.g. VPR > 0.25), the influence on excess pore
pressure dissipation may be insignificant. 

4. APPLICATION OF MODEL TO CASE HISTORIES

4.1. Site characteristics and embankment details
The Second Bangkok International Airport or Suvarnabhumi Airport is located about 30
km from the city of Bangkok. The exact location of this site in the Samut Prakan province
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is shown in Figure 9. In this area, soft clays, mainly of marine or deltaic origin, often pres-
ent considerable construction problems, which requires ground improvement techniques to
prevent excessive settlement and lateral movement. 

The subsoil profile at the site consists of the 2.0 m upper thick weathered crust (highly
overconsolidated clay) overlying a very soft to medium clay, which extends about 10 m
below the ground surface. Underneath the medium clay layer, a light-brown stiff clay layer
is found at a depth of 10–21 m. The ground-water level fluctuates between 0.5 and 1.5 m
below the surface. The soil profile with the strata properties is illustrated in Figure 10. The
water content of the very soft clay layer varies from 80 to 100%, whereas in the lower parts
of the stratification (10–14 m) it changes from 50 to 80%. The plastic and liquid limits of
the soil in each layer are similar and found to be in the range of 80–100% and 20–40%,
respectively (Figure 10).

The shear strength and compressibility indices of subsoil layers including the com-
pressibility index and over-consolidation ratio (OCR) are given in Figure 11 (Sangmala,
1997). The minimum undrained shear strength (Cu) of topmost weathered clay is about 18
kPa at a depth of 1 m. This value decreases to 8–15 kPa in the very soft underlying clay
layer, which is highly compressible. The weathered crust is much less compressible due to
its desiccation and compaction. The compression index of the soft clay layer varies from
0.3 to 0.5, whereas the weathered crust has a compressibility index of about 0.2. The soil
layers below the upper crust are lightly over-consolidated (OCR ~ 1.0–1.8).

At this airport site, several trial embankments were constructed, two of which, TV1 and
TV2, were built with PVDs and vacuum application (Figure 12). Total base area of each
embankment was 40 � 40 m2 (Asian Institute of Technology, 1995). Figures 13 and 14 pres-
ent the cross-sections and positions of the field instruments for embankments TV1 and TV2,
respectively. For TV1 (Figure 13), 15 m-long PVDs with a hypernet drainage system were
installed, and for TV2 (Figure 14), 12 m-long PVDs with perforated and corrugated pipes
wrapped together in non-woven geotextile were used. The drainage blanket (working plat-
form) was constructed with sand 0.3 and 0.8 m for embankments TV1 and TV2, respectively
with an air and watertight linear low density polyethylene (LLDPE) geomembrane liner
placed on top of the drainage system. This liner was sealed by placing its edges at the bottom
of the perimeter trench and covered with a 300 mm layer of bentonite and then submerged
with water. The PVDs were installed in a triangular pattern at a spacing of 1 m (Table 3).

In each embankment, a vacuum pressure up to 525 mmHg (70 kPa) could be achieved
using the available vacuum equipment. This pressure is equivalent to a fill height of 4 m.
After 45 days of vacuum application, the surcharge load was applied in four distinct stages
upto 2.5 m high (the unit weight of surcharge fill equals to 18 kN/m3 as illustrated in Figure
15. Field instrumentations including surface settlement plates, subsurface multipoint exten-
someters, vibrating wire electrical piezometers and inclinometers were installed. In addition,
around the dummy area, observation wells and stand-pipe piezometers were installed. The
settlement, excess pore water pressure, and lateral movement, were observed for 5 months. 
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Figure 9. Location of the Second Bangkok International Airport (after Suvarnabhumi Airport, 2004).



4.2. Numerical analysis incorporating vacuum pressure
Indraratna and Rujikiatkamjorn (2004) and Indraratna et al. (2004, 2005) investigated the
performance of ground improvement by PVDs with vacuum application on this soft
Bangkok clay. The consolidation behavior of soft clay beneath the embankments com-
bined with vacuum and surcharge preloading was analysed using the finite element soft-
ware ABAQUS. The equivalent plane strain, Eqs. (12)–(15), as well as the modified
Cam-clay theory (Roscoe and Burland, 1968) were incorporated in the analysis. The
parameters of subsoil layers based on laboratory testing are given in Table 4. According to
Indraratna and Redana (1997), the ratio of kh /ks and ds /dw determined in the laboratory is
approximately 1.5–2.0 and 3–4, respectively, but in practice these ratios can vary from 1.5
to 10 depending on the type of drain and installation procedures used (Indraratna and
Redana, 2000; Saye, 2003). The values of kh /ks and ds /dw for this case study were assumed
to be 10 and 6, respectively (Table 4) (Indraratna et al., 2005). For the plane strain finite
element method (FEM) simulation, the equivalent permeability inside and outside the
smear zone was determined using Eqs. (12) and (14). The discharge capacity (qw) of 50
m3/yr was derived using Eq. (16); hence as proposed by Hird et al. (1992),

kwp � qw/2bw (16)

Predictions and Observations of Soft Clay Foundations Stabilized 215

14

12

10

8

6

4

2

0

D
ep

th
 (

m
)

1.5 1.6 1.7 1.8
unit weight (t/m3 )

60 80 100 120
water content (%) Description of soil

40 60 80 100 120
LL,PL (%)

weathered clay

very soft clay

soft clay

medium clay

stiff clay

Figure 10. General soil profile and properties at Second Bangkok International Airport 
(after Sangmala, 1997).



216 Chapter 7

14

12

10

8

6

4

2

0

D
e

p
th

 (
m

)

10 15 20 25 30

shear strength

 (kN/m2)
1.5 2 2.5 3 3.5

Initial void ratio 
(eo)

0.2 0.3 0.4 0.5 0.6

compression index
Cc/(1+e0)

1.2 1.6 2 2.4 2.8

Over consolidation
ratio (OCR)

Figure 11. Average strength and compressibility parameters at Second Bangkok International Airport 
(after Sangmala, 1997).

BM1

B

BM3

40m 40m

40m

15m 15m

15m 

1515m

15m

10m 

10m

10m 
Instrument house

Pump Pump

Trench

Surface settlement plate
Inclinometer
Extensometer
Observation well
Stand-pipe piezometer
Electrical piezometer
Benchmark 

Dummy area 

Figure 12. Site plan for the test embankments at Second Bangkok International Airport 
(after Sangmala, 1997).



The finite element mesh contained eight-node bi-quadratic displacement and bilinear pore
pressure elements (Figure 16). Only the right-hand side of the embankment was modelled
the finite element analysis by symmetry, as shown in Figure 16. For the PVD zone and
smear zone, a finer mesh was implemented so that each unit cell represented a single drain
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with the smear zone established on either side. The finer mesh was imperative to prevent
an unfavourable aspect ratio of the elements (Indraratna and Redana, 2000). The incre-
mental surcharge loading was simulated at the upper boundary.

4.3. Simulation of vacuum consolidation
Figure 17 illustrates pore water pressure measured every 3 m deep by the electrical piezome-
ters installed 0.5 m away from the centerline (AIT, 1995). After 40 days, a discrepancy
between the measured and applied vacuum pressure was noted and attributed to the loss of
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Table 3. Vertical drain parameters 

Spacing, S 1.0 m (triangular)

Diameter of drain, dw 50 mm
Discharge capacity, qw 50 m3/yr (per drain)
Length of vertical drain 15 m for TV1 and 12 

m for TV2

Source: Indraratna et al., (2005).
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Figure 15. Multistage loading for embankments TV1 and TV2 (after Indraratna and Rujikiatkamjorn, 2004).

Table 4. Selected soil parameters in FEM analysis 

Depth (m) λ κ ν e0 γ kv kh ks khp ksp

(kN/m3) (10�9 m/s) (10�9 m/s) (10�9 m/s) (10�9 m/s) (10�9 m/s)

0.0–2.0 0.3 0.03 0.30 1.8 16 15.1 30.1 89.8 6.8 3.45
2.0–8.5 0.7 0.08 0.30 2.8 15 6.4 12.7 38.0 2.9 1.46
8.5–10.5 0.5 0.05 0.25 2.4 15 3.0 6.0 18.0 1.4 0.69
10.5–13.0 0.3 0.03 0.25 1.8 16 1.3 2.6 7.6 0.6 0.30
13.0–15.0 1.2 0.10 0.25 1.2 18 0.3 0.6 1.8 0.1 0.07

Source: Indraratna et al., (2005).



suction head in the field due to an airleak from the membrane (Indraratna et al., 2004).
Therefore, in the numerical analysis, the magnitude of applied vacuum pressure at the sur-
face and the top of the drains needed to be adjusted, based on the field observations
(Indraratna et al., 2005). Figure 18 illustrates the assumed time-dependent vacuum pressure
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0 40 80 120 160

Time (days)

-150

-100

-50

0

50

100

150

P
or

e 
pr

es
su

re
 (

kP
a)

0 m depth 

3 m depth 

6 m depth 

9 m depth 

12 m depth

Figure 17. Pore pressure of embankment TV2 at various depths (modified after Indraratna and
Rujikiatkamjorn, 2004). 



variation applied at the surface taking the airleak into account. The following four models
were numerically examined under the plane strain multidrain analysis:

1. Model A: Conventional analysis (i.e. no vacuum application).
2. Model B: Vacuum pressure is adjusted according to field measurement and reduces

linearly to zero at the bottom of the drain (k1 = 0).
3. Model C: No vacuum loss (i.e. vacuum pressure was kept constant at –60 kPa after

40 days); vacuum pressure varies linearly to zero along the drain length (k1 = 0).
4. Model D: Constant time-dependent vacuum pressure throughout the layer (k1 = 1).

Figure 19 compares surface settlement between prediction and measurement (centre-
line) for embankment TV1. Model B predictions agree with the field data. Figure 20 illus-
trates the comparison of subsurface settlement between Model B predictions and the field
measurements. For the embankment TV2, the predicted and measured surface settlement
and the subsurface settlement at the centreline of the embankment are shown in Figures 21
and 22, respectively. Clearly, Model B predicts the settlement of this embankment very
well (Figure 22). Comparing all the different vacuum pressure conditions, Models A and
D give the lowest and highest settlement, respectively. A vacuum application combined
with a PVD system can accelerate the consolidation process significantly. With vacuum
application most of primary consolidation is achieved around 120 days, whereas conven-
tional surchage (same equivaent pressure) requires more time to reach primary consolida-
tion (after 150 days). It is also apparent that greater settlement can be attained, if any loss
of vacuum pressure can be maintained (Model C).

Based on laboratory observations (Indraratna et al., 2004), the effect of vacuum pres-
sure may diminish along the length of the drain for relatively long PVDs. Field measure-
ments indicate that the pattern of vacuum distribution and the extent of vacuum loss
directly influences soil consolidation behaviour. The accuracy of the numerical predictions

220 Chapter 7

0 40 80 120 160

Time (days)

-60

-40

-20

0

V
ac

uu
m

 p
re

ss
ur

e 
(k

P
a)

TV1

TV2

Figure 18. Vacuum pressure values applied in the analysis for Model B (adapted from Indraratna and
Rujikiatkamjorn, 2004). 



is governed by correct assumptions of the time-dependent vacuum pressure distribution
with soil depth (Indraratna et al., 2005).

The predicted and measured excess pore pressures for embankments TV1 and TV2 are
shown in Figures 23 and 24, respectively. According to this analysis, the field data plot is
closest to Model B, suggesting that the writers’ assumption of linearly decreasing vacuum
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Figure 19. Surface settlement of embankment TV1 (modified after Indraratna and Rujikiatkamjorn, 2004). 
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pressure along the drain length is justified. Excess pore pressure generated from the vac-
uum application is significantly less than from the conventional case, which enables the
rate of construction of a vacuum-assisted embankment to be higher than conventional 
construction.

The predicted and measured lateral displacements (at the end of surcharge construc-
tion) are shown in Figure 25. The observed lateral displacements do not seem to agree with
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Figure 21. Surface settlement of embankment TV2 (modified after Indraratna et al., 2005). 
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the vacuum pressure models. In the middle of the very soft clay layer (4–5 m deep), the
predictions from Models B and C are closest to the field measurements. Nearer to the sur-
face, the field observations do not agree with the ‘inward’ lateral movements predicted by
Models B and C (Indraratna and Rujikiatkamjorn, 2004). The discrepancy between the
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Figure 23. Variation of excess pore water pressure 3 m deep below the surface and 0.5 m away from centre-
line for Embankment TV1. 
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Figure 24. Variation of excess pore water pressure at 3 m below the surface and 0.5 m away from centreline
for Embankment TV2.



finite element models and the measured results is more evident in the topmost weathered
crust (0–2 m). This suggested that the calibration of Model B has a laterally varying 
vacuum pressure distribution from the centre of the embankment that decreases towards
the toe. 

Previous studies confirmed that an accurate prediction of lateral movement is a difficult
task compared with settlement (Tavenas et al., 1979; Indraratna et al., 1992, 1994). The
errors in the lateral displacement predictions can be numerous, mainly attributed to soil
anisotropy, the assumption of 2-D plane strain, and corner effects (Indraratna et al., 2005).
Moreover, the stiff behaviour of the crust cannot be modelled using conventional Cam-
Clay properties, it needs to be modelled as a highly over-consolidated (compacted) layer
as discussed in the past by Indraratna et al. (1994). 

Vacuum preloading generates an inward lateral movement of soft soil towards the
embankment centreline (i.e. negative displacement in Figure 25) and minimized the risk of
bearing capacity failure due to rapid embankment. However, this inward movement may
cause tension cracks in adjacent areas; hence, lateral movement at the borders of the
embankment and its effects on adjacent structures should be carefully monitored (Shang
et al., 1998). 
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5. FINAL COMMENTS

A system of PVDs combined with vacuum preloading is an effective method for acceler-
ating soil consolidation. In this chapter, an analytical model incorporating vacuum pre-
loading has been described for both axisymmetric and equivalent plane strain conditions.
A finite element code (ABAQUS) was employed to analyse the unit cell and compare the
numerical results with the writers’ analytical approach. A conversion procedure based on
the transformation of permeability and vacuum pressure was introduced to establish the
relationship between the axisymmetric (3-D) and equivalent plane strain (2-D) conditions.
The plane strain solution was applied for case history analysis, proving its validity to pre-
dict real behaviour. Field behaviour as well as model predictions indicate that the effi-
ciency of vertical drains depends on the magnitude and distribution of vacuum pressure. 

A finite element (multi-drain) analysis (ABAQUS) using the authors’ equivalent plane
strain theory was carried out to evaluate the performance of selected full-scale embank-
ments on soft Bangkok clay. The effects of smear and well resistance associated with
PVDs were introduced, together with the applied surcharge load and vacuum pressure. The
settlements with depth, excess pore water pressures and lateral movements of the soft clay
foundation were analysed and compared with field observations. It was shown that the
assumption of vacuum pressure distribution along the drain length is realistic if the spac-
ing is relatively close (i.e. at 1.0 m) (Indraratna et al., 2005). 

An accurate prediction of lateral displacement depends on the careful assessment of
soil properties including the over-consolidated surface crust. This compacted layer is rel-
atively stiff, and therefore it resists ‘inward’ movement of the soil after vacuum applica-
tion. Clearly, the modified Cam-clay model is inappropriate for modelling the behaviour
of a weathered and compacted crust. It may be better modelled as an elastic layer rather
than a ‘soft’ elastoplastic medium. An analysis of the case histories showed that the vac-
uum application via PVD substantially decreases lateral displacement, thereby reducing
potential shear failure during rapid embankment construction.

There is no doubt that a system of vacuum-assisted consolidation via PVD is a useful
and practical approach for accelerating radial consolidation. Such a system reduces the
need for a high surcharge load, as long as air leaks can be eliminated in the field. Accurate
modelling of vacuum preloading requires laboratory and field studies to investigate the
exact nature of vacuum pressure distribution within a given soil formation and PVD sys-
tem. In addition, a resilient system is required to prevent air leaks that can reduce the desir-
able negative pressure (suction), with time. 

NOTATION

a width of band drain (m)
B equivalent half-width of the plane strain cell (m)
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b thickness of band drain (m)
bs equivalent half-width of smear zone in plane strain (m)
bw equivalent half-width of drain (well) in plane strain (m)
ch coefficient of horizontal consolidation (m2/s)
de diameter of effective influence zone of drain (m)
ds diameter of smear zone (m)
dw equivalent diameter of band drain (m)
e0 in situ void ratio
k permeability (m/s)
kh horizontal coefficient of permeability for axisymmetry in undisturbed zone (m/s)
ks horizontal coefficient of permeability for axisymmetry in smear zone (m/s)
khp equivalent horizontal coefficient of permeability for plane strain in undisturbed

zone (m/s)
ksp equivalent horizontal coefficient of permeability for plane strain in smear zone

(m/s)
kwp equivalent horizontal coefficient of permeability for plane strain discharge

capacity (m/s)
kv vertical coefficient of permeability (m/s)
k1 vacuum reduction factor in the vertical direction
l length of drain (m)
mv coefficient of volume change (m2/kN)
n spacing ratio ( = R/rw or B/bw)
p0 applied vacuum pressure at the top of drain (kN/m2)
p0p equivalent vacuum pressure used in plane strain analysis (kN/m2)
qw discharge capacity for PVDs (m3/s)
R radius of axisymmetric unit cell (m)
r radius (m)
rs radius of smear zone (m)
rw radius of vertical drain (well) (m)
s smear ratio ( = rs /rw or bs /bw)
S drain spacing (m)
t time (s)
Th time factor for horizontal drainage in axisymmetry
Thp time factor for horizontal drainage in plane strain
Th* modified time factor for design chart
U average degree of consolidation
Ur average degree of radial consolidation
Uv average degree of vertical consolidation
u� average excess pore pressure (kPa)
u�0 initial average excess pore water pressure (kPa)
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VPR vacuum pressure ratio ( � p0 / u�0)
x distance from centreline for a unit cell (plane strain) (m)
z depth (thickness) of soil layer (m)
α geometric parameter representing smear in plane strain
β geometric parameter representing smear in plane strain
θ geometric parameter representing well resistance in plane strain
ε vertical strain
γ unit weight of soil or surcharge fill (kN/m3)
γw unit weight of water (kN/m3)
λ slope of normally consolidated curve
κ slope of over-consolidated curve
ν Poison’s ratio
µ Smear and well-resistance factor in axisymmetric
µp Smear and well-resistance factor in plane strain
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Application of Analytical Method for Preloading
Design of Selected Case Studies

Patrick Wong

Coffey Geosciences Pty Ltd, Australia

ABSTRACT

Preloading is probably one of the oldest forms of ground improvement for soft grounds.
Used with or without vertical drains to facilitate the consolidation process, preloading has
consistently proven to be an effective means of reducing post-construction settlement for
hundreds of years. Methods of designing the required height of preloads range from sim-
ple rule of thumb procedures such as factoring up the design loading based on engineer-
ing judgement, to graphical methods using the “artificial aging” procedure described by
Bjerrum (1972 Proceedings of Speciality Conference, Performance of Earth and Earth-
Supported Structures, American Society of Civil Engineers, New York, NY, Vol II,
pp 1�54.) This paper describes an analytical method of preload design using the “artifi-
cial aging” concept that has been applied to a number of projects in recent times. It takes
creep, target degree of primary consolidation for preloading and the design settlement cri-
terion into account as well as the usual soil compressibility properties. The analytical
method could be carried out by hand although for a layered soil profile, the use of a sim-
ple MathCad worksheet or an Excel spreadsheet would enable sensitivity analyses to be
carried out, and to enable the relationship between post-construction settlement and pre-
load fill thickness to be developed. The analytical preload design method is illustrated via
two case studies.

1. INTRODUCTION

For soft soils, it is well understood that the recompression ratio, CRR � Cr/(1 � eo) is sig-
nificantly less than the compression ratio CR � Cc/(1 � eo). The ratio of CRR/CR is typi-
cally 0.1�0.2, and therefore when a soil has previously been loaded to or beyond the final
stress resulting from the proposed design load (i.e. loading within the over-consolidated



stress range), the expected settlement due to primary consolidation when the design load
is applied will be only 10�20% of that of a normally consolidated soil. However, if the
final stress is at or close to the preconsolidation pressure, significant creep settlement or
secondary consolidation will occur over time, and such creep settlement may not be
acceptable over the design life of the development.

The usual principle of preloading is to surcharge the soil beyond the design load, such
that creep settlement will also be reduced to acceptable limits. Designing the required-
surcharge to achieve satisfactory preloading is a function of the post-construction settle-
ment limit, soil properties, time available for the preloading and whether the preloading
will be facilitated by vertical drains or other methods of accelerating the rate of consoli-
dation.

Several techniques are available to assess the required preload surcharge, as discussed
below.

1.1. Engineering Judgement
Often, a preliminary estimate of the required surcharge could be made by the application
of engineering judgement. For example, by multiplying the final design loading by a fac-
tor between 1.5 and 2.0.

This method is limited to situations where the entire layer will be uniformly loaded to
achieve the same degree of consolidation throughout the soil profile during preloading, and
provided that typically greater than 90% primary consolidation will be achieved. With this
approach, the post-construction settlement is usually assessed by taking into account the
reload primary consolidation only. Creep settlement could be taken into account if it is
assumed that the ratio of creep settlement, due to preloading to a stress level above the
design pressure, would be approximately CRR/CR. Clearly, this approach has the following
limitations:

● The implicit assumption in this approach is that the creep will suddenly increase when
the preconsolidation pressure is reached, whereas in reality, a more gradual increase
would be expected as the pressure reaches close to the preconsolidation pressure.

● If the fill platform (e.g. road embankment or reclamation fill) contributes to a large
proportion of the design loading, the impact of the settlement of the fill results in an
increase in stress that is not readily taken into account.

1.2. Over-consolidation ratio (OCR) approach
This approach is similar to the engineering judgement approach described above, with the
exception that a programme of laboratory load/reload Oedometer testing could be con-
ducted to provide the relationship between the coefficient of secondary consolidation, Cα �

∆H/H per log cycle time, and the over-consolidation Ratio (OCR) as shown in the example
in Figure 1.
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A more detailed form of this approach is described by Terzaghi et al. (1996), in which
the time effect as well as the over-consolidation effects are taken into account as illustrated
in Figures 2 and 3, and Eqs. (1) and (2).

In Figures 2 and 3, the terms Rs� and tl/tpr are defined by Terzaghi et al., (1996) in the
following equations:

Rs� � OCR � 1 (1)

tl/tpr � 100(Rs�)
1.7 (2)

2. ANALYTICAL APPROACH USING BJERRUM'S CONCEPT

2.1. Bjerrum’s concept of artificial aging
Bjerrum (1972) illustrates the compressibility characteristics of a soil at various times after
deposition or formation as a series of parallel lines on a plot of void ratio and effective ver-
tical stress (on a logarithmic scale) as shown in Figure 4.

In this approach, point O in Figure 4 represents the geological age of a soil element at a
particular initial effective stress and void ratio. The application of a preload with sufficient
time to reach a particular degree of consolidation will then increase the effective stress and
decrease its void ratio to point P. When the preload is removed to point Q and then to point
R following the application of the design load, the effective stress will move to a void ratio
that could be now considered to be artificially aged. At point R, the soil has an “older” equiv-
alent age te compared to to, and the time-dependent creep settlement at t1 represented by point
S will occur at a lower rate based on log(t1/te). Furthermore, it is important to note that,
according to Mesri (1994), the coefficient of secondary consolidation will now also be lower,
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and may be expressed as a fraction of the recompression ratio CRR rather than CR because the
soil is now in an over-consolidated state. The author’s view is that an appropriate Cα value
should be selected base on the degree of over-consolidation after preloading.

2.2. Analytical method
In the case studies presented in this chapter, an analytical method using Bjerrum’s concept
of artificial aging was developed so that the required preload surcharge could be calculated

234 Chapter 8

Figure 3. Post-surcharge Cα relative to OCR and time effects. (From Terzaghi et al., 1996: reproduced with
kind permission from John Wiley and Sons.)

Figure 2. Settlement behaviour � surcharge removal. (From Terzaghi et al., 1996: reproduced with kind per-
mission from John Wiley and Sons.)



for a given post-construction settlement design value and for varying degrees of consoli-
dation within a soil profile.

The main difference in the method described below is that there is no need to assume
that the lines representing the compressibility characteristics of a soil are parallel.
However, they are assumed to be equally spaced at any particular effective stress consis-
tent with the assumption that creep settlement is linear against log time as shown in Figure
5. The terms and symbols shown in Figure 5 are defined below:

Point A � effective stress σ�p reached after preloading with degree of consolida-
tion Up

Point B � effective stress σ �1 after removal of preload and rebound occurred 
Point C � effective stress σ �f after final design stress applied and primary consolida-

tion Sprim occurred
Point D � final settlement including creep after design life of td

Sd � design post-construction settlement after ground improvement by pre-
loading 

Sprim � primary consolidation component of Sd (reloading after preloading) 
Screep � creep component of Sd (over-consolidation creep after preloading) 
∆p1 � design stress increase after preloading from project loads 
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∆p2 � effective stress increase above final stress, σ�f , from preload at degree of
consolidation, Up

tp � time for primary consolidation to occur 
toc � Equivalent “artificially aged” time after preloading 
td � design life after application of final stress increase associated with project

In this way, the key parameter (besides the other soil compressibility values) is the
choice of the coefficient of consolidation, Cα, at the appropriate stress level corresponding
to the final stress after application of the design load.

The reason for this modification to Bjerrum’s parallel line concept is that the author
believes that creep is stress-dependent, as often observed in Oedometer test results such as
that presented by Magnan et al. (2001), and also because creep is lower after preloading
with OCR �1.

Using this modified concept, a set of equations was developed for the general case of a
soft ground that requires filling to form a final construction platform followed by the appli-
cation of development loading as shown in Figure 6.

The formulation of the preload design calculations takes account of the following:

● Settlement of the preload fill or working platform.
● Buoyancy of the fill that settles beneath the groundwater level.
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● Percentage consolidation under the preload (stress increase is assumed to be propor-
tional to percentage consolidation).

● Time for primary consolidation to occur (following removal of the preload) prior to
application of the development loading.

An iterative approach is adopted, which requires an initial estimate of the settlement
under the preload. The initial estimate is then checked against the computed value until a
match is found that provides the corresponding preload fill thickness. The steps in the ana-
lytical approach are illustrated in the following case studies.

3. CASE STUDY 1

3.1. Project details
The first case study involves the use of preloading in conjunction with wick drains for a
reclamation project in Alexandria, Egypt.

The project involved partial reclamation of a lake below which about 7 m of soft clay
exists, and construction of a hyper-market � the size of a city centre. The building areas
have stringent settlement and differential settlement criteria, and are treated with dynamic
replacement in conjunction with preloading. The site conditions and performance of
dynamic replacement on this project have been described by Wong and Lacazedieu (2004).
In the current paper, the design of the preload (without dynamic replacement) for an on-
grade car parking area forming a later phase of the project is described, using the analyti-
cal method discussed in Section 2.2.

3.2. Site conditions
The site is situated east of Alexandria on the Cairo Desert Road, on the edge of Lake
Maryout, in the Western Nile deltaic zone of Egypt.
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A significant part of the site is below the existing lake level, as shown below:

● Design Finished Level � RL 92.3 m
● Lake Water Level � RL 90.3 m
● Lake Bed Level � RL 88.8�89.3 m

The area of the proposed on-grade car park is about 50,000 m2 for this particular phase
of the work, being a portion of a total site area of about 220,000 m2.

The subsurface profile at the site is characterised by three main units as summarised
below:

Unit 1: Very soft clay with organic matter 4�9 m thick
Unit 2: Stiff silty clay and clayey silt 5�9 m thick
Unit 3: Very dense silty sand not penetrated

The average thickness of the soft clay at the site of the car park is 6.5 m, and the base
of the layer extends to a depth of approximately 8 m.

A typical piezocone test result obtained from the site is shown in Figure 7.
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It was obvious that Unit 1 will control site settlement and will govern the design of
ground improvement works. Based on the laboratory testing results, the following soil
properties were adopted for Unit 1:

Moisture content, Wn 76�130%
Liquid limit, WL 102–146%
Plastic limit, WP 35–43%
Plastic index, IP 67–106%
Bulk unit weight, γ b 14.5 kN/m3

Vertical coefficient of consolidation, cv 2.0 m2/year
Horizontal coefficient of consolidation, ch 10.0 m2/year
Compression ratio, CR 0.3
Recompression ratio, CRR 0.03
Coefficient of secondary consolidation, Cα 0.015

Other relevant design parameters were as follows:

● Water level is equal to 1 m above lake bed level
● Finished platform level is equal to 2 m above lake water level
● Average thickness of soft soil is equal to 6.5 m
● Post-construction settlement limit of 100 mm in 50 years

A critical requirement for this project was that the contractor wanted to shorten the time
of preloading to only 3 months, by installing wick drains at an average triangular grid
spacing of 1.5 m centres and to aim for 70% consolidation only.

3.3. Preload design
In order to construct the finished platform level to 2 m above the lake water level, a sig-
nificant amount of fill would be required with allowance of surcharge and settlement. The
requirement from the contractor to limit the preloading time to 3 months with a target per-
centage consolidation of only 70% posed an unusual challenge for the designer. The author
notes that where wick drains are used, it may not be prudent to design to a level of
consolidation less than 90% due to the uncertainties associated with projecting to end of
primary consolidation from the limiting monitoring data over a relatively short time
period. Fortunately for the site in question, the expected primary consolidation has already
been well calibrated from previous phases of the project (Wong and Lacazedieu, 2004). It
was also fortunate that in actual fact, greater percentage of consolidation was achieved due
to additional time available during construction as discussed later in this chapter.

The aim at the design stage, therefore, was to work out the total thickness of fill, Hf, as
defined in Figure 6, required to achieve the required design level plus providing sufficient
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preload (targeting 70% consolidation only) such that post-construction settlement is not
more than the design value, Sd, of 100 mm in 50 years.

The input parameters are presented in Table 1.
The problem is solved by starting with the following basic equations, then working

through the diagrams shown in Figures 5 and 6:

Sprim � CRR H log[σ�f /σ�1] (3)

Screep � Cα H log[(toc � td)/toc] (4)

Step 1 � Adopt an initial estimate of S1 and approximate σ�1 and σ�f :

σ�1 � σ�o � (S1 � hd). γsf � γw.(S1 � dw) � 69.8 kPa

(for S1 � 0.72 m as an iterative estimate; see Eq. (15)) (5)

σ�f � σ�1 � ∆p1 � 77.8 kPa (6)

Step 2 � Estimate the required ∆p2 to achieve allowable post-construction settlement:

Sprim � CRRH log[σ�f / σ�1] � 9.194 × 10�3 m (7)

Screep � Sd � Sprim � 0.091 m (8)
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Table 1. Input parameters for case study 1 � Alexandria, Egypt

Thickness of soft clay H � 6.5 m

Compression ratio CR = 0.3
Recompression ratio CRR = 0.03
Coefficient of secondary consolidation Cα = 0.015
Initial in situ effective stress σ�o = 20 kPa
Average preconsolidation pressure above in situ stress pc = 20 kPa
Depth of groundwater level (-ve if above ground level) dw = �1m
Design finished ground level over original ground level hd = 3m
Bulk unit weight of structural fill to achieve Finished Ground Level (FGL) γsf = 18 kN/m3

Design effective stress increase due to applied load ∆p1= 8 kPa
Time for primary consolidation tp = 0.5 yr
Design life of project for creep calculation td = 50 yr
Design (or allowable) settlement including creep in 50 yrs Sd = 0.1 m
Target degree of consolidation to be achieve during preloading Up = 70%
Unit weight of preload fill γpf = 18 kN/m3



From Eq. (4),

toc � � 6.63 yr (9)

n � log (toc) – log(tp) � 1.123 (10)

λ � n � 0.062 (11)

∆p2 � σ�f (10λ � 1) � 12.01 kPa (12)

Step 3 � Estimate additional preload fill thickness over design FGL:

hf � � 1.588 m (13)

Step 4 � Now check settlement under required preload for Up % consolidation:

Spreload � CRRH log� � � CRH log� ��0.743 m (14)

After excess preload removed and ground rebounds:

S1 � Spreload � CRRH log� � � 0.722 m (15)

Step 5 � Check calculated value of S1 against initial estimate in Step 1:
If S1 is not close to the initially estimated value adopted in Step 1, change the value of

S1 Step 1 until it matches the value calculated in Step 4.

Step 6 � When input S1 is equal to calculated S1 in Step 4, calculate total thickness of fill
required, including preload:

Hf � hd � Spreload � hf � 5.33 m (16)

Using the analytical approach discussed above, the required total fill thickness was
assessed to be 5.3 m, including an estimated 0.7 m of settlement and 1.6 m of preload to
be removed following 70% consolidation.

σ�1
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On the basis of the measurements from 16 settlement plates and 4 sets of down-hole
piezometers, 100% primary consolidation was projected to range from 700 mm to 900
mm (average 840 mm), using the observational approach described by Asaoka (1978).
The preload was left in place for 3.5 months, about 0.5 months longer than originally
intended, with measured settlement ranging from 639 to 870 mm (average 769 mm),
including an initial immediate settlement of about 200mm during placement of the fill.
Owing to the slightly longer time of preloading, and probably a higher rate of consolida-
tion than expected, about 88% consolidation was assessed to have been achieved on aver-
age, instead of the target value of 70%. Upon removal of the preload, very little rebound
occurred and no creep settlement was observed. The analytical approach described above
proved to be extremely valuable in assessing the adequacy of the preload, and options such
as increasing the fill thickness to reduce preload timing to be assessed rapidly on various
phases of the project.

The author also notes that it was fortunate that the construction time programme enabled
an extra 0.5 month, compared to the original design period of 3 months, for the preload to
remain in place, and provided greater confidence that adequate consolidation has taken place.

The development was completed in about February 2004 and settlement and differen-
tial settlements are reported to be well within the design limits.

4. CASE STUDY 2

The second case study involves a proposed residential development on a soft ground site
in the south coast region of NSW, Australia. This example illustrates how different degrees
of consolidation within a soft clay profile could be considered under a preload using the
analytical method described in this chapter.

The site is underlain by about 9 m of soft clay having the following properties:

● γb � 16.5 kN/m3

● CR � 0.2
● CRR � 0.02
● cv � 25 m2/yr
● Cα � 0.008 per log cycle time

The groundwater level is 2 m below the existing ground level and the finish surface
level is about 3 m above the existing level. As the soft clay is underlain by low perme-
ability rock, only one way drainage is possible. The aim was to calculate the fill thickness
required (including the preload) to enable the site to be preloaded within 18 months.

First, on the basis of conventional primary consolidation theory, the dimensionless time
factor Tv is calculated as cvt/H

2 � 0.46 in the available time of 1.5 yr. This would equate
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to an average degree of consolidation of about 70%. However, the degree of consolidation
will vary within the soil profile as shown in Figure 8, with the degrees of consolidation
ranging from about 60% at the base of the layer where there is no drainage, to 93% at the
top of the layer where drainage is possible.

From Figure 8, together with the assessed soil properties, the soil profile was divided
into four sublayers for the analysis as shown in Table 2.

Using the analytical solution for each of the four sublayers, a relationship between
anticipated post-construction settlement and fill thickness (including preload) was
assessed as shown in Figure 9. By summing the sublayer settlements, the preload/settle-
ment characteristics of the overall profile is obtained. From the analysis results, a fill thick-
ness of 6 m was adopted, with an anticipated settlement of 1 m, and 2 m of preload to be
removed.
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Note: only top half of 
consolidation diagram 
used in this problem 
due to impermeable 

Figure 8. Consolidation ratio as a function of depth and time factor.

Table 2. Sublayer Properties for Case Study 2, NSW, Australia

Sublayer Thickness (m) σ’o (kPa) OCR pc (kPa) Up (%) at 18 months

1 2 16.5 6 82.5 93
2 2 39 2.5 58.5 80
3 2 52 1.5 26 70
4 3 69 1 0 63



5. CONCLUSION

A simple analytical method has been developed for the design of preloads to achieve a
design limit on post-construction settlement, and has been used successfully on a number
of projects recently. The method uses concept of artificial aging described by Bjerrum
(1972), and takes into account creep at the design stress level and can be applied to vary-
ing degrees of consolidation under the preload. The application of this analytical method
is illustrated via two case studies. The first one, in Alexandria, Egypt, involved the use of
wick drains for which the entire soil profile is treated as a single layer in the analysis. The
second one, in NSW, Australia, involved a relatively deep soft soil layer without wick
drains, that was analysed by four sublayers having varying degrees of consolidation with
depth under the preload.

The analytical method described above enables a more logical approach in designing
the required preload thickness, compared to existing methods that ignore the settlement of
the preload and/or structural fill. Therefore, the method is considered to be particularly
useful in reclamations and/or situations where the ground level is to be elevated to form a
construction platform for the development.

However, as in all soft ground solutions, the design method outlined above should be
used in conjunction with the observational approach. Adequate instrumentation and mon-
itoring should be carried out, and the design assumptions and preload timing confirmed
using methods such as those described by Terzaghi et al. (1996) and Asaoka (1972).
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NOTATION

cv vertical coefficient of consolidation
ch horizontal coefficient of consolidation 
Cc compression index
Cr recompression index
CR compression ratio (� Cc/(1 � e0))
CRR recompression ratio (� Cc/(1 � e0))
Cα coefficient of secondary consolidation (� α/(1 � e0) or ∆H/H per log cycle time)
e void ratio
hd height between design level and original ground level
H drainage path distance (� soft soil thickness for one-way drainage condition)
Hf total height of fill (including preload) to achieve design level including settlement
hw depth of groundwater level (�ve if above ground level)
Ip plasticity Index
OCR over-consolidation ratio
pc difference between preconsolidation pressure and in situ effective stress
Rs� OCR � 1
S1 settlement after removal of preload
Sd post-construction design settlement limit
Spreload settlement due to preload
Sprim primary consolidation component of design settlement limit
Screep creep component of design settlement limit
t time 
t
�

time at which creep commences following removal of preload and rebound
tpr time for completion of rebound following preloading
tp time for primary consolidation
toc equivalent “artificially aged” time due to preloading (same as t

�
in Figure 4)

td design life of project
Tv dimensionless time factor (� cvt/H

2)
Up target degree of consolidation to be achieved during preloading
WL plastic limit
Wn natural moisture content
Wp plastic limit
γb bulk unit weight
γsf bulk unit weight of structural fill
γpf bulk unit weight of preload fill
γw unit weight of water
σ�

o in situ effective stress
σ�

1 effective stress after removal of preload
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σ�
p effective stress reached after preloading

σ�
f effective stress after primary consolidation when final design load applied

∆p1 difference between σ�f and σ�1
∆p2 difference between σ�p and σ�f
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The Changi East Reclamation Project in Singapore
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ABSTRACT

The Changi East Reclamation Project in Singapore is a multi-phase project involving the
formation of 2000 ha of land by placing hydraulically filled sand on to soft seabed marine
clay. Various types of ground improvement techniques including prefabricated vertical
drains with surcharge preloading, deep compactions and geotextile have been adopted for
reclamation and soil improvement works. More than 170 million metre length of prefabri-
cated vertical drain has been installed to accelerate the consolidation of up to 50 m-thick
soft clay. Over 200 ha of reclaimed land have been compacted using three deep compaction
methods: dynamic compaction, Müller resonance compaction and vibroflotation. The
Project also includes the reclamation of a 180 ha slurry pond which contains ultrasoft soil
up to 20 m thickness. Sand spreading and geotextile fabric that covers an area of 700 �
900 m has been used for the reclamation of the slurry pond. A comprehensive study to char-
acterize the marine clay and sand fill has also been carried out by conducting various types
of in situ and laboratory tests. Full-scale pilot tests on well-instrumented zones have also
been conducted to verify the design and assess the effectiveness of the soil improvement
methods. In this chapter, an overview of the Project and the land reclamation procedure is
given. The soil improvement works carried out for this Project and some typical field-mon-
itoring data are presented.

1. INTRODUCTION

To cater for the extension of the Changi International Airport and other infrastructure
developments in Singapore, The Changi East Reclamation Project has been carried out
since 1991 in several phases to create 2000 ha of land. Phase 1 of the project comprised
Phases 1A, 1B and 1C, which commenced in 1991, 1993 and 1995, respectively. Each
phase lasted about 5 years. Two other phases called Area A (South) and Area A (North)
commenced at the same time in 1999. Area A (North) was completed in March 2004 and

247



Area A (South) will be completed in March 2005. Figure 1 shows the location of the
Changi East Reclamation Project and the site plan. The project involves the hydraulic
placement of 272 million m3 of sand in seawater of up to 15 m deep. 

As the majority of the reclamation area is underlain by a highly compressible layer of
Singapore marine clay up to 50 m thick, about 140 million m of prefabricated vertical
drains (PVDs) together with up to 8 m thickness of surcharge were used to improve the
engineering properties of the seabed soils. The total area of soil improvement is about 1200
ha. In addition to treating the soft seabed marine clay, it was also necessary to reclaim a
180 ha slurry pond which contained ultrasoft soil up to 20 m thickness. This was one of
the most challenging tasks of the project. Sand spreading and geotextile of a size of 700 �
900 m was used for reclamation of the slurry pond. The density of the hydraulically placed
sand fill varied and was often found to be in a loose state with the cone resistance value of
less than 5 MPa. For the densification of the sand fill, three deep compaction methods,
namely dynamic compaction using heavy pounders, Müller resonance compaction (MRC)
and vibroflotation were deployed. All the three types of soil improvement works adopted
for this project are described in this chapter. The land reclamation process is also briefly
outlined. The engineering properties of the soils before and after soil improvement are also
presented.
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Figure 1. Location of the project and site plan.



2. RECLAMATION PROCESS

The Changi East Reclamation Project involved the following 6 steps:

1) Sourcing of reclamation materials
2) Site investigation and characterization
3) Reclamation works
4) Soil improvement works
5) Coastal protection works and 
6) Field monitoring works

These processes will be described briefly in the following.

2.1. Reclamation materials
Marine sand dredged from the seabed was used as fill material for this project. Site inves-
tigation at the borrow site was necessary to assess the quality and quantity of the available
fill materials. A preliminary check on the quantity of sand deposit was made after running
a geophysical survey. Based on the seismic reflection survey, the thickness and extent of
the sand mine were assessed. The quality of sand was further checked by taking samples
using vibrocore sampling (Bo and Choa 2004) or cone penetration tests (CPTs). The typ-
ical grain size distribution curves of the sand used are shown in Figure 2. Only sand with
fines less than 10% was used as reclamation fill.
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2.2. Site investigation and characterization
Site investigation works were carried out for each phase of the Project at different stages:
before reclamation, after filling to �4 mCD level (the mean sea level is at �1.6 mCD),
during soil improvement and after soil improvement. The purposes of the site investiga-
tions varied depending upon the type and time of investigations. The main objectives were
to profile the underlying soil formations, to characterize the geotechnical properties of the
soils, and to assess the effect of soil improvement by comparing the changes in the soil
properties before and after the improvement. 

The site investigation carried out before reclamation included seismic reflection survey,
borehole sampling, laboratory and in situ testing. Most of the works were carried out fore-
shore in the area to be reclaimed. The seismic reflection survey provided information on
the soil profile and the thickness of the soft layer. Boreholes were usually carried out with
the rotary mud flush drilling technique. Undisturbed samples were taken sometimes con-
tinuously using thin-wall piston samplers. The sample tubes were immediately sealed with
a mixture of wax and grease on-site and sent to the site laboratory for testing. For soft and
firm clay, field vane shear tests (FVTs) were also carried out adjacent to the borehole to
determine the in situ undrained shear strength of the clay. For sand formation or cemented
sand, standard penetration tests (SPTs) were carried out. The collected disturbed samples
were used for soil identification and classification. 

Site investigation was also conducted during reclamation. The reclamation works were
carried out in stages. The first stage was to place the sand fill to a slightly above high tide
level to allow PVDs to be installed. After PVD installation, the fill was then elevated to the
required surcharge level. Further borehole sampling and in situ testing were carried out
soon after the fill reached slightly above high tide level and before the PVD installation.
At this stage, the change in the soft clay properties was assumed to be minimal. 

The post-improvement site investigations were carried out mainly to assess the effec-
tiveness of the soil improvement. The in situ and laboratory tests carried out prior to recla-
mation were repeated. Sampling and in situ tests were usually carried out at the locations
where the pre-reclamation tests were conducted so that the change in soil properties can
be compared. 

For the entire Project, 957 numbers of boreholes were sunk. The total numbers of
in situ tests are summarized in Table 1.

2.3. Reclamation works
Reclamation work refers to the work involved in placing fill materials. Several methods
were adopted in this Project to place the sand fill. These included direct dumping,
hydraulic filling and sand spreading.

The direct dumping method was adopted in relatively deep water of 6–8 m. A bottom
open barge carried the fill material from the borrow source to the reclamation site and
dumped the fill by opening the bottom of the barge. When the water depth was only 2–6 m,

250 Chapter 9



the hydraulic filling method had to be used in which the sand fill was pumped through pipes
from either a rehandling pit or a trailer suction hopper dredger. 

For the reclamation of the slurry pond, the hydraulic fill method could not be used as
the slurry soil in the pond was too weak to sustain the weight of the sand fill. To reduce
the amount of sand sinking into the slurry, the sand fill was spread using a sand spreading
system as shown in Figure 3. Using this system, a thin layer of sand fill could be placed
on top of the slurry. Under the weight of this sand layer, the slurry consolidated and gained
strength. This allowed another layer of sand to be placed by spreading. More detail of the
reclamation works is referred to Bo and Choa (2004).

2.4. Soil improvement works
For soft seabed soil, PVDs and fill surcharge methods were adopted. PVDs were installed
throughout the entire compressible layer down to the hard stratum at a close spacing of
1–2 m. The installation was carried out when the sand fill reached a level slightly above
the high tide. The fill surcharge was then applied. Consolidation of the soft clay layer took
place under the surcharge. Once the required degree of consolidation had been achieved,
the surcharge was removed. The soil improvement works that involved the use of PVDs
are summarized in Table 2.

The densification of the sand layer was carried out after the removal of the surcharge.
The depth of densification and degree of densification were first estimated based on the
bearing capacity and settlement requirements. Then the methods of compaction were
selected based on the depth of compaction. Dynamic compaction using a heavy pounder
was used when the depth of densification was within 7 m. For deeper layers, MRC or
vibroflotation method was used. Information on dynamic compaction, MRC and
vibroflotation equipment deployed and the specifications are given in Tables 3–6.

2.5. Coastal protection work
The type of shore protection was decided based on the space availability, seabed conditions
and intended usage. Shore protections with suitable slopes were constructed at the shallow
seabed area and sheet pile walls were used for deep water and at locations where berthing
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Table 1. Summary of in situ tests conducted

Tests FVT SPT CPTa DMTb SBPTc Seismic cone CPMTd ke RAMf

Number 864 8342 16726 27 27 3 116 67 1784

aCone penetration tests with pore pressure measurement, including 387 numbers of CPT holding tests.
bDilatometer tests.
cSelf-boring pressuremeter tests.
dCone pressuremeter tests.
eIn situ permeability tests.
fRam sounding tests.



feasibility was required in the future. For the Changi East Reclamation Project, 10 km of
rock bund and about 4 km of sheet pile retaining wall were constructed.

When the seabed soil below the rock bund was weak, sandkeys were installed by
removing the soft soil and replacing it with sand. An alternative method to the sandkey was
sand compaction piles. Sheet pile walls were usually supported with raker piles tied back
with ground anchors. Typical designs of rock bund and sheet pile retaining wall used in the
Project are shown in Figures 4(a) and (b).

2.6. Field monitoring work
A comprehensive instrumentation scheme was adopted in the project to monitor the
progress and assess the performance of soil improvement. Field monitoring was also uti-
lized to control the construction process, especially for the construction of slopes, rock
bunds and retaining structures.

Types of geotechnical instruments used in the project include:

● Surface settlement plate
● Deep settlement gauge
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Figure 3. Sand spreading system used for the slurry pond.



● Liquid settlement gauge
● Multi-level settlement gauge
● Inclinometers
● Piezometers
● Water standpipes and 
● Earth pressure cells
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Table 2. Summary of soil improvement works using PVDs

Area Year Thickness Type Future Design Design Surcharge Required
of clay of clay land use spacing surcharge period DOCa

(m) in square
grid (m) El.(mCD) (month)

A 1992 20–40 Marine Runway 1.5 � 10 18
B 1992 10–35 clay Taxiway 1.8 � 8.5 18 90% DOC 
C 1995 20–30 Infrastructure 1.8 � 8.5 24 equivalent to

area fill and
D 1995 30–45 Infrastructure 1.8 � 9.5 24 surcharge load

area
E 1995 30–45 Others 1.8 � 8.5 24
F 1995 20–40 Roads 1.5 � 8.5 12
G 1998 40 Future material 1.5 �12 12

stockpile area
H 1998 40 Infrastructure 1.8 � 10 18 90% DOC to 
I 1998 40 Infrastructure 1.5 � 10 12 finished level
J 1998 10–35 Infrastructure 1.8 � 9 18 to �5.5 m 

CD plus 
future load 20
kPa

K 1992 10–20 Soft Infrastructure 2.0 � 9 36 90% DOC 
Slurry 3 passes equivalent to

fill and 
surcharge load

aDOC, degree of consolidation.

Table 3. Details of dynamic compaction

Method Pounder Drop No. of Energy Spacing at No. of Effective Energy per Com- Cone 
No. weight height drop per drop each pass pass surface square Pacted resistance

(ton) (m) per pass (Ton m) (m � m) area meter depth achieved
(m2) (ton m/m2) (m) (MPa)

1 23 25 5 575 6 � 6 2 5.5 160 7 �15
2 15 20 10 300 6 � 6 2 3.87 166 7 �15
3 18 24 10 432 8.5 � 8.5 2 3.4 120 7 �12
4 18 24 12 432 10 � 10 2 3.4 105 7 �12



Settlement plates or gauges and piezometers were used to monitor the consolidation
process. Deep screw settlement gauges and multi-level magnetic settlement gauges were
installed on top of each sublayer, whereas piezometers were installed at the centre of each
sublayer to monitor the pore water pressure dissipation and the change in effective stress
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Table 4. Type of equipment and probe used in MRC compaction

Type of Muller Vibrator MS-100 HF MS-200 H

Maximum centrifugal force (kN) 2500 4000
Maximum static moment (N m) 1000 1900
High-frequency step (N m) 480 —
Maximum oscillation frequency (rpm) 2156 1500
Total weight without grip (kg) 10,900 15,500
Dynamic weight without grip (kg) 7700 11,750
Oscillation amplitude (mm) 26 34
Maximum pulling power (kN) 600 800
Vibrator height (m) 3.235 3.655
Vibrator width (m) 0.66 1.352
Static mass width (m) 2.41 2.3
Static mass thickness (m) 0.6 0.75

Table 5. Specification of vibroflotation equipment

Type Vibroflotation Keller Pennine

Model V23 V28 V32 S300 BD 400
Power rating (kW) 130 130 130 150 215
Speed of rotation (rpm) 1800 1800 1800 1775 1800
Rated current (A) 300 300 300 300 350 bar
Centrifugal force (kN) 280 330 450 290 345
Amplitude (mm) 23 28 32 25 30
Vibrator diameter (mm) 350 360 350 400 406
Vibrator length (m) 3.25 3.3 3.25 2.9 4.0
Vibrator weight (kN) 22 25 25 24.5 19.5

Note: Agra equipment is same with vibroflotation. Pennine is driven by hydraulic motor.

Table 6. Details of vibroflotation compaction and cone resistance achieved

No. Type of Model Spacing (m) Cone resistance 
equipment achieved (MPa)

1 Vibroflotation V23 3 plus roller compaction 10
2 Vibroflotation V28 3.0 10
3 Vibroflotation V32 3.3 10
4 Agra V32 3.0 12
5 Keller S300 2.5 15
6 Pennine BD-400 2.5 15



in the soil. In addition to the instruments installed in the clusters, surface settlement plates
were also installed throughout the reclamation area at a grid of 100 � 100 m to monitor
the ground settlement. Inclinometers were used to measure the lateral movement of the
slopes or retaining structures during and after construction. Earth pressure cells were
installed under the surcharge fill to verify the applied load, or on the face of retaining wall
to verify the lateral stress imposed on the wall. The numbers of instruments installed in the
Changi East Reclamation Project and typical monitoring data are shown in Table 7.

3. SITE CONDITIONS

Based on the site investigation carried out prior to reclamation, the following site condi-
tions were revealed. The seabed at the reclamation area ranged from �3 to �15 mCD. In
the northernmost part of the area, the seabed sloped northwards from �5 to �15 mCD,
and in the southern part, it sloped southwards from �5 to �10 mCD. Deep channel in the
seabed varying from �10 to �13 mCD occurred in the eastern part of the area. The soil
profiles along Sections A-A� and B-B� (see Figure 1) are shown in Figures 5(a) and (b).
The seabed soil at Changi can be typically classified into four layers: the upper marine
clay, the intermediate layer, which consists of the stiff silty clay layer or/and the silty sand
layer, the lower marine clay layer and the old alluvium, a medium-dense to dense
cemented clayey sand layer. The thickness of the marine clay layer varied widely, not only
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Figure 4. Typical designs of shore protection: (a) rock bund and (b) sheet pile retaining walls.



due in part to undulations in the surface of the underlying materials, but also due to
self-weight consolidation of the clay in the area of thick deposition. The thickness of
the marine clay ranged from 5 to 55 m, and of the intermediate layer from 2 to 5 m. The
typical soil properties of the intact soils are presented in Figure 6. The range of physi-
cal and consolidation parameters of Singapore marine clay and slurry are summarized
in Table 8.

As indicated in Table 8, the upper and lower marine clay is highly compressible and
high in moisture content. Except the top few metres, the soils are generally lightly over-
consolidated. The moisture content of the upper marine clay ranged from 50 to 85% and
of the lower marine clay from 40 to 65%. The liquid limit of the upper marine clay ranged
from 70 to 90% and of the lower marine clay from 60 and 90%. The plastic limit for both
clays were in the range of 26 to 28%. Accordingly, the plasticity index of the upper marine
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Table 7. Total numbers of instruments installed in Changi East Reclamation Project

Soil Phase Phase Phase Area-A Asean Total
instruments 1A 1B 1C North South Aerospace

Pneumatic 26 781 458 122 227 12 1626
piezometer
Open type 9 70 84 29 54 246
piezometer
Electric 122 150 272
piezometer
Settlement 125 778 1092 173 707 16 2891
plate
Settlement 72 72
gauge
Deep 23 790 450 131 266 12 1672
settlement
gauge
Multi-level 3 17 11 25 56
settlement
gauge
Deep reference 8 10 3 12 1 34
point
Water 29 59 14 49 3 154
standpipe
Inclinometer 25 52 47 23 24 3 174
Inclinometer 9 2 11
with measure-
ment of vertical 
displacement
Earth pressure 3 12 7 5 11 38
cell
Total 214 2740 2370 500 1375 47 7246



clay ranged between 44 and 64% and of the lower marine clay between 34 and 64%. Both
clays had almost 100% fines content with 50% silt and 50% clay for the upper marine clay
and 60% silt and 40% clay for the lower marine clay. The undrained shear strength to
effective overburden stress ratio, su/σv

�, for the marine clay under normally consolidated
conditions was in the range of 0.25 – 0.32 based on field vane shear tests (Bo et al., 2000).
The intermediate layer was formed due to the desiccation of the top layer of the lower
marine clay as the sea level dropped. It was overconsolidated, stiff and low in both com-
pressibility and moisture content. More description of properties of Singapore Marine
Clay and slurry can be found in Bo et al. (1998a,b, 2003) and Chu et al. (2002).
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Figure 5. Soil profile along (a) Section A-A�; (b) Section B-B�.
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4. SOIL IMPROVEMENT WORKS

4.1. Soil improvement using PVDs
As mentioned, about 170 million metres length of PVDs together with up to 8 m thickness
of surcharge have been used in the Project to improve the engineering properties of the
seabed soils. The spacing of the PVDs was determined to achieve a 90% degree of 
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Figure 6. Basic soil properties of seabed soils: upper marine clay (UMC), intermediate clay (IMC) and lower
marine clay (LMC).



consolidation under a specified surcharge within a given duration. As the ground settle-
ment was large, part of the fill used as surcharge would be sinking gradually below the
water level. This led to a reduction in the surcharge load due to the submergence effect (Bo
et al., 1999). The possible variation in the surcharge load had been taken into considera-
tion in the design. As shown in Table 2, a drain spacing ranging from 1.5 to 2.0 m was
used.

In order to verify the design and check the effectiveness of the soil improvement works
using PVDs, several pilot tests were conducted during the Project. The pilot tests were
conducted as full-scale model tests to study the consolidation process of soft soil with
PVDs under fill and surcharge loads and to verify the design adopted. All the pilot tests
were fully instrumented. Pore water pressures, settlements at ground surface and other
depths, lateral displacements and surcharge load were monitored during the entire duration
of the pilot tests. 

The first pilot test was conducted during the construction of the Phase 1B to study the per-
formance of the drains at square grid spacings of 1.5, 1.7 and 2.0 m. Figure 7 shows the plan
and section views of the pilot test area. The 280 m long and 230 m wide pilot test area was
divided into four isolated zones. Three zones were installed with drains at spacings of 1.5, 1.7
and 2.0 m, respectively. The fourth zone was used as a control zone with no drains installed.
The size of each zone was 50 m in square. The detail of the instrumentations is also shown in
Figure 7. The instruments for the control zone were installed offshore from a
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Table 8. Range of physical and consolidation parameters of Singapore marine clay and slurry at Changi

Parameter Upper marine clay Intermediate layer Lower marine clay Slurry

Unit weight, γ (kN/m3) 14.23–15.7 18.64–19.6 15.7–16.67 12.26–15.7
Water content (%) 70–88 10–35 40–60 140–180
Liquid limit (%) 80–95 50 65–90 60–115
Plastic limit (%) 20–28 18–20 20–30 22–45
Initial void ratio, eo 1.8–2.2 0.7–0.9 1.1–1.5 2–4.5
Specific gravity, Gs 2.6–2.72 2.68–2.76 2.7–2.75 2.68
Compression index, Cc 0.6–1.5 0.2–0.3 0.6–1.0 0.5–1.7
Recompression index, Cr 0.09–0.16 0.05–0.15 0.14–0.2 —
Secondary compression index, Cα 0.012–0.025 0.0043–0.023 0.012–0.023 —
Cα /Cc 0.008–0.042 0.0076–0.115 0.012–0.0383 —
Vertical coefficient of 0.47–0.6 1–4.5 0.8–1.5 0.3–1.0
consolidation at NC
state, cv,NC (m

2/yr)
Vertical coefficient of 3–7 10–30 4–10 —
consolidation at OC
state, cv,OC (m

2/yr)
Horizontal coefficient 2–3 5–10 3–5 —
of consolidation at NC
state, ch,NC (m

2/yr)
OCR 1.5–2.5 3–4 2 0.2–0.75



pontoon before the fill was placed, whereas for other zone they were installed at �4 mCD.
The instrument clusters had to be specially protected from the disturbance imposed during the
fill placement and the subsequent PVD installation (Bo and Choa 2002). The original seabed
level was at �2.5 to �5.0 mCD. PVDs were installed when the ground surface was brought
to �4.0 mCD. The fill surcharge was then elevated to 10.0 mCD. The settlements monitored
along or near the centreline of each zone are given in Figure 8. The pore water pressures
measured at different depths together with surcharge histories are shown in Figure 9.

Based on the settlements monitored, the ultimate consolidation settlement was esti-
mated using the Asaoka’s (1978) or the hyperbolic (Sridharan and Sreepada Rao, 1981)
methods. Some of these analyses are presented in Choa (1995). Using the predicted ulti-
mate settlement, the average degree of consolidation for each zone was estimated for the
three zones with PVDs. A 90% degree of consolidation was achieved within 18 months of
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Figure 7. Plan and section views of the first pilot test.



surcharge period in all the three zones. However, due to the drastic variations in the soil
profile within the pilot test area, the effect of drain spacing on the performance of soil
improvement could not be assessed unambiguously. For example, the settlement moni-
tored for the zone with 1.7 m drain spacing was more than that for the zone with 1.5 m
drain spacing. The zone with 2.0 m drain spacing settled the least because the soft clay
below this zone happened to be the thinnest (Figure 8). Nevertheless, the effect of PVDs
can be clearly seen from the comparison between the pore water pressure variations meas-
ured for the zone with 1.5 m spacing (Figure 9a) and those measured for the no drain zone
(Figure 9b). The pore water pressures in the zone with 1.5 m drain spacing dissipated faster
and the amount of dissipation for a given time was also much larger.

In addition to the pilot tests, fielding monitoring was also carried out during the recla-
mation and soil improvement works at selected sections. The variations of the settlement
and pore water pressure profiles at one location are shown in Figure 10. The average
degree of consolidation can also be estimated approximately based on the pore water pres-
sure profile using a method explained in Chu and Yan (2005). Using the pore water pres-
sure profiles shown in Figure 10, the average degree of consolidation achieved at 27
September 1996 is estimated as 82%. To verify further the pore water pressure variation,
long-term piezocone holding tests were also conducted (Bo et al., 1997). In conducting
such a test, a piezocone was held at a given depth for a long duration until the pore water
pressure stabilized. In this way, the in situ pore water pressure could be measured without
the preinstallation of a piezometer. The degree of consolidation for a given layer could also
be calculated using the settlements and pore water pressures measured for this layer. 
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Figure 8. Settlements monitored from the first pilot test: (a) from no drain zone; (b) from zone with a drain
spacing of 2.0 m; (c) from zone with a drain spacing of 1.7 m; and (d) from zone with a drain spacing of 1.5 m.
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A comparison of the degree of consolidation calculated for different layers using mon-
itored settlement or pore water pressure data and the pore water pressures measured by
piezocone holding tests are given in Figure 11. It can be seen that the degree of consoli-
dation estimated based on pore water pressure data is generally lower than that estimated
based on settlement data. There are several factors accounting for the differences between
the degree of consolidation estimated based on settlement and pore water pressure data as
explained by Chu and Yan (2005). The main reason is that the instruments are normally
installed at locations where the maximum settlement and pore water pressure can be mon-
itored. As a result, the degree of consolidation is overestimated when settlement data are
used and underestimated when pore water pressure data are utilized. Another reason is the
pore water pressure data measured are not at the ultimate state.

The effect of soil improvement in Phase 1B can be shown by the comparison of soil
parameters shown in Figure 12. It can be seen that there is a substantial increase in the
undrained shear strength measured by field vane shear tests. The change in moisture con-
tent was not consistent with that in undrained shear strength. Therefore, the variation of
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Figure 12. Comparison of soil parameters measured before and after soil improvement.



moisture content is not a good indicator to be used to evaluate the effectiveness of soil
improvement. A clear increase in the preconsolidation stress (Pc) was not observed either.
This was mainly due to the uncertainties involved in the preconsolidation stress determi-
nation using one-dimensional consolidation tests. 

The third pilot test area was carried out during Phase 1C to compare the performance
of various types of drains as well as to evaluate the effect of drain spacings. The plan and
section views of the third pilot test are shown in Figure 13. Three different types of Mebra
drains and one type of Colbond drain were used. Zones with drain spacings of 1.5, 1.8 and
2.0 m square grid were tested (Figure 13). The soil profiles within this pilot testing area
were quite uniform (Bo et al., 2003). Therefore, the effect of drain spacing on consolida-
tion can be observed from this pilot test. As shown in Figure 14, the rate of settlement and
the magnitude of settlement are affected by the drain spacing. The rate of consolidation
appears to increase with the reduction in drain spacing. The difference in the settlement
could be related to the pore water pressure dissipation. The ground settlement and excess
pore water pressure variations along cross-section B-B� (see Figure 13) are shown in
Figure 15. It can be seen that in the no-drain zone, the excess pore water pressure was still
higher and the settlement was smaller than those in the zones where drains were installed
at 1.5 m spacing. It can also be seen from Figure 15 that there is a transition zone across
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Figure 13. Plan views of the third pilot test area.
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Figure 14. Effect of drain spacing on consolidation.

Figure 15. Variation of settlement and excess pore water pressure with X coordinate across the boundary
between the no drain and with drain zones along section B-B�.



the boundary between no drain and with drain zones. As shown in Figure 13, the bound-
ary between no-drain and 1.5 m drain spacing zones was at X-coordinate of 5960. The data
in Figure 15 indicate that the effect of PVDs had extended 40 m beyond this boundary into
the no-drain zone. However, the greater settlement observed in the zone with smaller drain
spacing could also be due to secondary compression. With a higher rate of consolidation,
the soil would reach the virgin consolidation range earlier. This would lead to the second-
ary compression to develop earlier at a higher rate (i.e., higher secondary compression
index), as the characteristics of secondary consolidation suggests. Furthermore, the larger
settlement could also be caused by the greater disturbance to the soil or smear effect when
drains were installed at a closer spacing. Typical settlement and pore water pressure mon-
itoring data obtained from the third pilot test are shown in Figure 16. The data were
obtained from the zone where Colbond drains were installed at 1.5 m drain spacing.

4.2. Soil improvement for the slurry pond
In addition to normal foreshore reclamation, the project also included the reclamation of a
180 ha of slurry pond (locally known as silt pond) which contained ultrasoft soil of up to
20 m thickness. The slurry pond covered an area of roughly 2000 m in length and 750 to
1050 m in width. The very soft slurry contained in the pond had a high water content of
140–180%. The top elevation of the slurry was about �3 to �4 mCD, the water level in
the pond being about �3 mCD. The soft slurry has practically no strength and is highly
compressible (Bo et al., 1998c). Due to the low undrained shear strength of soft slurry, the
sand fill had to be spread in thin layers using a specially designed sand spreader. To ensure
the stability of the fill, small lifts of 20 cm were used in the first phase of the spreading.
However, when the fill reached an elevation between �1 and �2 mCD, a failure in the
form of slurry bursting occurred at one location. The failure was likely caused by uneven
settlements. As the thickness of the slurry layer varied considerably from location to loca-
tion, the amount of compressibility of the slurry layer was different even when the load
applied was the same. On the other hand, the sand layer spread might not be even either.
For more description of the failure see Bo et al. (1998c). As a remedy measure, geotextile
fabric was used to cover the failed location and the surrounding area. Two types of geot-
extiles were used. The first type had a tensile strength of 150 kN/m in both directions. It
was placed in a single layer to cover an area of 700 � 300 m. Due to the shortage of sup-
ply of this type of geotextile, a second type with tensile strengths of 100 and 50 kN/m in
the warp and weft directions, respectively, was also used. The second type of geotextile was
placed in two layers over an area of 700 � 600 m. Therefore, the total area covered by the
geotextile was 630,000 m2, which is believed to be the largest in the world at that time.
More description on the placement of geotextile is presented in Bo et al. (1998c). After the
placement of the geotextile, the second phase of spreading was carried out to �4 mCD in
lifts of approximately 50 cm. The water level was lowered down to �2 mCD. After the fill
was exposed above the water level, PVDs were installed with 2 � 2 m square spacing as a
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Figure 16. Typical settlement and pore water pressure data obtained from the third pilot test.



first pass. The surcharge at the first stage was placed to �6 mCD. The settlement of the
fill was monitored. After a certain amount of settlement had occurred, a second pass of
PVDs with the same 2 � 2 m spacing was installed to accelerate the consolidation process
further. The installation of the second round of PVDs was necessary as the performance of
the drains installed in the first round had deteriorated due to the buckling caused by the
large settlement. The deterioration in the effectiveness of the drain was indicated by the
reduction in the rate of settlement and the slow dissipation of the pore water pressure. 

As the slurry was very high in water content and yet very low in permeability, it took
more than 3 years to complete the primary consolidation despite the use of PVDs at an
effective spacing of 1.4 � 1.4 m. For a considerably long period after the start of preload-
ing, there was significant amount of settlement, but little pore pressure dissipation (Bo
et al., 1998c). The settlement and pore water pressure dissipation behaviour measured at
one location are shown in Figure 17. It can be seen that within the first 16 months, the
ground settlement had reached 2.7 m, but the amount of pore pressure dissipations were
still quite small. At the end of 36 months, the ground had settled 3 – 7 m and the degree
of consolidation achieved was about 85%. The field vane shear strength of the soil had also
increased from almost 0 to 25–30 kPa.

4.3. Densification of granular soil
Three types of deep compaction methods were deployed to densify the granular soil:
dynamic compaction, MRC and vibroflotation. The dynamic compaction method was
used in the area where the required depth of compaction was 5 to 7 m. The MRC and
vibroflotation methods were adopted in the areas where the required thickness of com-
paction was 7 to 10 m.

The effectiveness of dynamic compaction is dependent on the combination of weight,
geometry of pounder, height of drop, spacing, number of drops and total compactive
energy applied. Experiments with different weight of pounder, height of drop, spacing and
number of drops were performed on site to establish the most cost-effective combinations.
The results of one of the experiments are shown in Figure 18. The pounder used was 23
tons. The height of drop was 25 m. The spacing between the pounding point was 7 � 7 m.
Only one pass of compaction was used. The number of drops per pass was 10. The total
energy per point was 575 ton- m. After compaction, CPT tests were carried out at three
locations as indicated in Figure 18. The CPT results obtained from the three locations are
presented in Figure 18. The variation of cone resistance with the location or the distance
from the pounding point can be clearly seen. The cone resistance achieved at the centre of
the pounding grid (point 1) was greater and more uniform than that at the pounding point
itself (point 3). The cone resistance achieved at point 2, which was between the pounding
point and the centre of the grid, was in between of the cone resistance obtained at those
two points. Based on the experiments, four compaction methods, as detailed in Table 3,
were selected and used in the Project. A comparison of CPT cone resistances obtained
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Figure 17. Monitoring data measured during the reclamation of slurry pond: (a) surcharge variation versus
time; (b) settlement versus time; (c) excess pore water pressure versus time. (Initial positions of the instruments:
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Figure 18. CPT measurement a centroid point, in between print and under the print (7 m spacing)

Figure 19. Comparison of CPT cone resistance obtained before and after dynamic compaction at different
locations. 



before and after compaction conducted at a number of locations using Method 1 (see Table
3) is presented in Figure 19. The effectiveness of the dynamic compaction can be clearly
seen in Figure 19. 

MRC does not require water for penetration. In this method, a steady-state vibrator was
used to densify the soil. As a result of vibratory excitation, the friction between the soil parti-
cles is temporarily reduced. This facilitates rearrangement of particles, resulting in densifica-
tion of the soil. A specially designed steel probe was attached to a vibrator which had variable
operating frequencies. The frequency was adjusted to the resonance frequency of the soil,
resulting in strongly amplified ground vibrations and thereby achieving an efficient soil den-
sification. Two types of MRC equipment and probes, as detailed in Table 4, were used.
Experiments were carried out on site to study the effect of the MRC compaction. CPTs were
used to evaluate the compaction results. The results of one experiment using the MRC MS-
200H system are presented in Figure 20. MRC tests were conducted at a square grid of 5 �
5 m (see Figure 20). CPT tests were conducted at five locations of an even spacing of 1.25 m
in between two MRC compaction points. The cone resistance versus depth profiles obtained
at the five locations before and after compaction is shown in Figure 20. It can be seen that sub-
stantial improvement was achieved at every point mainly within a depth of 4–10 m and the
effect of densification does not appear to be significantly affected by the distance from the
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Figure 20. Cone resistance results prior to and post MRC compaction at various points.



compacting points with the grid. The sand fill before compaction appears to have been mys-
teriously densified possibly by seepage force or cementation at depths near 1 and 4.5 m, as
indicated by the high CPT values at those two locations. However, this localized densification
effect, if it were real, had been destroyed by MRC compaction. Nevertheless, as the sand fill
was recently deposited, cementation or other effects would not be a consideration. 

Several types of vibroflotation equipment, either electrically or hydraulically driven, were
used in the Project. The differences in the different types of vibroflotation equipment are
shown in Table 5. Among the three types of vibroflotation equipment, the power rating is the
same, but the centrifugal forces are different. The model numbers signifies the amplitude. The
amplitudes for V23, V28 and V32 are therefore 23, 28 and 32 mm, respectively. Keller S-300
type uses a higher power rating, but low centrifugal force and amplitude. Pennine type has a
high centrifugal force and amplitude and its dimensions are all the largest of the three plant
types. The spacings used for each piece of equipment to achieve the respective densification
requirements are shown in Table 6. On-site experiments were also conducted to study the
effect of the vibroflotation compaction. The results of one study are shown in Figure 21.
Vibroflotation compaction using the V32 model at a 3.2 m triangle grid pattern (see Figure
21) was conducted. CPT tests were conducted at 5 locations evenly distributed between two
compacting points. The cone resistance profiles obtained before and after compaction at each
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Figure 21. Variation of cone resistances with distance from compaction point after vibroflotation.



CPT test points are given in Figure 21. The results show that the effect of vibroflotation com-
paction is affected by the distance to the compacting point or the position in the compaction
grid. The cone resistance is the highest at the probe point and the lowest near the centre point
of the triangle (CPT points 2 and 4). However, cone resistance at the centre of the four com-
paction points (point 3) is higher than that at points 2 and 4. On the other hand, the improve-
ment appears to be effective through the entire depth ranging from 1 to 10 m with more
significant improvement felt at the bottom (see CPT profiles for points 1 and 5). 

Each of the three compaction methods has its own advantages and disadvantages
depending on the site and soil condition in the various areas. The dynamic compaction
method produces a relatively more uniform degree of densification in each layer. However,
the depth of densification is limited to 6 or 7 m. The MRC method is able to compact with
a wider spacing and compact the sand at a relatively deeper depth. However, the probe
needs to be maintained frequently as a result of wear and tear. The vibroflotation method
can compact to a greater depth. The degree of densification is uniform along the depth, but
can vary significantly with the distance from the probe points. It requires a smaller grid
spacing and a sufficient supply of water.

It has been reported by Mitchell (1986) that there is an ageing effect, that is, an increase
in the CPT cone resistance with time, after densification in sand has been carried out. Such
an ageing effect varies with the mode of compaction as far as the observations made in this
Project are concerned. As reported by Bo and Choa (2004), the ageing effect was the high-
est in vibroflotation compacted sand. The ageing effect was not significant in sand com-
pacted by dynamic compaction. One example is given in Figure 22. The ageing effect due
to MRC compaction is in between of vibroflotation and dynamic compaction. 
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Figure 22. Increase in the CPT cone resistance due to ageing effect after densification.



5. CONCLUSIONS

The multi-phase Changi East Reclamation Project was carried out to reclaim about 2000 ha
of land offshore along the East coast of Singapore by depositing sand fill onto a thick layer of
seabed soft marine clay. Soil improvement works were carried out to consolidate the soft
marine clay using the PVD and surcharge preloading method. More than 140 million metres
of PVD was installed into up to 50 m thick soft clay. The hydraulically placed sand fill was
relatively loose. Densification of sand fill was also carried out using three deep compaction
methods: the dynamic compaction, the MRC and the vibroflotation. The reclamation works
for this Project also included the reclamation of a 180 ha slurry pond which contains ultrasoft
soil up to 20 m thickness. Sand spreading method and geotextile of a size 700 � 900 m were
used for the reclamation of the slurry pond. A comprehensive site investigation and charac-
terization program using both geophysical, laboratory and in situ tests was carried out to pro-
file the soil and to evaluate the engineering properties of the soil. Several full-scale pilot tests
on well-instrumented zones were carried out to verify the design and to check the effect of soil
improvement using different drain spacings and types of drain. The degree of consolidation
achieved was assessed using monitored settlement and pore pressure data as well as verified
by laboratory consolidation tests and in situ tests including FVT, CPT, DMT and SBPT. The
study shows that the design objectives and the targeted degree of consolidation were achieved
in the Project. The PVD and preloading system adopted was effective. All three densification
methods produced results that met the specifications in terms of CPT cone resistance. The
effectiveness and the densification effect of three compaction methods are studied. 
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Chapter 10

Cement/Lime Mixing Ground Improvement for
Road Construction on Soft Ground

J.-C. Chai1 and N. Miura2

1Institute of Lowland Technology, Saga University, Japan
2Institute of Soft Ground Engineering, Co. Ltd., Japan

ABSTRACT

A road test section of about 1 km long on soft Ariake clay deposit, Saga, Japan, with 10 dif-
ferent ground improvement methods is described, and the field-monitored results on settle-
ments in a period of more than 1 year and the deflection test results are reported. Both the
settlement and deflection test results indicate that for a low embankment (�3.0 m) road,
increase in the strength/stiffness of base-course and subgrade and/or increase in the
improvement depth of subgrade can reduce the traffic-load-induced settlement signifi-
cantly. Also, the field data indicate that cement treatment is more effective than lime treat-
ment for soft Ariake clay, and a layer of geogrid in base-course has a positive effect on
reducing deflection of the test road. For a low embankment road, the traffic-load-induced
settlement consists of a large part of residual settlement and controls the maintenance cost.
The methods for predicting the traffic-load-induced settlement are briefly reviewed.
Comparing the predictions with the measurements of some subsections of the test road
shows that Chai and Miura’s (2002). J. Geotech. Geocnnion. Eng., ASCE, 128(11)
907–916, empirical method is useful for predicting the traffic-load-induced settlement.
Finally, the concept of total cost (construction cost and maintenance cost) is introduced, and
it is demonstrated that for a road with intensive traffic (D-traffic in Japan) and on soft sub-
soil, using a relatively costly ground improvement scheme is attractive in terms of total cost.

1. INTRODUCTION

In lowland areas of soft clay deposits, to reduce embankment load-induced settlement and
construction cost, normally, low embankment (�3.0 m height) road is constructed
(Fujikawa et al., 1996; Miura et al., 2000; Miura, 2002). However, the low embankment
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road can be easily affected by traffic load, causing the differential settlement and the crack-
ing of pavement. Then periodic repairing (over-layering) is required in the lifetime of 
the road. This kind of periodical repairing activity not only influences the traffic, but also
the costs.

There are some options for reducing the traffic-load-induced settlement, differential
settlement and the cracking of pavement, namely, cement/lime mixing improvement of
soft clayey subsoil, reinforcing the base-course and/or subgrade of a road, using light-
weighted fill material to reduce embankment load and some combinations of the methods.
Practically, to select an improvement method, not only the technical availability but also
economic feasibility must be considered. To find an economic and effective way of con-
structing low embankment roads on soft subsoil, a test section about 1 km long with dif-
ferent ground improvement techniques was constructed on soft Ariake clay deposit, Saga,
Japan, and monitored for a period of more than 1 year. This chapter first reports the field
conditions, ground improvement construction and the field monitoring results. Then, the
methods for predicting the traffic-load-induced permanent settlement of a low embank-
ment road are briefly reviewed, and the predicted values by a recommended method are
compared with the field data of the test road. Finally, the concept of total cost (construc-
tion cost and maintenance cost) is introduced and some possible ways to reduce the total
cost are briefly discussed.

2. SUBSOIL CONDITION AND TEST SECTION CONSTRUCTION

The test section was located at Kawazoe Machi, Saga, Japan. At the site, nine piezocone
penetration tests and three boreholes were made within 800 m length to investigate the
subsoil conditions. The measured cone tip resistances (qt) are given in Figure 1 (after
Miura, 2002). The estimated soil strata are also indicated in Figure 1. The total thickness
of soft deposit is about 20 m and can be subdivided into five alluvial clay layers (Ac1 – Ac5)
and two thin alluvial sand layers (As1 and As2). The softest layer is located at about 0 m
elevation with a qt value of 0.1–0.2 MPa. On the basis of the piezocone test results the sub-
soil has been divided into four zones, I–IV, as indicated in Figure 1. Zones I and IV are
similar where sand layer As1 is thin. In zone II, there is no Ac3 layer, and the sand layer As1

is relatively thicker. In zone III, the thickness of As1 layer varies from that of zone II and
zone IV. Generally, zones II and III are stronger. The three boreholes were located at No.
1, No. 6 and No. 8 locations as shown in Figure 1. The soil properties from laboratory tests
with soil samples recovered from the three boreholes are summarized in Figure 2 (after
Miura, 2002). The natural water contents of the clay were 80–130% and slightly higher
than the corresponding liquid limits. Within about 10 m depth, the compression index (Cc)
of the soil was generally 1.0–2.0. The groundwater level was about 1.0 m below the ground
surface.
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About 1-km-long test section had 10 subsections. Each subsection had a different
ground improvement method. The location of each subsection is indicated in Figure 1 and
the cross-section of each subsection is illustrated in Figure 3 (after Miura, 2002). The
Ascon in the figure means asphalt-concrete. The amounts of admixtures added and the
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resulting unconfined compressive strengths (qu) from laboratory tests using the field sam-
ples are summarized in Table 1.

In Mf subsection, 0.3- m-thick base course was treated by air-bubbled cement (lightweight
with a resulting unit weight of 13.1 kN/m3) and reinforced by a geogrid. The layout of the
geogrid is illustrated in Figure 3. The strength of the geogrid was 98 kN/m and failure strain
was 5%. The nominal grid size was 25 mm � 25 mm and the unit weight was 170 g/m2. Then
a 0.6 m thick subgrade was treated with cement and the amount of cement used was 1.10
kN/m3. For two soil–cement column–slab subsections (CI and CII), the diameter of the column
was 0.8 m and the area replacement ratio of the soil–cement column was 36%. The difference
between those two geogrid plus the cement treatment subsections (GI and GII) results in the
layout of the geogrid. In GII, the two ends of the geogrid were connected, but in GI they were
not. In subsection Es, expanded polystyrol beads were mixed in a 0.95-m-thick layer, and the
resulting unit weight of the treated layer was 14.9–15.1 kN/m3. The methods for constructing
surface cement–lime mixing and soil–cement column are as follows:

1. Surface mixing method. There are two methods of mixing admixture with surface
soil, namely dry mixing and wet mixing. The machine used for dry mixing was mod-
ified from a backhoe. The modification was made by replacing the normal bucket of
a backhoe with one having several open slits as shown in Figure 4. In the case of wet
mixing, the admixture and the soil were mixed in a mixer and poured on the ground
surface. The field tests (two test yards with a length of 5 m, width of 3 m and thick-
ness of 0.5 m) showed that the scatter of the strength of the samples from dry mixing
yard was larger than that from wet mixing. However, the average strength of the dry
mixed sample was higher, and dry mixing was easier to operate in the field (Fujikawa,
1996). Therefore, for the test road, the dry mixing method was adopted. 
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Table 1. Summary of ground improvement methods

Subsection Subsection name Base/subgrade Thickness (m) Amount of Unconfined compressive 
symbol admixture used(kN/m3) strength, qu (kPa)

Ls Lime surface treatment Subgrade 1.00 0.96 640
Es Light-weighted fill materiala and cement mixing Base 0.30 2.26 310

Subgrade 0.65 2.26 110
Mf Multifunctional treatment Base 0.30 3.38 1750

Subgrade 0.60 1.10 1980
CI Soil–cement column-slab method I Base 0.70 1.37 2440

Subgrade 3.5 column 2.00 column 2390
CII Soil–cement column-slab method II Base 0.7 1.37 1400

Subgrade 2.0 1.40 1810
GI Geogrid � cement treatment method I Subgrade 0.6 1.10 580
GII Geogrid � cement treatment method II Subgrade 0.6 1.10 580
SF Special lime treatment � decomposed  Subgrade 0.3 — 680

granite replacement Subgrade 0.3
decomposed
granite 
replacement

Ss Special lime treatment Subgrade I 0.3 — 720
Subgrade II 1.5 0.69 320

Cm Cement surface treatment Subgrade 0.6 1.10 1410

aExpanded polystyrol (EPS) beads.



2. Soil–cement column construction method. The soil–cement column was constructed
by Teno-column method. The method of mixing cement slurry with clayey soil by a
mixer is as shown in Figure 5. The mixer consists of a mixing wing and a free wing.
The function of the free wing is to prevent the co-rotation of the soil with mixing wing
and achieve a better mixing. 

Average embankment thickness of the test section was about 0.75 m (including pave-
ment). The total width of the test section was 10 m, in which 7.5 m was for traffic and 2.5
m for sidewalk. Figure 6 shows a typical cross-section of the road 

3. PERFORMANCE EVALUATIONS

3.1. Surface settlement 
The settlement was measured after the completion of the road and the settlement during
the construction was not monitored. About 100 days after the completion of the construc-
tion, the road was opened to traffic. Figures 7(a) and (b) show the measured settlement
variation of each subsection. The field data are from the Civil Engineering Department,
Saga Prefecture, Japan (1996). Figure 7(a) shows the data of the relative stronger subsoil
zones, zone II and III, and Figure 7(b) shows the data of the relative weaker subsoil zones,
zone I and IV. It can be seen that the subsoil condition had an obvious effect on settlement,
and zones II and III had a smaller settlement than zones I and IV. Another point is that
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before the road has opened to traffic, all subsections (except subsections SF and Ss), the
embankment (including pavement) load - induced consolidation settlement was almost
finished. The reason that the embankment load-induced settlement for SF and Ss was not
finished, when the road opened to traffic, is not clear. In later discussion, we consider the
settlement after the road opened to traffic was the traffic-load-induced settlement.

(1) Comparing lime treatment with cement treatment. Subsections Ls, SF and Ss were
treated with lime and the improvement depth varied from 0.9 to 2.1 m. These three
subsections were all in weaker subsoil zones, subsection Ls in zone I, subsections SF
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Figure 5. Sketch of Teno-column mixer (after Shen, 1998; reproduced with the permission of S.-L. Shen).
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Figure 6. Typical cross-section of the road. (After Miura; 2002; reproduced with the permission of International
Association of Lowland Technology.)



and Ss in zone IV. Compared with other subsections in zones I and IV that have the
same or less improvement depth (Es, Mf), the settlements of lime-treated subsections
are larger (Figure 7(b)). Therefore, generally, the lime treatment was not as effective
as cement treatment for soft Ariake clay. However, when comparing CII (in zone IV
with cement treatment and improvement depth of 2.7 m) with Ls (in zone I with lime
treatment and improvement depth of 1.3 m), they had almost the same amount of set-
tlement (Figure 7(b)). This means that not only the admixtures used, but also the qual-
ity of treatment is an important factor.

(2) Effect of improvement depth. CI and CII used the similar improvement method but CI

had a deeper improvement depth and smaller settlement (Figure 7(b)). The major dif-
ference between CI and CII was the settlement after opened for traffic (i.e. the traffic-
load-induced settlement). Subsection CII might have a poor improvement quality as
discussed above. On comparing CI (4.2 m improvement depth) and Cm (0.9 m
improvement depth) we can emphasize the effect of improvement depth (Figures 7(a)
and (b)). Also, SF and Ss had a similar improvement technique, but Ss had a deeper
improvement depth and a smaller settlement (Figure 7(b)). Normally, traffic load has
a limited influence depth (Fujikawa et al., 1996; Chai and Miura, 2002; Miura, 2002).
If the improvement depth exceeds this influence depth, the traffic-load-induced set-
tlement can be substantially reduced. This will be discussed later in detail. 

(3) Effect of strength of base-course/subgrade. The importance of the strength/stiffness
of improved layer is already mentioned when comparing CI and CII, and CII and Ls.
This point can be further demonstrated by comparing the subsections Mf and GI.
These two subsections had the similar subgrade improvement method and improve-
ment depth. GI was in the relatively stronger subsoil zone, zone III, but the improved
subgrade had an unconfined compressive strength (qu) of 580 kPa (Table 1). Mf is in
zone I and improved subgrade had a qu value of 1980 kPa (Table 1). As a result, Mf

had less settlement than GI (Figures 7(a) and (b)).

286 Chapter 10

0

50

100

150

Cm

GII

GI

Subsoil zone II and III

0 100 200 300 400
Elapsed time (days)

Se
ttl

em
en

t (
m

m
)

(a)

Subsoil zone I and IV

0 100 200 300 400
Elapsed time (days)

0

50

100

150

Se
ttl

em
en

t (
m

m
) Ls

Es
MF
CI
CII
SF
Ss

(b)

Figure 7. Settlement versus time curves.



(4) Effect of geogrid reinforcement. Cm, GI and GII were in zone II and III and had the same
improvement depth, but GI and GII had a geogrid reinforcement later and Cm did not.
Also, Cm had higher subgrade strength than GI and GII (Table 1). However, GI and GII

had a less settlement, which is considered an effect of geogrid. The difference between
GI and GII is that for GII the reinforcement was connected at two ends but in the case of
GI it was not. GII had a smaller settlement than GI (Figure 7(b)), but the subsoil of sub-
section GII was stronger than that of subsection GI. So, the effect of different layouts of
reinforcement is inconclusive. Miura et al. (1990) suggested that a layer of geogrid can
have an equivalent effect of increase in thickness of improved layer by 0.1 m. 

(5) Effect of light-weighted material. Es and Mf were constructed with light-weighted
materials. Subsection Mf also had a layer of geogrid reinforcement and a higher sub-
grade strength, and therefore, the effect of light-weighted material cannot be identi-
fied. For Es, EPS beads were mixed with a 0.95 -m-thick layer below the base-course.
Although the strength of the treated layer was relatively lower (Table 1), the settle-
ment was relatively smaller, and it is considered as an effect of light-weighted mate-
rial. The settlement curve of Es shows that after open to traffic, the settlement
increment rate is relatively higher, which may indicate that light-weighted material
can reduce embankment load-induced settlement but has insignificant effect on the
traffic-load-induced settlement. 

3.2. Deflection measurement results
Benkelman beam tests (BBT) and falling weight deflection (FWD) tests were conducted
to evaluate the deflection behavior of each subsection. The tests were conducted twice,
immediately after construction and 1 year after construction. The results are depicted in
Figures 8 and 9 for BBT and FWD, respectively (after Miura, 2002). In Figure 8, D0 is the
deflection directly under the loading point, and D150 the deflection at a point 1.5 m away
from the loading point in the direction along the road. DB in Figure 9 is the calculated
deflection at the base of subgrade directly under the loading point. The calculation was
made under the assumption that the load was transmitted from the loading plate at the sur-
face to the base of subgrade with a spreading angle of 45° (Miura, 2002). For FWD test,
with a load spread angle of 45°, the deflection at x m from the edge of the loading plate
mainly influenced by the properties of the soil layers below x m depth rather than the lay-
ers above. Let us denote the thickness of base-course and subgrade as Hb. It is further
assumed that the value of DB will be the surface deflection at distance HB from the edge
of the loading plate (Fujikawa, 1996). 

Generally, tendency is the same as settlement measurement. The thicker the improved
layer and higher the strength/stiffness of the base-course and the subgrade, the smaller the
deflection. CI and Mf subsections had smaller settlements (Figure 7(b)) and smaller deflec-
tions (Figures 8 and 9). However, there are some contradictions with regard to settlement
measurement. Subsections CII and Ss had a relatively larger settlement (Figure 7(b)) but a
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smaller deflection (Figures 8 and 9). The exact reason for this is not yet clear. Both CII and
Ss had a relatively thicker improved layer, and it might contribute to the smaller deflection
measurement. From Figure 9, the factor that subsections CI, CII and Ss had smaller deflec-
tions at the base of subgrade (DB) supports this argument. Another point is that subsection
Cm had a modest settlement which is consistent with FWD measurement, but different from
BBT result. BBT resulted in the largest deflection of subsection Cm, and the reason is 
not clear.

On comparing the two measurements, immediately after the construction and 1 year
after the construction, there was no significant difference between these two measurements
except for subsections GI and GII in case of BBT results. For GI and GII, BBT results indi-
cate that 1 year after the construction, the measurement is about three times of that imme-
diately after the construction. Again, the exact reason is not clear yet, possibly owing to
the deterioration of reinforcement effect, such as creep deformation of the geogrid, etc.

From the above discussion it can be said that both the improvement depth and
strength/stiffness of improved layer have a significant influence on the traffic-load-induced
settlement and deflection of a road. The test results show that an improvement depth of
more than 1.3 m from the bottom of the base-course is required to substantially reduce the
traffic-load-induced settlement and the deflection of a road. If the improvement depth is
about 1.0 m, an unconfined compressive strength of more than about 1000 kPa for improved
layer is desirable.

For low embankment road, the traffic-load-induced settlement is the main part of the
post-construction settlement and therefore it controls the maintenance cost. In the follow-
ing section, the methods for predicting the traffic-load-induced settlement will be dis-
cussed and some subsections of the test road reported in this chapter will be analyzed.

4. PREDICTING THE TRAFFIC-LOAD-INDUCED PERMANENT SETTLEMENT

4.1. A brief review on existing methods
Several factors affect the traffic-load-induced deformation, namely, (a) the strength and
deformation characteristics of soft subsoil, (b) the properties of pavement, base-course and
subgrade of a road and (c) the magnitude and number of applications of traffic load. Any
useful settlement prediction method should consider the above-mentioned factors directly
or indirectly. The existing methods can be divided into three groups: (1) numerical meth-
ods; (2) equivalent static loading methods; and (3) empirical equations.

(1) Hyodo et al.’s (1996) dynamic analysis method. Theoretically, explicit simulation
of the response of subsoil under repeated load is preferable. A method proposed by Hyodo
et al. (1996) combines dynamic numerical analysis (two-dimensional (2D)) and dynamic
triaxial test results to predict the traffic-load-induced deformation. However, the methods
of explicit simulation are difficult to use in engineering practices. The response of subsoil
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under traffic load is a three-dimensional (3D) problem and the number of load applications
is usually extremely large. 

(2) Fujikawa et al.’s (1996) equivalent static load method. On the basis of field meas-
urement, Fujikawa et al. (1996) proposed a method to estimate the distribution of the traf-
fic-load-induced consolidation settlement in the subsoil. In Fujikawa et al.’s method, a
triangular distribution of traffic-load-induced stress increments is assumed, i.e. maximum
at ground surface and linearly decreased to zero at a depth of influence. Fujikawa et al.’s
method can only calculate the final settlement and the variation of the settlement with time
cannot be predicted. Furthermore, the traffic-load-induced stress is not calculated explic-
itly; the properties of pavement, base-course and subgrade, and the behavior of subsoil
under repeated load are not considered.

(3) Li and Selig’s (1996) empirical method. A number of empirical equations have
been proposed to predict the permanent deformation of cohesive soil under repeated load.
Among them, the power equation proposed by Monismith et al. (1975) has been widely
used. Li and Selig (1996) proposed a method to determine the constants in the power equa-
tion, in which the magnitude of traffic load applications and the strength of subsoil are
directly included in the equation, and the physical state of subsoil is considered indirectly.
Li and Selig (1998) showed some successful applications of the equation to predict the set-
tlement of cohesive soils under train loading. The values of the constants suggested by 
Li and Selig seem to be applicable to compacted cohesive soils but may be less suitable
for natural clay deposit. Also, the effect of initial static deviator stress in subsoil is not 
considered.

(4) Chai and Miura’s (2002) empirical method. Chai and Miura’s (2002) method is a
modification of Li and Selig’s (1996) method. The main modifications were (a) consider-
ing the effect of initial deviator stress and (b) linking the constant, a, in Li and Selig’s
(1996) equation to the compression index (Cc) of subsoil. This constant mainly controls
the magnitude of the traffic-load-induced settlement. This method was used to analyze
some subsections of the test road in Saga, Japan, and a brief description is given below. 

The equation for calculating the cumulative plastic strain (εp) of soft cohesive soil
under repeated loading is

εp � a� �
m

�1 � �
n

Nb (1)

where qd is the traffic-load-induced dynamic deviator stress, qf the static failure deviator
stress of soil, N the number of repeated load applications, qs the initial static deviator stress
and a, b, m and n are the constants. The methods for determining the variables and con-
stants in Eq. (1) are as follows:

1. Dynamic deviator stress qd. To estimate the value of qd, 3D traffic load transfer mech-
anism and the characteristics of multilayer foundation must be considered.

qs
�
qf

qd
�
qf
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Burmister’s multilayer elastic solution (Burmister, 1945) is considered suitable for
this purpose. Using numerical techniques, the non-linearity of subsoil behavior can be
considered. In calculation, equivalent uniform distributed loads over circular areas
simulate the tire loads of a truck. A relationship between the magnitude of the tire load
and the radius of the equivalent loading area reported by Uchida (1988) is recom-
mended (Figure 10). If there are no measured data, the traffic load amplification fac-
tor of 1.0 is suggested (considering the traffic load as a static load).

2. Static failure deviator stress qf. qf � 2Su, and Su is the undrained shear strength of soft
subsoil and can be measured by field vane shear test or determined by the following
empirical equation (Ladd, 1991):

Su � Sσ �v(OCR)m1 (2)

where σ�v is the effective vertical stress, OCR the over-consolidation ratio and S and
m1 are constants.

3. Initial deviator stress qs. After a road embankment construction, the static stress dis-
tribution in subsoil can be calculated by one of the following two methods:
(1) 2D finite element (FE) analysis.
(2) Hand calculation. After embankment construction (assume the consolidation is
finished), the vertical stress in the subsoil is calculated as

σ �v � �γihi � ∆σ �v (3)

Cement/Lime Mixing Ground Improvement for Road Construction 291

0 20 40 60 80 100
0

100

200

300

E
qu

iv
al

en
t r

ad
iu

s 
(m

m
)

Tire load (kN)

Double tires

Single tire

Figure 10. Relationship between the magnitude of the tire load and the equivalent radius of loading area.
(Data from Uchida, 1988).



where Σγihi is the effective stress due to gravitational force of subsoil (below water
level, buoyancy unit weight should be used) and ∆σ�v the embankment-load-induced
stress increment, which can be estimated by Osterberg’s (1957) method. For calculat-
ing the horizontal stress, the following equation is suggested to estimate the horizon-
tal earth pressure coefficient, Ko (Mayne and Kulhawy, 1982):

Ko � (1 � sin φ�)(OCR)sinφ � (4)

where φ� is the the effective stress internal friction angle of subsoil. 
4. Constants b and m. At present, the values suggested by Li and Selig (1996) are rec-

ommended (Table 2). The parameter b controls the incremental rate of plastic strain
with the number of repeated load applications. Li and Selig (1996) showed that b is
not sensitive to the magnitude of dynamic deviator stress. It is mainly influenced by
soil type. The parameter m influences both the magnitude and distribution of plastic
strain with depth. Since qd /qf is � 1.0 (and not a failure problem), the larger the m
value, the faster the decrease in εp with depth.

5. Constant a. The parameter a influences the magnitude of plastic strain. The traffic-
load-induced deformation mainly consists of two parts, namely, dynamic consolida-
tion and shear deformation. The amount of dynamic consolidation deformation is
directly related to the compression index (Cc) of soil. Also, Cc is one of the parame-
ters affecting the magnitude of shear deformation. Therefore, it is rational to relate a
with the compression index (Cc) of subsoil:

a � αCc (5)

where α is a constant. On the basis of back-calculated results, Chai and Miura (2002)
proposed that α � 8.0.

6. Constant n. n is a parameter controlling the degree of the effect of initial deviator
stress and Chai and Miura (2002) suggested that n � 1.0.

4.2. Comparing predicted settlements with the field measurements
In the analyses, only trucks were considered. This is because in comparison, the weight of
passenger cars is 1/10 to 1/30 of that of heavy trucks. The effect of a passenger car on the
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Table 2. Values of constants a, b and m (suggested by Li and Selig, 1996)

Soil Type a b M

CH (high plasticity clay) 1.2 0.18 2.4
CL (low plasticity clay) 1.1 0.16 2.0
MH (elastic silt) 0.84 0.13 2.0
ML (silt) 0.64 0.10 1.7



permanent deformation of a road may be about 1/100 to 1/900 of that of a heavy truck.
Another factor is that there are many types of trucks, and the number of axle and the dis-
tance between the axles are different. For simplicity, a load distribution pattern as shown
in Figure 11 was adopted. According to Japanese standard, the rear axle supports 80% and
the front axle supports 20% of the total load (Uchida, 1988). The adopted values of con-
stants in Eq. (1) were α � 8.0, b � 0.18, m � 2.0 and n � 1.0 (Chai and Miura, 2002).

Among 10 subsections, 4 of them (CI, Cm, Mf and GI) were analyzed to investigate the
effect of improvement depth (comparing CI and Cm) and the strength/stiffness of subgrade
(comparing Mf and GI).

(1) Traffic intensity and the parameters adopted. The total traffic intensity was about
2500 cars/day (two-way) and most of them were passenger cars. The trucks were about 6%
of total traffics (150 trucks/day) (Chai and Miura, 2002). Since the road is relatively nar-
row, the two-way traffic was used for calculating the traffic-load-induced permanent defor-
mation. The trucks that passed this road were mainly light-weighted ones, and heavy
trucks were very rare. In the analysis, it was assumed that the average weight of the truck
was 100 kN/truck and equivalent radii of tire/road contact areas were 200 mm for back
tires (double wheels) and 100 mm for front tires (Figure 10). For analyzing the traffic-load-
induced stress in subsoil, the adopted Young’s modulus (E) and thickness (H) of each layer
are summarized in Table 3. Poisson’s ratios adopted were 0.2 for pavement and base-
course, 0.25 for subgrade and 0.4 for soft subsoil. Modulus for cement treated layers was
estimated as 100 times of the unconfined compressive strength (qu) (Kitazume, 1996).
Modulus for natural subsoil was assumed to be about 200 times the undrained shear
strength (Su) (Fujikawa, 1996). For the four subsections considered, the calculated
dynamic deviator stresses were 3 – 5 kPa just below the subgrade, and reduced to about
1.0 kPa at a depth of about 6 m. 

(2) Traffic-load-induced settlement. The calculated traffic-load-induced settlements are
compared with measured data in Figures 12 and 13. The calculation predicted the field
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data reasonably well. Note, that for these four subsections, we were able to get the meas-
ured data more than 2 years after the road opened to traffic. In Figure 12, subsections Cm

and CI are compared, which had different depth of improvement. For CI, soil-cement
columns (36% replacement ratio by area) improved the upper subsoil. Dynamic deviator
stress below the columns was small and the traffic-load-induced settlement was much
smaller than Cm. In Figure 13, Mf and GI are compared. These two subsections had a sim-
ilar subgrade structure but the strength and stiffness of the cement-treated layer were dif-
ferent, and GI had a lower strength and stiffness. Settlement of GI was more than twice of
that of Mf. This case history indicates that an increase in the thickness and stiffness of
improved subgrade is efficient for reducing the traffic-load-induced permanent settlement
of soft subsoil.
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Table 3. Thickness and Young’s modulus of each subsoil layer of Cm, CI, Mf and GI subsections

Sub- Pavement Subgrade Upper subsoil Lower subsoil
section base course base course

H (m) E (kPa) H (m) E (kPa) H (m) E (kPa) H (m) E (kPa)

Cm 0.45 35,000 0.6 140,000 3.5 3,000 2.5 2,500
CI 0.15 35,000 0.7 244,000 3.5 86,400 2.5 2,500
Mf 0.45 175,000 0.6 198,000 2.0 3,000 4.0 2,500
GI 0.45 35,000 0.6 58,000 2.0 3,000 4.0 2,500

Notes: (1) H is the layer thickness and E the Young’s modulus.
(2) Below the lower subsoil is a semi-infinite half-space.
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Miura, 2002).



(3) Distribution of traffic-load-induced plastic strain with depth. The calculated plastic
strain distribution with depth is depicted in Figure 14 for 1 year after opened to traffic con-
dition. It indicates that for the case considered, the significant influence depth of traffic
load is about 6 m below the base of the embankment (pavement and base-course). Also,
the plastic strain reduced very quickly within the upper 2 m. 

Cement/Lime Mixing Ground Improvement for Road Construction 295

0 200 400 600 800

0

20

40

60

80

T
ra

ff
ic

 lo
ad

 in
du

ce
d 

se
ttl

em
en

t (
m

m
)

Elapsed time after open to traffic (days)

Mf

GI

Figure 13. Comparing the traffic-load-induced settlement of subsections GI and Mf (modified from Chai and
Miura, 2002).

0 1 2 3 4 5

0

1

2

3

4

5

6

D
ep

th
 b

el
ow

 th
e 

ba
se

 o
f 

em
ba

nk
m

en
t  

(m
)

Vertical strain (%)

1 year after open to traffic

Cm

GI

Mf

Figure 14. Calculated plastic strain distribution with depth (modified from Chai and Miura, 2002).



5. TOTAL COST OF LOW EMBANKMENT ROAD CONSTRUCTION ON SOFT SUBSOIL

5.1. Concept of total cost
In the case of a road, the total cost mainly consists of construction cost (initial cost) and
maintenance cost. It is generally true that the initial cost and maintenance cost is in
reversely related, i.e. higher initial cost will require less maintenance cost, and vice versa.
The maintenance cost can be divided into direct and indirect costs. The direct cost is the
cost for repairing the road and the indirect cost is the effect of repairing the road to social
activities. For a low embankment road on soft ground, the repairing cost is directly related
to residual settlement and can be divided into two types again, namely, the cost for repair-
ing of the differential settlement and the cost for repairing the cracks and ruts.

(1) Repairing of differential settlement. Along a road, the bridges and box culverts are
generally supported by piles, which penetrate into stiffer layers, and therefore, have
less settlement than the road section directly on soft deposit. The differential settle-
ment will influence traffic and have to be repaired. Figure 15 shows an example of the
differential settlement in Saga, Japan. In Japan, it is required that (a) when the differ-
ent settlement reaches 30 mm, it must be repaired (Japan Road Association (JRA),
1983) and (b) the repaired road must satisfy the required slope for a vehicle speed at
60 km/h (JRA, 1984). Figure 16 shows the scheme/sequence of repairing. 

(2) Repairing the cracks and ruts. For a low embankment road on soft subsoil, if the sub-
grade is not strong enough, traffic load can cause cracks and ruts in pavement and they
have to be repaired by overlaying of a road with a layer of asphalt.
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Figure 15. Example of differential settlement in Saga, Japan.



As shown in Figure 17, a lower initial cost implies a higher residual settlement and
higher maintenance cost. Ideally, there is an optimum initial investment, which will result
in a lowest total cost. 

The indirect cost includes the social influence of blocking a road for repairing and the
uncomfortable feeling of driving through a road with differential settlement. However, it
is not easy to evaluate quantitatively.

5.2. Traffic intensity definition in Japan and estimated direct repairing cost
In Japan, the traffic intensity can be divided into four groups: A to D-traffic (Uchida,
1988). The traffic volumes are as follows:

A-traffic: 100–250 vehicles/day/one-way
B-traffic: 250–1000 vehicles/day/one-way
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C-traffic: 1000–3000 vehicles/day/one-way
D-traffic: �3000 vehicles/day/one-way

Generally, for A- and B-traffic, the width of the road is about 7.0 m (1 lane in 
each direction) and for C- and D-traffic, the width of the road is 24 m (2–3 lanes in each
direction). 

To repair the different settlement between the crossroad structures (box culverts) and
the adjacent road sections, there are different requirements and of course different costs.
The strictest requirement is to satisfy the preferable radius (slope) of curvature in longitu-
dinal direction of a road with a value of θ in Figure 16 of 0.64° for the speed of 60 km/h
(will be called the best method). The next less strict requirement is to satisfy the minimum
radius of curvature with a value of θ in Figure 16 of 0.77° (will be called the second best
method), and the least strict requirement is to have minimum overlay with a θ angle of
2.86° (will be called conventional method). As mentioned previously, when the different
settlement reaches 30 mm, the repairing will be carried out. Using a unit price of 1400 JP
Yen/m2/30 mm, which was the price in Japan in 1995 (Miura, 2002), and assuming that the
residual settlement equals the differential settlement (no residual settlement for box cul-
vert structure), Miura (2002) calculated the repairing cost per box culvert as a function of
residual settlement (Figure 18). It can be seen that repairing cost increased rapidly with the
increase of residual settlement. Also, the difference between the best method and the sec-
ond best method is not significant, and the difference between the conventional method
and the best and the second best method is substantial. 
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5.3. An example calculation of total cost
For the 10 ground improvement methods adopted for the test section, the initial construc-
tion cost has been estimated as in Figure 19 based on the actual price in Japan in 1995 .
The cost differences between C- and D-traffic and between A- and B-traffic are due to the
different requirement on pavement and base-course structure (JRA, 1994). Considering
ground improvement scheme CI and Cm (highest and lowest initial construction costs as
shown in Figure 19), the initial construction cost for a 7-m-wide road (B-traffic) is about
100 and 50 million JP Yen/km, respectively. 

Figure 12 shows that CI had almost no residual settlement (traffic-load-induced) and Cm

had about 40 mm. Considering a service time of 20 years, this differential settlement may
reach about 50 mm or more. From Figure 18, for a 7-m-wide road (the width of the test
road was 7.5 m), the repairing cost per box culvert is about 0.2 million JP Yen for a resid-
ual settlement of about 50 mm. Further assuming 10 box culverts/km, the repairing cost
will be about 2 million JP Yen/km. For the test road, in about 2 years period, there was no
obvious ruts observed and the overall overlay was not conducted and it is considered to be
not carried out in the future. Then the total cost will be 100 and 52 million for CI and Cm

ground improvement methods, respectively, and Cm method is cheaper. Here, the social
cost of blocking the road for repairing is not considered. 

Now let us consider a D-traffic and 24 -m-wide road. From Figure 19, the initial con-
struction costs are about 260 million JP Yen/km for Cm method and about 440 million JP
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Yen/km for CI method. To have a realistic estimation of residual (or traffic-load-induced)
settlement, two other case histories, Saga airport road and the test section at national road
No. 34, Hyogo Machi, Saga, Japan, are briefly introduced. 

(1) Saga airport road. Saga airport road was constructed from 1990 to 1992 with a
total length of 9 km. At the site, there is about 20 m thick, highly compressible and highly
sensitive Ariake clay deposit. The total thickness of the road embankment was about 1.1
m, as shown in Figure 20. The material for subgrade was decomposed granite (it is called
masado in Japan). Although the lime (instead of cement) was used for stabilizing subgrade,
generally, the road structure was close to Cm of the test road. The total width of the road is
20 m, in which 11 m (2 lanes) are for traffic and 4.5 m on each side as sidewalk. 

Saga airport road is the main access road from Saga city to Saga airport. It was used for
transporting construction materials (fill materials and others) during the airport construc-
tion. The traffic intensity of heavy trucks (200 kN/truck) was about 400 trucks/day (one-
way). Settlements were monitored for more than 4 years at three monitoring stations. The
measured residual (mostly the traffic-load-induced) settlement was 0.2 – 0.3 m (Chai and
Miura, 2002). Except the repeated repairing of differential settlement between box culvert
structures and adjacent road sections, there was an overall overlay after about 21/2 years
of the end of construction. If considering a service time of 20 years and a more intensive
traffic condition, the residual settlement can be estimated to reach about 0.4 m or more.

(2) Test section at National road No. 34, Japan. At Hyogo Machi, Saga, Japan, the width
of national road No. 34 was 12–14 m wide and it had been decided to expand the road to four
lanes. To further confirm the effect of some of ground improvement methods, a test section
of 135 m long with three different ground improvement methods were constructed in 2001
and opened to traffic in March 2003. One subsection used soil–cement slab-column system,
and its cross-section is shown in Figure 21. The ground improvement scheme was close to CI

of the test road. The area improvement ratio by soil-cement column was 12.6%. The amount
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of the cement used was 1.67 kN/m3 of soil and the designed unconfined compressive strength
of the column was 600 kPa. At the site, the thickness of soft Ariake clay is about 10 m. Traffic
intensity has been about 16,000 cars/day, including about 2,800 trucks/day (one-way). One
year after open to traffic, the measured settlement (traffic-load-induced) was 4 mm (Motohara
et al., 2004). This test section can be considered as maintenance-free. 

Considering a road of 24 m wide and residual settlement of 0.4 m (Cm ground improve-
ment scheme in Saga area), the maintenance cost for differential settlement between box
culverts (10 box culverts/km) and adjacent road sections will be about 150 million JP
Yen/km (Figure 18). Just consider one overall overlay (30 mm thick) and the cost will be
about 34 million JP Yen/km. The total maintenance cost will be 184 million JP Yen/km.
This added to the initial construction cost of about 260 million JP Yen/km, will total to 444
million JP Yen/km. If we adopt a ground improvement scheme of CI, it is almost mainte-
nance-free and the total cost will be 440 million JP Yen/km. It is almost the same as the
total cost of the ground improvement scheme of Cm. When considering the social impact
of blocking the road for repairing, ground improvement scheme of CI should be preferable. 

6. CONCLUSIONS

A road test section of about 1 km long on soft Ariake clay deposit with 10 different ground
improvement methods is described, and the field monitored results on settlements in a
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period of more than 1 year and BBT and FWD test results are reported. At the test site, the
soft clayey layer was about 18 m and the height of the road embankment was about 0.75 m
(including the pavement). Both the settlement and deflection test results indicate that an
increase in the strength/stiffness of the base-course and the subgrade and/or an increase in
the improvement depth of the subgrade of a lower embankment road on soft subsoil can
reduce the traffic-load-induced settlement and the deflection of the road significantly. Also,
the field data indicate that cement treatment was more effective than lime treatment of soft
Ariake clay, and a layer of geogrid in the base-course had a positive effect on reducing
deflection of the test road.

For a low embankment road, the traffic-load-induced settlement consists of a larger part
of residual settlement and controls the maintenance cost of a road. The methods for pre-
dicting the traffic-load-induced settlement can be divided into three groups, namely,
numerical simulation methods, equivalent static load methods and empirical equations.
Comparing with the measurements of some subsections of the test road reported here
shows that Chai and Miura’s (2002) empirical equation, which consider the number of the
traffic load application, strength and compression index of soft subsoil, and the traffic-
load-induced stress distribution in the ground, is a useful tool for predicting the traffic-
load-induced settlement. 

The concept of total cost (construction cost and maintenance cost) is introduced and
conceptually there is an optimum combination of initial construction cost and maintenance
cost to result in a lowest total cost. It is demonstrated that for a low embankment road on
soft subsoil with intensive traffic (D-traffic in Japan), improving the subsoil by soil-cement
slab-column system to a depth of 4–5 m from the base of a road embankment is attractive
in terms of the total cost.
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Chapter 11

A Full-Scale Study on Cement Deep Mixing in Soft
Bangkok Clay

Dennes T. Bergado and Glen A. Lorenzo

Geotechnical and Geoenvironmental Engineering Program 
School of Civil Engineering, Asian Institute of Technology, Bangkok, Thailand

ABSTRACT

A case history of full-scale deep mixing improved soft clay ground overlain by a 6.0 m
high reinforced test embankment is presented. The deep mixing piles were constructed in
the ground using the jet mixing technique with cement slurry employing a jet pressure of
20 MPa. Comparison was made to another reinforced test embankment of almost the same
height constructed previously on unimproved soft clay foundation. Excess pore pressure
buildup during soil-cement pile installation by jet mixing was monitored. The surface and
settlements as well as lateral movements were monitored during and after embankment
construction. The deep mixing improvement has effectively reduced the settlement and lat-
eral movement of the foundation soil by as much as 70% and 80%, respectively. The local
differential settlement between deep mixing pile and its surrounding soil amounted to
8–20% of the average total settlement of the improved ground, and could induce downdrag
skin friction on the pile.

1. INTRODUCTION

Soft clay deposits which are inherently very low in strength, very high in compressibility
and prone to subsidence when there is excessive deep well pumping in nearby areas are
widespread in coastal and lowland regions; and several major cities in the world are strate-
gically situated on this type of geological deposits. Due to these inherent undesirable engi-
neering characteristics of soft clay deposits, geotechnical engineers have always been
confronted with not only the apparent but also subtle problems in providing the most
appropriate shallow and deep ground improvement techniques so as to meet the engineer-
ing requirements necessary for the design and construction of associated infrastructure
facilities.
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One of the techniques of improving thick deposit of soft ground is deep mixing method
(DMM). This technique has been successfully applied in Thailand for almost a decade as
foundations to highway embankments as well as to low to medium rise buildings, as retain-
ing structure for excavation works, etc. (see e.g. Bergado et al., 1999; Petchgate et al.,
2003). In DMM, the chemical agents, which are either powder or slurries of lime or
cement are mixed into the ground to form soil-cement piles. When cured these improved
column of soil-cement piles would stabilize and harden and, then, act as reinforcements of
the soil thereby increasing the load-bearing capacity of the soft ground. In Asia, the use of
cement in deep mixing practice is more common than the use of lime. Moreover, the meth-
ods of mixing generally applied in the installation of DMM piles are either mechanical
mixing or jet mixing (Kamon and Bergado, 1991; Porbaha, 1998). In the mechanical mix-
ing, the chemical admixtures are mixed into the soil by mixing blades; while in jet grout-
ing or jet mixing, the mixing is done by jet of water or slurries of admixtures. The deep
mixing and jet mixing methods would normally produce high water content cement-
admixed clay; besides the soft clay deposit normally has high water content. The conse-
quent stabilization of the soil after mixing the cement admixture is attributed to ion
exchange, flocculation, and pozzolanic reactions that happen in the mixtures over a span
of time.

In this chapter, a case history of full-scale cement deep mixing improved soft Bangkok
clay in Thailand is presented. This full-scale improved ground was loaded with a 6.0 m
high reinforced test embankment, and was instrumented and monitored within 1 year. The
purpose of this full-scale test is to study the characteristics of deep mixing employing jet
mixing method as a ground improvement technique for soft Bangkok clay. The behavior
of this full-scale test embankment was then compared to that of another reinforced full-
scale test embankment of almost the same height but constructed on unimproved founda-
tion, in order to clearly illustrate the effects of cement deep mixing in soft clay ground. 

2. REINFORCED TEST EMBANKMENT ON CEMENT DEEP MIXING (TEDM)

2.1. Project site and subsoil profile
The site of this full-scale study was near the Electricity Generating Authority of Thailand
(EGAT) Power Station Site at Amphur Wangnoi, Ayuthaya, Thailand. The site was under-
lain by the well-known soft Bangkok clay deposit. The foundation soils and their proper-
ties at the site are shown in Figure 1. The site had a newly placed 1.5 m-thick clay backfill,
since it was situated within a reclaimed parcel of land. The soft clay, which is overlain by
1.0-m-thick weathered crust and 1.5-m-thick clay backfill, was encountered from 2.5 to
9.0 m depth. The undrained shear strength obtained from field vane test of the soft clay
was less than 15 kPa. Underlying the soft clay layer is medium to stiff clay layer, having
strength of more than 50 kPa.
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2.2. Installation of deep mixing piles by jet grouting
The foundation subsoil was first improved with deep mixing piles which were installed in
situ by jet mixing method employing a jet pressure of 20 MPa. The jet mixing equipment
used for the deep mixing is shown in Figure 2. The deep mixing piles were installed at
1.5 m spacing in square pattern, except for the perimeter soil-cement piles which were
installed at 2.0 m spacing (Figures 3–5). The water–cement ratio (W/C) of the cement
slurry and the cement content employed for the construction of deep mixing piles were 1.5
and 150 kg/(m3 of soil), respectively. Each deep mixing pile has diameter of improvement
of 0.5 m and length of 9.0 m, which is up to the bottom of the soft clay layer, as shown in
the section views of the embankments (Figures 4 and 5). The deep mixing piles were
allowed to cure and the dissipation of excess pore water pressure was monitored until
about 80 days before the embankment was constructed. The strength properties of the deep
mixing piles with depth are shown in Figure 6.

2.3. Construction of reinforced embankment
The embankment was made of well-compacted silty-sand backfill reinforced with PVC-
coated hexagonal wire mesh. The backfill soil has compacted unit weight of 18.20 kN/m3,
cohesion of 7.70 kPa and angle of internal friction of 22°, and it has maximum dry density
and optimum water content of 16.1 kN/m3 and 15%, respectively. During construction, the
embankment filling was done at 0.375 m lift thickness and was compacted to at least 98% of
the maximum dry density of fill material (Bergado et al., 2002). To support the vertical side
of the embankment, concrete facing with dimensions of 1.50 m � 1.50 m � 0.15 m were
installed, each being held by two layers of hexagonal wire mesh reinforcements resulting to

A Full-Scale Study on Cement Deep Mixing in Soft Bangkok Clay 307

12 14 16 18 20

-11

-10

-9

-8

-7

-6

-5

-4

-3

-2

-1

0

0 50 100 150 200

 

0 0.2 0.4 0.6 0 0.04 0.08

from Vane Shear Test

Clay backfill

Weathered clay

Soft clay

Medium stiff clay

D
ep

th
 (

m
)

2.6 2.7 2.75 2.82.65

Gs

Gs

Unit weight

Corrected Su(kPa)
20 40 60 800

Unit weight (kN/m3)

CR RRP' oand P'max (kPa) 

P' o
P'max

20 40 60 80 100120

PL, wN, LL

PL  LL
wN

Figure 1. Soil profile below the reinforced test embankment TEDM.



308 Chapter 11

Figure 2. Jet mixing machine used in deep mixing.

Figure 3. Plan view of the reinforced test embankment TEDM.
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a vertical spacing of the reinforcements of 0.75 m (Figure 4). All reinforcements were 4 m
long and were laid horizontally behind the concrete facing. Dummy hexagonal wire mesh
reinforcements were also placed at selected heights of the embankment for subsequent full-
scale field pullout test. The finished embankment is 6 m high. The embankment construction
was completed within 15 days, started on 28 January 2002 and ended on 12 February 2002,
as shown in the stages of construction in Figure 7.

2.4. Instrumentations and monitoring
The embankment and the improved foundation were instrumented. Piezometers (P), which
monitored the dissipation of excess pore water pressures in the foundation soils during and
after deep mixing (jet grouting), were installed at various points underground within and
outside the embankment zone (Figures 3 and 4). Surface settlement plates (S) were
installed both “on pile” and “on clay” at the bottom of embankment. Deep settlement (DS)
plates were also installed at 3.0 and 6.0 m depths at few locations as shown in Figures 3
and 4. In addition, vertical and horizontal inclinometers were placed near the vertical side
of the embankment to measure the lateral displacement and settlement profile, respec-
tively. Due to the subsequent development in the site made by the landowner, the embank-
ment was demolished and all monitoring was eventually terminated after 12 months.
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3. FULL-SCALE REINFORCED TEST EMBANKMENT ON SOFT GROUND (TEU)

This full-scale test embankment on soft ground is hereinafter designated as TEU, which
means Test Embankment on unimproved soft ground. The Test Embankment TEU, a 5.7 m
height embankment reinforced with steel wire grid reinforcement, was constructed within
the campus of Asian Institute of Technology, Bangkok, Thailand as part of the US Agency
for International Development (USAID) sponsored research project. There was no improve-
ment being made in the foundation subsoil. The three uppermost layers of the subsoil from
the existing ground surface at the site of TEU consist of 2.0-m-thick weathered clay, 6.0-m-
thick soft to medium-stiff clay layer, and stiff clay layer, as shown in Figure 8. The steel
wire grid reinforcement used in this test embankment system consisted of W4.5(6.1 mm) �
W3.5(5.4 mm) galvanized steel wire mesh with 152 mm � 228 mm grid openings in the
longitudinal and transverse directions, respectively. Each reinforcement unit had dimension
of 2.44 m wide and 5.72 m long including the facing. The embankment was divided into
three sections along its length, and three different backfill materials, namely, clayey sand,
lateritic soil, and weathered clay were used, respectively, in each section (Figure 9a). The
embankment construction was completed within 1 month, started on April 24, and ended on
May 24, 1989. The configurations of entire embankment system are shown in Figures 9a
and b. The embankment and its foundation subsoil were extensively instrumented to moni-
tor their construction and post-construction performances (Bergado et al., 1991).

4. BEHAVIOR OF DEEP MIXING IMPROVED SOFT CLAY UNDER TEST

EMBANKMENT TEDM

4.1. Effect of deep mixing pile installation by jet mixing on the surrounding soil
Excess pore water pressure was developed in the foundation soil during the installation of
deep mixing piles by jet mixing method employing a jet pressure of 20 MPa. The excess
pore pressures in the foundation soils at 3 and 6 m depths after installation of deep mixing
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piles are shown in Figures 10 and 11, respectively. The piezometers installed outside but
near the improved foundation at 3 m depth were designated as p1/3, p2/3, p3/3, p4/3, and
p5/3 in Figure 10, while those installed within the improved ground were designated as
p6/3, p7/3, and p8/3 in Figure 10 (refer to Figures 3 and 4 for the locations of these
piezometers). Similarly, the piezometers installed outside but near the improved foundation
at 6 m depth were designated as p1/6, p2/6, p3/6, p4/6, and p5/6 in Figure 11, while those
installed within the improved ground were designated as p6/6, p7/6, and p8/6 in Figure 11.
The data indicated that there was relatively higher excess pore pressure being developed at
6 m depth than at 3 m depth, and this trend was observed both within and outside the
improved foundation. Therefore, the development of excess pore water pressure was
affected by the overburden pressure, and it tended to be higher at deeper depths. The aver-
age excess pore pressures just after the installation were 9.2 and 27 kPa at 3 and 6 m depth
within the improvement zone, respectively. After 70 days of dissipation, these excess pore
pressures decreased to 1.6 and 8.3 kPa, respectively.

In addition, Figure 11 demonstrated that higher excess pore pressure was developed at
points located within the improved foundation than at those points outside the improve-
ment zone at 6 m depth; however, this phenomenon was not obvious at 3 m depth as 
shown in Figure 10. The latter observation is indicative that the jet of water during jet mix-
ing operation must have traversed a wider distance at shallower depth, thereby causing
higher excess pore water pressure even to those points located at the proximity of the
improvement zone as demonstrated by the piezometers installed near the perimeter of the
improvement zone.
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Figure 8. Subsoil at the site of test embankment TEU.



Therefore, jet mixing operation may not be possible near an existing structure because it
can cause excess pore water pressure to develop at the proximity of adjacent existing foun-
dation. The development of excess pore water pressure can eventually reduce the bearing
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Figure 9. (a) Longitudinal section of test embankment TEU, (b) Transverse section of test embankment TEV.
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resistance of the nearby foundation and, hence, can lead to excessive settlement and even col-
lapse of the existing structure.

4.2. Construction and consolidation settlement 
Figure 12 shows the settlements on top of deep mixing piles and on the surface of sur-
rounding clay during and after construction up to 1 year of full embankment loading. From
these actual observed data, the average settlements on deep mixing pile and on clay
amounted to about 122 and 162 mm, respectively, after embankment construction. One year
after embankment construction, the average settlements on deep mixing pile and on clay
amounted to about 285 and 335 mm, respectively. Hence, the corresponding average settle-
ment at the bottom of the reinforced soil is about 310 mm 1 year after embankment con-
struction. Using the method of Asaoka (1978), the average total settlements of deep mixing
pile and of the surrounding soil were predicted as shown in Figure 13 using the data
recorded from settlement plates S11 and S15, which demonstrated the average settlement
of pile and surrounding soil, respectively. The average total settlements of deep mixing pile
and the surrounding soil amounted to 340 and 440 mm, respectively. Thus, about 40% of
the total settlement occurred during construction of embankment. 

Moreover, if there had been no improvement in the foundation soil, the settlement of
embankment 1 year after construction could have been > 1000 mm (Bergado and Lorenzo,
2003). Thus, the embankment load (weight of embankment) has been transferred to the
deep mixing piles, thereby not only reducing the intensity of pressure on the surrounding
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clay, hence the magnitude of its settlement, but also increasing the bearing capacity of the
improved foundation. The deep mixing piles have, therefore, transferred the load down to
their bottom ends and, consequently, effected a settlement reduction in the soft clay foun-
dation (Figure 1) of about 70%.

The deep mixing piles also promoted faster rate of consolidation of the improved foun-
dation. The degree of consolidation of the improved ground was almost 90% 1 year after
construction, as can be interpreted from the predicted total settlement and the settlement
after 1 year. For S11 and S15, for example, the settlement of pile and clay were 298 and
362, respectively, 1 year after embankment construction; hence, the corresponding degree
of consolidation of the improved ground was about 86% on the average, which is almost
90%. Besides, the settlement–time plot in Figure 12 also confirmed this observation. If
there had been no improvement in the 6.5-m-thick soft clay (Figure 1), the 90% consoli-
dation settlement could have been attained 9 years after construction (assuming actual
coefficient of consolidation of soft clay, Cv � 4 m2/year). Moreover, the time–settlement
plot obtained from deep settlement plates installed at 3 m and 6 m depth (Figure 13) also
confirmed the faster rate of consolidation settlement of the deep mixing improved ground.
Figure 14 demonstrated that both settlements at the surface, at 3 m depth and at 6 m depth
indicated the same pattern of consolidation behavior, which implied that the rate of con-
solidation became almost uniform over the entire depth of improvement due to the pres-
ence of deep mixing piles. 
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4.3. Local differential settlement between deep mixing pile and surrounding clay
The local differential settlements between pile and adjacent clay range from 25 to 60 mm
(Figure 12) when the average settlement of deep mixing piles amounted to 285 mm after
1 year of full embankment loading. This implies that the local differential settlement
between the deep mixing pile and the surrounding clay under the hexagonal wire rein-
forced embankment can range from 8% to 20% of the average settlement. However, this
amount of local differential settlement was almost eliminated at the surface of embank-
ment due to the combined effect of compaction as well as reinforcement stiffness and arch-
ing of overlying reinforced soil. Significantly, Figure 12 also demonstrated that the
magnitude of local differential settlements between piles and surrounding clay has been
almost fully attained just after 1 month of full embankment loading. This practically
implies that for road embankment constructed on deep mixing piles, the final surfacing
could be better done at least 1 month after embankment construction.

4.4. Lateral movement 
The lateral movement profiles of the improved foundation soils as well as the wall facing
of the reinforced embankment are shown together in Figure 15. The maximum measured
lateral movements in the foundation subsoil after embankment construction and 7 months
after embankment construction amounted to 5 and 45 mm, respectively; and both of them
occurred at the weakest zone of soft clay layer located at about 3.5 m depth below the sur-
face of the clay backfill (Figures 1 and 15). Since the average settlement on clay amounted
to 162 and 325 mm after embankment construction and 7 months after embankment con-
struction, respectively, so these magnitudes of lateral movement were only 3% and 14% of
the corresponding vertical settlement of embankment. 
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In addition, the top of vertical facing experienced a forward movement of only 30 mm after
embankment construction; it increased afterwards, amounting to 230 mm after 7 months. The
time-dependent behavior of the lateral movement of the wall is attributed to the time-depend-
ent lateral movement of the foundation soil as well as the time-dependent rotation of the
embankment body due to the uneven consolidation settlement of the improved foundation
soil. From Figure 15, the bottom of the embankment just after construction underwent trans-
lational movement of 16 mm; thus, for the 30 mm forward movement at the top of vertical
facing just after construction, the remaining 14 mm movement could be attributed to the con-
sequent forward movement of the precast concrete facing panel owing to the mobilization and
the subsequent elongation of hexagonal wire mesh reinforcements. After 7 months the lateral
(forward) movement at the bottom of embankment amounted to 90 mm; and this translational
movement is caused by the horizontal thrust of the sloping side of the embankment. Moreover,
after 7 months the embankment underwent rotation, resulting from the uneven consolidation
settlement of the foundation soil as shown in Figure 16. The gradient of the settlement profile
at the bottom of embankment after 7 months, as can be interpreted from Figure 16, is 0.02; 
or simply 20 mm vertical per meter horizontal. Assuming the reinforced portion of the
embankment after construction behaved rigidly after mobilizing the pullout resistance of the 
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reinforcements, this rotation would consequently cause an additional forward movement at the
top of the 6 m height embankment of 120 mm. Thus, after 7 months, the lateral movement at
the top of the vertical facing is estimated to be comprised of: 14 mm due to mobilization and
elongation of reinforcements, plus 90 mm translational movement of the embankment body,
plus 120 mm due to the rotation of embankment body, which yielded to a total magnitude of
224 mm. This estimated lateral movement of 224 mm at the top of vertical facing agrees to
the measured value of 230 mm. The slight underestimation of the calculated lateral movement
could be attributed to the subsequent effect of rotation of the embankment that might have
increased slightly the horizontal thrust of the soil in the reinforced zone and, thus, increased
the elongation of the reinforcements. Therefore, the time-dependent lateral movement of the
vertical facing was greatly affected by the unsymmetrical configuration and loading of the
embankment and the consequent uneven consolidation settlement of the foundation soil. 

4.5. Salient effects of deep mixing piles on soft clay improvement
The degree of improvement of the soft clay foundation improved by deep mixing piles
using Portland cement can be assessed by comparing the settlements as well as the lateral
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movements of the full-scale reinforced test embankment (TEU) constructed previously on
unimproved soft clay foundation with the present full-scale reinforced test embankment on
deep mixing improved soft clay foundation (TEDM). Both test embankments, TEU and
TEDM, were reinforced embankments, and were underlain by similar soil profiles, both
having a 6.5 m thick soft clay layer with similar properties. Therefore, even though the two
test embankments were constructed at two different locations, their results can still be
compared for practical assessment of the performance of deep mixing by jet mixing
method for soft Bangkok clay improvement.

The installation of deep mixing piles in the soft clay foundation could bring favorable
effects on the engineering performance not only on the improved foundation soil itself but
also on the reinforced soil wall/embankment. The soil-cement piles installation could
decrease the overall compressibility of the improved soft clay foundation. The decrease in
compressibility of the improved foundation is evident from the settlements of TEU and TEDM.
The comparison of settlements between the test embankment TEU on unimproved foundation
soil and the test embankment TEDM on improved foundation soil is presented in Figure 16.
One year after construction, the settlement of TEU was 1000 mm, while that of TEDM was
only 310 mm. Surely, the settlement of TEU could have been higher than 1000 mm if it had
been constructed up to a height of 6.0 m as in the case of TEDM. Thus, the compression of
the soft clay foundation was reduced by 70% as a result of deep mixing improvement. 

The soil-cement piles installation could also increase the bearing capacity of the
improved soft clay foundation. The increase in bearing capacity can be assessed based on
the lateral movement of the foundation soil. As demonstrated in Figure 17, after construc-
tion, TEU, which was constructed on unimproved foundation, had caused maximum lateral
movement of 130 mm in the weakest zone of the clay layer of the foundation soils; while
TEDM, which was constructed on deep mixing piles improved foundation, had caused lat-
eral movement of only 5 mm, also in the weakest zone of the clay layer. Since the height
of TEU was only 5.7 m, lower by 0.3 m than the TEDM, so the maximum lateral movement
in the soft clay layer under TEU could have been higher than 130 mm if it had been con-
structed up to 6.0 m height. After 7 months, the lateral movement of the soft clay founda-
tion under TEU amounted to 220 mm, while that of the improved soft clay foundation
under TEDM was only 50 mm. Thus, the lateral movement of the soft clay foundation was
reduced by as much as 80% due to deep mixing improvement. The substantial reduction
of the lateral movement in the case of deep mixing improved foundation simply indicated
that the lateral resistance and, hence, the overall bearing capacity of the foundation soil
was significantly increased as a result of deep mixing improvement. 

Moreover, the increase in lateral resistance and the decrease in compressibility of the
improved foundation soil have favorably affected the overall lateral movement of the rein-
forced wall. After embankment construction, the maximum lateral movement, which
occurred at the top of the wall, was 450 mm for TEU, but only 30 mm for TEDM (Figure 17).
Though the 450 mm maximum lateral movement of TEU was brought back to 350 mm after
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7 months of consolidation of the foundation soils, the lateral movement of TEDM after
7 months was 230 mm and was still lower than that of TEU. Therefore, the installation of
deep mixing piles in the soft clay foundation has also reduced the overall lateral movement
of the overlying reinforced wall/embankment.

4.6. Negative skin friction–inherent in deep mixing under embankment loading
Why the negative skin friction (or downdrag skin friction) in deep mixing pile improved
foundation under embankment loading is inherent? Unlike the conventional pile founda-
tion system (e.g., concrete pile foundation), where concrete (rigid) pile caps are provided,
the deep mixing pile foundation system, normally, does not have rigid pile cap. There are
two ways commonly applied for spreading/transferring the load from the embankment to
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the improved ground: either by placing a well-compacted mixture of sand and gravel or by
using a reinforced compacted soil/fill on the surface of the improved ground. Neither of
these load transfer devices is rigid, so the load from the superstructure is expected to be
shared by the deep mixing piles and the surrounding soil. The load sharing is dependent
on the stiffness of the load transfer device and of the deep mixing piles. 

As mentioned earlier, the local differential settlement between the deep mixing pile and
the surrounding soil, as observed from the full-scale deep mixing improved foundation
under the test embankment TEDM, varies from 25 to 60 mm for pile spacing of 1.5 m in
square pattern. Moreover, the case history of deep mixing application in road embankment
on soft clay (Bergado et al., 1999) revealed that the clay surrounding the deep mixing pile
underwent settlement always higher than that of the deep mixing pile. This local differen-
tial settlement occurs in deep mixing pile not only because of the considerable difference
in stiffness of deep mixing pile and the surrounding soil but also because of the nature of
the load transfer devices normally used for deep mixing piles. Thus, the local differential
settlement between the deep mixing pile and the surrounding clay is expected in deep mix-
ing improved foundation. Hence, the negative skin friction should be incorporated in the
analysis of bearing capacity and in the calculation of settlements of deep mixing piles.

Figures 18a and b show the schematic diagrams of the long-term settlement of an ideal-
ized deep mixing pile unit cell with and without friction at the interface of deep mixing pile,
respectively. Figure 18a illustrates the actual settlement profile of the soil surrounding the
deep mixing pile in a unit cell, and this figure demonstrated the possibility of having nonuni-
form settlement of the clay surrounding the deep mixing pile, being smallest near the inter-
face of deep mixing and increasing radialy up to a maximum value at the point midway
between two adjacent piles. This behavior of settlement profile is caused by the arching effect
of the load transfer devices or of the reinforced embankment fill and the friction resistance at
the apparent interface of deep mixing pile. Figure 18b, which illustrated the schematic of ideal
settlement profile if soil-to-pile interface is frictionless, further explains the effect of the fric-
tion at the apparent interface between pile and the surrounding soil. If there would be no fric-
tion at the interface of deep mixing pile, then the settlement of the surrounding clay would be
uniform all throughout the area of clay. However, the difference in settlement between pile
and soil is expected to vary from nearly zero at the apparent interface of deep mixing pile up
to a maximum value at the point midway between two deep mixing piles (Figure 18a). Thus,
the surrounding soil will be subjected to distortional stresses, which can eventually cause a
down-drag force on the apparent interface or skin (negative skin friction) of deep mixing pile.

5. CONCLUSION

Excess pore water pressures developed in the foundation soil during the installation of
deep mixing piles by jet mixing method employing a jet pressure of 20 MPa. The buildup
of excess pore water pressure was affected by the overburden pressure, and it tended to be
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higher at deeper depths. In addition, higher excess pore pressure buildup was measured at
points located within the improved foundation than those points outside the improved zone
at 6 m depth. However, this phenomenon was not obvious at 3 m depth. Thus, the jet of
water during jet mixing operation must have traversed a longer distance at shallower depth,
thereby, causing higher excess pore water pressure even to those points located at the prox-
imity of the improvement zone. 

The degree of improvement of the performance of the soft clay foundation improved
by deep mixing piles using Portland cement has been assessed by comparing the settle-
ments as well as the lateral movements of the previous full-scale reinforced test embank-
ment (TEU) constructed on unimproved soft clay foundation with the full-scale reinforced
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test embankment on deep mixing improved soft clay foundation (TEDM). In this study, both
test embankments TEU and TEDM were reinforced embankments, and were underlain by
similar soil profiles with both having a 6.5-m-thick soft clay layer with similar properties.
Thus, their performances could be reasonably compared to assess the effects of cement
deep mixing ground improvement on the performance of the improved foundation as well
as on the overlying reinforced embankment. 

The maximum surface settlement 1 year after embankment construction was about 1.0 m
for unimproved soft clay foundation, but only about 0.325 m for the deep mixing improved
foundation. Therefore, the soil-cement piles installation in the soft clay foundation has effec-
tively reduced the settlement of reinforced embankment by at least 70%. The degree of con-
solidation of the improved ground was already 86%, which was almost 90%, 1 year after the
embankment construction. If there had been no deep mixing improvement in the soft clay
foundation, the 90% consolidation settlement would have been attained 9 years after the
embankment construction. In addition, the local differential settlement between deep mixing
pile and the adjacent surrounding clay was observed in the full-scale improved foundation.
From this full-scale test, the local differential settlement amounted to 25–60 mm which are
about 8–20% of the average settlement. The local differential settlement could induce down-
drag skin friction on the deep mixing piles. This local differential settlement, however, was
not obvious at the top surface of the embankment due to the combined effect of compaction
as well as reinforcement stiffness and arching of the reinforced soil.

The maximum lateral movements in the foundation soils after embankment construc-
tion were 130 and 5 mm under TEU and under TEDM, respectively. These maximum lateral
movements occurred at 3.5 m depth having the least value of undrained shear strength
within the soft clay layer. After 7 months, the lateral movement of the soft clay foundation
under TEU amounted to 220 mm, while that of the improved soft clay foundation under
TEDM was only 50 mm. Thus, the lateral movement of the soft clay foundation was
reduced by as much as 80% due to deep mixing improvement. The substantial reduction
of the lateral movement simply indicates that the deep mixing piles have effectively
increased the lateral resistance of the soft clay foundation and, hence, the bearing capac-
ity of the improved foundation. 

In addition, the forward movement at the top of the wall after embankment construction
amounted to 450 mm for TEU, but only 30 mm for TEDM. The forward movement of TEDM

increased afterwards, amounting to 230 mm after 7 months; even so, the lateral movement of
TEDM was still lower than that of TEU 7 months after embankment construction. The time-
dependent behavior of the lateral movement of the wall is attributed to the time-dependent lat-
eral movement of the foundation soil as well as the time-dependent rotation of the reinforced
embankment due to the uneven consolidation settlement of the improved foundation soil.
Significantly, from the results of the analysis, after 7 months, the lateral movement at the top
of the vertical facing is estimated to be comprised of 14 mm due to mobilization and elonga-
tion of reinforcements, plus 90 mm translational movement of the reinforced embankment
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caused by the lateral movement of the foundation soil, plus 120 mm due to the rotation of
embankment body as result of uneven settlement of the foundation soil. Thus, the estimated
total magnitude of the forward movement at the top of vertical facing amounted to 224 mm,
which agreed with the measured value of 230 mm. The time-dependent lateral movement of
the vertical facing was greatly affected by the unsymmetrical configuration and loading of the
embankment and the consequent uneven consolidation settlements of the foundation soil. 

The effectiveness of cement deep mixing ground improvement employing jet mixing
technique in improving thick deposit of soft clay for foundation support of reinforced
embankment has been confirmed from field observations of two full-scale reinforced test
embankments. The implementation of this ground improvement technique enable the fol-
lowing improvements in the engineering performances of both the improved ground and
the overlying reinforced embankment: (1) increase the lateral resistance and the bearing
capacity of the soft clay foundation; (2) minimize the lateral movement of the reinforced
wall/embankment and improve the integrity of the reinforced soil mass; (3) increase the
rate of consolidation of the soft clay foundation; and (4) reduce the compressibility of the
improved foundation and the settlement of the reinforced embankment.
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ABSTRACT

The Seikan Tunnel, the world’s longest undersea tunnel, had to be constructed under the
condition of severely high groundwater pressure, namely as high as 2.4 MPa, because it
passes 240 m below sea level in the deepest portion. According to prior extensive geolog-
ical surveying and the construction of two inclined shafts, it became evident that the under-
sea tunnel could be excavated by making proper use of the cut-off method by grouting. As
of early 1970, however, just after the inclined shaft of the main island section was com-
pleted, some theoretical problems related to the undersea tunnel construction remained
unsolved. These problems consisted of the effect of making mechanical improvements to
the ground by grouting (including the cut-off efficiency by grouting), the optimum extent
of the grouting, and the effect of drainage.

This study addresses the important subjects related to drainage and grouting during
tunneling. In addition, theoretical studies on the effect of drainage by drain holes and the
optimum extent of grouting for tunneling under the prevailing condition of high water
pressure are presented in some detail. In other words, by applying a Mohr–Coulomb type
of elasto-plastic model, the mechanical interaction between the surrounding ground and
the water pressure is theoretically investigated in order to clarify the effect of drainage
and to determine the optimum extent of the grouted zone in undersea tunnel construction
projects. This study was carried out since the first author participated in the JSCE
(Japanese Society of Civil Engineers) Geotechnical Committee on the Seikan Tunnel
from 1971 to 1985.

1. INTRODUCTION

The most important problem in the construction of undersea tunnels and openings 
in grounds under high water pressure is how to take proper measures to meet the water
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conditions. It is well known that drain holes or drain tunnels can improve the stability of
the tunnel facing as well as the surrounding ground. An experiment was carried out at a
test tunnel of the Seikan Tunnel in order to investigate what kind of effects are caused to
the ground by the changes in water pressure brought about by the opening and/or the clos-
ing of drain holes. As a result it was proved that the earth pressure acting on the supports
increased and that the radius of the tunnel contracted when drainage from the drain holes
was stopped.

On the other hand, when constructing a deep undersea tunnel, a very thick lining 
system is required to counteract the high water pressure which builds up behind the lining
if water inflow to the tunnel opening is not allowed. Therefore, in the case of a highly 
permeable ground, the grouting method is applied to decrease the amount of inflow by
reducing the permeability of the ground and by letting the water enter the tunnel in order
to avoid the build up of high water pressure behind the lining. Grouting is not only 
time-consuming and costly, but it largely affects the progress of the tunnel excavation.
Therefore, it becomes another important task to properly determine the size of the grout-
ing zone. In this study, the mechanical interaction between the surrounding ground and the
existing water pressure is theoretically investigated in order to clarify the effectiveness 
of drain holes and to determine the optimum extent of grouting in undersea tunnel 
construction projects. Firstly, the problems are analyzed by idealizing that the ground is an
elasto-plastic body, defined so as to satisfy the Mohr–Coulomb type of plastic yield crite-
rion in terms of the effective stress with the non-associated flow rule, and that the region
which includes the drain holes and the grouted zone can be treated as being in the plane
strain state of a thick wall cylinder. Secondly, the effectiveness of the drain holes is 
discussed by comparing the experimental results with the theoretical solutions. Finally, the
optimum extent for the grouted area is predicted by assuming the Seikan Tunnel as a
model.

There are previous excellent studies by Shimokawachi (1971), Sakurai (1971), and
Kudo (1971) concerning the mechanical interaction between the surrounding ground 
and the existing water with high pressure. Taking the water pressure into account and 
analyzing with the Mohr–Coulomb type of plastic yield criterion, Shimokawachi (1971)
discussed the design principle for tunnel linings. Using a visco-elasto-plastic model,
Sakurai (1971) also solved the problem of tunnel linings in terms of the effective stress.
Meanwhile, Kudo (1971) proposed a method to determine the proper size of the grouted
zone under the assumption that no plastic region will occur in a grouted zone. The present
study, the purpose of which is along the same lines as the above mentioned ones, is char-
acterized by more general constitutive relations based on the non-associated flow rule and
by a more practical subject such as the estimation of the effect of drainage and the deter-
mination of the optimum extent of grouting (Adachi and Tamura, 1978a and Adachi, 1986;
Fujita et al., 1982).
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2. ELASTO-PLASTIC ANALYSIS OF THE GROUND SURROUNDING A TUNNEL

2.1. Assumptions for the analysis
Figure 1 shows a tunnel built at a depth of H2 m from the sea bottom of which the depth is
H1 m. The first problem is to investigate how the ground behaves when drainage is stopped
from the drain holes, which are bored apart from the tunnel wall after the tunnel is exca-
vated as shown in Figure 1(a), and the support system is installed under draining condi-
tions. That is, it is necessary to confirm the fact that draining the leaking water from the
drain holes stabilizes the surrounding ground. The second problem is to presume the opti-
mum extent of the grouted zone in order to stabilize the ground as shown in Figure 1(b).
To investigate the effect of drainage and to establish the optimum extent of grouting, an ide-
alized boundary value problem is theoretically analyzed, based on the following assump-
tions (Adachi and Tamura, 1978a,b).

(1) The problem is idealized as a plane strain thick wall cylindrical problem, the geometri-
cal and boundary conditions of which are shown in Figure 2. In the figure, a is the tun-
nel radius, b is the virtual outside radius of the thick wall cylinder, ρg1 is the inner radius
of the grouted area, ρg2 is the outer radius of the grouted area, ρd is the distance from the
tunnel axis to the drain holes, p�(b) is the effective earth pressure acting on the outside
boundary, u(b) is the water pressure at the outside boundary, and p�(a) is the effective
pressure acting on the tunnel wall, namely, the reaction by the tunnel support structures. 

(2) The ground is of an elasto-plastic material governed by a Mohr-Coulomb type of yield
condition in terms of the effective stress, as illustrated in Figure 3(a). The plastic 
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Figure 1. Schematic view of the undersea tunnel (a) drainage and grouting problem (b) grouting problem.



constitutive equations are given by the non-associated flow rule in the theory of plas-
ticity. The plastic potential function is also given as a Mohr–Coulomb type of crite-
rion, as shown in Figure 3(b). The ground improved by grouting is assumed to be of
the same elasto-plastic material as the original ground.

(3) Darcy’s law governs the movement of the interstitial water. No coupling between the
ground water movement and the ground deformations is considered.

(4) The coefficient of permeability for the original ground, k0, that for the grouted ground
kg, and that for the plastic region developed in the grouted ground, kgp, can differ from
each other. Based on typical experiences in the Seikan Tunnel, the water cut-off
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efficiency by grouting is improved by 10�2 in terms of the coefficient of permeability,
namely, kg/k0 � 1/100.

The effective stress, σ�ij, which was originally defined by Terzaghi, is equal to the value
of the total stress, σij, minus water pressure, u.

σ�ij � σij � uδij (1)

The effect of drainage from the drain holes on the stabilization of the surrounding
ground for the tunnel excavation can be explained in terms of the effective stress as follows.
When the drainage is stopped, that is, the drain holes are closed after the tunnel is built,
effective stress states A and B at two locations in the ground might change to states A� and
B� on the plastic yielding line, respectively, because the water pressure increases in the
ground. This results in an increase in the plastic region and the ground becomes unstable. 

For convenience in analyzing the problem, four zones, namely, Zones I, II, III, and IV
are defined for the surrounding ground, as shown in Figures 2 and 4. In other words,
Zone I is between the tunnel wall and the grouted area (ρg1 � r � a), Zone II is the grouted
area (ρg2 � r � ρg1), Zone III is between the drain holes and the grouted area (ρd � r � ρg2)
and Zone IV is outside the drain holes (b � r � ρd). Based on where the elasto-plastic
boundary is located in the above defined four zones, the problem was analyzed for five
cases. For example, Case I is defined when the elasto-plastic boundary, r � ρp, lies in Zone
I (ρg1 � r � a). Cases II to IV are similarly defined. In addition, Case V should be defined
to give the ground deformation in the original state of stress before the tunnel excavation.

2.2. Parameter for the effect of drainage and pore water pressure distribution
The pore water pressure distribution is obtained from an analysis of the steady state prob-
lem of seepage with the boundary conditions, namely, u(b) and u(a). In order to evaluate

Undersea Tunnel-Effect of Drainage and Grouting 331

Figure 4. Zones I, II, III, and IV, and various cases.



the effect of drainage by drain holes, a parameter for the effect of drainage, md � Qd/Q, is
defined as the value of the ratio of the amount of drainage, Qd, by drain holes against the
total amount of inflow, Q, into the inside of the virtual outside boundary, i.e., r � b. For
example, md � 0 denotes no drainage by drain holes. On the other hand, md � 1 corre-
sponds to the case in which the total amount of inflow, Q, is completely drained through
the drain holes. Besides md, md is defined as md � 1 � u(ρd)/u(b), which is useful in an
analysis when the water pressure, u(ρd), is given. It is important to recognize that md � 1
indicates md � 1, however, md � 0 does not correspond to md � 0.

The coefficient of permeability for the original ground, k0, that for the grouted area, kg, that
for the plastic region developed in the original ground, k0p, and that for the plastic region devel-
oped in the grouted area, kgp, can differ from each other. For convenience, the following ratios
for the coefficients of permeability are introduced: ng � k0/kg, n0p � k0/k0p, and ngp � kg/kgp.

The governing equations for the underground water flow for zone α, i.e., α � Zones
I, II, III, and IV, are as follows:

Darcy’s law νrα �� (2)

Equation of continuity �Qα � 2πrνrα (3)

in which vrα, kα, uα(r), w, and Qα denote the velocity of the underground water, the per-
meability coefficient, the underground water pressure, the density of water, and the amount
of inflow water, respectively. Eliminating vrα from Eqs. (2) and (3), the next equations are
obtained:

r � � qα (constant value) (4)

Integrating Eq. (4) with the following boundary conditions, namely,

uI(a) � u(a) and uIV(b) � u(b)

the underground water pressure distribution for each zone can be obtained. The calculated
results for only Cases 1 and 5 are given below. However, solutions for the other cases can
be similarly obtained.
(a) Case 1 (a � ρp � ρg1) (the plastic zone located inside of the unimproved original ground)

Zone Ip (a � r � ρp) (in the unimproved original ground, the plastic state)

r � � � n0p(1 � md)q � qIP (5.1a)

uIp(r) � (1 � md)qn0p ln � u(a) (5.1b)
r
�
a

w(Q�Qd)
��

2πk0p

wQIp
�
2πk0p

duIp(r)
�

dr

wQi
�
2πkα

duα(r)
�

dr

duα(r)
�

dr
kα
�
w
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Zone I (ρp � r � ρg1) (in the unimproved original ground, the elastic zone)

r � � � (1 � md)q � qI (5.2a)

uI(r) � (1 � md)q�ln � n0pln � � u(a) (5.2b)

Zone II (ρg1 � r � ρg2) (in the grouted area, the elastic state)

r � � � ng(1 � md)q � qII (5.3a)

uII(r) � (1 � md)q�ngln � ln � n0pln � � u(a) (5.3b)

Zone III (ρg2 � r � ρd) (between the outside boundary of the grouted area and the drain
holes, the elastic state)

r � � � (1 � md)q � qIII (5.4a)

uIII(r) � (1 � md)q�ln � ngln � ln � n0p � � u(a) (5.4b)

Zone IV (ρd � r � b) (outside the drain holes, the elastic state)

r � � � q � qIV (5.5a)

uIV(r) � q�ln �(1� md)�ln � ngln � � n0p ln ��� u(a) (5.5b)

in which

q � [u(b) � u(a)]��ln �(1� md)�ln � ngln � ln � n0p ln �� (5.6)
ρp
�
a

ρg1
�ρp

ρg2
�ρg1

ρd
�ρg2

b
�ρd

ρp
�
a

ρg1
�ρp

ρg2
�ρg1

ρd
�ρg2

r
�ρd

w(Q)
�
2πk0

wQIV
�
2πk0

duIV(r)
�

dr

ρp
�
a

ρg1
�ρp

ρg2
�ρg1

r
�ρg2

w(Q�Qd)
��

2πk0

wQIII
�
2πk0

duIII(r)
�

dr

ρp
�
a

ρg1
�ρp

r
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wQII
�
2πkg

duII(r)
�

dr
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�
a

r
�ρp

w(Q�Qd)
��

2πk0
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�
2πk0
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�
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and

m�d � [1 � u(ρd)�u(b)]

� ln ��ln � (1� md)�ln � ngln � ln � n0ln �� u(a)� (5.7)

(b) Case 5 (before the tunnel excavation)
Since the tunnel has not been excavated, no groundwater flow has taken place inside

the drain holes. In this case, the following solutions are given:
Zones I, II, and III (a more inner area than the drain holes)

r � � 0 � qα (α � I, II, and III) (6.1a)

uα(r) � constant � uIV(ρd) � u(ρd) (α � I, II, and III) (6.1b)

Zone IV (ρd � r � b) (a more outer part than the drain holes)

r � � q � qIV (6.2a)

uIV(r) � mdq ln � u(b) (6.2b)

in which

q � [u(b) � u(ρd)]�md ln (6.3)

and

m�d � mdq ln �u(b) (6.4)

The groundwater pressure in each zone, uα(r), is given by the above discussion. However,
the radius of the plastic zone, ρp, is still an unknown parameter. It can be determined in the
stress analysis discussed in the next section.

b
�ρd
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�ρd
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�
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2.3. Determination of stress levels and displacements by an elasto-plastic analysis
Since this problem is handled under axisymmetric plane strain conditions, the displace-
ment and the strain components are given as follows:

ur � ur(r), uϑ � 0, uz � 0 (7.1a)

εr � ∂ur(r)/∂r, εϑ � ur(r)/r, εϑ � 0, εϑ z � εzr � εrϑ � 0 (7.1b)

in which ur, uϑ, and uz are the displacement components in the radial, tangential, and axial
directions, respectively, and εr, εϑ, and εz denote the strain components in each direction.

The next relation gives the compatibility equation under these conditions:

(rεϑ) � εr (8)

Assuming the infinitesimal displacement and strain conditions, the total strain compo-
nents, εij, are given simply by the sum of the elastic components, ε ij

E, and the plastic com-
ponents, ε ij

P.

εij � ε ij
E � ε ij

P (9)

Using the deviatoric stress, Sij, and the deviatoric strain, eij, the following constitutive
equations are assumed to apply, i.e.,

eE
ij � Sij (10.1)

e � S� � (S � uα(r)) (10.2)

ε. P
ij � Λ (10.3)

in which G and K are the shear modulus and the bulk modulus, respectively, g is the plas-
tic potential function, Λ is the proportional parameter, and the deviatoric stress, Sij, the mean
stress, S, the deviatoric strain, eij, and the mean strain, e, are defined as follows:

Sij � σij � Sδij, S � σkk (11.1)

eij � εij � eδij, e � εkk (11.2)
1
�
3

1
�
3

∂g
�∂σ�ij

1
�
3K

1
�
3K

1
�
2G

∂
�∂r
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The equilibrium equation under axisymmetric plane strain conditions is expressed as

� � � � � 0 (12)

in which σr and σϑ are the radial stress and the tangential stress, respectively, and σ r� and
σϑ� are their effective stress expressions. In this chapter, the positive values for both stress
and strain are defined to stand for the compressive state.
(a) Solutions for the elastic regions

In the elastic analysis, such parameters as e and ξ are used, and they are defined as

e � (εr � εϑ � εz) � (∂ur /∂r � ur /r) (13.1)

ξ � (εr � εϑ ) � (∂ur /∂r � ur /r) (13.2)

Using e and ξ, the constitutive equations can be expressed as follows:

Sr � 2Ger � G(e � 3ξ ), σ �r � (G � 3K )e � 3Gξ (14.1)

Sϑ � 2Geϑ � G(e � 3ξ ), σ �ϑ � (G � 3K )e � 3Gξ (14.2)

Sz � 2Gez ��2Ge, σ �z � (3K � 2G)e (14.3)

S� � 3Ke, σrz � 0 (14.4)

where Sr, Sϑ , and Sz are the deviatoric components of σr, σϑ , and σz, respectively.
Introducing Eq. (13) into the compatibility equation, (8), and introducing Eq. (14) into

the equilibrium equation, (12), the following equations can be obtained for Zone α. In
other words,

� � 2 (Compatibility equation) (15)

(G � 3K) � 3G� � 2 � � � 0 (Equilibrium equation) (16)
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From Eqs. (15) and (16), two individual differential equations for e or ξ are obtained,
respectively.

(4G � 3K) � � 0 (17.1)

� 2 � � 0 (17.2)

Integrating the above equations gives the following relations for e and ξ in elastic Zone α.

e � [C1α � uα(r)] (18)

Introducing the relations in Eq. (18) into the relations in Eqs. (13) and (14) yields the stress
levels and the displacement in Zone α, as follows:

σ�r � [C1α � uα(r)] � 3G� � � (19.1)

σ�ϑ � [C1α � uα(r)] � 3G� � � (19.2)

σ�z � [C1α � uα(r)] (19.3)

ur � � � � � (19.4)

in which the constants of the integration, C1α and C2α , will be determined in order to sat-
isfy the boundary conditions given in the next section, and uα(r) and qα are the ground
water pressure and the amount of water flow in Zone α.
(b) Solutions for the plastic regions 
In the present study, the following Mohr–Coulomb types of plastic yield function, f, and
plastic potential function, g, are used.

f � (σ �ϑ � σ �z ) � (σ �ϑ � σ �r )sin φ� � 2c�cos φ� � 0 (20.1)

g � (σ �ϑ � σ �r ) � (σ �ϑ � σ �r )sin ψ (20.2)

qα
��
2(4G � 3K )

C2α
�
r 2

C1α�uα(r)
��

4G � 3K

3
�
2

3K � 2G
�
4G � 3K

qα
��
2(4G � 3K )

C2α
�
r 2

G � 3K
�
4G � 3K

qα
��
2(4G � 3K )

C2α
�
r 2

G � 3K
�
4G � 3K

1
��
(4G � 3K)

∂uα(r)
�∂r

1
��
(4G � 3K)

ξ
�
r

∂ξ
�∂r

∂uα(r)
�∂r

∂e
�∂r

Undersea Tunnel-Effect of Drainage and Grouting 337



in which c� is the cohesive strength based on the effective stress, φ� is the friction angle
based on the effective stress, and ψ is the plastic potential angle, as shown in Figure 3(b).

Since the plastic yield condition in Eq. (20.1) must be satisfied in the plastic state, elim-
inating σ�ϑ in the equilibrium equation, (12), by using the plastic yield condition in Eq.
(20.1) results in the following differential equation expressed only by σ�r and qα:

� � �qα � � � 0 (21)

The stress values, σ �r and σ�ϑ , can be obtained by integrating the above equation as follows:

σ �r � D1α r 2sin φ��(1�sin φ�) � �qα � � (22)

σ �ϑ � σ �r � (23)

Based on the plane strain conditions as well as the constitutive equations, (10.3) and
(20.2), the plastic strain in the z-direction, ε P

z, never takes place. Therefore, εz�ε z
E�0 is

satisfied and σ �z is given as follows:

σ �z � (σ �r � σ �ϑ) � υ (σ �r � σ �ϑ) (24)

in which υ is Poisson’s ratio.
Using Eqs. (10.3) and (20.2) to determine the displacement in the plastic region, ur(r),

gives the following relations:

ε. P
r ��Λ(1 � sin ψ), ε. P

ϑ � Λ(1 � sin ψ), and ε. P
z � 0 (25)

Integrating Eqs. (25) with the initial conditions, i.e., ε P
r � ε P

ϑ � ε P
z � 0, yields the relation:

ε P
r �� ε P

ϑ, ε P
z � 0 (26)

This relation shows the normality rule, that is, the plastic strain increment vector, ε. P, is
perpendicular to the plastic potential line, as shown in Figure 3(b).

The plastic volumetric strain, ν P � 3eP � ε r
P � εϑ

P � ε z
P, is expressed by

ν P �� ε P
ϑ (27)

Under the condition of 0�ψ�90°, plastic volumetric strain ν P is always negative, that is,
plastic volume expansion occurs. 
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Using the relations in Eqs. (9) and (25) in the compatibility equation, (8), yields the
next equation:

r � r � (ε E
r � ε E

ϑ) � ε P
ϑ (28)

Integrating the above equation gives the following solution:

ε P
ϑ � ε E

ϑ � r 2�(1�sin ψ )�Hα � 	r (ε E
r � ε E

ϑ) dr � 	r ε E
ϑ dr� (29)

The following relations are always satisfied between the elastic strain values, ε r
E and εϑ

E,
and the stress values, σ�r and σ�ϑ, namely,

ε E
r � ε E

ϑ � (σ �r � σ �ϑ) (30.1)

ε E
ϑ � [(3K � 4G)σ �ϑ � (3K � 2G)σ �r ] (30.2)

Using the plastic yield condition in Eq. (20.1) gives the following relations:

ε E
r � ε E

ϑ �� � σ �r � � (31.1)

ε E
ϑ � � σ �r� � (31.2)

Integrating Eq. (28) with the above relations gives the next solutions for the strain and the
displacement.

εϑ � r 2�1�sin ψ[Hα � AFα(r) � BF(r)] (32.1)

ur (r) � rεϑ � r (1�sin ψ )�(1�sin ψ ) [Hα � AFα(r) � BF(r)] (32.2)

in which Hα is a constant of the integration, and Fα(r), F(r), A, and B are given as follows:
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F(r) � r 2�(1�sin ψ) (33.2)

A � � � � (33.3)

B � � � � (33.4)

In the above relations, D1α and Hα are the constants of integration, and Fα(r) becomes def-
inite if D1α and qα are given.

2.4. Stress and displacement distributions in each zone
Only the solutions for Cases 1 and 5 are given below; however, the solutions for the other
cases can be similarly obtained.
(a) Case 1 (a�ρp�ρg1) 

Zone Ip (a�r� ρp) (inside the grouted area, in the plastic state)

σ r� � D1Ipr
2sin φ ��(1�sin φ �)� �qIp

� � (34.1)

σ ϑ� � σ r� � (34.2)

σ z� � (σ �r � σ �ϑ) (34.3)

ur � r (1�sin ψ )�(1�sin ψ ) [H1p � AF1p � BF] (34.4)

Zones I, II, III, and IV (ρp�r�b)

σ�r � [C1α � uα(r)] � 3G� � � (35.1)

σ�ϑ � [C1α � uα(r)] � 3G� � � (35.2)

σ�z � [C1α � uα(r)] (35.3)
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ur � � � � �r (35.4)

in which α � I, II, III, and IV. There are eleven unknowns, namely, D1Ip and H1Ip in the
plastic region, C1I, C1II, C1III, C1IV, C2I, C2II, C2III, and C2IV in the elastic region, and the
radius of the plastic region, ρp. These unknowns are determined based on the following 11
boundary conditions. 

σ�r(a) � p�(a) at r � a

σ�r(b) � p�(b) at r � b

The individual continuity of σ�r(r) and ur(r) at

r � ρd, ρg2, ρg1, ρp

The stress levels in the elastic region must satisfy the plastic yield condition in Eq. (20.1)
at r � ρp

The determined unknowns are given below.

C1I � C1II � C1III � C1IV (36.1)

C1IV � uI(ρp) � �D1Ip
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C2III � C2IV� ρ 2
d(qIV�qIII) (36.4)

C2II � C2III� ρ 2
g2

(qIII�qII) (36.5)

C2I � C2II� ρ 2
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(qII�qI) (36.6)
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C2IV � b2� � �p�(b)� (C1IV�u(b))�� (36.7)

HIp
� � � � �ρ p

2/(1�sin ψ ) � [AFIp(ρp) � BF(ρp)] (36.8)

The radius of plastic region ρp can be obtained by analyzing the following equation:

� � [C1IV � uI(ρp)]sin φ � � (37)

Since C2I, C1IV, and uI(ρp) in the equation are functions of ρp, Eq. (37) is only a function
of ρp.

The analysis of this problem starts by solving Eq. (37).
(b) Case 5

Since the stress levels and the displacement in the ground before the tunnel excavation
are also given by Eq. (19), the unknown parameters need to be determined based on the
boundary conditions.

In this case, it is enough to discuss two regions, namely, Zone IV and the other zones
(Zones I, II, and III).

Zones I, II, and III (0 � r � ρd)

σ�r � [C1III � uIV(ρd)] � 3G (38.1)

σ ϑ� � [C1III � uIV(ρd)] � 3G (38.2)

σ z� � [C1III � uIV(ρd)] (38.3)

ur(r) � � � �r (38.4)

Zone IV (ρd � r � b)

σ�r � [C1IV � uIV(r)] � 3G� � � (39.1)

σ ϑ� � [C1IV � uIV(r)] � 3G� � � (39.2)
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σ z� � [C1IV � uIV(r)] (39.3)

ur(r) � � � � �r (39.4)

Four unknowns, C1III, C1IV, C2III, and C2IV can be determined by the following boundary
conditions.

σ�r(b) � p�(b) at r � b

The individual continuity of σ�r(r) and ur(r) at r � ρd

σ �r(0) and the others have their own definite values at r � 0
The determined unknowns are as follows:

C1III � C1IV (40.1)

C1IV � u(b) � �p�(b)� � �qIV� (40.2)

C2III � 0 (40.3)

C2IV � qIV (40.4)

When the displacement given in Eqs. (38.4) and (39.4), ur(r), are denoted as ur0(r), the dis-
placement which takes place due to tunneling is given by [ur(r)�ur0(r)].

3. EFFECT OF DRAINAGE

Firstly, the results of the opening and closing tests on the drain holes, which were based
on the obtained theoretical solutions and conducted at a test tunnel of the Seikan Tunnel,
are considered in this section. Secondly, the relationship between the effect of drainage and
the mechanical properties of the ground are studied. Finally, an effective arrangement for
the drain holes is discussed in connection with the strength characteristics of an unim-
proved ground by grouting. 

3.1. Experiments on the effect of drainage 
The experiment was carried out at the test tunnel in order to investigate the kind of effect
caused to the mechanical behavior of the surrounding ground when the groundwater pres-
sure is changed by opening or closing the drain holes. The test tunnel, 3.2 m in diameter
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and 25 m in length, is located at a depth of 240 m from the sea surface with a soil cover of
200 m, as shown in Figure 5. The tunnel was excavated after improving the ground by
grouting with an extent of ρg � 5.3 m and by draining from the drain holes. After the sup-
port system was installed and the earth pressure acting on the support system reached a
steady state, the drainage from the drain holes was stopped. The changes in earth pressure
and the convergence during this process were measured in the fractured zone near the 22 m
position, as shown in Figure 6. The convergence changes were measured at five different
locations with respect to A, B, and C directions, as also indicated in Figure 6. 

Figure 7 shows the results at Location 3 which were measured after the face was
advanced about half a tunnel diameter beyond Location 2. Figure 8 illustrates the well-
known relation between the tunnel convergence and the tunnel advancement which was
based on the theory of elasticity. From Figure 8, 40% of the convergence at a certain loca-
tion has taken place when the tunnel face reaches the location and 90% of the convergence
has occurred when the face advances for half a diameter beyond the location. According
to the above discussion, the measured results shown in Figure 7 should be interpreted as
only 10% of the total convergence took place due to tunneling. Thus, the total convergence
can be thought of 10 times the measured value, that is, 60 to 70 mm. In Figure 7, it is rec-
ognized that the tunnel diametrical convergences increase by 6 to 7 mm when the drainage
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Figure 5. Arrangement of the test tunnel.

Figure 6. Locations for measuring the convergence and the earth pressure on the steel supports.



was stopped from the drain holes. This increase in convergence must be due to the plastic
behavior, since the convergence never returns to the original value even after the drainage
from the drain holes resumes. Corresponding to the increase in convergence, the earth
pressure acting on the support system increases from 0.04 to 0.1 MPa.

In order to discuss the test results based on the theoretical analysis, the following analysis
is conducted with the given boundary conditions and material parameters. In this analysis, the
inner radius of the grouted zone is assumed to be ρg1 � 0 m, i.e., not a doughnut shape in the
grouted area. The virtual outer radius of the domain, b, is 40 m. The ground water pressure
at b, u(b), is 2.4 MPa and the effective pressure acting at b, p�(b), is 2 MPa, when considering
an overburden of 200 m and a submerged unit weight of the ground material of 1.0 t/m3.

The question arises, however, of how to take into account the hanging effect on the frac-
tured zone which is sandwiched between neighboring sound hard rock grounds. For this
question, Figure 9 schematically illustrates the sandwiched effect caused by the hard
grounds. If the whole ground is hard, the displacement is δ1, while the displacement should
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Figure 7. Convergence and time curves.

Figure 8. Convergence due to the tunnel face advancement.



be δ2 when the whole ground is fractured. In an actual case, measured displacement δ is
affected by the sandwiched effect. In order to take into account the sandwiched effect, the
effective earth pressure acting on the external boundary, p�(b), is assumed to reduce to
1/3–1/5 of the actual acting pressure, i.e., 0.7, 1.0, and 1.36 MPa. The reduction rate should
be determined by the deformation constants of both grounds, and in these grounds the
reduction rate is predicted to be 1/3–1/4. From the results of the mechanical tests on the
ground material, the material parameters, E � 3 � 102 MPa, υ � 0.4, and φ� � 30° are
used in the analyses. Particularly for cohesive strength, c�, three values, namely, 0.4, 0.45,
and 0.5 MPa are used in the analyses. The coefficient of permeability for the grouted area
is 1/100 that for the original ground, and the coefficients for the plastic zones which devel-
oped due to tunneling becomes 5 times those for the original ground as well as for the
grouted area. The analytical conditions are summarized in Table 1. m�d is applied as the
drainage effect parameter. The analytical results are given in Figures 10 and 11. Figure 10
shows the relationship between the tunnel convergence due to tunneling and drainage effect
parameter, m�d (m�d � 0 denotes no drainage by drain holes, while m�d � 1.0, i.e., denotes
perfect drainage by drain holes). The state denoted by A in the figure corresponds to that
prior to stopping the drainage, i.e., m�d � 1.0 and p�(a) � 0.04 Mpa. The state expressed by
A� represents the state after stopping the drainage, namely, m�d � 0 and p�(a) � 0.1 Mpa. It
is clearly seen in the figure that the convergence increases from state A to state A� by stop-
ping the drainage.

To evaluate the test results more quantitatively, the analytical results are given as the
relationship between the tunnel convergence and the cohesive strength of the ground, c�. As
illustrated in Figure 11, the solid lines are for the state prior to stopping the drainage, i.e., m�d �

1.0 and p�(a) � 0.04 MPa, while the dotted lines are for the state after stopping the drainage,
i.e., m�d � 0 and p�(a) � 0.1 MPa. In this figure, the increase in convergence due to stopping
the drainage is expressed by the change from the solid lines to the dotted lines. The experi-
mental results, that is, a 5–7 mm increase in convergence by stopping the drainage, can be
explained well by this analysis for the case in which p�(b) � 1.36 MPa and c� � 0.4 MPa.
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Figure 9. Sandwiched effect by the hard grounds.



3.2. Effect of drainage and the mechanical characteristics of the ground
In order to investigate how the effect of drainage is changed by the mechanical properties
of the ground, an analysis is carried out under the conditions listed in Table 2. Figure 12
shows how the relationship between the drainage effect parameter, m�d, and the radius of the
plastic region, ρp, changes with cohesive strength, c� for the fixed value of the internal fric-
tion angle, φ� � 30°. On the other hand, how the tunnel convergences change with cohesive
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Table 1. Conditions for the analysis of drainage problem 1
Tunnel radius (m) a 1.6 
Radius of virtual outer boundary (m) b 40 
Radius of grouted area (m) ρg 5.3 
Location of drain holes (m) ρd 6.9 
Effective pressure acting on the tunnel wall (MPa) p�(a) 0, 0.02, 0.04, 0.06, 0.08, 0.1
Effective earth pressure acting on the outer boundary (MPa) p�(b) 0.7, 1.0, 1.36 
Water pressure at the outer boundary (MPa) u(b) 2.4 
Young’s modulus (MPa) E 300 
Poisson’s ratio υ 0.4
Cohesive strength (MPa) c� 0.4, 0.45, 0.5 
Internal friction angle (°) φ� 30°
Plastic potential parameter (°) ψ 0°
Coefficient of permeability
Original ground (cm/s) k0 k0

Grouted area (cm/s) kg k0/100
Plastic zone in original ground (cm/s) k0p 5k0

Plastic zone in grouted area (cm/s) kgp 5kg

Figure 10. Effect of drainage: convergence vs. drainage effect parameter.



strength, c�, as well as internal friction angle, φ�, is shown in Figure 13. The following con-
clusions are derived from these analyses.

(1) The extent of the developed plastic region decreases with an increase in the material
strength, that is, an increase in c� and φ�.

(2) The extent of the plastic region and the tunnel convergence both increase when the
parameter for the drainage effect, m�d, decreases from 1.0 to 0, i.e., by stopping the
drainage.
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Table 2. Conditions for the analysis of drainage problem 2
Tunnel radius (m) a 1.6 
Radius of virtual outer boundary (m) b 20 
Radius of grouted area (m) ρg 5.3 
Location of drain holes (m) ρd 6.9 
Effective pressure acting on the tunnel wall (MPa) ρ�(a) 0.01 
Effective earth pressure acting on the outer boundary (MPa) ρ�(b) 1.77 
Water pressure at the outer boundary (MPa) u(b) 2.4 
Young’s modulus (MPa) E 200 
Poisson’s ratio υ 0.4
Cohesive strength (Mpa) c� Varied
Internal friction angle (°) φ� 30°,35°,40°
Plastic potential parameter (°) ψ 0°
Coefficient of permeability
Original ground (cm/s) k0 k0

Grouted area (cm/s) kg k0/10
Plastic zone in original ground (cm/s) k0p 2k0

Plastic zone in grouted area (cm/s) kgp 2kg

Figure 11. Effect of drainage: convergence vs. cohesive strength.



(3) When cohesive strength c� is large enough, the developed plastic region becomes very
small and the drainage becomes ineffective. This means that the drainage is ineffec-
tive if the ground is thought to show elastic behavior.

3.3. Drainage effect for the case of an unimproved ground 
An attempt was made to find the most effective arrangement for the drain holes in the case
of an unimproved ground. The analytical conditions are given in Table 3. Figure 14 gives the
results obtained under the most severe conditions, i.e., p�(b) � 1.36 MPa and p�(a) � 0 MPa.
Since m�d is an index giving the water pressure, u(ρd), at r � ρd, md � 1.0 means that the
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Figure 12. Drainage effect: extent of plastic region vs. drainage effect parameter.

Figure 13. Drainage effect: convergence vs. strength parameters of ground, c� and φ�.



water pressure is zero at r � ρd, and md � 0.4 means that u(ρd) � 0.6u(b). Since the case
for md � 0 cannot be analyzed, the value m�d � 0.02 is used. This means
that u(ρd) � 0.98u(b) in this state, namely, almost the same amount of high water pressure,
u(b), is acting at r � ρd. At any rate, Figure 14 shows that instability of the tunnel occurs
when high water pressure acts on a certain portion of the surrounding ground. For example,
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Table 3. Conditions for the analysis of drainage problem 3
Tunnel radius (m) a 1.6 
Radius of virtual outer boundary (m) b 40 
Radius of grouted area (m) ρg 3.2, 4.8, 6.9, 9.6 
Location of drain holes (m) ρd 6.9 
Effective pressure acting on the tunnel wall (MPa) p�(a) 0, 0.04, 0.1, 0.2, 0.3
Effective earth pressure acting on the outer boundary (MPa) p�(b) 0.7, 1.0, 1.36 
Water pressure at the outer boundary (MPa) u(b) 2.4 
Young’s modulus (MPa) E 300 
Poisson’s ratio υ 0.4
Cohesive strength (MPa) c� 0.3, 0.4, 0.5 
Internal friction angle (°) φ� 30°
Plastic potential parameter (°) ψ 0°
Coefficient of permeability 
Original ground (cm/s) k0 k0

Grouted area (cm/s) kg k0

Plastic zone in original ground (cm/s) k0p 5k0

Plastic zone in grouted area (cm/s) kgp k0p

Figure 14. Drainage effect: convergence vs. drainage effect parameter and location of drain holes.



in a ground with c� � 0.4 MPa, it is necessary to reduce the water pressure, u(ρd),
below 0.8u(b), because tunnels become unstable when water pressure higher than 0.8u(b)
(corresponding to m�d 	 0.2) acts on around ρd � 4.8 m � 3a (3 times of the tunnel radius).
On the other hand, even in the case of ρd � 3.2 m � 2a (twice the tunnel radius), tunnel-
ing can be done stably, when the water pressure, u(ρd), can be reduced to less than 0.4u(b),
i.e., m�d 
 0.6. In connection with the discussions in the next section about the optimum
extent of grouting, it should be noted that a stable ground is guaranteed under the condi-
tions of c� � 0.5 MPa and p�(b) � 1.36 MPa, even if a very high water pressure, as much
as u(b), is acting at the location, ρd � 4.8 m � 3a (3 times the tunnel radius).

4. OPTIMUM EXTENT OF GROUTING

In the previous section, the effect of drainage was discussed, comparing the test results
with the analytical solutions. As already mentioned in the introduction, because a costly
water-pressure-resisting tunnel lining would be required to prevent the introduction of
leakage water into the inside of the tunnel, it was eventually decided that the deep under-
sea tunnel should be constructed by the conventional mountain tunneling method, i.e., by
introducing leakage water into the inside of the tunnel, and then using a proper cut-off
method to reduce the amount of water inflow. However, cut-off by grouting is both time-
consuming and costly, and it greatly affects the progress of the tunneling. Furthermore, if
the extent of the grouting is insufficient, the surrounding ground becomes unstable because
high water pressure acts in the ground close to the tunnel wall. In any case, it is very impor-
tant to establish a method for estimating the optimum extent of grouting.

4.1. Effect of cohesive strength c�� on the optimum extent of grouting 
In order to investigate the relationship between the cohesive strength of the ground material
and the optimum extent of grouting, an analysis is carried out for a tunnel which is located
at a depth of 240 m from the sea surface with an earth covering of 100 m. The analytical
conditions are summarized in Table 4. Figure 15 shows how the relationship between the
tunnel convergence and the extent of grouting is affected by the cohesive strength of ground
material c�. In the figure, the dotted lines correspond to the case where a complete drainage
is conducted. Although the inner pressure, p�(a), by the tunnel support system is zero right
after the tunnel excavation, some inner pressure due to the so-called three-dimensional
restriction effect can be taken into account in the plane strain tunneling analysis. From the
results given in Figure 15, when inner pressure is not anticipated, at least 5.8 m (3.625 times
the tunnel radius) of the extent of the grouting, ρg, is required for a stable excavation in a
ground with c� � 0.4 MPa, while a stable excavation is possible under ρg � 4.8 m (3 times
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the tunnel radius) in the case of a ground with c� � 0.5 MPa. The desirable extent of the
grouting is around 3–4 times the tunnel radius. There is a question of how to excavate a
stable tunnel when the ground is not so strong, e.g., c� � 0.35 MPa. In this case, the
drainage is applied together with 5.8 m of the extent of grouting, ρg. Namely, a stable exca-
vation can be conducted by using complete drainage at r � ρd , even under the conditions of
c� � 0.35 MPa and p�(a) � 0 MPa, as seen in Figure 15(a). After the excavation, 0.1 MPa
of the inner pressure p�(a) is applied by installing supports prior to stopping the drainage,
and a stable tunnel can be constructed as seen in Figure 15(c).
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Figure 15. Effect of grouting: convergence vs. extent of grouting.

Table 4. Conditions for the analysis of the grouting problem
Tunnel radius (m) a 1.6
Radius of virtual outer boundary (m) b 20 
Radius of grouted area (m) ρg 4.3, 4.8, 5.3, 5.8 
Location of drain holes (m) ρd 6.9 
Effective pressure acting on the tunnel wall (MPa) p�(a) 0, 0.02, 0.04, 0.06, 0.08, 0.1 
Effective earth pressure acting on the outer boundary (MPa) p�(b) 1.36 
Water pressure at the outer boundary (MPa) u(b) 2.4 
Young’s modulus (MPa) E 300 
Poisson’s ratio υ 0.4
Cohesive strength (Mpa) c� 0.35, 0.4, 0.45, 0.5, 0.55
Internal friction angle (°) φ� 30°
Plastic potential parameter (°) ψ 0°
Coefficient of permeability 
Original ground (cm/s) k0 k0

Grouted area (cm/s) kg k0/100
Plastic zone in original ground (cm/s) k0p 5k0

Plastic zone in grouted area (cm/s) kgp 5kg



4.2. Optimum extent of the grouting
The optimum extent of the grouting can be predicted by this analysis. For example, Figure
16 gives the results for the case of the main tunnel of the Seikan Tunnel, using the analyt-
ical conditions shown in Table 5.

In Figure 16, changes in tunnel convergence, ur(a), and in the amount of leaking inflow
water, Q, with an increase in the extent of the grouting are given. It can be seen from the
figure that if the extent of the grouting is insufficient, the tunnel convergence increases so
much that instability of the tunnel takes place. This means that the grouting should be
extensive enough to eliminate the high groundwater pressure area from the ground close
to the tunnel wall. Furthermore, insufficient grouting makes the ground more unstable than
the case in which no grouting has been applied. In the case shown in Figure 16, that is,
obtained under the conditions given in Table 5, the extent of the grouting should be more
than 3 times the tunnel radius. When the ground is weak, such as the fractured zone shown
in Figure 17, the grouting extent reaches up to 6 times the tunnel radius.

The amount of seeping inflow water decreases naturally with an increase in the extent
of grouting, as shown in Figure 16.

5. CONCLUDING REMARKS

In this study, the important subjects related to drainage and grouting during undersea tun-
neling were discussed. The mechanical interaction between the surrounding ground and
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Figure 16. Optimum extent of grouting: changes in convergence and the amount of leaking inflow water with
an increase in the extent of the grouting.



the existing water pressure was theoretically investigated in order to clarify the effective-
ness of drain holes and to determine the optimum extent of grouting with the Seikan
Undersea Tunnel in mind. The effectiveness of drain holes was verified by comparing the
experimental results with the theoretical solutions. The optimum extent grouting was
established theoretically and this method had to be applied to the construction of the
Seikan Tunnel. 

It is noteworthy that the extent of grouting depends on the ground quality and seepage
conditions. If the ground quality was average and the seepage volume was small, grouting
was carried out to a depth of 3 times the tunnel radius. While the ground was weak or the
seepage volume was large, grouting is undertaken to 6 times the tunnel radius (Fujita et al.,
1982).

On January 27, 1983, the pilot tunnel was driven through. In addition to the continua-
tion of work to discover any important factors that might govern the undersea tunnel driv-
ing method, attempts were made to measure the earth pressure that had developed on the
tunnel lining. The main tunnel was driven through on March 10, 1985.
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Table 5. Conditions for the analysis of the optimum extent of grouting
Tunnel radius (m) a 5.0 
Radius of virtual outer boundary (m) b 40 
Radius of grouted area (m) ρg varied
Location of drain holes (m) ρd

Effective pressure acting on the tunnel wall (MPa) p�(a) varied
Effective earth pressure acting on the outer boundary (MPa) p�(b) 1.36 
Water pressure at the outer boundary (MPa) u(b) 1.9
Young’s modulus (MPa) E 300 
Poisson’s ratio υ 0.4
Cohesive strength (MPa) c� 0.5 
Internal friction angle (°) φ� 30°
Plastic potential parameter (°) ψ 0°
Coefficient of permeability 
Original ground (cm/s) k0 k0

Grouted area (cm/s) kg k0/100, k0/10
Plastic zone in original ground (cm/s) k0p 5k0

Plastic zone in grouted area (cm/s) kgp 5kg

Figure 17. Extent of the grouting depending on the strength of the ground, i.e., c� and φ�.



At the end of March 1985, the JSCE Geotechnical Committee on Seikan Tunnel was
disbanded by pointing out that the distinctive feature of the Seikan Tunnel construction is
the development of the proper cut-off method by grouting (Adachi, 1986).

This study was carried out since the first author participated in the JSCE Geotechnical
Committee on the Seikan Tunnel from 1971 to 1985.
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Chapter 13

Use of Jet Grouting in Deep Excavations

Dazhi Wen

Land Transport Authority, Singapore 

ABSTRACT

Jet grouting is an increasingly used technique for in situ soil improvement in many types
of soils, especially in soft clays such as the Singapore marine clay. Among many of its
applications, one of the common uses is to improve the ground for deep excavations. In
this chapter, quality assurance and quality control for jet grouting works, properties of jet
grouted piles, design and construction issues associated with the use of jet grouted slabs at
the base of excavations are presented. These topics are discussed with reference to jet
grouting applications in the construction of the cut & cover tunnels at Race Course Road
and in the station construction by cut & cover method at Clarke Quay station during the
construction of the North East Mass Rapid Transit Line in Singapore.

1. INTRODUCTION

Jet grouting is an increasingly used technique for in situ soil improvement in many types of
soil. It is a general term used to describe various grouting techniques in which high-pres-
sure air, water and cementing grout are injected into the ground at high velocity. Depending
on the system used, the in situ soil may be mixed with the grout, partly mixed and partly
removed, or completely replaced. Typically, a single tube system is to mix the grout with in
situ soil and form a grouted pile in the ground. A double tube system injects high-velocity
cementing grout and compressed air simultaneously. By introducing the compressed air, the
double tube system is able to produce jet grouted piles (JGPs) about twice as large as the
piles by the single tube system. The in situ soil is lift up to the ground surface by the com-
pressed air. A triple tube system injects air, water and grout simultaneously into the drilled
hole. The injection of both water and compressed air permits more soil to be removed from
the cutting area and the in-situ soil can be replaced completely by grout during the process
of triple tube jet grouting works. As the injection of grout and air/water are separate, the size
of the grouted pile by the triple tube system is usually larger for the same soil-type than the
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size produced by single tube or double tube systems. Typically, the diameter of a jet grout
pile by the triple tube system in Singapore marine clay is 1600–2000 mm. Figure 1 shows
the typical arrangement of air, water and grout jets in the three grouting systems. 

The application of jet grouting technique in geotechnical engineering falls generally
into three categories:

● Strengthening of ground as excavation support or underpinning support.
● Temporary or permanent stabilization of soil.
● Groundwater control.

For the application in excavation, the JGPs are typically installed at the base of the
excavation. The improved soil layer acts as a temporary strut is to reduce the deflection of
the retaining walls. For underpinning the JGPs are installed under the structures, some-
times at an angle from the ground surface to enhance the bearing capacity of the original
ground. Examples of temporary stabilization can be found at launching or receiving shafts
for tunnel boring machines. For groundwater seepage control, JGPs are installed at the
base of embankment to cut off water flow.

2. QUALITY CONTROL FOR JET GROUTING WORKS

Quality assurance and quality control are critical components of a successful jet grouting
program to ensure that subsurface soils are consistent with design assumptions and that the
design parameters are met or exceeded throughout the project.

2.1. Quality assurance
Quality assurance begins with a full-scale trial on site. The trial is to establish operation
parameters for subsequent working pile installation to achieve the design geometry and the

358 Chapter 13

Figure 1. Typical arrangement of jets.



quality and strength characteristics of the JGPs. The operating parameters include air,
water and/or grout flow and pressure together with monitor rotation and withdrawal speed.
Typical grouting parameters for jet grouting in the Singapore marine clay during the con-
struction of the Mass Rapid Transit (MRT) North East Line (NEL) projects in Singapore
is listed in Table 1. 

The targeted diameter of the JGPs was generally 1.6–2.0 m in the NEL projects. The
purpose of the jet grouting was to strengthen the very soft to soft marine clays in deep
excavations and in launching and receiving shafts of tunnel boring machines. 

To verify the geometry of the trial piles, indirect methods are often used. This is espe-
cially so for applications in deep excavations as exposure of the trial piles is impractical.
The indirect methods include coring, cone penetration tests (CPTs), standard penetration
tests (SPTs) or cross-hole geophysical tests. Retrieved core samples are laboratory tested
to confirm that satisfactory unconfined compressive strengths and stiffness (Young’s mod-
ulus) are achieved. 

The pre-production quality assurance measures form the basis for quality control dur-
ing production grouting. It may be assumed that in comparable soil conditions, the same
jet grouting parameters produce the same JGP dimension, properties and spoil return. For
the triple tube jet grouting works at Race Course Road during the construction of the NEL
projects in Singapore, the density of spoil return of 123 samples ranges from 1.01 to
1.52 g/cm3 with an average of 1.31 g/cm3 (Shirlaw et al., 2003). The density of grout typ-
ically ranges from 1.51 to 1.56 g/cm3 with an average of 1.53 g/cm3.

2.2. Quality control during production
The minimum quality control consists of reporting of operation parameters and observing
the spoil return. The technology of computerized data collection system for all jet grout-
ing parameters is available along with continuous real-time observation.

The selected operation parameters should preferably be automatically controlled and
monitored throughout construction (see Table 2). Reduced flow or increased withdrawal
speed will produce smaller jet grouted geometry.
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Table 1. Typical grouting parameters used in MRT NEL projects in Singapore

Operating parameters Units Triple tube grouting parameters

Water pressure MPa 35–45
Air pressure MPa 0.7–1.5
Grout pressure MPa 7–11
Water flow rate l/min 75–150
Air flow rate m3/min 1
Grout flow rate l/min 62–105
Lifting speed or withdrawal speed min/m 8–10
Rotation speed rev/min 5–10



In addition to the quality control inspection items for JGP production, additional project-
specific quality control measures are generally required. This can be in the form of coring for
laboratory tests to establish the unconfined compressive strength of the cores or in situ pump-
ing tests to determine the permeability of the grouted mass. Permeability of the treated
ground can also be verified by installing piezometers on both sides of the treated ground.

The frequency of quality control tests is not fully standardized. Various standards and
manuals have different recommendations. The designer will have to specify the testing
regime based on his design and how critical the JGPs are in the overall system. A common
method is to specify a frequency of quality control testing based on the volume of treated
soil. For example, it can be specified that one core per 1000 m3 treated soil through the full
depth of the JGPs should be taken and a minimum of three unconfined compressive
strength tests should be carried out with strain measurement to verify strength and stiffness
of the installed JGPs. The samples for the tests can be taken from the top, middle and bot-
tom of the core. The cores should be fully logged and total core recovery (TCR) or rock
quality designation (RQD) can also be used as a guide to determine the quality of the JGP
mass. The location of cores is often taken at the overlapping areas of the JGPs because
these areas are typically the weak areas.

Grouting sequences and documentation form an important element in the quality con-
trol system. A systematic approach is typically adopted to ensure that all JGPs are installed
as required by design and no gaps are left in the grouted mass. One example of systematic
approach is shown in Figure 2 used in the jet grouting works at Race Course Road in
Singapore. The grouting rigs were mounted on a steel truss supported on rails founded on
diaphragm walls. The truss beam could move along the longitudinal direction of the
diaphragm walls that acted as temporary supports during the subsequent excavation for the
construction of the cut & cover tunnels.

3. PROPERTIES OF JET GROUTED PILES

The strength and stiffness properties of JGPs are often obtained from unconfined compres-
sive strength (UCS) tests on core samples taken from the grouted soil. In-situ pressuremeter
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Table 2. Quality control inspection items

Drilling Location, drilling angle and drilling depth
Batching Preparation of grout slurry for consistency in cement content and

properties (density measurement)
Jetting Operating parameters (lift speed, rotation rate, pressure and flow of water,

air and grout), observing spoil returns with density measurement
Documentation Documentation for each element constructed. Construction times and

correlation to any sampling performed
Sampling and testing Retrieval of representative samples for laboratory testing



tests can also be conducted to determine the in-situ Young’s modulus of the grouted mass.
Other tests, such as SPTs and CPTs are used to verify the quality of the grouting and to cor-
relate with UCS tests and in-situ pressuremeter tests to get the strength and stiffness of the
JGPs for design purposes.

The design undrained shear strength for JGPs in deep excavations in Singapore marine
clay is typically set at cu � 300 kPa with an equivalent UCS, qu of 600 kPa. The Young’s
modulus is typically set at 120 MPa, i.e., 400cu or 200qu. This is believed to be a lower
bound value of the JGP mass. Actual UCS tests on cores taken from the JGPs generally
show much higher UCS, typically exceeding 1000 kPa, even for cores taken from over-
lapping areas of the JGPs. Table 3 shows some of the UCS test results on JGP core sam-
ples at Race Course Road in Singapore. The cores were taken within the middle third
diameter of the JGPs and were tested at 14 days.

The distribution of 28-day UCS for samples taken from Race Course Road is summa-
rized in Figure 3. Similar results from another site at Clarke Quay are also shown in Figure
4 (Shirlaw et al., 2000a). These results demonstrate that the typical design undrained shear
strength, cu, of 300 kPa is a lower bound value. An upper bound value can be as high as
10,000 kPa at Race Course Road.

The failure of the JGP core samples at UCS tests indicates a brittle failure mode at a
typical strain range of 0.5–1.5%, (see Figure 5), especially for the samples showing very
high UCS values. This is in contrast of the in situ soft clay, which fails under compression
in plastic mode. It is interesting to note that when the UCS is relatively low in the range of
1.0 MPa, the brittleness is less remarkable. 
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Figure 2. Schematic approach in grouting sequences.
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Table 3. Test results of JGP at Race Course Road

No. Bulk density Unconfined Compressive No. Bulk density Unconfined compressive
(kN/m3) strength at 14 days (kPa) (kN/m3) strength at 14 days (kPa)

1 19.3 6280 7 14.8 978
2 18.8 6050 8 15.4 879
3 14.4 3390 9 14.2 876
4 18.6 4900 10 15.1 780
5 14.3 1491 11 14.9 667
6 14.8 1290
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Figure 3. Distribution of 28-day UCS at Race Course Road.
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What should also be noted is the density of the JGP samples. The treated ground does not
gain in density as compared with that of the in-situ soil. JGPs will have similar density of the
in situ soil. When checking for uplift, the density of the JGPs should not be taken higher than
that of the in situ soft clay. The samples at Race Course Road showed densities typically
close to the density of the in situ marine clay, which is generally in the range of 14–16 kN/m3,
as shown in Figure 6. Similar results at Clarke Quay are also given in Figure 7.

The ratio of Young’s modulus of the JGP core samples to the UCS strength is typically
taken as E/qu = 200. The results at Clarke Quay confirm that the ratio for design purposes
is reasonable (Figure 8).

The SPT blow counts at two locations at Race Course Road 20 days after the grouting
at of the radius of the pile from the center and at the overlapping areas of three piles are
shown in Figure 9. The SPT blow counts increased from the original zero blow counts to
24 to 57 blows. SPT blow counts can therefore give a clear indication of the success of the
grouting program. 
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4. DESIGN ISSUES FOR JET GROUTED PILES

It is a common practice to design JGPs as a layer of extremely strong soil. In Singapore,
the use of JGPs at the base of the excavation to treat the very soft to soft marine clay is very
popular. As shown in Figure 5, the stress and strain curves for JGPs and the natural occur-
ring marine clay are very different. The JGP samples reach the peak strength typically at
0.5–1.5% of strain, and the failure tends to be brittle. The incompatibility of strains at fail-
ure of the natural occurring soft clay and JGPs should be considered. Although the behav-
ior of JGP slab as a mass of treated ground may be different from that of a solid JGP core,
as there may be gaps and pockets of untreated soft clay in the JGP mass, the design should
take into consideration the issue of strain incompatibility by verifying the strains in the
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JGPs at various stages of the excavation. Where the strains in the JGPs are outside the typ-
ical range, close monitoring should be carried out, and where necessary additional meas-
ures should be taken to prevent a brittle failure of the JGP slabs during excavation.

In addition to verifying the strains in the JGPs at different stages of the excavation 
during design, all failure mechanisms should also be checked. Shirlaw et al. (2000b)
have identified all the mechanisms for JGP slabs at the base of excavation for two cases,
(Figure 10):
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● With sufficient retaining wall embedment to hard stratum at Race Course Road to con-
trol inward movement of the wall.

● No wall embedment into hard stratum at Clarke Quay to control basal stability for the
excavation.

The JGP slabs may not necessarily be at the base of the excavation. They can also be
constructed above the base of excavation prior to commencement of excavations to further
limit the deflection of the walls (see Figure 11). These layers are sometimes called sacri-
ficial JGP layers, as they will be removed stage by stage during the excavation. 

Traditionally geotechnical design parameters are selected conservatively, i.e., design
values are selected toward the lower bound values. For the design of the sacrificial JGP
slabs, it is considered necessary to carry out sensitivity analysis for the upper bound val-
ues. This is to cater for the worst loading condition for the struts above the sacrificial JGP
layer. When the JGP slab is removed, the load taken by the JGP slab will be taken over by

366 Chapter 13

Figure 10. Design issues for JGP slabs for deep excavations (after Shirlaw et al., 2000b).



the struts above the JGP slab. If a lower bound value is used, this may underestimate the
loading for the struts immediately above the sacrificial JGP slab.

5. CONSTRUCTION ISSUES FOR JET GROUTED PILES

The main problem associated with jet grouting in Singapore marine clay is heave. At Race
Course Road, localized heave was reported to be in excess of 300 mm (Maguire and Wen,
1999). During the early phases of the construction of MRT lines, the maximum measured
heave was 1600 mm, Shirlaw et al. (2000a). Large lateral ground movement have also been
recorded at Race Course Road (see Figure 12). Similar lateral ground movement was also
reported by Wong and Poh (2000). 

During the jet-grouting process large volumes of grout, air and water is injected into
the ground. Surplus material produced by the injection of these materials is expelled to the
surface via the annulus between the drilling rods and the surrounding marine clay. If this
passage is restricted or blocked, the pressure inside the cavity created by the high-pressure
jetting will be built up and when the pressure exceeds the cavity expansion pressure, both
lateral and vertical ground movement will be initiated.

The hydrodynamic pressure created by the high–pressure jetting exists only within a
zone of influence, which is about 300 times that of the nozzle diameter (Covil and Skinner,
1994). For a nozzle diameter of 2 mm, the zone of influence is only 0.6 m. Therefore the jet
pressure does not control the pressure within the cavity. It is believed that the movement of
the ground (both lateral and vertical) is not a direct result of the high-pressure jetting
adopted in the jet grouting works. The ground movement during jet grouting works is a
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result of the pressure built up to expel the sludge to the ground surface (see Figure 13).
When the annulus between the grouting tube and the ground is blocked, pressure can be
locked into the ground causing the ground to move both horizontally and vertically.

On the basis of the understanding of the cause of the ground movement during jet
grouting, measures that can be taken to reduce the pressures to expel the sludge to the sur-
face, thus to reduce the ground movement can be:

● Reducing the density of the sludge.
● Increasing the size of the annulus bydrilling a bigger hole.
● Using casings to prevent blockage of the sludge flow.

Shirlaw et al. (2003) showed that the diameter of the casing should be 200 mm or larger
for it to be effective. This may explain the reason why the use of 100 mm and 150 mm cas-
ing at Race Course Road was of limited success (Maguire and Wen, 1999). Other measures
implemented at Race Course Road included pre-grouting to condition the soft clays and the
use of pressure relief holes. These measures proved to be more effective. All these measures
were to ensure free flow of the sludge and to reduce the pressure locked into the ground.

Another issue that should be carefully examined is the layout of the JGPs next to the
retaining walls. Gaps between the retaining walls and the JGP slab should not exist to
ensure the effectiveness of the JGP slab in reducing the inward movement of the walls and
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in resisting the uplift force. At Clarke Quay station, shear connectors were provided at the
sheetpiles to provide adequate restraints at the interface between the JGPs and the sheet-
piles. As the connection is critical, the spacing of the JGPs closest to the sheetpile wall
were significantly reduced. As shown in Figure 14, there would be shadows at the inter-
face between the JGPs and the sheetpiles if the standard spacing of the JGPs were kept at
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1.4 m center to center. After reducing the spacing to 1.0 m center to center, the interface
would be fully grouted in the critical area of the shear connection to the sheetpiles.

6. CONCLUSIONS

There are three stages in quality assurance and quality control for jet grouting works, i.e., a
full-scale trial to establish the operating parameters, monitoring of the parameters during
working pile installation and verification tests after the installation. It can be assumed that the
same jet grouting parameters would produce JGPs of the same dimension and characteristics.

In the design of JGP slab in deep excavations, it is necessary to check the strains of the
JGP slab at different stages of the excavation. All failure mechanisms should be consid-
ered for the JGP slabs. Sensitivity analyzes are necessary to obtain the worse loading con-
ditions of the struts when sacrificial JGP slabs are used. Density of the JGPs is typically
similar to that of the in situ soft clay and should be used when checking uplift forces.

Heave and horizontal movement of the ground during grouting can be controlled if the
pressures in the cavity created by the high-pressure jetting can be controlled. There are a
few measures to prevent the built-up of the pressure in the cavity. These include the use of
a 200 mm or larger diameter polyvinyl-chloride (PVC) casing, increasing the size of the
annulus of the grout tube and the ground by drilling larger holes and reduction of sludge
density, etc. The layout of the JGPs closest to the retaining walls should be planned care-
fully to ensure that no gaps exist at the interface of the wall and the JGPs.
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ABSTRACT

The basement excavation of the proposed Singapore Post Centre involved extensive jet
grouting to improve the soft marine clay present within the excavation. The treated soil
mass, with much improved strength and deformation characteristics, was intended to act
as an internal strut below the bottom of the excavation level, reducing movements caused
by the basement excavation. 

This chapter presents the performance of a well-instrumented field jet grout trial and
production grouting carried out during the construction of the building basement. Results of
monitoring indicated that the jet grouting caused the retaining diaphragm walls to move
9.7–36.4 mm, and the adjacent soils immediately behind and at some distance away from
the diaphragm walls to move 35.3–53.6 mm and 13.5–32.8 mm, respectively, away from the
jet-grout area. The maximum lateral soil movements on both sides of the jet-grout area
decreased with increasing distance away from the jet-grout area. The recorded soil heave
ranged from 2 to 24 mm, with a majority of them being less than 10 mm. 

The process of jet grouting caused an increase in the lateral earth pressure and piezo-
metric level. However, these increases start to decrease prior to basement which suggest
that the increase in earth and water pressures were temporary. 

The jet grouting also induced some bending moments on the diaphragm walls and caused
the adjacent structures to tilt and move away from the jet-grouted area. However, as long as the
movements were monitored and kept well within their allowable limits, they helped the per-
formance of the walls and adjacent structures during the subsequent basement excavation. Jet
grouting acted like a preload, causing backward movements and hence minimizing the ultimate
positive movements toward the excavation induced by the subsequent basement excavation.

1. INTRODUCTION

In Singapore, for deep excavations next to sensitive structures such as Mass Rapid Transit
(MRT) structures and old buildings asssociated with thick soft soil deposits, the use of
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diaphragm walls alone often would result in movements, which exceed the design movement
criteria specified by the authorities or clients. Consequently, soil improvement methods such
as jet grouting are usually required to improve the strength and deformation characteristics
of the soft soils before the start of excavation, to reduce these ground movements.

Examples of deep excavations in Singapore associated with soft soils improved by jet
grouting include the Newton MRT station (Gaba, 1990), Singapore Arts Center, Bugis
Junction (Sugawara et al., 1996), Grandlink Square, and United Engineers Square (Khoo
et al., 1997). All these case histories involved jet grouting in marine clay except for the last
one, which involved both organic and marine clays.

The process of jet grouting involves the cutting of soil by a mixture of water and air
under high pressure and the placement of grout, also under high pressure. Hence, the
process of jet grouting may tend to displace the adjacent soil away from the grouted zone.
Thus, the process of jet grouting, itself, may have some effects on the retaining structures,
adjacent soils, and nearby structures. 

The performance of a field jet grout trial and the production grouting carried out dur-
ing the basement construction for the Singapore Post Centre is presented and evaluated
herein. Emphasis is given to the effects of jet grouting on movements of diaphragm walls,
adjacent soils, and structures, and changes in lateral earth pressure and water and piezo-
metric levels in adjacent soils.

2. JET-GROUTING SYSTEM

Jet grouting is a process where the erosion of soil by a very high-pressure fluid jet followed
by the injection of grout improves the physical characteristics of the ground. Jet-grouting
systems have been developed over the years and can be broadly classified into three groups
namely, single, double, and triple tube systems. The triple tube system, which was used for
this project, erodes the soil by the independent action of a water jet, shrouded by air to
achieve maximum efficiency, and grout is injected through a separate orifice beneath the
erosive jet. The triple tube system was adopted for this project because of its versatility and
because it allowed relatively large grouted soil columns to be formed. The details of the
jet-grouting process, its application, and the influence of jet-grouting operation parameters
have been reported by many, such as Bell (1993) and Covil and Skinner (1994).

3. PROJECT DESCRIPTION

The construction of the basement for the 14-storey Singapore Post Centre involved a deep
braced excavation in soft marine clay supported by diaphragm walls. The excavation was
9–12.2 m deep (with localized excavation levels up to 14.7 m), 87–104 m wide, and 241 m
long. The plan layout for the basement excavation and the locations of the monitoring
instruments are shown in Figure 1. The combined thickness of the soft soil layers ranged

372 Chapter 14



from 10 to 25 m. The site was close to an existing MRT station and viaduct. The excava-
tion thus had to comply with MRT requirements that movements induced in the MRT struc-
tures be limited to 15 mm, and the lowering of the ground water level be limited to 1 m. 

In view of the presence of the thick layers of soft marine clay at the site and the strict reg-
ulatory requirements, the basement excavation was supported by a 1.2 m and a 0.8 m-thick
diaphragm wall for the boundary along and away from the MRT station and viaduct, respec-
tively. Prior to the start of the basement excavation, the soft to medium stiff marine clay layer
below the bottom of the excavation level, over the entire basement area, was treated with jet
grout. The objective was to use the treated soil mass, with enhanced strength and deforma-
tion characteristics, to act as an internal strut below the bottom of the excavation level, in
order to reduce movements caused by the basement excavation. 

A trial jet-grout program was carried out to confirm the grouting parameters and assess
the effects of the trial grouting on adjacent ground and diaphragm wall panels. Following
the trial grout program, the jet-grouting parameters were modified and the production
grouting was executed based on these modified parameters.

4. SUBSURFACE CONDITIONS

A longitudinal cross section showing the soil profile along the excavation boundary next to
the MRT station and viaduct is presented in Figure 2. The ground surface level varied from
RL 103.2–103.6 m. The ground water level was at about 1.5 m below the ground surface.
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Figure 1. Plan layout for the basement excavation and the locations of the monitoring instruments.



The subsurface soils consisted of a very loose to loose clayey silty sand or soft silty clay
fill layer overlying a soft to medium stiff marine clay layer. The thickness of the fill layer
varied from 2 to 5.5 m with SPT N values ranging from 2 to 10, and an average N value of
4. The thickness of the soft to medium stiff marine clay layer varied from 11.5 to 25.5 m
with an average thickness of 15.5 m. The marine clay was underlain by a medium stiff to
very stiff silty clay layer or a soft soil sediments that was in turn underlain by a medium
dense or a dense clayey sandy silt or clayey silty sand layer.

The soft soil sediments generally consiss of pockets of soft to medium stiff marine clay
(lower marine clay layer), soft sandy clay, soft silty clay and loose clayey silty sand.
Directly below the dense sandy soils were very dense sandy soils of similar nature, fol-
lowed by a very dense to hard, completely to highly weathered granite.

The average total unit weight of the marine clay layer was 15.1 kN/m3. The undrained
shear strength of the marine clay obtained from the field vane shear tests (corrected value)
ranged from 14 to 42 kPa, with an undrained strength ratio, su/σ vo� ranging from 0.20 to
0.26. The results from the consolidated undrained triaxial tests with pore pressure meas-
urements indicated that the effective friction angle ranged from 20 to 24°, with an average
value of 22° and the value of the effective cohesion is negligible. Results of Menard
Pressuremeter tests carried out during the site investigation showed that the soil modulus
from the first unload–reload cycle ranged from 2.8 to 4.9 MPa, with soil modulus over
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Figure 2. Soil profile along the excavation boundary next to the MRT station and viaduct.



undrained shear strength ratio ranging from 170 to 373. The water content varied from
42% to 69%, with an average value of 59%. It is a high plasticity clay, with an average liq-
uid limit and plastic limit of 92% and 39%, respectively, giving an average plasticity index
of 53%. The void ratio ranged from 1.82 to 2.11, with an average value of 1.93. The aver-
age compression index Cc and recompression index Cr were 0.82 and 0.16, respectively,
giving an average value of plastic volumetric strain ratio Λ of 0.80. The coefficient of per-
meability of the marine clay was 6 � 10�10 m/s. 

The stiff intermediate clay layer had a total unit weight of 18 kN/m3, water content of
31%, liquid limit of 60%, and plastic limit of 22%. The medium dense to very dense clayey
sandy silt or clayey silty sand layer belongs to the Old Alluvium formation (Geology,
1976). The total unit weight of the very dense clayey sandy silt or clayey silty sand ranged
from 20 to 21 kN/m3. The effective friction angle generally ranged from 30 to 40°, with an
average value of 35°. The average coefficient of permeability of the hard sandy silty clay
was 1 � 10�9 m/s. The soil modulus obtained from the first unload–reload cycle from the
Menard Pressuremeter tests conducted during the site investigation ranged from 35.9 to
63.6 MPa, 100.2 to 257.3 MPa, and 235.5 to 455 MPa, with a soil modulus over undrained
shear strength ratio ranging from 246 to 758, 394 to 953, and 545 to 1517, for the medium
dense, dense, and very dense clayey sandy silt or clayey silty sand, respectively.

5. JET-GROUT TRIAL

5.1. Description of jet-grout trial
In the design, jet grouting was proposed to form a mat as an internal strut beneath the base
of the excavation to control the lateral movements of the diaphragm walls during excavation
for the basement of the Singapore Post Centre. However, there was concern that the grout-
ing process itself, within the excavation area, might cause the diaphragm walls to deflect
outward beyond acceptable limits. In order to study the effects of jet grouting on the
diaphragm walls and adjacent ground, a field jet-grouting trial with a plan area of 6.4 � 6.75
m was carried out. The jet-grouting trial also served to verify the jet-grouting operating
parameters in order to achieve the required strength and stiffness of the grouted soil mass. 

A comprehensive set of instrumentation was installed in the field trial area to monitor
the effects of grouting on the diaphragm walls and the surrounding soils. After the com-
pletion of the jet-grouting trial, four boreholes were drilled through the grout columns and
core samples were obtained and tested to assess the quality, strength and stiffness of the
improved soil mass. Pressuremeter tests were also conducted. The targeted undrained
shear strength and Young’s modulus of elasticity of the grouted soil mass was 300 kPa and
150 MPa, respectively. The targeted grout strength of 300 kPa was selected to provide suf-
ficient strength to restrain lateral soil movements, but not too large as to impede the instal-
lation of bored piles and barrettes after the completion of jet grouting.
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The field trial was located next to the north wall boundary of the proposed basement,
about 110 m away from the MRT viaduct. Figure 3 shows the plan view of the layout of
the jet-grout trial, diaphragm wall panels, and monitoring instruments. Figure 4 shows the
cross section of the jet-grout trial. Three diaphragm wall panels, Panels 3–5, each with wall
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thickness of 0.8 m and panel length of 32 m were constructed prior to the start of jet grout-
ing. The diaphragm wall panels were socketted into a hard clayey sandy silt layer. A total
of 18 jet-grout columns numbered as C1–C18 were installed next to the middle diaphragm
wall panel (Panel 4) to form a 6.4 m wide and 6.75 m long jet-grouted area.
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5.2. Construction sequences
Figure 5 shows the layout of jet-grout columns for the jet-grouting trial. The target diam-
eter of the columns was 1.8 m and the columns were formed in a triangular grid pattern
spaced 1.55 and 1.35 m apart, center to center, parallel and perpendicular to the wall,
respectively. Each column was 9 m long and was formed upward, from 19.5 to 10.5 m
below the ground surface. As shown in Figure 4, 6.5 m of the jet-grout column was in the
soft to medium stiff marine clay layer while the remaining 2.5 m was in the medium stiff
to very stiff silty clay layer. The sequence of jet-column installation followed the columns’
numbers starting with C1 and ending with C18. Each day, only two columns were formed.
Figure 5 shows that no two adjacent columns were formed within the same day in order to
allow time for an earlier formed adjacent column to set.

The details of the construction sequence of the jet-grout columns were as follows:

1. Construction of three 0.8 m-thick diaphragm wall panels (June 6, 1994)
2. Installation of monitoring instruments (May 23 – June 27, 1994)
3. Re-establishing the initial readings of monitoring instruments (July 4, 1994)
4. Construction of jet-grout columns C1 – C18, with two columns formed per day (July

5–13, 1994)
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Figure 5. Layout of jet-grout column for the jet-grout trial.
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The jet-grout columns were formed by using a triple fluid jetting system. The technique
involved using air-shrouded water jetting to penetrate and cut the soil mass. A separate
injection nozzle was used for the placement of grout. A jet-grout column was formed in
the following stages: First, a 150 mm-diameter borehole was drilled to the required base
depth of the proposed jet-grout column, by using a self-drilling machine. Maintenance of
the stability of the borehole was important as the waste slurry generated during the jet
grouting was required to reach the ground surface through the hole. With self-drilling,
borehole stability was maintained primarily by the presence of the grout pipes and jetting
monitor in the hole. During the short delay between drilling and the start of jetting, the drill
flushing medium was kept flowing to maintain the stability of the borehole. 

Once jetting started, stability was maintained by the escaping waste slurry. Jetting
began where the high-pressure water jet shrouded by air was used to erode the ground
locally thus enabling the placement of the grout slurry. The process was followed by 
lifting and rotating the jetting pipes at a constant rate as grout was simultaneously injected
to create a column of treated soil until it reached the required length. The treated soil thus
consisted of a mixture of the injected grout and the eroded soil. Waste generated from the
jetting (excess water, soil fines, and grout) under pressure, traveled up the annulus between
the grout pipes and the borehole sides for collection and disposal at the ground surface.
About 80–90% of the soil to be grouted flowed to the surface as waste. 

The borehole was frequently checked and the mechanical rotary head was adjusted
upward or downward as necessary to assure waste flow to the ground surface. At the
required depth, the cutting medium was switched off, and the grouting was continued for
a time to ensure all the cut material was flushed to the surface. Then the grouting was
halted and the rods removed from the ground. The jet-grouting operation parameters used
during the jet-grouting trial are summarized in Table 1.

5.3. Instrumentation and monitoring program
The monitoring instruments consisted of one wall inclinometer, 11 soil inclinometers, six
pneumatic piezometers, two water standpipe observation wells, and 11 total earth pressure
cells. The locations of these instruments are shown in Figure 3. Most of these instruments
were installed after the construction of the diaphragm walls but some were installed before
the construction of the diaphragm walls. However, the initial readings for these instruments
were re-taken on July 4, 1994, one day prior to the start of the jet-grouting trial. Hence, the
effects of construction of the diaphragm walls were not reflected in the results presented
herein. The tips of the inclinometers were located at least 4 m below the toe of the
diaphragm wall. The earth pressure cells and piezometers were installed at RL 88.5 m,
which was the mid-elevation of the jet-grout columns. In accordance with regulatory
requirements, water standpipes were installed to monitor changes in the groundwater table.
The standpipes were installed to a depth of 12 m, and except in the top 1.0–1.5 m, they were
perforated throughout their length.
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The monitoring program covered the entire process of the jet-grouting trial and ended
on the fifth day after the last jet-grout column was formed. Readings of instruments were
taken after the completion of each jet-grout column. The monitoring results are summa-
rized and discussed in the following sections.

5.4. Performance of jet-grout trial
The effects of jet grouting on the lateral movements of the diaphragm wall panels and adja-
cent soil mass, changes in lateral earth pressures, piezometric and water levels in the adja-
cent soils are presented and evaluated in this section.

5.4.1. Lateral movements. Figure 6 shows the plot of the maximum lateral movement
profiles for the various inclinometers during the jet-grouting trial. The column number (in
parenthesis) indicated next to each inclinometer number in the figure legend corresponds
to the jet-grout column installation that caused the maximum lateral movement in the incli-
nometer. Figure 6 shows that the maximum lateral soil movements in the excavation (front)
side of the jet-grouted area (inclinometer I1 – I4) decreased with increasing distance away
from the jet-grouted area. Inclinometer I5 located adjacent to the jet-grouted mass was
damaged during the jet-grout trial. The monitoring results for inclinometers I7–I9 located
at the soil (rear) side of the jet-grouted area also show a similar movement trend, with the
movements decreasing with distance, away from the jet-grout area. During the jet-grout-
ing trial, the diaphragm wall was pushed a maximum of 10 mm away from the jet-grout
area, toward the soil side, as indicated by inclinometer I6. The deflected shape of the wall
inclinometers suggested that the loose silty sand fill layer acted as a restraint against the
outward movement of the wall, causing a change in curvature of the wall. 

Figure 7 shows the maximum lateral movements versus distance from the grouted mass.
This figure indicates that the maximum lateral movements decreased with distance from the
jet-grouted mass. Also, the maximum free-field lateral soil movements in the excavation
side of the jet-grouted mass were much larger than the corresponding lateral movements
behind the wall. The maximum lateral free-field soil movement at 5.25 m in front of the
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Table 1. Parameters used in the jet-grout trail 

Operation parameter Range

Water injection pressure 40–45 MPa
Water flow rate 60–70 l/min
Grout injection pressure 8–12 MPa
Grout flow rate 80–90 l/min
Compressed air pressure 0.7–1.0 MPa
Rod withdrawal rate 110–125 mm/min
Rod rotation rate 8–9 rpm
Water cement ratio 1 : 1
Cement content 750 kg/m3 grout



jet-grouted mass was 35 mm, decreasing to 9.5 mm at 20.25 m from the jet-grouted mass.
The lateral movements behind the wall decreased from 10 mm at 0.5 m to 4 mm at 15.8 m.
These results suggest that the diaphragm wall provided considerable restraint, thereby
reducing the lateral movements of the soil behind the wall induced by jet grouting.

The lateral soil movement profiles of the soil in the excavation side of the jet-grout trial
for inclinometer I3, located at a distance of 10 m from the jet-grouted mass is shown in
Figure 8. The movements in the fill increased at a faster rate than the corresponding soil
movements below the fill. These movements are typical of the inclinometers on the 
excavation side. This movement trend was different from the observed movement trend at
the soil side. This may be due to the presence of the diaphragm wall panels, which pro-
vided significant restraint, thereby reducing movements behind the wall, but causing larger
upward and outward movements at the excavation side.

5.4.2. Bending moments. As described earlier, jet grouting caused the wall to deflect
which resulted in a change in wall curvature and hence a change in wall-bending moments.
Typical bending moment profiles plotted against depth are shown in Figure 9. The variation
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Figure 6. Effects of jet-grout trial on lateral soil movements of adjacent soils.



of the maximum negative- and positive wall-bending moments with time during the jet-
grout trial are shown in Figure 10. These bending moments were deduced from readings of
wall inclinometer I6. The wall bending moment is defined as positive when the tension face
of the wall is on the excavation side. 

The jet grouting caused the wall to deflect backward (toward the soil side). The
deflected shape of the wall (as shown by inclinometer I6 in Figure 6) suggests that the fill
layer provided restraint against the backward movement, resulting in a change in the cur-
vature of the wall, and hence a maximum negative bending moment at a depth of 7.5–9 m
below the ground surface, slightly above the top of the jet-grouted zone. Below the 
jet-grout zone, the backward movements were restrained by the presence of the stiff soil
layer, resulting in a change in wall curvature and hence a maximum positive bending
moment at a depth of 18.5–23.5 m, near the bottom of the jet-grouted zone. Figure 10
shows that the negative wall-bending moment varied from 156 to 195 kN m/m during the
jet grouting of the first to 16 columns, but, decreased drastically thereafter and finally sta-
bilized at about 70 kN m/m. 

The deflection profile in Figure 6 shows that the wall also rotated in addition to bend-
ing. A closer study of the monitored wall deflections revealed that during the jet grouting
of column C17, the top of the wall moved by an additional 3 mm, from �3.3 to �6.3 mm.
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Figure 7. Lateral movements versus distance from jet-grouted mass for jet-grout trial.



This relatively large wall top movement released some of the wall restraint, resulting in a
large reduction in the negative bending moment. Figure 10 also shows smaller variations
in positive bending moments from 32.5 to 92.5 kN m/m during the jet-grout trial.

5.4.3. Lateral earth pressures. The effects of the jet-grout trial on the lateral earth pres-
sures in the soil adjacent to the jet-grouted area are shown in Figure 11. This figure shows
that the jet grouting caused a large increase in lateral earth pressure at TPC1 and some
increase in lateral earth pressure at TPC2 to TPC5. The monitoring results showed minimal
variations in the lateral earth pressures at TPC6 to TPC11, and thus those results have not
been presented here. The lateral earth pressure at TPC1 located close to the jet-grouted mass
was highly variable throughout the jet grouting, with a maximum increase of lateral earth
pressure of 73 kPa. Generally, there was a slight increase in the lateral earth pressure at
TPC2 and TPC3 during the process of jet grouting. 

The lateral earth pressure for TPC4 and TPC5 installed behind the diaphragm wall
panel increased from about 270 kPa to about 290 kPa during the installation of first two
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Figure 8. Development of lateral soil movements for inclinometer I3 during jet-grout trial.



jet-grout columns. However it dropped back to the original level after the fourth column
was installed. Thereafter, there were only minimal variations in the lateral earth pressure.
These results suggest that the jet-grouting trial only caused a temporary increase in lateral
earth pressures. The results also suggest that the wall caused the lateral forces to be dis-
tributed, thereby resulting in a smaller increase in lateral pressures behind the wall than in
front of the wall.

5.4.4. Water and piezometric levels. The monitoring results indicated some minor vari-
ations of the ground water level in the excavation side while the groundwater level behind
the wall remained almost constant during the jet grouting. Readings of the piezometric level
during the jet-grouting trial are shown in Figure 12. This figure shows that the process of
jet grouting caused a large increase in piezometric level in piezometer P3 located immedi-
ately in front of the jet-grout area. The maximum increase of piezometric level was 7 m.
Piezometers P2 and P4 also experienced some increase in the piezometric level during the
jet-grouting trial. However, for piezometers P1, P5, and P6, located further away from the
jet-grout area, the variations in the piezometric levels were minimal. The incremental pore
pressure (∆u) versus the incremental total soil pressure (∆P) has been plotted in Figure 13.
This figure suggests an approximately linear relationship between ∆u and ∆P. Figure 11 and
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Figure 9. Typical bending moment profiles plotted against depth in Panel 4 during jet-grout trial.



12 show that the magnitude of the increase in ∆u and ∆P was largest at the beginning of the
jet-grouting trial and then subsequently decreased with time. At the end of the jet-grouting
trial, Figure 12 shows that the piezometric levels for all piezometers returned to their initial
values, except for P3, which was slightly higher than its initial value. These results show
that the jet-grouting trial only caused a temporary increase in the piezometric level.

5.4.5. Jet-grout formation. For jet-grout columns formed within the soft to medium
stiff marine clay, core samples obtained using a triple fluid core barrel indicated that a
treated jet-grout mass was properly formed with a total core recovery of 70–100%.
However, within the medium stiff to very stiff silty clay layer, the core samples showed
that the jet-grout columns were not properly formed or not formed at all. Over this zone,
the core samples consisted of stiff silty clay or silty clay with only traces of jet-grout.
These results indicate that the use of a single set of jet-grout parameters was not efficient
for forming a jet-grout column in layered soils with large differences in soil properties
between the soil layers. The jet-grout parameters as shown in Table 1 were suitable for
forming a proper jet-grout column within the soft-to-medium stiff marine clay layer.
However, the use of the same parameters failed to form a jet-grout column in the medium
stiff clay layer. Hence, for the medium stiff to very stiff silty clay layer, a different set of
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Figure 10. Maximum wall-bending moment in Panel 4 during jet-grout trial.



jet-grout parameters with more energy per unit lift as suggested by Bell (1993) would be
more suitable.

The results from unconfined compression tests on the core showed that the average
undrained shear strength and Young’s Modulus of elasticity of the jet-grouted mass was
3070 kPa and 257 MPa, respectively. Results from pressuremeter tests indicated a higher
stiffness for the jet-grouted mass. The modulus of elasticity obtained from the first
unloading–reloading curve ranged from 176 to 519 MPa. These test results indicated that
the actual grout strength was an order of magnitude higher than the target strength while
the measured Young’s Modulus of elasticity was about 70% higher than the target value.

6. PRODUCTION JET GROUTING

The target diameter of the columns was 1.8 m and the columns were formed in a triangular
grid pattern spaced 1.55 and 1.35 m apart, center to center, parallel and perpendicular to the
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Figure 11. Effects of the jet-grout trial on the lateral earth pressures in the adjacent soil.



long axis of the excavation, respectively. Prior to the production grouting, a field jet-grout
trial was carried out at the site to assess the effects of the installation sequence of the jet-grout
columns and the effects of jet grouting on the diaphragm walls and adjacent ground. The
results of jet-grout trial suggested that the jet-grout columns in the soft clay were properly
formed and the strength and stiffness were met when the operation parameters shown in
Table 1 were adopted in the grouting program. Hence in the production grouting, the opera-
tion parameters for jet grouting in marine clay were the same as that used in the jet-grout
trial. The results of the jet-grout trial revealed that a higher energy input was required for
grouting in the medium stiff to very stiff silty clay. Hence, a slower rod withdrawal rate of
about half that for the marine clay was used for this layer, with other operation parameters
remaining unchanged. The thickness of the jet-grout mass varied across the site and is also
shown in Figure 14. A 9 m-thick, 10 m-wide jet grout mass was formed along the excava-
tion boundary next to the MRT station and viaduct. For the rest of the basement area, the
thickness of jet grout mass ranged from 3 to 4 m. The jet grout layers were generally located
within the soft-to-medium stiff marine clay, with some portions extending into the medium
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Figure 12. Readings of the piezometric level during the jet-grouting trial.



stiff to very stiff silty clay. The total treated soil area was about 22,000 m2 with a total vol-
ume of 87,000 m3.

6.1. Instrumentation and monitoring program
Various instruments were installed to monitor the effects of the production grouting on the
behavior of the diaphragm walls, adjacent soils, and structures. These instruments included
wall and soil inclinometers, soil settlement markers, pneumatic piezometers, water stand-
pipe observation wells, total earth pressure cells, tilt plates, and three-dimensional (3D)
prism survey points. These instruments were installed prior to the construction of the
diaphragm walls except for the wall inclinometers, which were installed during the wall
construction. The initial readings of the wall inclinometers were only taken 3–4 weeks
after the wall panel was constructed to allow the concrete of the wall to fully harden. The
locations of these instruments are shown in Figure 1. The behavior monitored included
movements of the diaphragm wall panels and adjacent soils, changes in lateral earth pres-
sures, changes in piezometric and water levels, and the tilting and movement of the MRT
station and viaduct columns. The tips of the inclinometers were installed into the very
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Figure 13. Incremental pore pressure (∆u) versus the incremental total soil pressure (∆P).



dense clayey silt or silty sand layer. The total earth pressure cells were installed at RL 87.5
m, except for EP4 which was installed at RL 84.5 m. These earth pressure cells were
installed at 1.5–2 m, behind the diaphragm walls. The pneumatic piezometers were
installed in the marine clay, with their tips at RL 91.5–97.5 m, at distance between 9 and
20.5 m behind the wall. The tips of the water standpipes were installed at RL 90.2–91 m,
located 7–19.5 m behind the wall panel. Soil settlement markers were installed at between
3.3 and 29.7 m behind the walls, along the MRT pile caps. Tilt plates were mounted on the
MRT station and viaduct columns to measure their tilting while the 3D prism survey points
were installed on the MRT station and viaduct columns to monitor movements resulting
from the production grouting and subsequent excavation.

The monitoring program covered the entire period of the production grouting and sub-
sequent basement excavation. Readings of instruments were taken twice a week, except for
the soil and wall inclinometers, which were monitored daily. The monitoring results are
summarized and discussed in the following sections.

6.2. Construction sequences
The construction of the diaphragm wall panels began at the intersection of the east-and
north-wall boundaries, and progressed toward the south and west simultaneously. After the
completion of the installation of the panels along the east wall and most of the north wall
in Zone 1 (Figure 15), the jet-grouting work started at the intersection of the east and north
walls. Subsequently, the construction of the diaphragm wall panels at the north-, south-, and
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Figure 14. Plan layout of thickness of jet-grout layer for Singapore Post Centre.



west-wall boundaries were carried out concurrently with the jet-grouting work. The con-
struction of the south-wall boundary started with the construction of the outer wall of the
double wall at the intersection between the south-and-east wall boundary. This was fol-
lowed by the construction of the inner wall of the double wall, from east to west. 

After the diaphragm wall panels were constructed, generally there was a minimum
clear distance between the constructed diaphragm wall panels and the grouted area. This
was to provide enough time for the concrete in the wall panels to harden. For Zones 1, 2,
and 3, the minimum clear distance between the constructed wall and grouted area was
about 30, 20, and 17 m, respectively. In terms of time, there was an allowance of at least
2 weeks after a wall panel was cast before any jet grouting immediately next to it could
proceed. With reference to the grid lines in Figure 1, the details of the diaphragm wall con-
struction sequences are as follows:

1. Construction of the east wall (grid lines C–L) and north wall (grid lines 15–6).
2. Construction of the north wall (grid lines 6–3).
3. Construction of the outer wall of the south double wall (grid lines 15–6) and north

wall (grid lines 3–1a).
4. Construction of the inner wall of the south double wall (grid lines 15–6), and the north

wall (grid lines 1a–10a); and portion of the west wall (grid lines A–C1).
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Figure 15. Details of jet-grout sequence during production grouting for Singapore Post Centre.



5. Construction of portion of the south wall (grid lines 6–4, 2a–10a) and portion of the
west wall (grid lines J1–F1).

6. Construction of the rest of the south wall (grid lines 4–2a) and the west wall (grid lines
F1–C1).

6.3. Production jet-grout sequence
The production grouting was divided into three zones namely Zones 1, 2, and 3 as shown
in Figure 15. The zones were separated by temporary sheet piles walls. The jet-grout
columns were installed row by row, in a direction away from the walls. Generally, jet
grouting began at the north wall, and progressed toward the south wall, and from east to
west. With this grouting sequence, the south boundary or boundary along the MRT station
and viaduct was the last boundary to be grouted. The details of the jet-grout sequence are
shown in Figure 15 with numbers indicating the progression of grouting area and the
arrows indicating the direction of the jet-grout work.

A jet-grout column was formed in the following steps: First, a 150 mm-diameter bore-
hole was drilled to the required base depth of the proposed jet-grout column. Maintenance
of the stability of the borehole was important as the waste slurry generated during the jet
grouting was required to reach the ground surface through the hole. Borehole stability was
maintained primarily by the presence of the grout pipes and jetting monitor in the hole.
During the short delay between drilling and the start of jetting, the drill-flushing medium
was kept flowing to maintain the stability of the borehole. Once jetting started, stability
was maintained by the escaping waste slurry. Jetting began where the high-pressure water
jet shrouded by air was used to erode the ground locally thus enabling placement of the
grout slurry. Then, grouting begun by lifting and rotating the jetting pipes at a constant rate
as grout was simultaneously injected to create a column of treated soil until it reached the
required height. 

The treated soil thus consisted of a mixture of the injected grout and the eroded soil.
The waste generated from the jetting (excess water, soil fines, and grout) under pressure,
traveled up the annulus between the grout pipes and the borehole sides for collection and
disposal at the ground surface. About 80–90% of the soil within the grouted zone was dis-
placed and most of it flowed to the surface as waste. The borehole was frequently checked
and the mechanical rotary head was adjusted upward or downward as necessary to assure
waste flow to the ground surface. At the required column height, the cutting jet was
switched off, and the grouting was continued for a time to ensure all the cut material was
flushed to the surface. Then the grouting was halted and the rods removed from the ground.

After the completion of each zone, core samples were obtained and tested. Most of the cores
were taken at the intersection of the jet-grouted columns. The core samples indicated that the
jet-grout columns were properly formed and achieved their target diameter of 1.8 m. The rod
withdrawal rate used in the production grouting for the marine clay ranged from 110 to 125
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mm/min as indicated in Table 1. Stroud (1994) reported similar results where 1.8 m diameter
jet grow columns were formed using a similar rod withdrawal rate reported herein. Unconfined
compression tests on the core samples showed that the average undrained shear strength and
Young’s modulus of elasticity of the jet-grouted mass were 2.3 and 173 MPa, respectively.

6.4. Effects of production grouting on diaphragm walls
6.4.1. Field observation. The lateral movements and the bending moments in the
diaphragm wall panels along the south and west boundaries as a result of the jet grouting are
summarized in this section. The south walls were 40–41.5 m deep as shown in Figure 2. It
should be pointed out that generally the wall panels were constructed only about 17–30 m
ahead of the nearest jet-grout area. Also, the initial readings of the inclinometers in the walls
were taken only 3–4 weeks after the wall panel was constructed. Hence, only partial effects
of jet grouting are reflected in these results. 

Lateral wall movements induced by the jet grouting are shown in Figure 16. Negative or
backward movement refers to movement toward the soil side, away from the jet-grouted area.
The diaphragm wall movements as a result of the jet grouting were predominantly backward,
away from the jet-grouted area. The maximum lateral movements ranged from 9.7 to 36.4
mm. The figure also shows that the lateral wall movements increased from east to west. In the
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Figure 16. Effects of production grouting on lateral wall movement of diaphragm walls.



area of the double wall, grouting was first performed on the south side of inclinometers WI7
and WI10 and resulted in movements toward the north, i.e., the opposite to the direction of
movement shown in Figure 16. When subsequent grouting occurred in sub-zones 9 and 10
(Figure 15), north of this wall, the direction of the movements was reversed. However, these
movements were impeded by the previously jet-grouted zone on the south side. This explains
why the movements of WI7 and WI10 were smaller than those of the other inclinometers. 

Figure 15 shows that inclinometers WI3 and WI4 were located in an area where grout-
ing was carried out in a confined area i.e., the soil adjacent to this area had already been
treated. Review of the measurements for WI3 and WI4 showed that a significant portion
of the movement occurred during the grouting of sub-zones 14, 15, and 16. The confine-
ment by the surrounding sub-zones, which were previously grouted, probably resulted in
considerable displacement of the soft soils (under essentially undrained conditions), and is
the likely reason why WI3 and WI4 showed larger movements. 

Similar backward movements have been reported by others, including Sugawara et al.
(1996) and Khoo et al. (1997). The maximum wall movements shown in Figure 16 are
comparable to the reported movements for the aforementioned two sites, which had simi-
lar soft soil conditions.

Bending moments in a diaphragm wall were estimated from the deflected shape of the
walls as described by Poh et al. (1997). The wall bending moment is defined as positive
when the tension face of the wall is on the excavation side. Figure 17 shows the deduced
bending moment profiles of the diaphragm walls corresponding to the wall movements
shown in Figure 16, caused by the production grouting. The production grouting induced
both positive and negative bending moments in the walls, depending on the shape or the
curvature of the wall. As expected the maximum bending moments varied in proportion
to wall stiffness. The thicker, 1.2 m wall, experienced maximum moments ranging from
333 to 1043 kN m/m and �103 to �1005 kN m/m. The maximum bending moment for
the 0.8 m thick wall panel (west wall) containing WI3 was relatively small as its stiffness
was only 30% of that of the 1.2 m-thick south wall. These results suggest that a stiffer wall
attracts larger bending moments, as has been reported by Wong and Poh (1995) and Poh
et al. (1997), and that the process of the production grouting itself may cause significant
bending moments in the diaphragm walls. If the reinforced concrete diaphragm wall is not
properly designed, these bending moments may exceed the yield moment of the wall.

6.4.2. Verification by numerical analysis. Finite element analysis has been carried out
to study the effects of jet grouting on the wall movements, with the finite element mesh
and simplified soil profile shown in Figure 18. The computer program used is PLAXIS.
The soil is represented by 6-node solid elements and the diaphragm wall by beam ele-
ments. In the analysis, the pressure from the grouting process acting on the wall is taken
to be 43 kPa, which is the maximum incremental lateral earth pressure reported in pro-
duction grouting.
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The computed deflections of the diaphragm wall are shown in Figure 19. The maxi-
mum computed deflection of 25 mm is at the top of the wall. The shape of the deflections
is broadly similar to, though not identical with, the measured shapes. The upper part of the
marine clay and the overlying fill layer are soft-to-medium stiff in strength, resulting in the
cantilever shape of the wall deflections.

Typical results of the net lateral wall deflections at the end of excavation are presented
in Figure 20 to illustrate the effectiveness of the jet-grout strut in controlling movements
caused by the subsequent basement excavation. Figure 20 shows that wall inclinometer
WI3 and WI10 recorded relatively small deflections with the maximum lateral deflections
ranging from 11 to 20 mm, which suggests that the jet-grout strut was effective in con-
trolling wall deflections during basement excavation.

At present in Singapore, the deflections and resulting internal forces induced in the
diaphragm walls by jet grouting are not specifically taken account of in the design. One of
the reasons is that, as pointed out in herein, during the ensuing excavation for the basement
structure, the deflections and forces would be expected to be reversed. This benign attitude
is changing towards requiring that the ground movements induced by jet grouting be kept
to a minimum. 
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Figure 17. Effects of production grouting on bending moments in diaphragm walls.



Recent projects involving jet grouting in marine clay with the use of an external casing
during the jet-grouting operation to ensure a free return of sludge flow to the ground sur-
face have resulted in substantially smaller lateral wall deflections (with maximum lateral
deflections of a few millimeters at the end of grouting (Poh, 2003). The grouting parame-
ters adopted in these projects were similar to those used in the Singapore Post Centre. The
use of such temporary external casing would help to prevent excessive movement likely
cause by the jet-grouting process, however it slows down the grouting process and thus
increases the costs.

6.5. Effects of production grouting on Adjacent ground response
The readings from the soil inclinometers, soil settlement markers, total pressure cells,
piezometers, and water standpipes taken during the production grouting are presented
herein. These results are used to evaluate adjacent ground responses as a result of pro-
duction grouting. Soil inclinometers were monitored daily and were able to capture the
effects of the construction of the wall panels. Thus, the effects of jet grouting on the lat-
eral movements could be separated from the movements arising from the construction of
the wall panels. Other monitoring instruments were monitored only twice a week and
therefore, the effects of jet grouting and the construction of wall panels could not be
assessed separately.

6.5.1. Lateral soil movements. Figure 21 shows the lateral soil movements caused by the
production grouting recorded by the seven inclinometers next to the wall panels. The maxi-
mum lateral soil movement was 53.6 mm (inclinometer I8), occurring at the mid-section of
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Figure 18. Finite element mesh used in the analysis of the effect of jet grouting.



the west-wall boundary. Along the south-wall boundary, the maximum lateral soil move-
ments ranged from 35.3 to 51.0 mm (inclinometer I1 – I6). In general, soil movements below
the jet-grouted zone were insignificant except for I8. The lateral soil movements above the
grouted zone generally followed a triangular wedge pattern, except in the top few meters in
the fill layer, where the deflection profiles were uniform, curved or bent backwards. The
deflected movement profiles shown in Figure 21 suggest that significant shear deformation
occurred over the depth interval corresponding to the jet-grouted zone. The magnitudes of
the lateral soil movements shown in Figure 21 were considered large for the zone next to the
MRT station and viaduct columns. These movements were slightly larger than the corre-
sponding wall movements as the soil movements reflected the total cumulative effects caused
by the production grouting, while the wall movements only showed the effects of production
grouting after the walls were in place.

The effects of the production grouting on the lateral soil movements at some distance
behind the diaphragm walls are shown in Figure 22. This figure shows the monitoring
results for the eleven inclinometers installed near the column pile caps along the MRT

396 Chapter 14

Figure 19. Lateral wall deflections computed by finite element analysis.



station and viaduct. These inclinometers were located 9.5–20.5 m behind the wall panels,
except for inclinometers I1A and I2A that were located slightly closer to the wall. The
maximum lateral soil movements generally ranged from 19.8 to 32.8 mm, except for incli-
nometer I11A, where the maximum lateral soil movement was only 13.5 mm. The move-
ment patterns shown in Figure 22 also suggest that shear deformation occurred at a depth
corresponding to the jet-grouted zone, while movements below the jet-grouted zone
were insignificant.

The net movements (i.e., excluding the effects of wall construction) presented in
Figures 21 and 22 have been re-plotted as maximum lateral soil movements versus
distance behind the wall panel and are shown in Figure 23. The maximum lateral soil
movements decreased significantly within the first 5 m from the wall. Beyond this dis-
tance, the decrease was more gradual. At a distance of 20 m behind the wall, the maximum
lateral soil movement was about 21 mm. These results suggest that the zone of influence
of the jet grouting extended more than 20 m behind the wall.
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Figure 20. Typical results of total net lateral wall deflections at the end of excavation.



The total maximum lateral soil movements including the effects of construction of wall
panels versus distance behind wall panel are also plotted in Figure 23. Readings from the
soil inclinometers show that the construction of the diaphragm wall panels also caused the
soft-to-medium stiff marine clay to move backward, to the soil side. These backward soil
movements are likely to be due to the process of concreting of the wall panel. Figure 23
shows that immediately adjacent to the walls, the process of the wall construction caused
an average maximum backward movement (total movement minus movement due to jet
grouting) of 23 mm. These movements decreased with distance away from the wall 
panels. Nevertheless, Figure 23 shows that the effects of the construction of the wall pan-
els extended to a considerable distance. At a distance of 20 m behind the wall panels, the
average maximum backward lateral soil movement induced by the construction of wall
panels was about 4 mm. Poh and Wong (1998) provide more details of the movements
caused by diaphragm wall construction. The results described by Poh and Wong (1998)
were obtained from a trial section near the intersection of the north and east walls.
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Figure 21. Lateral soil movements caused by the production grouting.



6.5.2. Soil heave. The maximum soil heave recorded by settlement markers during the
production grouting is plotted with distance behind wall panel in Figure 24. The settlement
markers were located 3.5–29.5 m behind the walls, along the MRT viaduct columns’ pile
caps. The results presented in Figure 24 included the effects of the construction of the wall
panels. Figure 24 shows that the maximum soil heave caused by the production grouting
was generally less than 15 mm with a majority of the data being less than 10 mm, except
for three groups of markers where the soil heave ranged from 16 to 24 mm. These three
groups of markers (shown by circular symbols in Figure 24) were located between grid
lines 1a and 2 (see Figure 1), where the walls were the last to be constructed. Hence, this
larger soil heave was likely to be due to the longer time the ground there was unrestrained
by the presence of the walls while grouting in adjacent areas was in progress.

6.5.3. Lateral earth pressures. The readings for the total earth pressure cells during the
production grouting are shown in Figure 25. These cells were installed at RL 87.5 m,
except for EP4 (TPC 4) that was installed at RL 84.5 m. The readings included the effects
of the construction of the wall panels. Because the readings were taken only twice a week,
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Figure 22. Lateral soil movements at some distance behind wall caused by the production grouting.



the effects of construction of the wall panels could not be separated from the effects of
grouting. Figure 25 shows that the lateral earth pressures generally reached a peak value and
then decreased. The maximum increase in the total earth pressure ranged from 10 to 43 kPa.
That represented an increase of 3.7–16.9%, from the initial values. Figure 25 also shows
that the earth pressures started to decrease before the start of basement excavation. These
results indicated that the production grouting only caused a temporary increase in the lat-
eral earth pressures in the adjacent soils. This may likely due to the dissipation of excess
pore pressure, which is indicated in the subsequent section on piezometric water levels.

6.5.4. Piezometric and water levels. Figure 26 shows the readings from some typical
piezometers during the production grouting. Piezometers PP2, PP3, PP4, PP6, and PP7
were installed in the marine clay, with their tip level ranging from RL 91.5 to 97.5 m, at
20.5, 9, 12.5, 11, and 15 m behind the wall, respectively. Water standpipes with their tips at
RL 90.2 to 91 m, were installed 7–19.5 m behind the wall panel. The piezometric readings
included the effects of construction of the wall panels. Figure 26 shows that the piezomet-
ric levels increased slightly during the production grouting. Then they started to decrease
before the start of basement excavation. There were only minor changes in groundwater
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levels recorded in the water standpipes during the production grouting. Generally, the water
level fluctuations were within 0.5 m of the original level.

6.6. Effects of production grouting on adjacent structures
The existing MRT station and viaduct are sensitive structures and are located close to the
south-wall boundary of the basement excavation. Hence, the columns of the MRT station
and viaduct along the south-wall boundary were instrumented and monitored closely dur-
ing the production grouting. The monitoring instruments included tilt plates, and 3D prism
survey points for monitoring tilting and movements of the columns. These instruments
were monitored only twice weekly and hence the effects of the construction of wall pan-
els could not be separated from the effects of the jet grouting. Hence, the results presented
herein reflect the combined effects of jet grouting and wall construction.

The MRT viaduct columns are 1.75 m in diameter, spaced 25 m apart. The pile foun-
dations of the MRT viaduct columns typically consisted of six 1.0 m diameter bored piles
at 3 m centers, with pile caps 7.8 m-long, 4.8 m-wide and 2.0 m-thick. The tips of the bored
piles ranged from RL 62.9 to 69.0 m. These piles were socketted 12.0–13.5 m into the
medium dense to very dense clayey sandy silt or clayey silty sand (Old Alluvium). At the
west end of the site, where the MRT station is located, the columns are 1.9 m in diameter.
The pile foundations consisted of nine 1.0 m diameter bored piles, spaced at 2.5–3.5 m
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Figure 24. Maximum soil heave recorded by settlement markers during the production grouting.



centers, with pile caps 7.0 � 7.0 m and 7.0 � 9.0 m, and 2 m thick. The pile toe level
ranged from RL 73.5–77.5 m, with their toes socketted 14.0–18.0 m into the medium dense
to very dense clayey sandy silt or clayey silty sand (Old Alluvium). Since the station
columns are supported by heavier and closer spaced foundations, they are more rigid than
the viaduct columns.

The readings from the tilt plates and 3D prism survey points are shown in Figure 27.
Positive tilt values shown in the figure correspond to tilting of the column away from the
diaphragm walls. Positive lateral and vertical movements refer to movements away from
the diaphragm walls and heave or upward movements, respectively. Figure 27 shows that
the maximum tilting of the MRT columns ranged from 20 to 92 sec. These maximum tilts
had a trapezoidal shape in a plan view, with the largest tilt occurring within the middle
zone and smallest tilt occurring near the two ends of the grouted zone. This trend was due
to the geometry or three-dimensional effects as the first and last MRT columns were
located along the east-and-west wall boundary lines, respectively. Besides, at the two ends
(especially east end) the columns are farther from the diaphragm walls. Although the MRT

402 Chapter 14
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columns were supported on fairly rigid pile foundations, the largest maximum column tilt
induced by the grouting reached 89% of the allowable tilt (103 s). These columns tilted
away from the grouted zone (excavation), and the readings during the subsequent base-
ment excavation showed that the basement excavation caused the columns to tilt back
toward the excavation side, thus offsetting the initial tilt.

The specifications by the authorities permit a maximum movement of 15 mm for any
MRT structure. As shown in Figure 27, the maximum lateral movement of the MRT
columns induced by grouting ranged from 3 to 8 mm. These movements were away from
the grouted zone (excavation), with the largest movement occurring within the middle sec-
tion (between 90 and 170 m), along the south-wall boundary where the columns were clos-
est (approximately 11–14 m) to the diaphragm walls. As with the tilting, the smaller
movements occurred near the two side-wall boundaries. The lateral movements of the MRT
viaducts themselves were more uniform, with the maximum lateral movement ranging from
4 to 6 mm. As shown in Figure 22, the corresponding maximum lateral movement of the
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Figure 26. Changes in piezometric levels during the production grouting.



adjacent soil next to the MRT column pile caps generally ranged from 19.8 to 32.8 mm. In
comparison, the largest maximum lateral movement of the MRT structures was only 8 mm,
much smaller than the adjacent soil movement. This smaller movement trend was due to the
MRT columns being supported on pile foundations. The larger soil movements were in the
upper 10 m where the soils were generally soft-to-medium stiff. Hence, the forces induced
in the pile foundations were likely to be small. Figure 27 shows that the MRT columns also
experienced some vertical movements during the production grouting. The vertical upward
movements of these columns ranged from 2 to 5 mm, with the movements decreasing from
west to east. Subsequent readings showed that the basement excavation caused the columns
to settle by approximately 1–6 mm.

The MRT column movements shown in Figure 27 have been re-plotted against the dis-
tance behind the wall panel and are shown in Figure 28. The lateral movements of the MRT
columns decreased with distance away from the wall panel. However, the results show ver-
tical movements of several millimeters even at distances up to 20 m from the walls.
Because of the upward resistance of the pile foundations to ground heave, there is no clear
trend in variation of foundation heave with distance from the diaphragm walls.

The monitoring results shown in Figures 16, 21, 22, and 27 show that the production
grouting caused the diaphragm walls, adjacent soils, and structures to move away from the
jet-grouted zone. However, as long as these movements were monitored and controlled
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Figure 27. Maximum tilts and movements of MRT columns along MRT Station and Viaduct.



well within their allowable limits, they would eventually help the performance of the
diaphragm walls and adjacent structures during the subsequent basement excavation.
These backward movements were responsible in minimizing the ultimate positive move-
ments induced by the subsequent basement excavation.

7. SUMMARY AND CONCLUSIONS

The performance of the jet-grout trial and production grouting during the basement con-
struction for the Singapore Post Centre have been evaluated to study the effects of pro-
duction grouting on the diaphragm walls, adjacent soils, and nearby structures. The
following summarizes the main points in discussed in this chapter.

(1) The maximum lateral soil movements on both sides of the jet-grout area decreased
with increasing distance away from the jet-grout area. During the jet-grout trial, the
diaphragm wall was pushed a maximum of 10 mm away from the jet-grout area,
toward the soil side. The production grouting caused the retaining diaphragm walls
and adjacent soils next to walls, to move between 9.7–36.4 mm and 35.3 to 53.6 mm,
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Figure 28. Maximum tilts and movements of MRT columns along MRT Station and Viaduct.



respectively, away from the jet-grout area. The measured soil movements were con-
siderably larger than the corresponding wall movements because they reflected the
cumulative effects caused by the production grouting as well as the construction of the
diaphragm walls, while the wall movements reflect merely the effects of jet grouting
after the walls were in place. For soils located 9.5–20.5 m behind the diaphragm walls,
the outward lateral movements ranged from 13.5 to 32.8 mm, with the movements
decreasing with distance away from the diaphragm walls. Soil heave induced by pro-
duction grouting ranged from 2 to 24 mm, with the majority being less than 10 mm.

(2) The results show that the forward lateral movement in front of the jet-grout area may
be influenced by the confining effects of the basement wall boundaries or the jet-grout
mass completed earlier. These effects explain why the lateral wall and soil movements
behind the wall from the production grouting were significantly more than those
observed during the jet-grout trial.

(3) The maximum free field lateral soil movements in the excavation side of the jet-grouted
mass were much larger than the corresponding lateral movements behind the wall. The
maximum lateral free field soil movement at 5.25 m in front of the jet-grouted mass
was 35 mm, decreasing to 9.5 mm at 20.25 m from the jet-grouted mass. The lateral
movements behind the wall decreased from 10 mm at 0.5 m to 4 mm at 15.8 m. These
results suggest that the diaphragm wall provided considerable restraint, thereby reduc-
ing the lateral movements of the soil behind the wall induced by jet grouting.

(4) The jet-grout trial caused a large increase (maximum of 73 kPa) in lateral earth pres-
sure in the zone immediately next to the grouted area and some increase in lateral
earth pressure farther away in the free field side. The production grouting caused some
increase in the total lateral earth pressure in adjacent soils immediately behind the
diaphragm walls, with a peak increase of 3.7–16.9% and then they started to decrease
before the start of basement excavation. These results suggest that the increase in the
total lateral earth pressure caused by the production grouting was temporary.

(5) The monitoring results indicated some minor variations of the ground water level in
the excavation side while the ground water level behind the wall remained almost con-
stant during the jet grouting. The maximum increase of piezometric level immediately
in front of the jet-grout area was 7 m. Piezometers P2 and P4 also experienced some
increase in the piezometric level during the jet-grout trial. However, the increase in the
piezometric level further away from the jet-grout area were minimal.

(6) The induced bending moments in diaphragm wall ranged from –195 to � 92.5 kN m
during the jet-grout trial. During the production grouting, the induced wall-bending
moments ranging from �787 to 1043 kN m/m. These results suggest that the process
of the production grouting itself may cause significant bending moment in the
diaphragm walls. If the reinforced diaphragm wall is not properly designed, these
bending moments may exceed the yield moment of the wall.

(7) For jet-grout columns formed within the soft to medium stiff marine clay, core sam-
ples obtained indicated that a treated jet-grout mass was properly formed with a total
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core recovery of 70–100%. However, within the medium stiff to very stiff silty clay
layer, the core samples showed that the jet-grout columns were not properly formed.
These results indicate that the use of a single set of jet-grout parameters was not effi-
cient for forming a jet-grout column in layered soils with large differences in soil
properties between the soil layers. 

(8) The production grouting caused the MRT station and viaduct columns (6.5–15 m
away from the grouted zone), to tilt 20–90 sec, away from the jet-grout area.
Subsequent readings showed that basement excavation caused the columns to tilt
back, toward the excavation side, thus offsetting the initial tilt. The maximum lateral
movements of the MRT station and viaduct columns induced by the production grout-
ing ranged from 3 to 8 mm, away from the grouted zone. The corresponding vertical
upward movement ranged from 2 to 5 mm. Subsequent readings showed that the base-
ment excavation caused the columns to settle. 

(9) Typical results of the net lateral wall deflections at the end of excavation suggested
that the jet-grout strut is effective in controlling movements caused by the subsequent
basement excavation. For example, wall inclinometer WI3 and WI10 recorded rela-
tively small deflections with the maximum lateral deflections ranging from 11 to 20
mm. At present in Singapore, the deflections and resulting internal forces induced in
the diaphragm walls by jet grouting are not specifically taken account of in the design.
One of the reasons is that, during the ensuing excavation for the basement structure,
the deflections and forces would be expected to be reversed. This benign attitude is
changing toward requiring that the ground movements induced by jet grouting be kept
to a minimum. However, in the event of excessive movements is observed or antici-
pated from jet-grouting works, it is recommended that this effects to be checked or
designed for. Recent projects involving jet grouting in marine clay with the use of an
external casing during the jet-grouting operation to ensure a free return of sludge flow
to the ground surface have resulted in substantially smaller lateral wall deflections.
The grouting parameters adopted in these projects were similar to those reported
herein. The use of such temporary external casing would help to prevent excessive
movement likely cause by the jet grouting process, however it slows down the grout-
ing process and thus increases the costs.

NOTATION

Cc compression index
Cr recompression index
N Standard Penetration Test (SPT) blow count
Su undrained shear strength of clay
Λ plastic volumetric strain ratio = (Cc – Cr)/Cc

σ �v0 vertical effective overburden stress
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ABSTRACT

This chapter introduces in situ stabilisation technology as applicable to rehabilitation of
degraded granular road pavements. The method essentially involves the fragmentation of the
old road and recompaction after mixing with a certain percentage of a binder. The main
binder types used for in situ stabilisation are cementitious and/or bituminous. It highlights
the benefits of this technology for environmental sustainability in the areas of recycling of
old materials and the use of blends of waste products such as alkali activated slag as stabili-
sation binders. On basis of work undertaken in the Australian scene, the evaluation of the
pavement performance using accelerated loading and complementary laboratory testing is
presented. Two trials of in situ stabilisation known as the Cooma trial and the Dandenong
trial are presented. The first is a deep-lift trial involving layer thickness up to 360 mm,
whereas the second involves layer thickness of 200 mm. The host pavement materials sta-
bilised included traditional crushed rock and marginal materials, sandstone and gravel. Both
trials used blast furnace slag and lime blends as the binder, and concluded that in situ stabil-
isation can be effectively used for roads carrying low, medium to heavy traffic, particularly
in rural settings. The case studies presented have contributed to advancement of the technol-
ogy and to the identification of areas that require further understanding. These areas include
the development of reliable mix design methodologies, rational design of stabilised pave-
ment bases taking into account the traffic and environmental loading, and the issues of con-
struction practices. A section covering a brief discussion of the recent research results and
thinking is also presented.

1. INTRODUCTION

The road network of a developed country is a valuable asset that underpins its economy,
freight transport and people’s standard of living. Australia has a vast road network consisting
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of over 810,000 km of roads, about 70% forming the rural network and about 30% the
urban network (Land Transport, 2000). The relatively small population of Australia means
that there is a relatively small funding base for road infrastructure compared to other devel-
oped nations. For example, the length of road per capita is about 280 m in USA, 130 m in
Great Britain and 90 m in Japan in comparison to 450 m in Australia. Australia also has
the largest road freight compared to the measured per capita or per unit GNP of any OECD
country. The growth of road freight in Australia has outpaced the growth of other road traf-
fic and GDP, and with this growth, more use of heavier vehicles (such as B-doubles),
higher axle loads and higher tyre pressures is also taking place. This situation presents a
considerable concern because the heavy vehicle traffic has substantially higher potential to
cause damage to the road pavement infrastructure. On the other hand, increased wear and
tear incurred to expensive freight trucks and associated road safety issues are also of con-
cern. Under these circumstances, the cost-effective management of Australia’s vital but
aging road infrastructure needs the use of science and engineering at the current-state-of-
knowledge, innovation and highly skilled staff.

With the aging national road infrastructure and increasing environmental concerns, the
rehabilitation of old degraded roads has become increasingly important. Rehabilitation
may be achieved by reconstruction, overlays or in situ stabilisation. Reconstruction pro-
vides a brand new pavement, but may be too costly and environmentally unfriendly due to
the wastage of existing road materials and the use of new quarry and other manufactured
products, which will exert pressure on new quarries and levels of green house gas emis-
sions. Overlays involve placement of a newly constructed layer on the old pavement, while
being relatively less costly in the short-term, this technique may not always extend the
design life of the pavement as required. In situ stabilisation involves the fragmentation of
the old road and subsequent stabilisation of the pavement with cementitious, bituminous
or other binders. This technique is an environmentally prudent approach because it reuses
the existing road materials, and the stabilizing binder can be derived from waste by-
products of coal industry (e.g., fly ash) and iron smeltering industry (e.g., slag). 

Unbound road pavements with thin bituminous surfacings account for 95% of the
sealed road network in Australia. This component of the road network is likely to be the
most affected by the increasing traffic loads and aging. These pavements are particularly
suited to in situ stabilisation and are, therefore, increasingly rehabilitated in situ.
Specialised equipment has been developed that can recycle pavements in deep lifts of up
to 400 mm or so. The percentage of stabilising binder content used is much less than that
for concrete and varies according to requirements determined through a mix design process
and experience. On the basis of a survey of local municipalities, Chakrabarti et al. (2002)
reported that GP (General Portland or General Purpose) cement is the most commonly
used binder and is used at an application rate of about 3% (by weight) in Victoria, 2.5–5%
in Queensland, 4–5% in South Australia and 3–6% in New South Wales. Other cementi-
tious binders used include blends containing some mixture of two or more components of
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GP cement, slag, lime, bitumen and fly ash. In addition, foamed bitumen is also used in in
situ stabilisation.

Crushed igneous and metamorphic rocks are commonly preferred as unbound pave-
ment materials owing to their high strength and, where economically available, are pre-
ferred as traditional materials. Naturally occurring materials are also used in road
construction although they may have less strength than traditional materials. These mate-
rials would generally be considered as marginal materials (Yeo and Newman, 1998).
Alluvial, colluvial or chemically formed gravel, clayey gravel, sandstone, limestone, tuff,
scoria are examples of marginal materials. In most cases they may have just satisfied the
structural requirements of pavement material, but due to their proximity, they are cheaper
than the cost of cartage of traditional materials from more distant sites. Therefore, the qual-
ity of unbound materials encountered in old degraded pavements can be wide ranging, and
in situ stabilisation needs to cater for these variations. 

Considering that in situ stabilisation is about 35–50% of the cost of reconstruction, it is
not surprising that the use of this technology is on the rise primarily owing to the potential
for substantial cost savings. Environmental benefits provide an added bonus. In spite of the
assorted attractiveness of this method, there are a range of issues that require investigation
in order to make this method viable in the long term. Otherwise, we may be creating another
potential problem for the future, where rehabilitated pavements become substandard with
potential to deteriorate prematurely. The main issue of concern is the long-term perform-
ance of these pavements. The long-term performance requirements must be catered for by
effective material mix design and rational structural pavement design methods together with
appropriate maintenance. In the last decade or so, there has been a concerted effort to inves-
tigate these issues in the local scene. The current paper presents results of two case studies
along with some recent advancements that followed, in in situ stabilisation technology. The
focus of the paper is limited to stabilisation of unbound pavements using cementitious addi-
tives only.

This paper will place special focus on the use of activated slag as a potential binder in
place of GP cement. It is well established that if slag is activated by an alkali (such as lime,
NaOH or sodium silicate), then the resulting alkali activated slag (AAS) becomes a power-
ful stabiliser (Collins and Sanjayan, 2002). In addition to this, the use of slag can produce
substantial environmental benefits. About 3.1 million tons of slag are produced annually in
Australia by steel manufacturing industry as a waste product (in contrast to 6 million tons
pa of Portland cement). The production of GP cement is very energy intensive, consuming
4–7 MJ of fossil fuel energy per kg, and releases approximately one tonne of carbon diox-
ide (CO2) for manufacture of each tonne of Portl and cement, contributing to 5% of the
global greenhouse gas emissions. Although pavement rehabilitation only uses currently
about 3–6 % (by wt) of Portland cement as compared to concrete’s 10–16%, the amount of
cement to be utilised in pavements would be substantial considering the large amounts of
pavements to be rehabilitated in Australia. When in situ pavement rehabilitation is more

Performance Evaluation of Road Pavements Stabilised In Situ 411



widely used, as predicted by many, the binder use can become comparable to the usage in
concrete (estimated to be about 300 tons/km). Therefore, the use of binders involving as
slag and flyash, which are basically waste products of other industries, can potentially con-
tribute significantly to reduce CO2 emissions.

2. CASE STUDIES

Two case studies are discussed, namely the Cooma Trial and the Dandenong Trial. The
Cooma trial was conducted from May to October 1994 at a site on the former Monaro
Highway at Numeralla river, approximately 20 km north of Cooma. This study particularly
looked at the feasibility of deep-lift recycling of granular pavements to satisfy the struc-
tural design requirements of heavily trafficked rural pavements. Deep-lift recycling was
considered because the structural pavement design required a thick depth of stabilised
material to carry the anticipated traffic and previous attempts to achieve thick layers using
multiple thin lifts had resulted in subsequent delamination of layers, pumping of fines and
excessive cracking (Kadar, 1987). New construction techniques were introduced for deep-
lift recycling from pilot stage to full-scale test stage in cooperation with road agencies and
the industry. For the Cooma trial the pavement base was constructed of imported weath-
ered granite (Bunyan gravel) of subbase quality similar to that in flexible pavements in
South Eastern New South Wales. The study was undertaken by the Australian Road
Research Board (ARRB) through funding provided by Road Traffic Authority (RTA) of
NSW. A complete description of the trial was presented by Jameson et al. (1995).

The Dandenong trial was conducted by ARRB under the sponsorship of Austroads (the
body representing Australian and New Zealand road authorities) between February 1996
and April 1997 at a special site at Dandenong (about 30 km south of Melbourne), Victoria.
The main objective of this trial, within the context of the current paper, was to compare the
performance of high quality crushed unbound rock (i.e., traditional material) with that of
a marginal material stabilised using different techniques. The techniques included stabili-
sation with a slow setting cementitious binder (a slag/lime blend) and a bitumen/cement
binder. A control section of unstabilised marginal material was also included in the trial.
The full details of the trail and associated references can be found in Moffatt et al. (1998).

3. COOMA TRIAL

3.1. Laboratory mix design
Laboratory mix design trials were undertaken to select the binder types and application rates
to be used with Bunyan gravel. Bunyan gravel had 45% passing through 0.425 mm sieve
and 26% passing through 0.075 mm sieve, and a PI of 10 for the fines content, signifying
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that fines comprised predominantly non-clay minerals. The Standard maximum dry density
(MDD) and optimum moisture content (OMC) were 2.08 t/m3 and 8.6%, respectively. The
material gave a soaked California Bearing Ratio (CBR) (%) of 38.

Since the relatively low working time available with GP cement was identified as a
problem, emphasis was placed on the use of blends of lime, slag and flyash, which nor-
mally provide relatively high working time (i.e., slow setting blends). Commonly, uncon-
fined compressive strength (UCS) is used as the key indicator for mix design. UCS can be
obtained on specimens prepared in the laboratory using gyratory, dynamic or static com-
paction. More common is the use of dynamic compaction of a mix in a standard Proctor
mould to either 100% Standard or 95% Modified compaction at respective OMC. In this
instance, 100% Standard compaction at OMC was used. Another aspect that needs to be
considered at the mix design stage is the use of an appropriate curing regime for the spec-
imens. Ideally, specimens should be cured under the same conditions (i.e., mainly the tem-
perature and the humidity) that would prevail in the stabilised pavement in the field. This
is, however, not practical because, first, we would not know exactly the conditions that
would exist long term in the field pavement and, second, trial mix design results are needed
in a short space of time (within several weeks and often earlier) in contrast to the curing
time that can run into months or years under field conditions. Under these circumstances,
it is common practice to carry out accelerated curing at an elevated temperature along with
moist curing at room temperature (at about 23°C). In this instance, therefore, specimens
were subjected to 7-days accelerated curing at 65°C, prior to testing. Table 1 shows the
results obtained. It was considered that all binders provided adequate strength, and the
binder of 85% slag/15% lime was chosen for the trial. This binder is a slow setting binder
and allows at least 8 hours working time. This working time is required to ensure sufficient
time for compaction of the deep-lift layer (single lifts up to 400 mm thick) and adequate
time for final trimming of the pavement to ensure ride quality requirements are met.

3.2. Trial pavement construction
3.2.1. Test description and layout. Figure 1(a) shows the layout of four test pads (Pads
2, 3, 4 and 5). In addition, another test pad (Pad 1) was constructed next to the main test
bed. The construction was similar to Pads 2–4, and it was considered that this Pad was
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Table 1. UCS results of the trial mix design for 28 days curing (Cooma trial)

% Binder by Lime/Flyash/Ground Slag Ground Slag/Lime Ground Slag/Lime
weight (30/50/20) (MPa) (50/50) (MPa) (85/15) (MPa)

Specimen 1 Specimen 2 Specimen 1 Specimen 2 Specimen 1 Specimen 2

4 6.4 5.7 4.5 4.0 5.4 3.6
5 6.4 6.5 5.6 5.6 6.6 7.0
6 6.8 7.2 6.0 6.0 6.5 6.8



affected by some deficiency in the construction process used. Therefore, it is not discussed
further. Pads 2, 4 and 5 were stabilised in situ. Pad 3 was left in an unbound state to pro-
vide a control section for comparison with the stabilised pavements.

Figure 1(b) shows a cross-section of Pads 2–5. The pavement structure was placed on
the natural subgrade, and, from bottom-up, included 200 mm of sand/rubble material, a
minimum of 250 mm of imported clay subgrade, and the pavement base. The imported
subgrade was a clayey silt from a cutting south of Bredo in South-Eastern New South
Wales. As can be seen from Figure 1(b), the thickness of the gravel placed over the sub-
grade varied depending on the pavement section.

3.2.2. Stabilisation process. The pads were constructed between 6–7 April, 1994. Each
pad was constructed 4.6 m wide, done in two parts of 2.4 m in width (designated a and b)
with an overlap of the paths of both binder spreader and the recycler. Table 2 shows the
nominal depths of stabilisation along with the actual depths of stabilisation achieved after
construction, inferred from coring. A 40 mm additional depth of unbound (unstabilised)
gravel was provided below the stabilised section to avoid mixing of subgrade clay with the
gravel during stabilisation.

The application of the binder (85% slag/15% lime) at a rate of 5% by dry mass of the
host material was undertaken in two runs of 19 kg/m2 each for the 360 mm beds. Mixing
(using a CMI RS500 Recycler) and moisture application was also carried out in two runs.
Subsequent compaction was undertaken with a 34 ton static pad foot roller, the pavement
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Figure 1. Test pad layout and cross-sections in the Cooma trial (modified from Jameson et al., 1995).
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was trimmed with a grader and then finished with a smooth drum and rubber-tyred rollers.
The pavement was moist-cured until a primerseal was applied within 48 h. A final 14/7
mm single/double seal was also applied before full-scale load performance testing with the
accelerated loading facility (ALF).

3.3. Field testing
3.3.1. Test variables. The main test variable was the moisture state of the subgrade. As
shown in Figure 1, experiments 1 and 2 were carried out on pads with relatively stiff subgrade
(CBR �15%), in which the water content was not altered by artificial wetting. For experi-
ments 4 and 5, however, the clay subgrade was soaked by filling trenches adjacent to the test
section with water up to 100 mm above the bottom of the subgrade. The sand/rubble layer
provided below the clay subgrade allowed the spread of water to other parts of subgrade. The
water contents were measured by time domain reflectrometer (TDR) gauges and direct grab
samples underneath core holes drilled for dynamic cone penetrometer (DCP) testing.

3.3.2. Laboratory testing of field samples. The overall subgrade comprised natural
subgrade, sand/rubble layer and the imported subgrade layer. The clayey silt used for the
imported subgrade had a liquid limit of 35% and a plasticity index (PI) of 16. The soaked
and unsoaked CBR of subgrade materials are given in Table 3. For the imported clay sub-
grade, which served as the primary subgrade, a dry density of 1.85 t/m3 was obtained at
OMC corresponding to Standard MDD. These conditions were similar to those in
Experiments 1 and 2 prior to the subgrade being wet up.

During the construction of the test pads, loose samples were taken from each stabilised
bed and were compacted using 100% standard compactive effort. After curing the speci-
mens in cylindrical moulds at laboratory room temperature (15–25°C) and subsequently
soaking for 4 h, UCS tests were performed. The results are given in Table 4. Pad 4 was sta-
bilised to a lower depth and hence contained a higher than expected binder percentage.
This is reflected in the higher UCS values measured. The lower results obtained for Pad 5
were unexpected and were partly attributed to lower specimen densities.

Field cores were obtained from the stabilised test pavements at various times, and the
specimens prepared from these cores were subjected to UCS testing. Figure 2 shows a
typical result where the UCS results showed a strong dependence on the dry density of the
material. It was also apparent that that the increase in UCS with time was dependent on
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Table 2. Depths of stabilisation in the Cooma Trial

Pad Nominal depth of stabilisation (mm) Actual depth of stabilisation (mm)

2a, 2b 360 350–380
4a, 4b 300 260
5a, 5b 250 220–250



the field curing environment. For instance, the specimens cured over cold winter months
(at ages between 60 and 120 days) did not show a substantial variation in strength.
However, the cores tested after 330 days of curing (the period which spanned over the hot
summer months) generally showed an increase in strength. Furthermore, 6–7% difference
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Table 3. Soaked and unsoaked CBR of subgrade materials

Material Unsoaked CBR Soaked CBR

95% Standard 100% Standard 95% Standard 100% Standard
compaction compaction compaction compaction

Imported clay 15 45 1.5 2
Sand/rubble 13
Natural subgrade 30 60 20 40

Table 4. UCS test results (in MPa) of laboratory compacted specimens prepared from stabilised gravel
obtained during construction

Pad Depth of Accelerated curing (7 day) Days of curing at ambient temperature

stabilisation (mm) 56 days 84 days 127 days 154 days

2 360 6.4 3.6 4.1 5.3 5.3
4 300 7.9 4.6 6.9 8.0 6.6
5 250 3.9 1.7 2.2 2.2 2.4
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Figure 2. The relationship of UCS with dry density for field cores recovered from Cooma trial (modified from 
Jameson et al., 1995).



in dry density was observed between top and bottom halves of the 360-mm-deep layer.
This density difference typically gave rise to the UCS of the top half, about 1.6–1.8 times
the UCS of the bottom half.

Resilient moduli were also determined from field cores. The cores obtained at an age
of 60–65 days gave mean resilient modulus in the range 7.2–11.1 GPa, while the cores
obtained at about 120 days have given moduli in the range 10.3–17 GPa. This indicated a
possible increase in modulus along with the increase in strength. However, the resilient
moduli obtained from laboratory-moulded specimens were much lower than those
obtained from field cores.

3.3.3. Full-scale performance testing using accelerated loading facility (ALF). Full-
scale performance testing was undertaken using a mobile accelerated loading facility
(ALF). The ALF can test road sections applying repeated cycles of full-scale wheel loading
to a designated pavement structure. Figure 3 shows a picture of the machine, as located in
the current indoor test site at Dandenong, Victoria. The total length of the machine is 29 m
and, for a particular station of the ALF, the length of test pavement where wheel loads are
applied is 12 m. The rolling wheel load, which travels at a constant speed of 20 km/h, can
be varied in 10 kN increments between 40 and 80 kN. Either single or dual wheels can be
used, and the lateral distribution of the trafficking can be varied to replicate normal traffic
wander or to a narrow distribution. A narrow distribution of loading can be used to
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Figure 3. The accelerated loading facility (ALF) at the indoor test site, Dandenong, Victoria.



concentrate the wheel loading and thereby to accelerate the pavement deterioration.
Simulating normal highway applications, the wheel loads are applied in one direction only,
with the wheels lifted off the pavement surface on the return cycle. Table 5 summarises the
experiments carried out using the ALF.

3.3.4. Performance monitoring during the accelerated testing. A transverse perma-
nent deformation of the test sections was determined using a profilometer after application
of the load cycles each day. Surface cracking was also measured and was recorded as total
crack length per square metre of pavement. The fatigue life was defined as the loading
cycles giving 1.0 m/m2 of surface cracking.

Typical permanent deformations measured for Experiment 1 (with unsoaked subgrade) are
shown in Figure 4. The permanent deformation was calculated from the change in profile from
the start of the experiment. It is clear that stabilised pavements have performed in a superior
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Table 5. Loading cycles using the ALF for Cooma trial

Exp. Pad Subgrade Cycles of 40 kN Cycles of 50 kN Cycles of 60 kN Cycles of 80 kN Total Cycles of
no. no. condition ALF loading ALF loading ALF loading ALF loading ALF loading

(kcycles) (kcycles) (kcycles) (kcycles) (kcycles)

1 3,4,5 Not soaked 46.7 56.7
2 5 Not soaked 12.4 163.6 176.0
4 5 Soaked 11.5 195.9 207.4
5 2,3,4 Soaked 9.5 138.2 147.7
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Figure 4. The mean permanent deformation measured (for unsoaked subgrade) at different ALF cycles during 
Cooma trial (Jameson et al., 1995).



fashion when compared to the unbound pavement. The rate of degradation (rate of increase of
mean deformation with respect loading cycles) is higher for the unbound pavement (Pad 3).
In Experiment 5, the unbound material failed after only 180 cycles of 40 kN loading, whereas
the stabilised pavements performed satisfactorily after 148 kcycles of loading. Figure 5 shows
a comparison of the influence of stiffness of subgrade in Experiments 2 and 4 (with no-
soaking and soaking, respectively) using Pad 5. No surface cracking was observed in
Experiment 2 (and also in Experiment 5) after close to 200 kcycles. In contrast, the pavement
with soaked subgrade (Experiment 4) failed after 169 kcycles and the rate of pavement defor-
mation was generally higher.

The main conclusion drawn from the accelerated loading testing was that all the sta-
bilised pavements, including those with the low strength (soaked with CBR of 4%) sub-
grade had fatigue lives at least twice the loading estimated for the Monaro Highway (i.e.,
5.3 � 106 equivalent standard axle (ESA) loadings) over a design period of 20 years.
Consequently, it was suggested that pavement recycling by deep lift stabilisation could be
used for pavements carrying moderate rural arterial traffic.

4. DANDENONG TRIAL

4.1. Laboratory mix design
The traditional unbound crushed rock was an angular, rough, hard, blue-grey rock from a
rhyolite acid igneous source. It had a maximum particle size of 20 mm and PI of almost
zero for the fines content. As noted previously, this material was used as a benchmark 
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traditional material and was not cementitiously stabilised. The crushed rock complied with
the VicRoads (Victorian Road Authority) classification for Class 1 base. The material gave
a modified MDD of 2.2 t/m3 at optimum water content (OMC) of 6.8%, and unsoaked and
soaked CBR (%) values over 100.

The marginal unbound material used was a sandstone rubble from Wollen Rises Quarry,
Victoria. It is often used a subbase material by VicRoads Northern Region. The aggregate
was considered as irregular, rough and medium-soft. The material gave a modified MDD
of 1.82 t/m3 and OMC of 12%, and unsoaked and soaked CBR (%) of 80 and 56, respec-
tively. The plasticity index of the fines was typically 6–8.

Only the sandstone was to be tested and stabilised, and prominence was given to a
slow setting binder. In line with the Cooma trial, a slow setting binder comprising 85%
slag/15% lime was chosen, and a target UCS of 5 MPa was specified. Laboratory spec-
imens were prepared with 5 and 6% binder contents, using static compaction, and
cured using two different techniques: moist curing in a 100% humidity environment
for 28 days or accelerated curing in a sealed plastic bag at a temperature of 65°C for
7 days. Unfortunately, none of the specimens achieved UCS above 2 MPa and many
were below 1.5 MPa. This was despite the accelerated curing giving higher UCS val-
ues than the moist curing. It was concluded that more time was necessary to develop
strength with the slow setting slag/lime binder in the stabilised sandstone, but a binder
content of 5% was selected in line with the Cooma trial. In addition to UCS testing,
resilient modulus was also measured using repeated load triaxial (RLT) tests. They
were performed on 96% Modified compaction at OMC using dynamic compaction for
specimens prepared with 5% binder content. The tests were conducted at a mean nor-
mal stress of 400 kPa and an inverse stress ratio of 0.4 (i.e., the ratio of static confin-
ing stress to the maximum vertical stress applied to the specimen) that simulated the
condition close to the surface of the stabilised pavement. For specimens cured under
normal curing, there was tendency that the modulus increased with time giving a value
of 1540 and 3920 at 28 and 113 days, respectively. For (in MPa) specimens where cur-
ing was accelerated, a modulus of 2620 was obtained at 7 days.

4.2. Trial Pavement construction 
4.2.1. Test description. This paper describes only three pavements tested in the overall trial.
They are the unbound crushed rock and sandstone pavements and the pavement constructed
of stabilised sandstone with 85% slag/15% lime. All the pavements were constructed at the
ALF site in Dandenong, Victoria (Figure 3), in a fashion similar to that described for the
Cooma trial. The cross-sections of the test pavements are illustrated in Figure 6.

The imported subgrade used in the pavement construction was a residual clay of
Silurian siltstone (sometimes inter-bedded with sandstone), which forms the bedrock for
Melbourne and surrounding region. This rock outcrops to the surface in the east and dips
below about 30–40 m at the city centre. The soil featured a liquid limit of 16 and a
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plasticity index of 4–5. The lower than the expected typical plasticity for this soil may indi-
cate the presence of quartz sand particles in the fines content. The Standard MDD was 2.08
t/m3 at a corresponding OMC of 8.6%. The unsoaked and soaked CBR (%) of the clay was
measured to be 10 and 3, respectively.

4.2.2. Stabilisation process. The test pavements were constructed on 6 December, 1995.
During stabilisation, the binder was spread at an application rate of 18 kg/m2 (5% by dry mass
of the host material) using a special-purpose spreader. The stabilisation was carried out by an
RS500 stabiliser linked to a water truck, which measured the flow of water into the mixing
chamber. The mixing was carried out down to 200 mm depth in a single pass and, as for the
Cooma trial, two runs were used to generate 4-m-wide test pavement strips. The mixed mate-
rial was compacted using an 11 ton vibrating padfoot roller and a 10 ton vibrating smooth
drum roller. The stabilised material was compacted to 98% modified MDD. After compaction,
the surface was finished off with a multi-tyred roller. It was intended to apply primerseal after
curing period of 48 h. But the priming was not applied until some 37 days, by which time parts
of the pavement had dried out and experienced significant shrinkage cracking.

4.3. Field testing

4.3.1. Test variables. The main test objective was to evaluate the performance of
unbound sandstone and stabilised sandstone with respect to the performance of traditional
unbound crushed rock material.
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Asphalt surfacing (nominal 30 mm thick)

Crushed rock
200 mm thick

Marginal material
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Marginal material
stabilised insitu with
5% granulated
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blend 200 mm thick

Imported subgrade
400 mm thick

Free-draining layer
100 mm thick

Subgrade stabilised with 2% lime
300 mm thick

Natural subgrade

Figure 6. Cross-sections of test pavements (modified from Moffatt et al., 1998).



4.3.2. Full-scale performance testing and laboratory testing of field specimens. Full-
scale, accelerated performance testing was carried out using the ALF noted earlier,
between May 1996 and March 1997. While many tests including some industry-funded
tests (on contract) were performed, this paper describes information only relevant to
unbound crushed rock and unbound and slag/lime stabilised sandstone pavements. The
tests were performed using 50 and 80 kN dual wheel loading and 50 kN single wheel load-
ing. All experiments used a single tyre pressure of 690 kPa. Unlike in the Cooma trial, no
measure was taken to change the subgrade conditions and, therefore, measures close to the
as-constructed state could be considered to be prevalent during testing.

Cores were retrieved from the test pavements after the construction and during ALF
loading. Specimens were prepared from top, middle and the bottom sections of the pave-
ment, where possible. However, the presence of shrinkage cracking hindered consistently
preparing intact specimens. The field specimens were used for measuring dry density, UCS
and resilient modulus testing. Clearly, there was evidence that the resilient modulus
decreased with depth, indicating that this may be a common feature of the in situ stabili-
sation process. There was no clear evidence that modulus decreased with trafficking, but
this might have been due to the lack of data collected on trafficked surfaces. As for the
Cooma trial, there was also evidence that the dry density, UCS and resilient modulus
increased with age when not subjected to traffic loading.

Figure 7 shows the influence of age and the depth on resilient modulus. This graph also
shows the laboratory measured values (at 7, 28 and 113 days of curing) during mix design.
It is evident that field values are significantly higher than the laboratory mixed specimens.
But the resilient modulus of the specimen cured at 113 days measured in the laboratory
appears to be similar to those measured in core specimens at a similar age. The UCS values
obtained from laboratory moulded specimens at 7 and 113 days of moist curing were 1.1
and 2.5 MPa in comparison with the values of 2.5 and 4.0 MPa obtained from the field cores
after 69 and 489 days, respectively. Therefore, the resilient modulus and UCS values from
laboratory prepared specimens can give indications of the field UCS values, provided the
curing conditions and times are representative. The figure also highlights that a reduction in
stiffness occured with depth primarily due to a reduction in mixing efficiency during the
stabilisation process. This may also happen from mixing of subgrade material with similar
adverse effects, as discussed further in Section 5.2.

4.3.3. Performance monitoring during the accelerated testing. As for the Cooma
trial, transverse permanent deformation of the test sections was determined using a pro-
filometer at various stages during the ALF trafficking. In addition, the measurement of sur-
face deflection bowls using falling weight deflectometer (FWD) and surface cracking were
also carried out at various loading cycles. Figure 8 shows mean deformation obtained for the
stabilised sandstone pavement at various load cycles. It is clear that part of the test section
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experienced excessive deformation. This section was affected by shallow shrinkage cracking
that occurred due to the delay in the application of primerseal. It was inferred that during the
application of traffic loading, the surficial shrinkage cracking coalesced to form almost an
unbound layer below the asphalt surface, which subsequently underwent premature cracking
and excessive deformation. This, therefore, highlighted the importance of applying a
primerseal immediately after construction to minimise the possibility of shrinkage cracking
due to rapid drying of the stabilised material. As can be seen from Figure 8, the section that
appeared to have not been affected by this problem performed satisfactorily even up to 55
kcycles of 80 kN of dual-wheel loading. In contrast, the unbound crushed rock and sandstone
pavements underwent severe cracking and deformation even well below this level of loading
cycles, highlighting the benefits of in situ stabilisation.

Observation trenches were excavated post ALF trafficking to examine the layers and
measure the deformation of each layer due to traffic loading. It was inferred that much of
the deformation in the unbound crushed rock occurred within the crushed rock layer.
Minimal permanent deformation was observed in the subgrade. In the unbound sandstone
pavement, some permanent subgrade deformation had occurred, but the major contribution
to the surface deformation had come from the deformation of the unbound sandstone. As
noted earlier, the primary deformation in the stabilised sandstone had resulted from the
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movement of asphalt due to the breaking down of the surficial layer of stabilised sandstone,
influence by shrinkage cracking. Figure 9 shows a comparison of average deformation of
unbound and stabilised sandstone pavements under the 80 kN dual-wheel loading. Linear
regression lines for each pavement type are also shown in this figure. It is clear that a

424 Chapter 15

1

Cycle (1,000)

3 7 9

45

40

35

30

25

20

15

10

5

0

1

D
ef

or
m

at
io

n 
(m

m
)

Mean deformation

2.9 5.1 15 × 55.4

Section affected
by shrinkage

cracking

5 11 13
Offset (m)

Figure 8. Variation of mean deformation of stabilised sandstone pavements at various ALF cycles of 80 kN 
dual-wheel loading (modified from Moffatt et al., 1998).

12080600 4020

15.0

A
ve

ra
ge

 d
ef

or
m

at
io

n 
(m

m
)

10.0

5.0

0.0

−5.0
100

kCycles of 80kN ALF load

Stabilised sandstone

Unbound sandstone

Figure 9. Comparison of average deformation of unbound and stabilised sandstone pavements under 80 kN 
dual-wheel loading (modified from Moffatt et al., 1998).



substantially lower deterioration rate can be achieved using in situ stabilisation, if properly
administered. Moffatt et al. (1998) summarised this result using two indicators: relative 
cost – the cost of stabilised pavement is 2 times the cost of unbound pavement; and relative
performance – the performance (the rate of average increase in deformation per 80 kN load
cycle) of stabilised pavement is 9.5 times better than that of a unbound sandstone pavement.
This statement, however, was developed on the basis of a number of assumptions involving
material cost and the pavement test configuration.

5. SOME RECENT RESEARCH ON STABILISED PAVEMENT MATERIALS 

5.1. General
Previous sections presented case studies of in situ stabilisation of unbound pavements
using the cementitious binder comprising 85% slag/15% lime blend. As noted previously,
this can be considered as a slow setting binder in comparison to traditional GP cement. The
main practical advantage of such a binder is that it can provide more working time during
construction. The case studies highlighted the effectiveness of this binder for road stabili-
sation, and the knowledge gained should be considered in pavement construction and sta-
bilisation practice. There are, however, a number of issues that need ongoing investigation
so that this technology can be advanced further. These include the development of reliable
mix design methodologies, rational design of stabilised pavement bases taking into
account traffic and environmental loading and the issues of construction practices such as
material variability, mixing efficiency and weather influences. Development of a thorough
scientific understanding of the stabilised material behaviour utilising various binders
including GP cement is essential to address these issues. The following sections provide
brief accounts of relatively recent knowledge gathered on related topics.

5.2. Mix design
The decision to stabilise an old unbound pavement in situ will depend on a number of con-
siderations: whether there is sufficient material is available in the pavement; if not, whether
more suitable unbound material can be added to supplement the existing material; how
non-uniform the existing material is along the pavement; state of the subgrade and the
drainage conditions and current elevation of the existing pavement. Once the decision is
made, undertaking of mix design follows. The objectives of mix design are to select a suit-
able binder and an application rate and provide input parameters to the structural design of
the stabilised pavement.

In some cases the selected binder may not meet the capillary rise and the other optional
tests but meet the UCS requirements and therefore, engineering judgement may override
the results from these tests to use the specific binder and content.

The selection of a suitable binder and an application rate must consider the potential
problems that stabilised pavement may experience during its construction and operation.
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These include: (1) lack of durability; (2) lack of sufficient working time; (3) potential for
premature fatigue cracking; (4) potential for excessive shrinkage cracking; (5) potential for
thermal cracking; (6) erodibility and (7) moisture susceptibility (Foley and Austroads
Stabilisation Expert Group, 2001a; the authors also belong to this group). In addition,
other environmental problems such as acid generation, chemical leaching and salt crystal-
lization may lead to premature deterioration (Kodikara et al., 2004). Generally, these prob-
lems are created by traffic loading, environmental loading, or a combination of both
loading types. It may be cost-prohibitive or impractical to undertake detailed investigation
of all these factors in a project. However, past experience and a general understanding of
the behaviour of stabilised materials can be applied to detect areas that require further
scrutiny. A number of reports have been developed by Austroads to guide the mix design
process (Foley and Austroads Stabilisation Expert Group, 2001b). Figure 10 shows a flow
chart produced to assist the mix design process.

5.3. Strength and stiffness of stabilised materials
5.3.1. Unconfined compressive strength. As can be seen from Figure 10, UCS is usu-
ally used as a key parameter in mix design and for indirect assessment of stiffness and
some of the other properties including durability. In situ stabilised pavements may be con-
sidered under two categories: lightly bound (UCS between 1.5 and 3 MPa) – generally
used for light to medium traffic and heavily bound (UCS > 3 MPa) – generally used for
heavy traffic. This UCS is normally obtained by testing specimens with diameter of 105
mm and height of 115.5 mm prepared with 100% Standard compactive energy or 95%
Modified compactive energy at respective OMCs (Standards Australia, AS 1141.51 –
1996). Curing for 28 days under a controlled environment with relative humidity more
than 90% (generally close to 100%) and temperature between 21°C and 24°C is commonly
used. It should be noted that the length to diameter ratio used in this testing is close to 1.
This appears to have been adopted mainly to take advantage of the preparation of speci-
mens in the Standard compaction mould. As pointed out by Sherwood (1993), the length
to diameter ratio can have an influence on UCS results, and specimens with length to
diameter ratio of 1 can produce UCS values about 1.25 times that of specimens with a
length to diameter ratio of 2 (as typically used in soil and rock testing). In addition, con-
sideration must also be given to rate of loading because higher loading rates can increase
the measured UCS (Jalinous, 1986; Chakrabarti and Kodikara, 2004;).

The UCS of stabilised materials increase at a diminishing rate as the binder content is
increased (Chakrabarti and Kodikara, 2003; 2004; Sherwood, 1993). Figure 11 shows the
development of UCS with the binder content for crushed basaltic rock stabilised with three
cementitious binders, namely GP cement, GB cement and AAS. GB cement and AAS are
proprietary products manufactured locally in Melbourne. GB cement is blend of blast fur-
nace slag (approximately 50%) and Portland cement (approximately 50%). AAS is blast
furnace slag activated by alkaline clinker from the cement forming process. Table 6 shows
the chemical compositions of the binders. Figure 11(a) and (b) shows that in comparison
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to GP cement, both GB cement and AAS can be considered as slow setting binders. It is
also clear that after about 28 days, all three binders have given rise to similar strengths. As
noted previously, an important benefit of slow setting binders is the extra working time
available during construction. For example, internal research undertaken by VicRoads
indicated that materials stabilised with 3% GP cement produced a 30% reduction in UCS
due to compaction with a 12 h delay after mixing, whereas similar specimens compacted
with AAS did not show any appreciable decrease after a 12 h delay. The increase in UCS
with increasing density was apparent from testing in the field trials. This has been further
confirmed by laboratory testing involving a wide range of materials (Symons, 1999).

The results at 28 days curing indicate that crushed basaltic rock can be stabilised quite
readily to achieve sufficiently high UCS, potentially to carry heavy traffic. It should be
noted that this material is a traditional material and not a marginal material. The increase
in UCS with curing time was also evident from the field results of Cooma and Dandenong
ALF trials.

Although not desirable, it is sometimes possible to have substantial quantities of clayey
soil in the pavement material. It may either be present in the old pavement material or it may
happen during the field mixing process either intentionally or unintentionally. Although the
stabilisation of clay soils with cementitious binders can be performed, the percentage of
binder required is substantially higher than that required for rock aggregates. Figures 12 and
13 show the influence of artificially mixing high-plastic clay to crushed rock during stabil-
isation. The high-plastic clay used in these experiments is the residual basaltic soil available
in western regions of Melbourne, and is known to display high shrink/swell properties when
subjected to moisture fluctuations. It is clear that adding 6% and 15% clay substantially
reduces the strength development. It may, however, be possible to develop the required UCS
strength by adding substantially higher percentages of binder content than that required for
rock materials alone. Therefore, this issue needs to be considered carefully during mix
design and even during budgeting of the stabilisation projects.

5.3.2. Tensile strength of stabilised materials. The common methods used for meas-
uring tensile strength of materials can be categorized under direct (e.g., Wallace, 1998;
Hannant et al., 1999; Tang and Graham, 2000) and indirect (Brazilian) tensile test (IDT),
e.g., Frydman, 1964; flexure beam test, e.g., Bofinger, 1970; hollow cylinder test, e.g., Al-
Hussaini, 1981). For stabilised pavement materials, the IDT and beam flexure tests are
commonly used. Usually, the indirect methods assume that the material behaves in linear
elastic manner (up to failure) to compute the tensile strength. The IDT test typically uses
a cylindrical specimen of 100 or 150 mm in diameter and 60 or 85 mm in height. The spec-
imen is loaded diametrically until failure is reached. The failure load is used to compute
the tensile strength of the material. In the flexure beam test, a compacted beam specimen
is simply supported at the edges and is loaded to failure either centrally or at two locations
at one-third of the beam length from each end. The tensile strength can be estimated
assuming linear elastic behaviour and pure bending of beams.
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Figure 10. Flow chart for lightly bound material design (after Foley and Austroads Stabilisation Expert Group,
2001a).
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         the proposed environment, then additional testing (i.e. capillary rise, shrinkage, erodibility) may be 
         required to reduce the likelihood of moisture sensitivity, unacceptable cracking and erodibility. 



Direct methods, in contrast, measure the tensile strength without the assumption of lin-
ear elasticity, and can give the tensile stress–strain behaviour of the material in a more real-
istic sense. Nonetheless, the direct methods face challenges of effectively holding the
specimen during testing and generating consistent test results. In both direct and indirect
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C5     Capillary rise and swell assessment to be carried out to AS1141. 
C6     As a rough indication of drying shrinkage use the linear shrinkage test (Standards Australia 1995)
          to discriminate between binder(s)/content(s).  Some road authorities will use an equivalent density 
          obtained using Modified compactive effort. 
C7     Consider erodibility testing performed on a sample at 3% lower density as erodibility is sensitive to 
          the degree of compaction.  
C8     If there is no improvement in the stabilised material after increasing the binder 
          content, it is suggested that another binder type is selected. 

Figure 10. Continued
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(a) 1 day curing; (b) 28 day curing (Chakrabarti, 2004).



testing, it is important that the material is tested in the direction where tensile stresses and
failure is expected. For instance, the tensile strength in the direction of compaction may be
seriously affected by layering during compaction, particularly when dynamic compaction
is used to prepare specimens.
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Table 6. Chemical compositions and LOI (loss of ignition) of binders

Material X-ray fluorescence spectroscopy (XRF) in (%)

SiO2 Al2O3 Fe2O3 CaO MgO SO3 Na2O K2O LOI

GP Cement 21.31 4.72 3.30 62.81 1.30 2.85 0.19 0.49 3.3
General Blend (GB) Cement 23.88 7.27 2.51 57.36 2.76 3.01 0.14 0.42 2.7
Alkali Activated Slag (AAS) 22.49 7.97 1.63 44.15 3.56 4.04 0.71 4.53 10.9



The first author and his students developed a test method that is specifically suited for
stabilised materials (Chakrabarti, 2004; Nahlawi et al., 2004). Figure 14 shows a picture
of a specimen during testing. A special procedure is followed for preparing the specimens,
but involves compaction of stabilised material into the mould using a standard compaction
hammer. After curing the specimen for the required period, it is tested under direct tension
in a test rig. Therefore, the tensile strength is measured perpendicular to the direction of
compaction. Internal keys are provided on the walls of the split moulds to provide restraint
to the specimen during tension. These keys are in addition to the provision of a neck, where
the failure is forced to take place, as shown in Figure 14. The tensile strain is estimated by
a high precision gauge placed across the neck section. A major advantage of the method is
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that it can be used to measure the development of tensile strength of stabilised materials
with curing time. Nahlawi et al. (2004) presented results where the same equipment was
used for measuring tensile strength of plastic clay at the liquid limit. Figure 15 shows typ-
ical results obtained for crushed basaltic rock stabilised with GP and GB cements at vari-
ous curing times. Also shown is the repeatability of the test method specimens with 3%
GB cement, cured for 7 days. It can be seen that the stabilised materials develop substan-
tial tensile strength and stiffness during curing, but the failure tensile strain reduces as a
result of that. Usually, experimental results have indicated that the tensile failure strain is
about 10 to 50 µs for stabilised materials. The tensile strength at 28 days curing was meas-
ured typically highest for AAS, then GB cement and the lowest for GP cement for 3 and
4% binder contents, but this relativity was not apparent for binder content of 2%. Typical
values at 28 days curing ranged between 0.55 and 0.65 MPa for binder content of 3%.

5.3.3. Stiffness of stabilised materials. The stiffness of stabilised materials is charac-
terised by Young’s modulus or resilient modulus measured on recoverable (i.e., elastic)
component of the strain. It can be measured by various means, including compressive or
tensile loading in unconfined state, compressive loading using RLT apparatus, IDT, flexural
testing and dynamic testing (e.g., FWD). In mechanistic pavement design (see Section 5.4),
material modulus is the key input parameter, not the strength. Therefore, it is important to
understand its relationship to stress system, stress level, stress repetition, strength and envi-
ronmental factors such as moisture level and temperature.

The stress and strain system generated within the specimen or pavement can vary
depending on the type of the test used. Therefore, significantly different modulus values
may result from different tests. The RLT test generally operates in compressive stresses
and strains due the lateral confinement provided. UCS and IDT tests apply compressive
stresses, but failure may take place due to lateral tensile strains, and usually no confining
stress is applied during these tests. In the IDT test, the lateral strain measured diametrically
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Figure 14. Arrangement of stabilised material during direct tensile testing.



perpendicular to the direction of loading is used to compute the modulus, assuming linear
elastic material behaviour and the Poisson’s ratio for the material. Flexural modulus is
obtained by beam flexure test and therefore, both tensile and compressive stresses and
strains are involved. A measure of tensile modulus can also be obtained from the direct ten-
sile test, noted above. Generally dynamic tests give (about 20%) higher modulus values than
continuous loading (sometimes referred to as static) or repeat loading tests (e.g., Alderson,
1999, Williams, 1986). Therefore, a difference in modulus values back calculated from
FWD testing and laboratory resilient modulus testing can be expected. However, the inac-
curacies in interpretation of field results can also contribute to this difference.

Figure 16 shows results of RLT testing of a typical cemented material plotted as the
inverse stress ratio (i.e., the ratio of static confining stress to the maximum vertical stress
applied to the specimen) against the mean stress (average of all three principal normal
stresses). The mean stress can be viewed as the overall confining stress and the stress ratio
signifies the deviator stress inducing shear strains. It can be seen that at a given mean
stress, the modulus decreases as the stress ratio decreases (i.e., when deviator stress
increases). Similar effect is seen if the confining stress is decreased. The stabilised mate-
rial needs to be characterised for repeated loading to determine the fatigue life, which is
normally characterised by flexural beam testing (e.g., Austroads, 2004). As shown in
Figure 17 the IDT test can also be used to measure the variation of resilient modulus with
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load repetition. However, it is apparent that depending on the method employed, modulus
values ranging from one or two giga Pascal to tens of giga Pascals can be measured. Figure
17 highlights that damage in stabilised materials occur early and increases steadily with
the load cycles. This damage evolution has given to significant reduction in modulus with
load cycles. Therefore, the applicability of linear elastic fracture mechanics (LEFM) to
characterise fatigue behaviour of these materials is questionable.
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A correlation between UCS (at 28 days moist curing) and flexural modulus is used in the
Austroads Pavement Design Guide (Austroads, 2004). In the absence of measured data, a ratio
of flexural modulus to UCS between 1000 and 1500 is suggested. However, experimental evi-
dence appears to indicate that a reduction of UCS may result in a smaller proportion of reduc-
tion in modulus (Otte, 1978). Assuming linear elastic behaviour, this may mean that when the
UCS is reduced, the failure strain may not increase by the same proportion or vice versa. This
behaviour has important implications on not only the structural fatigue failure behaviour, but
also on the shrinkage crack development, as discussed in the next section. The influence of
moisture on the resilient modulus has also been observed. For instance, Jameson et al. (1992)
reported the moduli measurement of 3% cement treated crushed rock from a trial after 27
months from an area that was not subjected to traffic loading. Cores were tested in (field) dry
state or wet state (after soaking for one week in water). The results gave average values in the
ranges 7–14.3 GPa for dry cores and 5.2–11 GPa for wet cores.

5.4. Drying shrinkage of stabilised materials
Drying free shrinkage can be considered as a material property for a given environmental
condition (Kodikara and Chakrabarti, 2001). The measurement of true shrinkage, however,
should be such that no restraints, either internal or external, are placed on the specimen dur-
ing shrinkage. External restraints can come from friction at the specimen boundaries,
whereas internal shrinkage can arise from non-uniform shrinkage within the specimen itself.
Therefore, practically, it is only possible to approximate the free shrinkage condition in the
laboratory. Following the approach used in concrete technology, Chakrabarti and Kodikara
(2003a) presented a method for free shrinkage assessment of stabilised materials. Stabilised
specimens measuring 75 mm (wide), 75 mm (high) and 280 mm (long) were compacted
using Standard Proctor hammer. Two gauge studs were placed at the middle of the end sec-
tions during compaction to facilitate shrinkage measurement. Specimens in duplicate per 
set were cured for 24 h at 90% or above relative humidity (RH) and air temperature of
21–24°C. Subsequently, specimens were dried in a controlled environment with 50% RH and
air temperature of 22oC. Shrinkage measurements at various time intervals were obtained by
using a special measuring apparatus equipped with a digital micrometer with an accuracy of
0.001 mm, as shown in Figure 18a. A referenced bar was used to initialize the reading prior
to shrinkage measurement (Figure 18b). Shrinkage strain was computed as the total shrink-
age divided by the original length presented as units of micro-strain.

Figure 19 shows typical shrinkage values measured for specimens stabilised with GP,
GB and AAS at 2%, 3% and 4% binder contents, respectively. For all binders, shrinkage
develops at a relatively rapid rate at the beginning and the rate of shrinkage reduces with
time. For GP and GB cements, the shrinkage stabilised to an ultimate (equilibrium) value
after about 21 days, whereas AAS takes longer time duration to stabilise. These results
indicate that the rate of shrinkage development is also the lowest for AAS. Figure 19 also
indicates that for GP and AAS the shrinkage slightly increases when the binder content is
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increased, whereas, for GB cement, shrinkage tends to decrease marginally when the
binder content is increased, but supplementary test results show that shrinkage can
increase again for further increases in GB content (see Table 7).

These differences arise from the complex interaction of binder and the particle matrix
during drying shrinkage. Two major mechanisms in play are the suction generated owing
to capillarity and adsorbed water and the resistance provided by the particle matrix to mate-
rial shrinkage. Figure 20 shows the influence of clay in the pavement material on drying
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(a)

(b)

Figure 18. (a) Free shrinkage measurement; (b) Reference bar for length initialization.



shrinkage. It is clear that the presence of clay can substantially increase the shrinkage poten-
tial of the pavement material. Therefore, similar to the revelations on UCS, the likely pres-
ence of clay in the pavement material must be seriously considered during the design stage.

5.5. Design of stabilised pavement bases
5.5.1. Design for traffic loading. Design of bound stabilised pavements is based on
the fatigue life due to flexure when subjected to traffic loading (e.g., Austroads, 2004). In
Australia and New Zealand, the concept of standard axle repetition (SAR) is used to con-
vert the likely traffic spectrum to equivalent number of standard axle repetitions. The
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standard axle is defined as a single axle with dual tyres at each end, loaded with an axle
load (at the middle) of 80 kN. According to Austroads (2004), the fatigue life or allow-
able number of standard axle repetitions is defined by

N � RF� �
12

(1)
113,000/E 0.84

flex�191)
���µε
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Table 7. Ultimate drying shrinkage for different types and quantities of binders at 50% RH and 23°C

Binder type Shrinkage in micro-strain
2% binder 3% binder 4% binder 6% binder

GB 639 575 540 642
GP 425 478 645 684
AAS 391 472 542 581
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Figure 20. Shrinkage behaviour with and without fines: (a) for GP cement; (b) for AAS (Chakrabarti, 2004).



where Eflex (MPa) is the flexural modulus of the cement treated material and µε the hori-
zontal tensile strain at the bottom of the cemented layer expressed in microstrain (10�6).
RF is a reliability factor signifying the reliability of the design. For instance, RF of 0.95
indicates that 95% of the pavements designed using this method should perform satisfac-
torily within the design life. The fatigue life model given in Eq. (1) has two factors over-
riding each other in terms of the material behaviour. The first is the applied tensile strain,
decreasing of which will increase the fatigue life. The second is the flexural modulus
increasing of which (at a given strain) will decrease the fatigue life. However, there is a
stronger emphasis on the strain reduction than modulus increase, and, therefore, the over-
all tendency is to get longer fatigue life when the material is made stiffer. These trends are
in accordance with the trends established with classical LEFM studies (Castell et al.,
2000). Austroads (2004) stipulates that a second phase of pavement life may be possible
when the cemented layer has approached design fatigue life. In the second phase, the pave-
ment is treated primarily as an unbound layer without any cohesive properties. However,
this two-level demarcation of performance may sometimes be too simplistic, because there
may be a transition period, where the material behaves as a cracked material before start-
ing to display predominantly unbound behaviour.

Jameson et al. (1995) compared the predicted and measured traffic lives for stabilised
pavement experiments in Cooma Trial. They calculated that the ratio of observed (the
fatigue life was defined as the pavement cracking approached 1.0 m/m2) and predicted (on
the basis of Eq. (1)) fatigue lives for Experiments 3 (Pad 1) and 4 (Pad 5) as 0.034 and 5.1,
respectively. The significant overestimation of the fatigue life in Experiment 1 was attrib-
uted to a number of factors including the decrease of modulus with depth within the sta-
bilised layer and saturation of the layer prior to trafficking. In other experiments of Cooma
Trial, the actual fatigue lives were not determined because the trafficking was stopped
before reaching the designated fatigued state. However, analysis of results indicted that
predicted lives were less than the loading repetitions imposed during testing. It is consid-
ered generally that Eq. (1) provides a conservative estimate of the fatigue life of stabilised
pavement.

It is apparent that the actual fatigue behaviour is usually more complex than that
depicted in Eq. (1). For instance, there may be a failure strain (as discussed in Section
5.2.2) at which the allowable load repetition is unity. Similarly, there may be a lower limit
for the strain, below which fatigue failure may not occur. More importantly, however,
fatigue life for different load configurations and levels may be different, thereby, generat-
ing errors with the use of the standard axle representation for all load types and levels. In
addition, the effects of shrinkage cracking and other environmental influences can affect
the tensile crack propagation influencing the fatigue life to traffic loading. On the other
hand, the results presented in Section 5.2.2 highlighted that the damage of stabilised mate-
rials can occur progressively with continual reduction of modulus. This form of damage
may be considered under the so-called residual strength models (Degrieck and Paepegem,
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2001). Along with the environmental loading to be discussed in the next section, these are
some of the challenges faced in relation to the future advancement of design of cementi-
tiously stabilised pavement bases.

5.5.2. Design for environmental loading. Environmental loading for pavements can
come from changes in moisture content due to water ingress or loss, temperature changes,
and ingress or leaching of salts and other chemicals into or from the stabilised matrix. In
addition to these, shrinkage and thermal cracking can accelerate the deterioration of sta-
bilised materials, especially in presence of excessive moisture. In the current practice,
some of these issues are considered mainly in qualitative sense during the mix design stage
(e.g., Figure 9). It was highlighted that the modulus of the stabilised material depends on
its moisture content. Therefore, the potential for ingress of water into the pavement system
through rain or capillary flow from ground water table or clogged up drains is important.
The capillary rise tests (as stated in Figure 10) may be used as an index test to assess the
potential for water ingress, but Lee et al. (2004) showed that these tests should use speci-
mens with a height comparable with the thickness of the prototype pavement base in order
to get realistic results. Resulting saturation levels may be linked to the deterioration poten-
tial of pavements due to traffic loading. The extrapolation of laboratory results to field con-
ditions invariably needs theoretical models, but simplification of these models for routine
practice may be possible.

When a pavement loses moisture during in-service conditions, the pavements will be
subjected to restrained shrinkage and shrinkage cracking may result. Currently, there are
no established methods to incorporate this aspect into pavement mix design. On the basis
of the research by the first author and his co-workers, a conceptual approach is discussed
here. The concept is based on shifting laboratory measured ultimate shrinkage to shrink-
age applicable under field conditions. Chakrabarti and Kodikara (2004a) highlighted that
under restrained shrinkage, the material can undergo creep strains relaxing the develop-
ment of tensile strain. Therefore, the effective shrinkage strain to be considered for shift-
ing to the field conditions would be the difference between the ultimate free shrinkage and
the creep strain. The factors that need to be considered under field conditions include: (1)
climate; (2) pavement seal; (3) pavement thickness; (4) initial moisture content and time
after construction; and (5) depth of groundwater table. A computer program capturing
vapour and moisture flow may be able to characterise these factors. Once the effective field
shrinkage strain (applicable to field conditions) is calculated, it can be compared with the
failure tensile strain of the material for assessing the severity of the potential cracking in a
particular stabilising mix. This approach may be used to guide the mix design process to
minimise the shrinkage cracking potential under field conditions. Further research, how-
ever, is necessary to develop a quantitative procedure to incorporate environmental load-
ing into stabilised pavements.
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6. CONCLUDING REMARKS

In situ stabilisation of degraded road pavements using cementitious binders is presented as a
viable alternative to reconstruction and overlay. The quantity of binder depends on the design
requirements of the pavement, but relatively small quantities of 3–6% may be suitable for
pavements with light to medium traffic. The pavements with high traffic may be catered for
either by higher level of binder content or using deeper lift of recycling or by a combination
of both. The laboratory results as well as the field testing highlight that pavements stabilised
with slag blends can work effectively in comparison to the traditional binder, GP cement. In
addition to the recycling of old pavement materials, this use has the added bonus of using
waste products in place of GP cement, reducing the pressure on global CO2 emissions.

Accelerated loading can be used to assess the pavement performance under field con-
ditions; however, to get the maximum results, the tests should be properly planned, instru-
mented and analysed. The important aspects of the design of these pavements were
highlighted, which include the design against traffic and environmental loading. While the
emphasis so far has been placed on traffic loading that can lead to fatigue failure of the
materials, it was identified that the environmental loading in the forms of moisture influ-
ence, and thermal and drying shrinkage can cause the pavements deteriorate on its own
right and can exacerbate the pavement deterioration due to traffic loading. A conceptual
approach for incorporating environmental loading in the design of these pavements was
outlined, but this should be followed by future research efforts. There are other factors
such as the erodibility, chemical attack due to salt crystallization and potential chemical
leaching and generation that are identified as important, but not discussed in detail here. A
comprehensive scientific basis required for the analysis of these issues is already available
in other disciplines such as in material science, geomechanics and geoenvironmental engi-
neering. Therefore, it is matter for pavement fraternity involving road authorities, councils,
industry, research bodies and universities to participate in this research effort to advance
this technology to make it even more environmentally prudent and economically sustain-
able approach for pavement rehabilitation.
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ABSTRACT

Liquefaction of foundation soils imposes geotechnical hazards primarily in the form of
loss of bearing capacity and permanent ground deformations. Foundations in liquefiable
soils need to be designed to withstand these hazards, or ground improvement measures
need to be implemented to mitigate the resulting impacts. Five engineering case histories
are presented where ground improvement measures were undertaken to minimize the liq-
uefaction-induced geotechnical hazards. The project sites corresponding to the case histo-
ries are located within or in the vicinity of the Greater Vancouver Region of British
Columbia, which is one of the zones of highest seismic risk in Canada. Details pertaining
to site seismicity and subsurface conditions together with the design philosophy are pre-
sented to provide the necessary background information for the case histories. In addition,
details of the construction equipment, post-ground improvement performance, and struc-
tural, geotechnical and environmental monitoring that were undertaken are presented and
discussed. The case histories correspond to ground improvement carried out using vibro-
replacement, compaction grouting, and deep dynamic compaction methods. The protected
foundations and/or structures belong to key industrial plants, highway systems, and energy
networks.

1. INTRODUCTION

Frequent occurrence of devastating seismic events around the world has resulted in a
remarkable increase in the public interest towards earthquake preparedness. The known
potential for disruption to structures and facilities has encouraged the owners to protect their
assets from earthquake hazards. The seismic evaluation/upgrading programs undertake over



the last 20 years by lifeline owners in North America and Japan serves testimony to the sig-
nificance of this subject (TCLEE, 1998; Wijewickreme et al., 2005). Experience from past
seismic events indicates that earthquake-induced permanent ground displacements and/or
loss of bearing capacity are some key geotechnical hazards to structures located at sites
underlain by liquefiable soils (O’Rourke and Hamada, 1992; MCEER, 1999). Upon identi-
fication of the geotechnical hazards and the resulting vulnerability of a given structure, a
combination of structural retrofitting and/or geotechnical remediation (ground improve-
ment) is often considered in the design of mitigative measures.

Historically, ground improvement has been used as a means of improving the post-con-
struction bearing capacity and settlement performance of soils under static loading condi-
tions, and a variety of ground improvement techniques have evolved in the past few decades
(Mitchell, 1981; JGS, 1998). In addition to resisting static loads, some of the ground
improvement measures have been effectively used to retrofit facilities that are located within,
or that have foundations supported on, liquefiable soils. These measures include dynamic
deep compaction, vibro-replacement using stone columns, compaction piling, explosive
compaction and compaction grouting. The observed performance of sites following major
earthquake events (e.g., 1964 (Niigata, Japan), 1995 Hyogoken Nanbu (Kobe, Japan), 1999
Kocaeli (Turkey), 2001 Nisqually (Washington, DC, USA)) indicates that the sites with
improved ground had generally less susceptibility to earthquake-induced ground deforma-
tions and resulting damage than the sites that had not been densified (Mitchell et al., 1998;
Hausler and Sitar, 2001; Hausler and Koelling, 2004).

Amidst the above efforts, including the examination of past earthquake damage and
post-earthquake operations, there is a need for more documentation of approaches and
illustrative case histories related to the use of ground improvement. Clearly, advances in
the state-of-practice in seismic evaluation and retrofit of facilities require dissemination,
particularly within the structural and geotechnical engineering disciplines.

With this background, and drawing from a number of case histories from the Greater
Vancouver of British Columbia (BC), Canada, this chapter illustrates several key facets and
considerations in the engineering of ground improvement to mitigate liquefaction-induced
geotechnical hazards. The sites of the case histories are situated within one of the zones of
highest seismic risk in Canada (NBCC, 1995). The region encompasses significant areas
underlain by marine, deltaic, and alluvial soil deposits, some of which are considered to be
susceptible to liquefaction and large ground movements, when subjected to earthquake
shaking. Seismic performance of the structures and lifelines located within such weak
ground conditions has been of particular concern to the region at large. The following
aspects are specifically addressed: (a) current approaches for the evaluation of seismic vul-
nerability including identification and prediction of geotechnical hazard (prediction of
earthquake-induced ground deformations); (b) influence of soil conditions (including key
controlling parameters and features), presence of site constraints, and environmental con-
cerns in governing the selection of the most appropriate ground improvement method;
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(c) ground improvement schemes/configurations used in addressing typical engineering sit-
uations; (d) verification testing for quality control; and (e) monitoring of existing facilities
during adjacent ground improvement construction. Examination of case histories involving
observed field performance during past earthquakes is not included in the scope of this
chapter.

Since all the case histories presented herein emanate from one general geographic area,
some common background information related to the Greater Vancouver Region is also
included in the following sections as a part of the introduction. The approaches used in the
assessment of earthquake-induced geotechnical hazard as well as the philosophy adopted
in the engineering design and evaluation of seismic retrofit measures were found to be gen-
erally applicable to all the case histories. As such, this information has also been presented
concisely in this introductory section.

1.1. Greater Vancouver Region of British Columbia
Over 2 million people live in the Greater Vancouver Region of British Columbia, Canada
(see Figure 1 for approximate location). The region covers a “triangular” shaped area of
about 3000 km2 bounded by the Coast Mountains to the North, the Cascade Mountains to
the south and southeast, and by the Strait of Georgia to the west. The Fraser River extends
through the area and has developed a delta some 30 km long 25 km wide.

1.1.1. Regional surficial geology. The regional surficial geology of the area has been
mapped in detail by the Geological Survey of Canada (Armstrong, 1976, 1977; Armstrong

Figure 1. Location plan.
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and Hicock, 1976a, b). Glaciers repeatedly covered the area during the Pleistocene era,
resulting in deposition of relatively competent glacial till and pro-glacial sands. Since
retreat of the last glaciers, more recent sediments (Holocene or post-glacial deposits) asso-
ciated with the Fraser River and other watercourses have been laid down. Channel fill and
floodplain deposits cover almost all of the low-lying areas within the Greater Vancouver
Region. These recent sediments are relatively unconsolidated and are judged to provide a
medium for ground motion amplification and also considered susceptible to liquefaction
when subjected to earthquake shaking.

1.1.2. Regional seismicity. The seismicity in the area results from the thrusting of the
offshore Juan de Fuca Plate beneath the continental North America Plate. The subduction
zone is located off the west coast of Vancouver Island. There are three distinct sources of
earthquakes: (a) relatively shallow crustal earthquakes (depths in the order of 20 km); (b)
deeper intraplate earthquakes (about 60 km depth) within the subducted plate; and (c) very
large interplate earthquakes, also referred to as mega-thrust or subduction earthquakes.
Earthquakes within the first two categories (crustal and intraplate) have been recorded at
regular intervals during the last several decades in the area. The largest recent earthquakes
are those near Campbell River, BC, in 1946 (M � 7.3), near Olympia, WA, in 1949 (M �

7.1) near Seattle/Tacoma, WA in 1965 (M � 6.5), and near Nisqually, WA, in 2001
(M � 6.8). These earthquakes are commonly included in probabilistic and deterministic
seismicity models. Large subduction earthquakes have not occurred in, or near, British
Columbia in historic time. However, there is geological evidence to suggest that they have
occurred in the past (possibly at 300–400 year intervals), and the measured accumulation
of strain between the tectonic plates suggests that they should be expected in the future
(Clague and Bobrowsky, 1994). Although the magnitude and duration of a large subduc-
tion earthquake is expected to be greater than the crustal and intraplate events, the inten-
sity of ground shaking is not, due to the greater epicentral distance from the Greater
Vancouver Region. The primary concern with respect to the subduction earthquake is the
duration of shaking, expected to be in the order of 2 min, or more than four times that of
the intra-plate earthquakes. The current NBCC (1995) does not address the subduction
earthquake scenario explicitly. However, owners of critical facilities often consider the
impact of subduction loading on structures in addition to the seismic design provisions in
the NBCC.

The seismic hazard for the area is evaluated primarily using existing probabilistic mod-
els of the region (e.g., Cornell, 1968; McGuire, 1976; Adams and Halchuk, 2004), while a
deterministic approach is used to evaluate the effects of a large subduction event. The out-
puts from the probabilistic analyses typically consist of peak horizontal ground accelera-
tions (PHGA) at firm ground level, and magnitude and distance contributions
corresponding to the hazard. Firm ground PHGAs for the 1 in 475 year return period level,
which is the return period embodied in the current National Building Code of Canada
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(NBCC, 1995), typically range from about 0.15 to 0.25g for the region. The predicted
PHGAs at firm-ground level for a selected site in the area are presented in Figure 2 to illus-
trate the variation of anticipated ground motions with the probability of occurrence. In
some areas, firm-ground is located at depths in the order of ~250 m below the ground sur-
face, overlain by relatively soft/loose soils. The ground motions are expected to signifi-
cantly amplify during transmission through these soft soil areas, and the estimated design
PHGAs at ground surface levels of the order of 0.3g are not uncommon.

1.2. Assessment of earthquake-induced geotechnical hazard
The assessment of site-specific geotechnical hazards forms an important part in the assess-
ment of overall seismic vulnerability of a given structure as well as in the development of
potential mitigative measures to reduce the risk of damage to acceptable levels. As such,
for a given site, the site-specific studies generally include the following key steps: (a) geot-
echnical investigation to understand the site-specific soil and groundwater conditions; (b)
assessment of site-specific ground motion parameters; (c) prediction of site-specific
ground response for the identified seismic risk levels including assessment of site-lique-
faction potential; (d) assessment of the geotechnical stability of the site; and (e) assessment
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Figure 2. Predicted ground motion at firm ground level for a selected site in the region.
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of earthquake geotechnical hazards using empirical and/or mechanistic approaches (e.g.,
seismic slope stability, liquefaction-induced ground movements, post-earthquake bearing
capacity).

In most instances, estimating earthquake-induced permanent lateral ground displace-
ments becomes one of the critical steps in the site-specific seismic assessment. The
methods available for the computation of earthquake-induced permanent lateral ground
displacements can be broadly classified into (a) empirical approaches developed based
on measured displacements (e.g. Bartlett and Youd, 1992; Power et a., 1998; Youd et al.
1999; Rauch and Martin, 2000; Bardet et al., 2002; Youd, 2002); and (b) mechanistic
approaches which rely more on the principles of engineering mechanics (Prevost, 1981;
Finn et al., 1986; Byrne et al., 1992, 2004). As noted by Glaser (1994) and Youd (2002),
the estimation of earthquake-induced ground deformations, particularly from the view-
point of regional assessments, still relies heavily on empirical correlations. Even with
the advantage of being based on an actual database of ground displacements while
accounting for many physical parameters governing the “free-field” ground displace-
ments, empirical methods do not incorporate the deformation modulus and shear
strength of liquefied soil in the computations. These deformation characteristics are con-
sidered key factors influencing the magnitude of ground displacements. Empirical meth-
ods are also unable to estimate ground displacement patterns on the surface and at
different depths and, therefore, they cannot account for the presence of man-made site
features (i.e., zones of ground improvement). These parameters are often a necessity in
the assessment of seismic vulnerability and design of mitigative measures. Numerical
approaches based on soil mechanics principles provide a means to estimate displacement
patterns but suffer from lack of rigorous calibration with actual earthquake data. Based
on these considerations, in the case studies described herein, the assessment of ground
displacement geotechnical hazard was typically undertaken using a “hybrid” approach
combining both numerical and empirical methods (Wijewickreme et al., 1998). In this,
the estimated “free-field” ground displacement hazard using empirical approaches was
used to calibrate the results from site-specific analyses of the site derived using numer-
ical/mechanistic approaches.

1.3. Seismic Retrofit – General Philosophy
In general, there are only four options to improve the seismic performance against an iden-
tified geotechnical hazard: (a) avoid the hazard by relocation; (b) isolate the structure from
the hazard; (c) accommodate the hazard by strengthening the structure; and (d) reduce the
hazard using ground improvement.

Typically, all of the above options are considered in developing retrofit concepts. When
ground improvement is considered as the desired option, the selection of the most suitable
remedial option is governed by many factors including, but not limited to: soil conditions,
equipment/space restrictions, issues related to the protection of existing structures during
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ground improvement, operational constraints, environmental regulatory requirements, and
land availability.

2. CASE HISTORY 1: GROUND IMPROVEMENT USING VIBRO-REPLACEMENT AT

A SITE WITH BURIED GAS PIPELINES

This section presents a case history on the seismic upgrading of a buried natural gas
pipeline gate station site in Vancouver, BC. The gate station is part of a major natural gas
transmission system. Given the lack of redundancy in certain areas of the system, a very
low risk of disruption to the gas supply is considered acceptable to the owner. Prevention
of loss of pipeline pressure integrity under earthquake loading corresponding to an annual
probability less than 0.05% (equivalent return period 2000 years) was used as the key seis-
mic performance criterion in judging the acceptability of pipeline performance. Based on
a regional study, the gate station was assessed to be highly vulnerable to damage under
seismic loading. Liquefaction-induced ground deformations were identified as significant
hazards to the pipelines entering the gate station and associated facilities. The design and
construction of the seismic upgrading work at the site was undertaken between 1995 
and 1997.

2.1. Site description and subsurface soil conditions
The gate station compound is generally rectangular in plan (∼100 m � 75 m) and located
on the North Bank of the North Arm of the Fraser River (see Figure 3). As illustrated, two
transmission pipelines (NPS 20 and NPS 24) enter the gate station below the riverbed from
the south. (Note: The NPS (nominal pipe size) system of pipe size designation is contained
in standards prepared by the American Society of Mechanical Engineers and is dimen-
sionless, with the numerical portion of the designation identical to the numerical portion
of the inch nominal pipe size description (CSA, 1995)).

The site topography within the station compound and also in the east–west direction is
generally flat. Prior to ground improvement, the river bank sloped down toward the south
at slopes ranging from 1H:1V to 3H:1V (horizontal: vertical) within the rip-rap area which
extended to about 6 m below crest level. The riverbed below this level sloped southward
at an average gradient of about 8% to the horizontal.

Figure 4 presents a profile illustrating the inferred soil stratigraphy at the gate station
site, developed based on a geotechnical field investigation comprising both on-shore and
over-water geotechnical drilling. A combination of the methods of electric cone penetra-
tion testing (CPT), mud-rotary drilling, and solid-stem auger drilling was used in the field
investigation. The upper soils within the station consist of about 2–3 m of loose to com-
pact sand to sandy silt fill material. The upper fill materials in the northern part of the gate
station are underlain by a layer of very soft to soft silt (liquid limit, WL � 38%; plasticity
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Figure 3. Site plan showing existing structures, pipeline configurations, and geotechnical testhole locations.

Figure 4. Profile of soil stratigraphy, predicted zone of potential liquefaction, and alignment of 610 mm-
diameter pipeline.
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index, IP � 11%; water content, w � 40%) extending to depths of the order of 6–8 m below
the ground surface. The silt zone is underlain by a compact to dense sand stratum, which,
in turn, was found to overlie a stratum of very dense sand and gravel at a depth of about 9
m below the ground surface. Within the southern shoreline of the gate station, the soils
underlying the upper fill materials primarily consisted of loose to compact sand extending
to depths of up to 12 m below the ground surface. Underlying these soils, compact to dense
sand with some gravel was encountered. These strata are underlain by dense glacial till-
like material that was encountered at a depth of about 14 m below the ground surface. CPT
testing within the river adjacent to the site also indicates the presence of sandy soils, below
a 2 m thickness of silt and clayey silt, and extending down to a depth of about 9 m below
the riverbed. These materials are underlain by a compact to dense soil stratum. The
groundwater level at the site was assessed to be located at depths of about 1–3 m below
the ground surface at the site.

2.2. Geotechnical performance under earthquake loading
The seismic response of the site was analyzed using the one-dimensional wave propagation
program SHAKE (Schnabel, 1972). Charts developed by Seed et al. (1985) were used to
assess the liquefaction potential of the site soils. The results indicated that the loose to com-
pact sands in the southern portion of the site would liquefy under the levels of seismic load-
ing investigated. For the seismic risk levels corresponding to 1:100, 1:475, and 1:2,000 year
return periods (with corresponding peak horizontal firm-ground accelerations 0.09g, 0.20g,
and 0.34g, respectively), the loose sandy soils at the site extending to a depth of ∼12 m was
found to be potentially liquefiable (see Figure 4). An earthquake magnitude of M7 was used
in the liquefaction assessment based on the anticipated magnitude contributions correspon-
ding to the considered seismic hazard level. Based on the Chinese criteria (Marcuson et al.,
1990) for the assessment of liquefaction susceptibility of fine-grained soils, the risk of lique-
faction of the silty strata located within the northern portion of the site was classified as low.

The post-liquefaction stability of the gate station compound was analyzed, using both
circular and non-circular failure surfaces, to investigate the potential for a flow slide con-
dition at the site. The post-liquefaction shear strength parameters for potentially liquefiable
zones were mainly selected based on laboratory post-cyclic monotonic simple shear test
data reported by Pillai and Stewart (1994) and Sivathayalan (1991). Based on this infor-
mation, post-liquefaction shear strength equivalent to 20% of the initial effective vertical
stress was assumed for the stability analyses. Potential slip zones with significant
encroachment into the station compound (failure zones extending landwards about 30 m
from the river bank) were computed to have a post-liquefaction factor of safety less than
1.0 even without application of any seismic inertia forces. This suggested a high risk of a
flow slide, leading to very large deformations for the southern part of the site, for earth-
quake loadings, corresponding to all three risk levels.
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Ground displacement analyses were conducted using a number of methods available at the
time to assess the magnitude and patterns of the relative ground movements in the area north
of the predicted flow slide zone. In particular, the liquefaction-induced free-field lateral
ground displacements were calculated using the computer program developed by Houston et
al. (1987), sliding block method by Newmark (1965), the empirical MLR method developed
by Bartlett and Youd (1992), and a mechanistic finite element approach by Byrne et al. (1992).

The predictions from all analysis techniques indicated that, for the seismic loadings cor-
responding to all the risk levels considered in the study, large lateral ground displacements
(in excess of 3 m) toward the river would influence an area extending to about 30 m north
from the crest of the river bank. The ground displacements for the non-liquefiable silty zones
within the northern half of the site were computed to be less than about 0.1 m. Along with
lateral ground movements, significant vertical ground movements were expected to occur
within the southern area of the site due to translation movements of the soil mass.

2.3. Seismic performance of gate station piping
The vulnerability of the piping at the site was assessed using the results of a previous
regional structural vulnerability analysis of the pipeline system at the site. This structural
vulnerability analysis had been carried out using the computer code ANSYS (product of
Swanson Analysis Systems, Inc.), in which the soil is modeled as a series of bi-linear
springs. The approach is discussed in more detail in ASCE (1984), ALA (2001), and
Wijewickreme et al. (2005). The outcome of this previous analyses was supplemented with
site-specific soil strength information, knowledge gathered from past experience with
detailed evaluations of similar configurations, and observation of pipeline performance in
past earthquakes. Based on the soil type and soil strength information, approximate
pipeline capacities in terms of ground deformations for the assessment of the gate station
piping were computed as summarized in Table 1. Although these estimates were consid-
ered approximate, they served as a means to judge the relative severity of the site-specific
estimates of ground deformation on the pipelines.

Maximum computed ground deformations derived from the geotechnical analyses were
compared with the computed structural pipeline deformation capacities. The computed
large ground displacements and resulting differential displacements at the gate station
from earthquake-induced liquefaction were found to exceed the estimated capacity of the
pipelines by an order of magnitude. This indicated that the risk of damage to the station
piping under earthquake loading was well above the owner’s acceptance criteria.

Table 1. Summary of structural pipeline capacities in terms of acceptable ground movements

Pipe size 508 mm (20 in) 610 mm (24 in)

Lateral soil movement perpendicular to straight pipe (m) 4 2
Lateral offset at elbow (m) 0.15 0.25
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2.4. Evaluation of remedial options
Given the gross exceedance of the available pipeline capacity, the only remedial measures
deemed practical for the gate station involved improving the ground conditions. Provided
that ground improvements could reduce the potential earthquake-induced permanent ground
deformations to less than about 15 cm, no modification of the existing station piping was
judged to be necessary.

The effectiveness of ground improvement in reducing the liquefaction-induced ground
displacements at the site was assessed again using slope stability and finite element analy-
sis. A design concept assuming the densification of an in-ground zone to minimize the
anticipated ground movements was investigated. The width of the densification zone was
assumed to be 10 and 20 m and the treatment was assumed to extend to the predicted full
depth of liquefaction. The results indicated that the introduction of an in-ground densified
barrier, in the order of 15–20 m wide, would reduce the expected earthquake-induced
ground movements below the structural deformation capacity of the pipelines. In addition
to the ground improvement, the shoreline slope was configured to a gentler slope to
improve the riverbank slope stability.

2.5. Ground improvement using vibro-replacement
Several methods were considered to improve the liquefaction resistance of the soils. The
selection of the most suitable ground improvement technique was governed by several fac-
tors such as soil conditions, equipment space restrictions, pipeline protection issues, envi-
ronmental regulatory requirements, and land availability. Based on an evaluation of these
considerations, the method of vibro-replacement was considered to be the most suitable
technique of ground densification for use at the gate station site.

Two hundred and seventy-three (273) stone columns were installed (using the method
of vibro-replacement) in a triangular pattern at 3 m center-to-center spacing to cover the
plan area shown in Figure 3 to improve the overburden soils. A poker type V-23 vibrator
with a rated energy of 165 hp was used to install the stone columns using the top feed
method. All stone columns extended to the top of the underlying hard stratum to depths
between 8 and 16 m below the existing ground surface, with an average depth of about 14
m. The average amperage output during construction of individual stone columns was
about 150 A, with peak outputs ranging from 170 to 260 A.

Six stone columns, from the initially proposed densification pattern of 294 columns,
had to be deleted due to concern that installation at these locations may result in unac-
ceptable deformations of adjacent gas pipelines. Boulders, concrete, and timber obstruc-
tions were encountered during column installation at some locations, generally at depths
of some 3–6 m below the existing ground surface preventing the installation of another 22
stone columns. Of these 22 locations, seven columns were successfully installed at alter-
nate locations by relocating within 1.5 m of the design location. In general, attempts were
made to relocate stone columns rather than locally excavating the obstruction. This
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approach was adopted due to concern that some of the timbers encountered could extend
within the gas transmission pipeline corridor, and disturbance of these obstructions would
present unacceptable risk of damage to the buried pipes.

2.6. Post-improvement verification testing
Field verification testing was performed at selected centroids of the stone column pattern using
the method of electric cone penetration testing (CPT) during the progress of the densification
program. The results of the post-densification testing together with review of the stone column
installation details indicated that the cone tip resistance (qt) values generally exceeded pre-
specified performance qt criteria (ranged between 100 and 125 bar for clean sand zones in the
zone of potential liquefaction). Some of the initial CPTs, carried out within about 14 days from
the time of stone column installation, indicated that the specified qt requirement was not sat-
isfied in certain zones of silty fine sand (Note: qt requirements were corrected for silt content);
however, repeat testing carried out in the same area after several weeks from the installation
of the stone columns indicated that the qt values had increased significantly from the initial
post-densification values, and met the specified criteria for silty sands (see Figure 5).

Figure 5. Results of post-densification electric cone penetration tests at the centroid of adjacent stone column 
triangular patterns (comparison between results from tests conducted 13 and 34 days after installation).
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2.7. Monitoring of facilities during construction
Owner’s operational requirements necessitated that the gas supply be maintained through-
out the construction work at the site. Although there was some flexibility to reduce the gas
pressure in the transmission pipeline that was closest to the vibro-replacement work area
(and carry out the vibro-replacement work in a sequential manner), a complete shut-down
of the pipelines was not feasible. In order to minimize the risk of pipeline distress due to
the construction activities, the zone of vibro-replacement was kept at least 2 m away from
the existing facilities. These included existing high-pressure gas transmission pipelines,
pile supported heaters/filters, and regulator building, as well as piping used for monitoring
and supplying fuel gas. Field instrumentation, including slope inclinometers, deep settle-
ment gauges and piezometers were installed prior to construction work to monitor the hor-
izontal and vertical ground movements and groundwater level variations in the vicinity of
the buried pipelines during the process of ground treatment.

The lateral ground movements were evaluated from periodic slope indicator probe
measurements at four locations. The results indicated lateral ground movements of less
than 25 mm at depths greater than about 6 m below the ground surface. Lateral ground
movements between about 25 and 60 mm were noted within the upper 6 m. As expected,
the predominant lateral movement of these upper soils was in a direction away from the
zone of densification.

In general, ground settlements of less than 25 mm were observed during installation of
stone columns at lateral distances of greater than 6 m from the settlement gauge locations.
Observed settlements of monitoring points within 5 m depth below the ground surface
increased to between 70 and 230 mm during installation of stone columns located between
0.5 and 1.5 m horizontally from the settlement gauge. The observed settlements remained less
than about 70 mm for monitoring points at depths greater than 5 m below ground surface.

During the vibro-replacement work, field measurements were periodically carried out to
measure the groundwater level in the piezometers to assess any potential buildup of pore
water pressures in the soil mass near the riverbank. The measurements indicated that there
was no significant buildup of pore water pressures due to vibro-replacement. The subsur-
face survey monitoring points on the gas transmission pipes were established by excavating
down to expose the top of the pipe, installing a vertical flexible plastic pipe which extended
above ground surface, and then backfilling around the gas line and plastic access pipe. The
survey crew was on-site during installation of stone columns within 6 m of sensitive facili-
ties, and monitored a selected group of survey points in the immediate vicinity of the con-
struction activity every 15–30 min. The site engineer was informed immediately if
deformations in excess of 3 mm difference from pre-construction measurements were
observed. The observed vertical movements are summarized in Table 2. The allowable
movement tolerance limits to meet the operating requirements, shown in Table 2, were
determined based on structural evaluation prior to vibro-densification, and the observed ver-
tical movements during construction were all within the defined tolerance limits.



460 Chapter 16

2.8. Environmental monitoring
As part of the overall construction monitoring, an Environmental Protection Plan (EPP)
was incorporated in the vibro-densification and shoreline restoration contract. The EPP
identified the nature and magnitude of potential impacts as well as associated risks to the
environment and defined the minimum care, procedures and contingency measures to be
exercised by the contractor(s) for the protection of the environment during the construc-
tion period. Compliance with the regulations and conditions was facilitated by the prepa-
ration and distribution of an Environmental Emergency Response Card. An environmental
monitoring program was implemented to monitor the contractor’s compliance with the
requirements of the EPP.

3. CASE HISTORY 2: GROUND IMPROVEMENT USING STONE COLUMNS IN

COARSE-GRAINED SOILS AT A HIGHWAY BRIDGE CROSSING

This case history presents the foundation retrofit strategy adopted to enhance the seismic
performance of the foundation soils of a major bridge on Trans Canada Highway in
Vancouver, BC. This 1.3-km-long, six-lane, bridge was constructed in the 1950s when
earthquake design considerations were less stringent in comparison to the current bridge
design codes, and also at a time when phenomena such as “soil liquefaction” and “lateral
spreading” were not well understood.

The primary focus was to minimize the risk of bridge collapse rather than maintaining
functionality following the design earthquake. This specific retrofit strategy is categorized
by the owner as a “Safety Level Retrofit”, and the design earthquake corresponds to a seis-
mic event having an annual probability of exceedance of 1/475 (or a return period of 475
years). The site-specific ground motions were characterized by a uniform hazard firm-
ground response spectrum with a peak horizontal ground acceleration (PHGA) of 0.20g
and a design earthquake of magnitude M7 representing 10–15 cycles of loading.

Table 2. Summary of survey monitoring of the gate station facilities

Monitoring location Movement tolerance limits Maximum observed movement

Regulator bldg. Uniform vertical movement 50 mm 5 mm (heave)
Differential vertical movement �2.5 mm/m length 6 mm over 10.2 m

Inlet lines Differential movement �40 mm 4 mm (heave)

Heater pad Differential movement between pad and 11 mm
surface pipe �15 mm (6 mm max. pad differential)

Filter pad Differential movement between pad and 12 mm
surface pipe �15 mm (6 mm max. pad differential)

508 mm trans. Differential movement between monitoring 15 mm (settlement)
Tie-in Points � 40 mm (11 mm max. pad differential)
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In order to achieve the owner’s project requirements, a displacement-based design
approach was adopted. The approach involved assessing the anticipated seismic displace-
ments of each bridge pier, and, in turn, undertaking ground improvement at locations that
are identified as critical. The design phase was completed in May 2001, and the ground
improvement measures were implemented in 2002.

3.1. Site description and subsurface soil conditions
The bridge spans across the Burrard Inlet and located about 10 km east of Vancouver City
Centre. The north side of the bridge is underlain by coarse granular soils (i.e., primarily
sand and gravel) that form the alluvial fan of Seymour River that discharges into Burrard
Inlet (Figure 6). Due to the coarse nature of site soils, a number of different techniques
were utilized to characterize the subsurface soils. These included conventional drilling
with rotary methods, Becker Penetration percussion testing with energy measurements,
downhole shear wave velocity testing, seismic refraction profiling, and Sonic drilling.

Becker Penetration Testing (BPT) consists of driving a closed-toe steel pipe that is 169 mm
(6.65 in) in diameter using an ICE 180 diesel hammer that delivers 11 kN m of rated maxi-
mum energy per blow. The number of blows required to drive the steel pipe were recorded

Figure 6. Bridge site – the alluvial fan can be seen on the left (i.e., north abutment).
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over penetration increments of 0.3 m and these blow counts along with hammer energy levels
were later converted into equivalent Standard Penetration Test (SPT) blow counts following
the procedures outlined by Harder and Seed (1986). The conventional SPT sampler, due to its
relatively smaller diameter (50 mm (2 in) outer diameter), could give rise to unrealistically
high penetration resistance values in coarse granular soils. Therefore, BPT with a relatively
larger diameter penetrating tool is often adopted in the characterization of coarse-grained soils.

The presence of low-permeability layers of soil within the generally coarse-grained
overburden soils was considered a concern, and this aspect was investigated using the
method of Sonic drilling (http://www.prosoniccorp.com), where continuous samples of
soils were obtained that provided information on soil stratification. This was considered

Figure 7. Pre-improvement penetration resistance profiles.
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important since low permeability soil layers can lead to a post-liquefaction behavior that is
more severe than the commonly assumed “undrained” condition (Atigh and Byrne, 2000).
The pre-densification SPT N60 profiles established for the site are shown in Figure 7. Some
photographs of soil samples obtained from Sonic testing carried out in the potentially liq-
uefiable soil stratum is shown in Figure 8.

Based on ground response analyses, the foundation soils were identified as having a high
risk of liquefaction under the design earthquake ground shaking. The analytical results indi-
cated that soil liquefaction may extend to depths varying from 15 to 20 m below existing
ground surface. For most of the critical foundations, liquefaction was not predicted below
the pile foundations, and the main geotechnical hazard was noted to arise from liquefaction-
induced lateral spreading. A ground improvement program involving the construction of in-
ground densified zones (barriers) at selected critical locations along the bridge alignment
was considered the most appropriate retrofit measure to mitigate this hazard.

3.2. Evaluation of the preferred mitigation option – pilot ground improvement program
Further to an assessment of the different feasible ground improvement methods and asso-
ciated costs, ground improvement using vibro-replacement was selected as the most

Figure 8. Photographs of continuous samples from Sonic drilling (typical).
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cost-effective method of treatment in areas where the available headroom permitted the use
of vibro equipment. The proximity of the work to existing settlement sensitive bridge foun-
dations, depth of treatment required, available headroom beneath bridge deck, and cost of
treatment were critical factors in making this decision. Where headroom was a concern, it
was decided to enhance drainage to permit rapid dissipation of the excess pore water pres-
sures generated by the earthquake by installing drains or densifying ground using gravel
compaction piles.

A pilot densification program was undertaken to densify a selected 10 m � 10 m test
area using vibro equipment. The test area was located between the approach piers P9 and
P10 some 6–7 m away from the outer edge of the foundations. Pier P9 measures 12 m �
20 m in plan and Pier P10 measures 9 m � 26 m in plan. Both piers have massive foun-
dations and a depth of embedment of about 3 m.

The pilot densification project was initially undertaken using an electric V-type vibrator
(Wightman, 1991) that has a rated horsepower of about 165 hp, and utilizing the top feed
method. Significant amperage build-up was noted during penetration of the upper 9–11 m of
soils that comprised gravel, cobbles, and boulders, resulting in probe withdrawal prior to
reaching the design depth of 18 m. The ground improvement contractor did not allow the
V-type vibrators to reach amperage values much in excess of 200 A for more than a few sec-
onds due to concerns of damaging the motor due to overheating. This led to significant prob-
lems since it caused the coarser particles to descend down the hole (as opposed to being
washed out or pushed into the soil formation laterally) and form a nested layer in the midway
depth of the intended column. Pullback actions of the vibrator further promoted the tendency
for the coarse particles to fall into the hole. The end result was a zone of near impenetrable
nested coarse particles that did not allow probe penetration without very high buildup of
amperage and obstructed the densification of any loose soil layers located at depth.

Following discussions with specialty contractors and the project team, a decision was
made to discontinue the use of the V-type probe and, instead, utilize a proprietary S-type
vibrator (http://www.haywardbaker.com) that is capable of sustaining amperage readings
as high as 300 A for longer durations without motor burnout concerns. The S-type vibra-
tor was successful in penetrating the coarse grained soils to the design depth at a vibro col-
umn full-completion degree of 90% (in comparison to 70% with the V-type vibrator).

Post-improvement penetration resistance derived from BPT testing were well in excess
of the specified (N1)60 � 28 blows/0.3 m. In essence, the pilot densification project con-
firmed that the required penetration resistance values can be achieved with vibro-com-
paction method, provided that robust equipment that can sustain amperage readings as high
as 300 A for longer durations in the order of 10–30 s are used.

3.3. Detailed engineering analyses
Following the pilot densification project, rigorous ground response analyses were undertaken
in order to assess the effectiveness of in-ground densification barriers located at strategic
locations along the bridge axes. The objective was to optimize the ground densification
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requirements considering the displacements that can be tolerated by the bridge foundations.
Differential lateral displacements between adjacent footings in the order of 400–700 mm
were considered acceptable from structural considerations.

Free-field ground response analyses as well as soil–structure interaction analyses were
undertaken to assess the bridge foundation performance under the 475-year ground
motions using the computer code FLAC (Version 3.4, 1998). A cyclic stress–strain mod-
ule that was capable of simulating sequential liquefaction in accord with the commonly
used liquefaction resistance chart (Seed et al., 1985; Youd et al., 2001) was used in the
analysis of ground deformations. The results were compared with empirical methods of
estimating ground deformations and were in good agreement. Details are presented else-
where (Atukorala and Puebla, 2003).

For most of the critical bridge piers, liquefaction was not predicted below the pile foun-
dations, and relatively larger pier movements under seismic loading were considered struc-
turally tolerable. As such, it was possible to design an optimum ground improvement
scheme where constructing in-ground barriers at selected critical locations was assessed to
be sufficient to reduce the lateral displacements to acceptable levels. The alternative
approach would have been to carry out ground improvement at each and every pier loca-
tion, with significantly high installation costs.

3.4. Ground improvement – final program
Ground improvement measures implemented for the bridge in 2002 included installation of
vibro-replacement stone columns, gravel compaction piles, and seismic drains. Stone
columns were used at the Piers P14 and P15 located in the over-water area of the Burrard
Inlet. Gravel compaction piles were used in the on-land area between Piers P11 and P12,
where the upper 6 m of the site is underlain by coarse granular fill materials comprising
sand and gravel with cobbles and possibly boulders. The seismic drains were installed at the
on-land Pier P11 where the available headroom was limited for the use of vibro-equipment.
The depth of treatment varied from 10 to 15 m below existing ground surface or seabed.

3.4.1. Stone column installation (Between Piers P14 and P15). Stone columns were
constructed using the bottom-feed, “wet” method of construction. An S-type vibrator
(http://www.haywardbaker.com) with a 165 hp energy rating mounted on a 60-ton crane
was utilized for the installation of stone columns. The amperage buildup and depth of
probe penetration were monitored during stone column construction. The contractor
elected to install the stone columns using a square grid pattern at a center-to-center spac-
ing of 3 m. A total of 365 stone columns were installed. Photographs taken during stone
column installation are shown in Figure 9.

3.4.2. Gravel compaction piles (Between Piers P11 and P12). The gravel compaction
piles were installed using a rig typically used for the installation of expanded-base piles.
In this installation, at a given pile location, a steel drive tube was initially installed using a
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drop hammer that is capable of delivering a rated energy of 215 kN m (160,000 ft lb) per
blow. A gravel shaft was then constructed using 0.07 m3 (2.5 ft3) of gravel compacted with
a hammer capable of delivering a rated energy of 135 kN m (100,000 ft lb) per blow. The
initial expelling of the gravel plug was carried out at a higher energy level of 215 kN m
(160,000 ft lb) per blow.

The contractor elected to use an equilateral triangular pattern of gravel compaction
piles with a horizontal center-to-center spacing of 1.95 m (6.5 ft) between adjacent piles.
The initial target was to install all compaction piles using the 508 mm (20 in) steel tube.
However, due to heavy penetration resistance encountered at a number of locations, a com-
bination of 406 mm (16 in) and 508 mm (20 in) steel drive tubes were used. In total, 50
gravel compaction piles were installed using the 508 mm tube, and 96 piles were installed
using the 406 mm tube.

The total length of steel casing used for the construction of gravel compaction piles was 18.3
m (60 ft). This length was 1.8 m short of the target depth of treatment. The use of the shorter
casing length was accepted in view of the extent of compaction anticipated below the bottom
of the casing due to expelling of the plug to an estimated depth of 5–6 diameters. Photographs
taken during gravel compaction pile installation and stone backfill used are shown in Figure 10.

3.5. Post-improvement verification testing
The post-improvement testing was carried out using the Becker Hammer. An HAV-180 rig
with 169 mm (6.6 in) casing was utilized for all post-improvement verification testing.

Figure 9. Installation of stone columns using bottom-feed system (left) and loading of backfill stone to 
hopper (right).
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Bounce chamber pressure was measured with depth of probe penetration in order to obtain
necessary parameters for the inference of equivalent SPT (N1)60 values. All of the meas-
urements were recorded by the prime contractor and verified by the owner’s staff on site.

3.5.1. Vibro-compaction areas (Piers P14 and P15). Typical post-improvement pene-
tration resistance measurements obtained at the centroid of the vibro-columns are shown
in Figure 11. The results indicated that the stone column spacing and procedure were more
than adequate to achieve the target SPT penetration resistance specified. All of the post-
improvement test results were satisfactory.

3.5.2. Gravel compaction pile area (Between Piers P11 and P12). Typical post-
improvement penetration resistance measurements obtained at the centroid of the gravel
compaction columns are shown in Figure 12. In some areas, where a smaller diameter cas-
ing was used to install the gravel compaction piles, the target penetration resistance was
not achieved. Remedial measurements were undertaken for these areas in the form of
installation of additional gravel compaction piles at intermediate points.

3.6. Monitoring of facilities during construction
Movements of the bridge foundations during ground improvement work were a major con-
cern. Since the bridge had relatively tall piers (varying from 15 to 35 m), the control (or pre-
vention) of rotations and/or tilting at the foundation level was critically important to
minimize amplified movements at the bearings supporting the bridge deck. The following
“not-to-exceed” foundation movement and rotation tolerance limits for the bridge piers 
during ground improvement were established by the structural engineering consultant: ver-
tical movement of the footing � �50 mm; longitudinal horizontal movement at ground
level � �25 mm; transverse horizontal movement at ground level � �25 mm; maximum
differential vertical movement between pier legs � �15 mm; tilt of each footing � �0.10°.

Figure 10. Equipment used for installation of gravel compaction piles (left) and stone used in gravel com
paction piles (right).
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3.6.1. Monitoring during pilot ground improvement. One of the important considera-
tions during this phase of the work was the impact of ground improvement on the existing
foundations at Piers P9 and P10 and the likelihood of generating excess pore water pres-
sures in the overburden soils. In order to assess the impact of ground improvement on the
performance of bridge foundations, a comprehensive monitoring program was imple-
mented. The instrumentation included: 2 slope indicator casings; 2 Sondex settlement
monitoring casings; 2 dynamic pore pressure transducer and geophone locations; 1 vibrat-
ing wire piezometer; 2 tilt meters per pier (on P9 and P10); and 4 settlement monitoring
locations per pier (on P9 and P10).

Several readings were taken before commencement of ground improvement work in
order to familiarize with the instruments and the measurement procedures, as well as to
establish stable baselines for each of the monitored variables.

Maximum peak particle velocities in the order of 20 mm/s were measured when the
vibro-probe was at ∼2.5 m distance from the test location. The measured excess pore water
pressures were low and in the order of 10–15% of the effective overburden pressure. The
measured peak rotations of the bridge piers were also small and well within the structurally
acceptable limits.

Figure 11. Typical post-improvement penetration resistance profile (Pier P14).
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The results of the slope indicator readings indicated that the soils moved laterally away
from the treatment area by as much as 25 mm, and most of this movement occurred within
the upper 4–5 m depths. The Sondex settlement gauges indicated that ground heaved by as
much as 60 mm.

3.6.2. Monitoring of bridge during main densification program. A detailed instrumenta-
tion program was implemented to monitor bridge pier movements during the main construc-
tion phase. The monitoring program consisted of the following:

● Two tilt meters mounted on each of the Piers P10, P11, P12, P14 and P15; and
● survey monitoring locations on each of the Piers P10, P11, P12, P14, and P15.

All of the monitoring of the instrumentation was carried out by the contractor and
directly reported to the owner.

The tilt meter measurements taken at each of the bridge piers of concern indicated erratic
movements. The fluctuations in the tilt meter readings were attributed to the variations in
the ambient temperature with time, bridge deck loading with time, tidal fluctuations, and

Figure 12. Typical post-improvement penetration resistance profile (Piers P11 and P12).
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measurement accuracy. No definite trends could be established that were indicative of
foundation movements as a result of ground improvement work carried out in the vicinity
of the piers.

Optical surveying was also carried out at the subject bridge piers to monitor their
response during ground improvement work. The measurements were within the accuracy
of the instrument. It was therefore concluded that the bridge piers did not experience meas-
urable settlements and/or lateral movements as a result of ground improvement.

4. CASE HISTORY 3: GROUND IMPROVEMENT USING COMPACTION 

GROUTING – COLD BOX TOWER AT A LIQUIFIED NATURAL GAS PLANT

This case history describes the foundation improvement measures implemented at a liquefied nat-
ural gas (LNG) plant. This plant, located in Delta, BC, forms a key part of a natural gas supply and
distribution system for Greater Vancouver. The LNG Plant liquefies and stores natural gas during
the summer months for re-gasification and supply to the distribution system during the cold win-
ter months, when demand for natural gas is high. During the liquefaction process, natural gas is fed
into a liquefier unit which consists of a series of heat exchangers housed inside a 21 m high, 4 m
long, 2.5 m wide box-shaped steel-framed tower known as the Cold Box. The Cold Box is con-
sidered to be the “heart” of the LNG plant in terms of its functionality. It is a lightly-loaded struc-
ture with estimated foundation bearing pressure of approximately 35 kPa under normal operating
conditions. A series of pipelines, ranging from 50 to 300 mm in diameter, enter and exit the Cold
Box tower at different elevations relative to its base. The foundation comprises a shallow reinforced
concrete raft foundation that is about 6 m � 8 m in plan area and 0.75 m in thickness.

The main purpose of ground improvement was to increase the available seismic bear-
ing capacity and minimize liquefaction-induced settlements in soils below the foundations
of the existing Cold Box tower. Soils below the Cold Box tower foundation were identi-
fied as liquefiable, and the objective was to have no liquefaction of these soils under the
design seismic event that corresponded to a 475-year return period.

4.1. Site and subsurface soil conditions
The LNG plant, including the Cold Box tower, is located on the south bank of the South
Arm of the Fraser River and the site topography is generally flat. The site is underlain by
deltaic deposits that comprise 1 m of granular fills over 5–6 m of silt/silty sand/sandy silt
over more than 20 m of Fraser River sand. The Fraser River sand, in turn, is underlain by
a thick deposit of marine silt extending to depths in excess of 75 m. The groundwater table
is typically located at a depth of 1–2 m below ground surface, and it is influenced by tidal
variations of the adjacent river. The results of geotechnical engineering analyses indicated
that there is a high risk of liquefaction of soils underlying the Cold Box foundation to a
depth of about 22 m (see Figure 13). It was determined that densification of soils would
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be required to minimize the risk of liquefaction of foundation soils and the resulting
impact on functionality of the Cold Box. Based on bearing capacity evaluations, densify-
ing soil within a footprint of about 12 m � 12 m as shown in Figure 14, and extending
2 m below the full depth of potential liquefaction (i.e., 24 m depth), was identified as the
requirement to meet the desired seismic performance.

Figure 13. Liquefaction potential of soils at the Cold Box site.

Figure 14. Plan area of ground improvement, compaction probe locations, and monitoring stations.
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4.2. Ground improvement using compaction grouting and monitoring of facilities
during construction
Ground improvement methods that could be utilized at this site were limited due to the fol-
lowing site and operational constraints:

(a) only 2 m of headroom was available for equipment due to the presence of overhead
piping and structural components;

(b) potential total and differential settlements of the foundations during construction was
a significant concern since this could impact the functionality of the pipes connecting
to the Cold Box at different elevations;

(c) the area of ground improvement was located in close proximity to settlement vibera-
tion-sensitive structures; and

(d) the liquefaction of natural gas was to commence shortly after completion of ground
improvement, and no damage to any of the Cold Box or any of the affiliated piping or
structures were considered acceptable.

Potential damage to the foundations and equipment during construction was a major
concern to the owner. In particular, there were uncertainties associated with the possible
existing residual stresses in the various overhead-level pipelines connected to the Cold
Box, as a result of movements that may have occurred over many years of operation. It was
determined that even small rotational movements of the foundation during construction
would manifest significant displacements at the pipe connections located at different ele-
vations. Since all key pipelines connected to the Cold Box were insulated, effective visual
inspection of their existing condition was not possible without extensive effort and disrup-
tion to the plant processes. In consideration of the need for strict control of the foundation
movements, any ground improvement method inducing vibratory actions were considered
least desirable; as such, compaction grouting was chosen as the preferred approach to
improve the foundation soils.

Compaction grouting improves soil by displacing the soil laterally by injecting a low-
mobility aggregate grout pumped in stages through 100-mm nominal diameter steel cas-
ings. The process involves installation of a vertical or inclined steel casing that is attached
with a drop-off conical tip using a percussion hammer at each grout probe location.
Grouting is carried out in stages with careful monitoring of both the grout volume and
injection pressure as the steel casings are pulled out in increments of 0.3–0.6 m. In com-
paction grouting, it is common to observe foundation heave rather than settlements that are
usually prevalent during vibratory densification works. As such, the pressure and volume
of grout are typically reduced when grout injections are made within about 10 m from the
ground surface to minimize heaving of the ground surface and nearby foundations.

The grouting and monitoring locations are shown in Figure 14. The grouting pressure,
volume of grout pumped with depth, and the consistency of grout were monitored, and the
sequence of installation of grouting points were selected/adjusted to minimize potential
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differential foundation movements during compaction grouting. The foundations of the
Cold Box and other nearby settlement-sensitive structures were monitored during the
process using six tilt meters connected to a centralized data logger and optical surveying
of about 20 locations. Laser targets were also installed in the vicinity of grouting locations
that would trigger an alarm if the movements exceeded 3 mm.

Ground improvement using compaction grouting was undertaken in stages as typically
performed. Essentially, an array of primary injection locations was initially grouted and
then followed by the grouting of secondary holes. Initially, 6 primary holes that were
located within the foundation and 2 additional holes located immediately adjacent to the
edge of the foundation were grouted. Based on the grout volumes injected, the inferred
diameter of the in-situ grout columns ranged from 200 to 600 mm. The progress of grout-
ing of these initial holes (i.e., 8 � 24 linear m of grout column) was relatively slow, occur-
ring over a period of about 6 days. Deep, 24-m penetration of the casing combined with
high grout consumption was the main reason for this slow progress. Based on the discus-
sion with the contractors, a production rate of 100 linear m/day is considered the norm in
loose to compact sandy soils such as those present at the Cold Box site. During this stage
of grouting, the tilt meters and the measured settlements were generally small (�5 mm)
although some changes were noted.

Grouting of the remaining holes outside the foundation footprint were carried out rela-
tively quickly over the next 2–3 days as the soil volume had densified due to the first-stage
grouting process. Because of the increased density, the casings could not be advanced to
the full depth in these holes. Also, an attempt was made to expedite completion of at least
the primary grout columns so that operation of the Cold Box could commence as sched-
uled. At the end of the grouting period, the survey of tilt meters indicated that the founda-
tion had undergone some rotation. Optical survey of the foundation also confirmed that the
foundation has settled differentially with settlements of 13, 18, 9, and 12 mm recorded at
the NW (S11), NE (S13), SW (S9), and SE (S12) corners, respectively (see Figure 14).
A typical tilt meter recording is shown in Figure 15.

The observed movements indicated ground subsidence at the site, as opposed to ground
heave that is encountered commonly during compaction grouting. It was postulated that the
rapid installation of the grout columns may have led to high excess pore water pressures,
and that, in turn, would have softened the 5–6 m thick silt/sandy silt zone beneath the foun-
dation causing the differential settlements due to vertical loads. Cone penetration tests,
including pore pressure dissipation testing, were carried out at selected locations between
grouted points within half a day after noticing the settlements. Although no significant
residual excess pore water pressures within the silty soil zones were detected during CPT
testing, the high penetration resistance observed in certain depth intervals suggested that the
grout may have laterally penetrated beyond the typically anticipated radius about the point
of grouting. As a consequence, it is possible that there may have been fracturing of soil due
to the high grout pressures.
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A decision was made to stop all ground improvement work immediately upon obser-
vation of the foundation movements. A structural engineering evaluation was rapidly
undertaken to estimate the possibility of damage to the critical pipelines connected to the
Cold Box. This assessment consisted of both visual inspections and engineering analyses,
and it was determined that the measured foundation settlements did not pose a risk to the
functionality of the Cold Box. Upon this determination, the grouting at remaining probe
locations was resumed using a lower slump grout. The grout injection process work done
at a much slower rate with increased level of monitoring of the foundation movements. The
measured settlement and rotation of the foundations within this period of grouting was
small and were within the accuracy of measurements allowing successful completion of
the ground improvement program.

4.3. Post-improvement verification testing
Using the information on the grout volumes injected, it was possible to estimate the volume
changes that would have occurred within different stratigraphic zones. This post-improvement
analysis of grout volumes indicated that there was close to 6% volume change in the poten-
tially liquefiable sands encountered between 6 and 15 m depth. Below 15 m depth, the aver-
age change in volume was about 2%. Within the upper silt/sandy silt and silty sand, the
estimated change in volume was about 3%. This relatively low change in volume of the silty
soils was anticipated in the original design. A typical plot showing the comparison of the 
pre- and post-improvement cone penetration results is shown in Figure 16. The results indicated
considerable improvement of the cone tip bearing resistance in the area of primary interest.

As indicated at the outset, one of the key requirements was to increase the allowable
bearing pressure of the cold box foundation under seismic loading. It was noted that density

Figure 15. Typical tilt meter recording at T3.



Ground Improvement for Mitigating Liquefaction-Induced Geotechnical Hazards 475

increase from compaction grouting alone would not be sufficient to resist the expected local-
ized high bearing pressures along the edges of the foundation during earthquake shaking. As
such, steel rebar rods extending to a depth of 9 m below the ground surface had to be
installed within the grout columns that were located outside the foundation footprint to pro-
vide additional reinforcement of the subgrade to meet the target allowable bearing pressures.

5. CASE HISTORY 4: GROUND IMPROVEMENT USING DEEP DYNAMIC

COMPACTION-SECONDARY CLARIFIER TANKS AT A MAJOR PULP AND PAPER MILL

This case history relates to ground improvement carried out in the preparation of founda-
tions for two Secondary Clarifier Tanks belonging to a major pulp mill located on the
Sunshine Coast of BC. The tanks, each 70 m in diameter and located next to each other
with a separation of 10 m, are founded in an area underlain by potentially liquefiable allu-
vial soils and shallow random fills. Ground improvement was undertaken at the site to
minimize potential settlements of the tanks under static loading conditions and also to

Figure 16. Comparison of pre- and post-improvement CPT profiles.
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increase the resistance to liquefaction under ground motions corresponding to a return
period of 475 years.

5.1. Site and subsurface soil conditions
The site is located on a deltaic and shoreline deposit in south-western British Columbia
about 30 km northwest of Vancouver, in relative proximity to the Greater Vancouver
Region. The southern tank and a portion of the northern tank are located within an old bay
area east of the existing pulp mill (see Figure 17). Prior to construction of the tanks, the site
grade was raised by 2–6 m by placing granular fill from excavations carried out in other
parts of the mill site. Part of the fill supporting the tanks was placed under water by end
dumping. Insitu penetration resistance measurements (Becker Penetration Testing) carried
out following fill placement indicated that these fill materials are in a loose state of in-situ
relative density (Equivalent SPT N values varying from 10 to 20 blows/0.3m). To the north,
the site consists of a cobble and boulder layer of 6–8 m in thickness overlying an extensive
deposit of compact to dense (Equivalent SPT N values in excess of 50 blows/0.3 m),
medium to coarse, angular, alluvial sand. On the basis of penetration resistance measure-
ments, the density of the upper cobble/boulder zone was inferred to be compact with pos-
sible loose zones in which the cobbles and boulders are embedded in a loose sand matrix.
Engineering analyses indicated that the loose sandy zones will likely liquefy during the
design seismic event (i.e., peak horizontal ground acceleration, PHGA, at firm ground level
� 0.14g) and induce settlements that are larger than those tolerable by the foundations of
the tanks.

5.2. Ground improvement using deep dynamic compaction
Ground improvement was considered necessary to achieve the required settlement per-
formance under static loading conditions and also to increase the resistance to liquefaction
during the design seismic event. Ground improvement techniques that involve the penetra-
tion of a probe such as vibro-compaction, compaction grouting, and jet grouting were not
considered suitable for this site due to difficulties anticipated in penetrating the upper stra-
tum comprising cobbles and boulders. Dynamic deep compaction (DDC) was selected as
the most suitable method of ground densification in view of the site soils, the reasonable
thickness of material requiring improvement, and from cost considerations. In this method,
the ground is subjected to repeated surface tamping using a heavy steel/concrete tamper
(weighing between 5 and 20 tons) that would drop in free fall from heights of up to 25 m.
The method was ideally suited for the site since there were no existing structures or other
facilities that could be affected during compaction-induced ground vibrations.

Dynamic deep compaction was carried out to cover the footprint of the clarifier tanks
and some 8 m distance outside. The primary densification points were located at a center-
to-center distance of 6 m arranged in a square grid pattern. Approximately 220 T -m/m2 of
energy was imparted at these compaction points by dropping a 20-ton weight over a height
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of about 26 m. Approximately 7–8 drops were recorded at each location, resulting in
craters that were 0.5–1.5 m deep. The secondary densification points were located at the
centers of the primary densification grid.

5.3. Post-improvement verification testing
A comparison of the pre- and post-improvement Becker penetration resistance values at
selected locations within the clarifier foundations are shown in Figure 18. The compar-
isons indicate that measurable and often significant ground improvement has been

Figure 17. Location of clarifier tanks (after Atukorala et al., 1992).
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achieved to depths of 9–12 m below ground surface. Figure 19 shows the imparted energy
per tamper blow versus the depth of improvement anticipated on the basis of published
correlations by Mayne et al. (1984). The depth of densification influence inferred from the
Becker penetration testing results in good agreement with the correlation.

5.4. Post-construction performance under static loads
In order to allow for post-construction monitoring, a series of settlement points was
installed at the outer ring walls during foundation construction of the clarifier tanks. Four
settlement points were installed at diametrically opposite points of each tank, and these
points are shown in Figure 17 labeled as S1 – S8.

During the first 4 months of operation of the clarifier tanks, the measured settlement at
each of the above-noted locations varied from less than 1 mm to a maximum of 8 mm, as
summarized in Table 3. The largest settlements were measured at S2 and S3 of the south
clarifier tank, which is located within the former bay area. Overall, the measured settle-
ments were well within the limits (15 mm over 70 m span) that could be tolerated by the
structures.

Figure 18. Comparison of pre- and post-improvement Becker blow counts (after Atukorala et al., 1992).
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Table 3. Summary of tank foundation settlements

Location Settlement in 120 days (mm)

South Tank
S1 3.6
S2 8.1
S3 7.8
S4 5.7
North Tank
S5 6.0
S6 4.5
S7 2.4
S8 0.4



6. CASE HISTORY 5: GROUND IMPROVEMENT FOR FOUNDATION SYSTEMS AT

AN INDUSTRIAL PLANT

This case history presents the ground improvement work undertaken in the preparation of
foundations for two large-diameter material storage silos (i.e., clinker silo and cement silo)
at a major cement plant in Richmond, BC. The site is located in an area of soft/loose
deltaic soils that are susceptible to liquefaction. The peak horizontal firm-ground acceler-
ation (PHGA) for the site was estimated to be 0.22g for the design seismic risk level cor-
responding to a 475-year return period. Foundation systems for the two silos involved a
combination of ground treatments including: piling, replacement of weak soils, and densi-
fication of liquefiable soils.

6.1. Site and subsurface soil conditions
The site is located in the vicinity of the north bank of the South Arm of the Fraser River,
Richmond, BC, and the plan locations of the two silos in relation to the existing plant lay-
out are identified in Figure 20.

The general soil conditions at the site can be described in terms of four main strati-
graphic units having distinct geological origins and geotechnical engineering characteris-
tics. The upper unit comprises granular river sand fills in the order of 3 m in thickness.
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Figure 20. Plan layout of structures.



Underlying the fills, a deltaic deposit comprising interlayered fine sandy silts, silty sands,
and clayey silts extending to depths ranging from 4.0 to 6.5 m below the ground surface
was encountered. Based on the cone bearing data, these deposits were considered to be
loose to compact and/or soft to firm. Underlying the deltaic soils, Fraser River sand deposit
with occasional loose silt/silty sand layering was encountered. The measured cone pene-
tration resistance indicated that the sand deposit within about the upper 15–20 m is in a
loose to compact condition whereas the sands beneath this depth level, generally, are
inferred to be in a compact to dense state. The Fraser River sand extends to a depth of
about 30–35 m below the ground surface. A thick compressible marine deposit compris-
ing inter-layered sands, silty sands, sandy silts, and occasional layers of clayey silt exists
below. The marine deposit is inferred to extend to a depth in the order of 250 m below the
ground surface, below which very dense Pleistocene sediments (glacial till or drift) are
expected to be encountered. The ground water level was inferred to be about 3 m below
the ground surface on an average basis, although the groundwater level at the site is
expected to vary with the seasonal precipitation as well as the tidal variations of the nearby
Fraser River.

6.2. Clinker Silo
The clinker silo was built east of an existing silo foundation (i.e., B-silos) as shown in
Figure 20. The clinker silo has a diameter of 45 m and the foundation had to be designed
to support an average maximum bearing pressure of 500 kPa under static loading condi-
tions. Expected extreme bearing pressures under seismic loading at the edge of the foun-
dation were estimated to be in the order of 750 kPa.

Ground response analysis indicated that a soil zone extending to a depth of about 18 m
below the ground surface at the silo location is potentially liquefiable under the design
seismic loading corresponding to a 475-year return period level. The consequences of liq-
uefaction would include severe loss of shear strength and reduction in deformation modu-
lus (stiffness), in turn, loss of bearing capacity, lateral spreading, and vertical ground
subsidence. Total vertical ground settlements up to 350 mm due to the dissipation of excess
pore pressures, and lateral ground displacements in the order of 0.5 m were predicted
under design earthquake loading.

It was determined that the bearing capacity requirements under both static and seismic
loading could be best satisfied if ground improvement measures were undertaken and the
silo was founded within the improved alluvial deposits. Various foundation options includ-
ing timber, concrete, and steel piling as well as shallow foundation options with ground
improvement, were considered. With the piling alternative, to achieve the required densi-
fication, a pattern of closely spaced lower capacity piles were preferred over widely spaced
higher capacity piles. If piles were to be used, it was also noted that there might be a
requirement for installation of vertical drains to relieve water pressures under earthquake loading.

Based on a detailed evaluation, ground improvement using vibro-replacement was
selected as the most suitable option, in part because drainage is also improved with this
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technique. It was noted that the upper deltaic deposits, however, could not be effectively
treated using the method of vibro-replacement. As such, prior to carrying out densifica-
tion, the silty soils within the stress influence zone of the structure (extending about 2 m
beyond the foundation perimeter to a depth of about 5 m below the foundation level) were
sub-excavated. Because of the significant depth of excavation below the groundwater
level, the excavation work was carried out in a segmental manner with well-point dewa-
tering. The excavation was backfilled using locally available relatively coarse clean sand.
Following this preparation work, vibro-replacement was undertaken to treat a volume of
soil extending horizontally about 10 m beyond the perimeter of the clinker silo founda-
tion and also extending vertically down to a depth of 18 m below the existing ground sur-
face. It was recognized that the vibro-replacement would not densify the upper portion of
the sand fill due to lack of confinement and groundwater. As such, upon completion of
densification, about 1 m of the sand fill was removed, and the excavation base was raised
to the design slab underside elevation using 75 minus well-graded crushed rockfill com-
pacted to 100% of standard Proctor maximum dry density. The 1.5-m-thick raft for the
clinker silo was founded on the compacted rockfill as prepared above (see Figure 21 for
a schematic cross-section).

6.3. Cement silo
The cement silo was constructed immediately south of the B-Silos and the new clinker silo
(see Figure 20). The silo was constructed on a relatively stiff circular raft foundation 25 m
in diameter, to withstand a design average maximum bearing pressure of 300 kPa under
static loading conditions. The underside of the raft foundation was located at a depth of
about 3 m below the ground surface. The expected extreme bearing pressures under seis-
mic loading at the edge of the foundation are expected to be in the order of 325 kPa.

The soil conditions at the cement silo are similar to those at the clinker silo, except that
the sand deposit was found to be not quite as compact at depth. As a result, a soil zone
extending to a depth of about 20 m below the ground surface was estimated to be potentially
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Figure 21. Foundation system: clinker silo – Section Y-Y (see Figure 20 for section location).



liquefiable under design seismic loading. Unlike at the clinker silo, partial excavation of the
weak upper silty soils and support of the raft on a densified subgrade was not considered fea-
sible for the cement silo foundation due to the close proximity of adjacent existing facilities
as well as the need to resist potential uplift loads. For this reason, it was decided that the
cement silo raft would be supported on piles. Two alternative options were considered: (a)
install piles into the compact to dense alluvial soils at depths below 21 m; (b) install rela-
tively short piles 10–12 m, with densification of the loose subsoils below the pile tip levels
to a depth of 21 m prior to pile driving (see Figure 22, Zone ‘A’). In both options, the piles
would be installed at a relatively close spacing so that the looser soils between the piles
would be compacted, and an annular zone of ground treatment around the foundation foot-
print would be undertaken to mitigate effects of liquefaction. The above two approaches were
evaluated from a cost point of view, and Option (b) was identified as the more cost-effective
and preferred design.

It was determined that the critical lateral loading for the cement silo would occur under
earthquake shaking conditions. The response of the silo foundation under lateral loading
was analyzed accounting for both soil-pile and pile group interaction effects to provide
necessary input for final structural design.

The construction contract specified the densification of the lower Zone ‘A’, as shown
in Figure 22, be achieved with suitable provisions to facilitate subsequent installation of
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Figure 22. Foundation system – cement silo – Section Z—Z (see Figure 20 for section location).
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expanded-base piles through the upper Zone ‘B’ (i.e. the Zone ‘A’ to be densified without
excessively densifying the Zone ‘B’). A total of 123 expanded-base piles with shaft diam-
eter of 508 mm and with a design compression capacity of 1070 kN/pile were specified.
The annular zone of soil within 10 m outside the footprint of the foundation extending to
a depth of 21 m below the existing ground surface was densified using vibro-replacement
(see Figure 22, Zone ‘C’).

After installing 33 expanded-base piles, the contractor determined that the construction
progress was slower than anticipated; this appeared to be a result of not carefully limiting
the densification of the upper Zone ‘B’ during the densification of the lower Zone ‘A’ prior
to the pile installation process. Because of this difficulty, the contractor proposed the instal-
lation of 508-mm-diameter (open-ended) steel piles instead of the specified expanded-base
piles. This alternative steel pile option was accepted (by the design team and the owner)
subject to contractor achieving the required vertical capacity and lateral fixity as per origi-
nal design. As a result, the remaining 90 pile locations for the cement silo foundation was
completed using steel pipe piles; pile driving analyser (PDA) testing was conducted on
selected piles to confirm the axial capacities achieved.

7. SUMMARY

Liquefaction is one of the main causes of geotechnical hazards to lifelines and facilities
located in seismically active regions. In general, there are four options to improve the
seismic performance of a given structure against an identified liquefaction induced geot-
echnical hazard: (a) avoid the hazard by relocation; (b) isolate the structure from the haz-
ard; (c) accommodate the hazard by strengthening the structure; and (d) reduce the hazard
using ground improvement. While all of the above options are considered in developing
retrofit concepts, ground improvement is emerging as one of the widely adopted mitiga-
tive measures to minimize the risk of liquefaction. Commonly used ground improvement
measures include dynamic compaction, vibro-replacement using stone columns, com-
paction piling, blast densification, and compaction grouting.

Because of the multi-faceted factors that influence the design and construction, the les-
sons from case histories have a key role to play in advancing the knowledge and state-of-
practice of seismic retrofit using ground improvement. Drawing from five case histories
from the Greater Vancouver Region of British Columbia, Canada, which is located in a
moderate to high seismic risk region, this chapter illustrated many considerations in the
engineering of ground improvement to mitigate liquefaction-induced geotechnical haz-
ards. The case histories correspond to ground improvement carried out using vibro-
replacement, compaction grouting, and deep dynamic compaction methods. The protected
foundations and/or structures belong to key industrial plants, highways, and pipeline sys-
tems. Some of the key observations/findings are as follows:



1. In seismic mitigation works, the design philosophy revolves around implementing ground
improvement measures to limit deformations in a given structure to acceptable levels as
opposed to complete elimination of the liquefaction hazard (e.g., displacement-based
design in bridge structures; design to minimize the loss of pressure integrity in pipelines).

2. Prediction of the anticipated geotechnical hazard and liquefaction-induced permanent
ground displacements are critical considerations in the design of remedial measures.
These predictions are often undertaken using approaches combining both numerical
and empirical methods. The empirical approaches can be used to calibrate the results
derived using numerical/mechanistic approaches.

3. The ground improvement configurations used in practice are clearly dependent on the
geotechnical risks that are to be mitigated, and these configurations essentially fall
into one of the following two categories. (i) in-ground densified barrier(s) aligned per-
pendicular to the direction of ground movement to reduce liquefaction-induced lateral
spreading; (ii) densification of wide-area footprints beneath and/or around foundation
footprints to improve bearing capacity failures and the impacts from lateral spreading.

4. The selection of the most suitable ground improvement option is governed by many
factors including, but not limited to: soil conditions, equipment/space restrictions,
issues related to the protection of existing structures during ground improvement,
operational constraints, environmental regulatory requirements, and land availability.

5. The method of vibro-replacement using stone columns is the most preferred technique
of ground improvement in sandy soils. The method can be effectively used to densify
soils within about 25 m below existing ground level. The method has also become
attractive because of the potential availability of drainage through stone columns for
the dissipation of excess pore water pressures in addition to the densification effect.

6. Compaction grouting becomes a useful tool not only in fine-grained soils, but also in
improving sites that has physical constraints such as low headroom.

7. Deep dynamic compaction is a viable means of improving the deformation character-
istics and liquefaction resistance of random fills and alluvial soils that are in a state of
loose relative density and prove difficult for a probe to penetrate through. Insitu veri-
fication using penetration resistance measurements confirm that the method can be
used to a maximum depth of about 10–12 m below existing ground level. Below this
depth, the achieved improvement in penetration resistance diminishes considerably.

8. The need to protect adjacent existing structures is often a key consideration during ground
improvement. Systematic monitoring of existing structures during ground improvement
is not only needed, but structural evaluation of the performance of structures based on
data from monitoring as well as modification of ground improvement methodology and
configurations to meet the constraints are also commonplace requirements.

9. Verification testing for quality control forms a key component in undertaking ground
improvement works. Evaluation of the treated soil type, method of ground improvement,
and site constraints is required in selecting the parameters and testing tools to assess the
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conformance of ground improvement to specified criteria. In addition, effects from
parameters that affect the soil behavior (e.g., aging and pore pressure dissipation) can
have significant influence on the observations from verification testing, and they should
be carefully evaluated in determining the acceptability of a given ground improvement.

10. Heavily-loaded structures can be founded on compressible deposits by careful selec-
tion of site treatments such as piling and vibro-replacement. In addition to reducing
the compressibility of soils, such treatments can be used to effectively reduce the liq-
uefaction susceptibility of upper loose soils under seismic loading. Ground improve-
ment using the method of vibro-replacement along with piling to support a large
material storage silo presented herein is one example in this regard.
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Chapter 17

Placing Soil Covers on Soft Mine Tailings

David John Williams

Department of Civil Engineering, The University of Queensland, Brisbane, Australia

ABSTRACT

Mine tailings are typically silt-sized materials derived from mineral processing, which are
conventionally pumped as an aqueous slurry, thickened tailings or tailings paste to a tail-
ings storage facility, usually a surface impoundment. On discharge, an aqueous tailings
slurry forms a delta, on which the tailings particles undergo hydraulic sorting, sedimenta-
tion and self-weight consolidation, and desiccation on exposure to evaporation. Their fine
particle size and slurried form result in a wet, soft deposit. Thickened tailings undergo
reduced sorting, sedimentation and consolidation, while tailings paste undergoes minimal
segregation, sedimentation and consolidation. The conventional rehabilitation of tailings
involves the placement of a soil cover on the tailings surface, which may have limited bear-
ing capacity, making placement of the cover problematic. Reliance is often placed on the
strengthening of the tailings surface due to desiccation crusting to provide sufficient bear-
ing capacity to support a cover and the equipment used to place it. In cases where surface
desiccation has not occurred or is insufficient, it may be possible to place a cover pro-
gressively by hydraulic or mechanical means or, in cold climates, to place the cover on
frozen tailings. The physical processes that tailings undergo on beaching and the nature of
the resulting deposit are described. Ranges of tailings permeability, strength and consoli-
dation parameters are provided for different tailings deposits, and the implications for
bearing capacity and settlement, and cover performance, are given. Cover design princi-
ples and cover types are presented and construction methods are described, which are illus-
trated with examples of placing soil covers on a variety of soft mine tailings.

1. INTRODUCTION

The design of soil covers for tailings is a function of the following:

● Climate, whether wet, seasonal or dry.
● Physical and chemical nature of the tailings.
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● Solids concentration of the tailings on deposition, and the rate of rise of the tailings.
● Post-mining land use, dictating the required integrity and thickness of the soil cover,

and the vegetation type required.

2. EFFECT OF CLIMATE ON MINE TAILINGS DEPOSITS

In a wet climate, in which rainfall exceeds pan evaporation, tailings deposited as a slurry
or as thickened tailings may remain fully saturated and soft, with the water table near the
surface. This will result in a strength profile proportional to depth, both during deposition
and persisting after the end of deposition.

In a seasonal climate, tailings deposited as a slurry will, during the wet season, remain
largely saturated and soft, with a water table located at a high elevation within the tailings.
During the dry season, the tailings will experience partially reversible surface desiccation
and strengthening. For thickened tailings, the deposit will be stronger and less susceptible
to seasonal changes. After the end of deposition, the water table will progressively drop,
and the rate of any seepage from the tailings will also drop with time.

In a dry climate, in which pan evaporation exceeds rainfall, tailings deposited as a
slurry or as thickened tailings will experience surface desiccation and strengthening dur-
ing dry periods, which will be partially reversible on wetting up by freshly deposited tail-
ings or ponded rainfall. After the end of deposition, the water table and the rate of any
seepage will rapidly drop with time.

3. PHYSICAL NATURE OF MINE TAILINGS

As pointed out by Vick (1983), fundamental to an understanding of the nature and behaviour
of tailings is a basic knowledge of how they are produced. Mineral processing is preceded by
crushing and grinding of the ore, with the extent dictated by the particle size of the commod-
ity. This is followed by the concentration and separation of the commodity. Separation often
relies upon the different specific gravities, Gs, of the commodity and the waste materials.

In the case of metalliferous ores, the metals are often fine grained and in low concen-
tration, and crushing and grinding of the ore to a rock flour is required. Separation is facil-
itated by the metal having a very much higher Gs than that of the parent material. For
certain metals, separation may be enhanced by dissolving the metal by chemical means.
The metal is later recrystallised on a material from which it is easily separated.

In contrast, run-of-mine black coal has a relatively low proportion of waste, and crush-
ing is used merely to limit the top size for ease of processing (or washing). However, the
ore is relatively soft, and any crushing will generate fines. Excessive fines are undesirable,
primarily because they are difficult to dewater after separation. Separation is facilitated by

492 Chapter 17



the coal having a very much lower Gs than that of ordinary mineral matter, and is achieved
by means of screens, dense medium baths, cyclones, centrifuges and flotation cells,
depending on the size fraction being separated.

Tailings are typically silt-sized (predominantly in the particle size range from 0.002 to
0.06 mm; Williams et al., 1994). A typical particle size distribution curve for silty tailings
is shown in Figure 1. Also shown in Figure 1, to indicate the range of curves for different
materials, are typical particle size curves for clay and mine waste rock. Tailings particles
are generally angular in shape, being the product of crushing or grinding. An exception is
power station fly ash, which is not the product of crushing or grinding but of precipitation,
and has essentially spherical particles. Tailings are produced as an aqueous slurry with a
very low solids concentration. Some of the excess water is generally removed by thicken-
ing, producing clarified water, prior to pumping the tailings thickener underflow to a tail-
ings storage facility or impoundment.

3.1. Classification of black coal tailings
Worldwide black coal tailings particle size data presented by Vick (1983), and Australian
data (Williams, 1990), show that their particle size ranges from coarse clay to medium
sand sized. Coal tailings are typically finer than 0.1–0.5 mm, depending on the size to
which coal product is recovered. The range of D50 sizes (through which 50% of the mate-
rial passes) is about 0.002–0.25 mm, with an average value of about 0.01 mm.
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Black coal tailings comprise a mixture of mineral matter (non-coal), carbonaceous
shale, and coal attached to mineral matter. Black coal has a Gs of about 1.3 and carbona-
ceous shale also has a low Gs, while mineral matter has a Gs of about twice that of black
coal, at about 2.65. The Gs of black coal tailings is dependent on the proportions of min-
eral matter, carbonaceous shale and coal present. This depends on the efficiency of the
washery in recovering and liberating coal, and on the proportion of fine coal produced that
is too fine to be recovered. The Gs of black coal tailings varies between about 1.5 and 2.5,
with an average value of about 1.8.

The plasticity characteristics of black coal tailings vary tremendously from mine to
mine, but average values for each coalfield are similar. The liquid limit of black coal tail-
ings is in the range from 20–60%, with a typical value of about 40%, and the plasticity
index is in the range from 0–30%, with a typical value of about 13% (Vick, 1983; Williams,
1990). According to the Unified Soil Classification system, black coal tailings classify as
CL/ML, a silt/clay-sized material of low plasticity.

3.2. Classification of power station fly ash
In the burning of coal to produce electrical power, fly ash is produced. The fly ash is pro-
duced dry within the precipitators of the power station, and water is conventionally added
to produce a very aqueous slurry for disposal by pumping to an ash dam.

The fly ash produced by brown coal-fired power stations is highly variable, and can
comprise cementitious ash, char (coarse unburnt “woody” waste) and sand (Peterson et al.,
1982). The presence and proportions of char and sand in the fly ash depend on the occur-
rence of woody material and sand interburden in the coal. The fly ash is typically domi-
nated by silt and clay-sized particles.

The Gs values of the cementitious ash and sand average about 2.6, while the char has a
low Gs just above that of water. The overall average Gs may be about 2.4. Fly ash produced
in the Latrobe Valley in Victoria, Australia, classifies according to the Unified Soil
Classification system as CL/CH or MH (Peterson et al., 1982), a silt/clay-sized material of
low to high plasticity.

The fly ash produced by black coal-fired power stations is predominantly cementitious
ash (Christsen, 1994). It comprises predominantly silt-sized spherical particles, with an
average Gs of about 2.1. Typically, it has a liquid limit and plasticity index of about 52%
and about 4%, respectively, indicating a Unified Soil Classification of ML, a silt-sized
material of low plasticity.

3.3. Classification of bauxite red muds
Bauxite red muds produced in the Darling Ranges of southwest Western Australia, are typ-
ically finer than 0.150 mm. They are a silt and clay-sized material, with a Gs of about 3.2,
a liquid limit of 40–60% and a plasticity index of 10–25%, indicating a Unified Soil
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Classification of ML/CL to MH/CH, a silt and clay-sized material of low to high plastic-
ity (Glenister and Press, 1986).

4. BEACHING BEHAVIOUR OF MINE TAILINGS

The predominant method of tailings disposal is by sub-aerial deposition of an aqueous
slurry (typically 30–45% initial solids concentration, initial gravimetric moisture content,
w, of 233–122%) to a surface impoundment. On sub-aerial deposition, the tailings undergo
hydraulic sorting down a delta that forms at a slope of between 1 in 50 and 1 in 150 (aver-
aging about 1 in 100), sedimentation, and self-weight consolidation. Hydraulic sorting
takes place due to particle size and Gs differences. Some tailings, notably fly ash and red
muds, may undergo some cementation after placement. To avoid a loose packing being
locked in, it is desirable to dewater such tailings as much and as rapidly as possible.

On the removal of water from the surface, either for re-use in processing or through
evaporation, the tailings undergo desiccation, accompanied by densification and strength-
ening towards the surface (crusting). This is partially reversible on re-wetting by further
tailings deposition or by rainfall runoff. Further drainage occurs when the surface of the
tailings is loaded in the process of placing a cover of fill over it for rehabilitation purposes.

The slope, particle size, Gs, consistency (or strength), and permeability of the deposited
tailings decrease with increasing distance from the discharge point. A knowledge of the
shape of the delta profile enables optimum use to be made of the available tailings storage.
A knowledge of particle sorting is of use in predicting the changing engineering parame-
ters of the tailings down the delta, which are strongly related to particle size.

Sedimentation of particles on sub-aqueous deposition requires quiescent conditions,
and hence is limited to the decant pond beyond the tailings delta. At low initial solids con-
centrations, unhindered (Stokesian) sedimentation occurs. As the solids concentration
increases with time, settling particles interact, resulting in hindered sedimentation.
Sedimentation rates are therefore strongly inversely proportional to the solids concentra-
tion of the slurry. A two-fold increase in the initial solids concentration may increase the
time for sedimentation 10-fold (Williams, 1990).

As deposition on the delta, or sedimentation, continue, the tailings particles come into
close proximity and begin to assume the characteristics of a soil. Excess pore water pres-
sures develop and self-weight consolidation takes place. Compared with sedimentation,
self-weight consolidation involves relatively small deformations of the tailings at a rela-
tively slow rate. However, the two processes occur simultaneously, with sedimentation
dominant towards the top of the layer of settling tailings and consolidation dominant
towards the base of the layer. The final solids concentration following sedimentation and
the completion of self-weight consolidation is typically in the range from 55–70% (w �

82–43%; Williams, 1990; Glenister and Press, 1986).
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After settling, the undesiccated surface dry density of coal tailings is up to 0.8 t/m3,
while that of metalliferous tailings is up to 1.1 t/m3. Figures 2(a) and (b) show typical wet
and dry density and w profiles with depth for settled gold tailings from the Kalgoorlie
Goldfields, Western Australia, obtained by testing borehole tube samples (Golder, 1992).
The dashed lines in Figures 2(a) and (b) show the effect of desiccation, which can increase
the surface dry density by 30% or more.

5. KEY ENGINEERING PARAMETERS OF MINE TAILINGS

The key parameters required to predict the engineering behaviour of tailings are perme-
ability, strength and consolidation.

5.1. Saturated permeability
Critical parameters in the self-weight consolidation of tailings are the saturated perme-
ability of the tailings sediment (which diminishes rapidly as consolidation progresses), and
the drainage path length, dependent on the thickness of the tailings deposit, the rate of dep-
osition and the drainage conditions at the top and bottom boundaries. Laboratory consoli-
dation testing of tailings reveals that the relationship between the saturated vertical
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hydraulic conductivity, kv, and the void ratio, e, of the tailings can be represented by a
power function of the form (Williams et al., 1989)

kv�ae�b (1)

where a and b are tailings-specific empirical constants determined from the results of lab-
oratory consolidation tests. For coal tailings in the Ipswich Coalfields of Southeast
Queensland, Australia, the laboratory values of a and b were found to be 1.08 � 10�7 m/s
and 6.67, respectively (Williams et al., 1991). Typically, the laboratory-determined satu-
rated vertical hydraulic conductivity of tailings is in the range from 10�9 to 10�6 m/s, cor-
responding to the range from clayey silt-sized to silty sand-sized tailings.

It may be necessary to scale the constant “a” to field conditions. For Ipswich coal tail-
ings, the field permeability was found by back-calculation from a field trial embankment
on crusted coal tailings to be about 33 times the laboratory-determined value (Williams et
al., 1991). The horizontal permeability of tailings will generally be substantially higher
than the vertical permeability, due to layering on formation of the tailings delta. For
Ipswich coal tailings, the horizontal permeability was found in the laboratory to be about
five times the vertical value (Williams et al., 1991).

5.2. Strength
While tailings typically have a reasonably high drained strength, with friction angles gen-
erally in excess of 30o (Vick, 1983; Williams, 1990), the strength relevant to the bearing
capacity of tailings is the undrained value. With ponded water always maintained over the
surface of the tailings, the strength of fully consolidated tailings will be proportional to the
depth of tailings sediment, increasing from zero at the surface at a rate with depth depend-
ent on the Gs of the tailings solids. For example, inundated coal tailings, with a Gs of about
1.8, increase in strength at a rate of about 0.8 kPa/m depth, while inundated metalliferous
tailings, with a Gs of about 3, increase in strength at a rate of about 1.5 kPa/m depth (shown
schematically in Figure 3). For tailings rich in pyrite, which has a Gs of about 5, the rate
of strength increase with depth is even higher.

As ponded water is removed from the surface of the tailings by pumping, breaching
of the containment dam, or by evaporation, the exposed tailings begin to desiccate and
crust. Desiccation is very effective in reducing the moisture content of the tailings and
leads to a surface crust that is very much stronger than the underlying uncrusted tailings,
due to the high pore water suctions that develop. However, the effects of desiccation
occur to limited depth, since desiccation at the surface is accompanied by a dramatic drop
in permeability, which inhibits the process at depth. Also, desiccation is partially
reversible on re-wetting of the tailings by fresh tailings slurry or ponded rainfall (involv-
ing a loss of up to half of the strength gained by desiccation). Its effectiveness for dewa-
tering is therefore limited.
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Desiccation results in a strength profile reaching a maximum towards the tailings 
surface, with a minimum at the current water table elevation, and increasing with depth
below that at a rate dependent on the Gs of the tailings particles (shown schematically in
Figure 4).

A suite of undrained strength profiles obtained in coal tailings is shown in Figure 5.
They include the inferred “inundated” strength profile (based on a proportional strength
increase of 0.8 kPa/m depth), and a number of strength profiles determined using a hand
shear vane in the field at Ulan Coal Mine in New South Wales, Australia (Williams, 1992).
The progressively “desiccated” profile was determined after sufficient desiccation and
crusting of the surface to allow the surface to be walked over, by which time the average
undrained strength was about 15 kPa. The “remoulded” profile was obtained after com-
pleting three full revolutions of the vane beyond the peak “desiccated” strength. The
remoulded strength was about one-third of the peak value above the water table (above
about 1.7 m depth), and about half the peak value below the water table. The “softened”
profile was obtained about 8 h after approximately 3 m of rock fill had been placed on the
tailings surface. The loading-induced increase in pore water pressures caused deformation
and the strength to drop back from the “desiccated” values towards the “remoulded” val-
ues. The “strengthened” profile was obtained about 2 weeks after the rock fill had been
placed; by which time the loading-induced excess pore water pressures had largely diss
pated. It should be noted that the “strengthened” value towards the surface actually
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dropped below the “desiccated” value, due to the low unsaturated permeability of the crust
causing it to be wet up by drainage from the more permeable tailings at depth.
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5.3. Matric suction and unsaturated permeability
As the surface of the tailings desiccates, the tailings become unsaturated and matric suc-
tions develop. The relationship between moisture state (expressed in terms of the volu-
metric water content, θw � volume of water/total volume, as a decimal; w � mass of
water/mass of solids, as a percentage; or degree of saturation, S � volume of water/vol-
ume of voids, as a percentage) and matric suction, uw � ua, (to a logarithmic scale) is
termed the soil water characteristic curve (SWCC). A typical SWCC for silty tailings is
shown in Figure 6, in terms of θw. Also shown in Figure 6, to indicate the range of curves
for different materials, are typical SWCCs for clay and coarse-grained mine waste rock.
The SWCCs of all soils tend towards a volumetric water content of zero at 1,000,000 kPa
matric suction, representing oven-dry conditions.

The SWCC may be measured directly, either during a drying (drainage) or a wetting
(on rainfall infiltration) cycle, or estimated from the particle size distribution of the mate-
rial. The key elements of the SWCC are the following.

● The break in the curve at high degrees of saturation or high water content, referred to
as the air-entry value, AEV, at which the material is unable to remain saturated at the
applied matric suction. The capillary rise in metres is equal to AEV/9.81.

● The slope of the curve at matric suctions higher than the AEV; the flatter the curve the
more water the material is able to “store”.

● The residual saturation or water content, to which the material will potentially drain.

From Figure 6, it can be seen the AEV values for silty tailings, clay and mine waste rock
are of the order of 1–10 kPa (0.1–1 m of head), 10–100 kPa (1–10 m of head) and
0.1–1 kPa (0.01–0.1 m of head), respectively. Silty tailings have a high capacity to store
water, and clay has a reasonable water storage capacity, while mine waste rock has a low
water storage capacity.

From the saturated hydraulic conductivity and the SWCC, the unsaturated hydraulic
conductivity function of a soil may be calculated using the method of Fredlund et al.
(1994). Figure 7 shows typical unsaturated hydraulic conductivity functions for silty tail-
ings, plus those for clay and mine waste rock.

5.4. Bearing capacity
If boulders were to be dropped into water-covered tailings with a strength profile propor-
tional to depth, they would penetrate to a depth of about 3–5 m, where they would find suf-
ficient bearing capacity.

Factors influencing the bearing capacity of a typical crusted, wet tailings deposit
include the strength of the wet tailings underlying the crust, the ratio of the average 
crust strength to the average strength of the underlying tailings, and the thickness of the
crust. A simple approach is to establish, for a particular tailings deposit, a bearing 
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capacity factor N2 applicable to the undrained strength of the underlying tailings c2

(Williams, 1992). The ultimate bearing capacity qu of the crusted, wet tailings deposit is
given by

qu � N2c2 (2)

Placing Soil Covers on Soft Mine Tailings 501

0

0.1

0.2

0.3

0.4

0.5

0.1 1 10 100 1000 10000 100000 1000000

Matric Suction (kPa)

V
ol

um
et

ri
c 

W
at

er
 C

on
te

nt

Silty tailings

CLAY

Mine waste rock

Figure 6. Typical soil water characteristic curves for silty tailings, clay and mine waste rock.

1.E-16

1.E-14

1.E-12

1.E-10

1.E-08

1.E-06

1.E-04

1.E-02

0.1 1 10 100 1000 10000 100000 1000000
Matric Suction (kPa)

U
ns

at
. H

yd
ra

ul
ic

 C
on

du
ct

iv
ity

 (
m

/s
) Silty tailings

CLAY

Mine waste rock

Figure 7. Typical unsaturated hydraulic conductivity functions for silty tailings, clay and mine waste rock.



Williams (1992) found the theoretical value of N2 applicable to placing a cover of fill over
a large, crusted, wet coal tailings deposit to be about 4.6, although in practice this coin-
cides with the initiation of cracking of the loaded tailings surface, with bearing capacity
failure observed at up to twice this value. Since bearing capacity failure is accompanied by
large strain and the development of a “bow-wave” ahead of the leading edge of the fill,
using a value of 4.6 for N2 provides a factor of safety of about 2 against bow-wave failure.

In covering a crusted, wet tailings deposit, it is necessary to strike a balance between
placing sufficient thickness of fill to allow the safe traffic of plant over the surface, and
avoiding placing too great a thickness of fill, inducing an uncontrolled bow-wave failure
within the tailings. It may be necessary to take advantage of the strength gain with time
resulting from staged construction of the soil cover. A simple approach is to estimate the
strength gain in the loaded tailings, ∆τ, from

∆τ � ∆σ tanφ� (3)

where ∆σ is the stress applied by the fill loading and φ� is friction angle of the tailings.
Assuming the fill is placed at a unit weight of 16 kN/m3, the applied stress will be 16H,
where H is the height of fill in metres. Taking φ� � 30o, the strength gain in the tailings
corresponding to 50% dissipation of the excess pore water pressures (typically requiring
up to 4 weeks, depending on the permeability and thickness of the tailings, and the
drainage conditions at the top and bottom of the tailings) is

∆τ50% � 4.6H (4)

The validity of Eq. (4) has been borne out by the results of field-trial embankments con-
structed on crusted coal tailings (Williams and Morris, 1990; Williams et al., 1991;
Williams, 1992).

5.5. Consolidation under load
The amount of consolidation that tailings undergo as a result of loading, and changes in
moisture content and water table level, may be estimated on the basis of standard labora-
tory consolidation test results. The amount of consolidation settlement at the centre of the
loaded tailings, Sc, will vary with their thickness, T, the depth to the water table, Dw, the
average undrained strength of the uncrusted tailings, c2, the extent of crusting as indicated
by the ratio of the crusted to uncrusted undrained strengths, c1/c2, the average overconsol-
idation ratio, OCRav, of the tailings, the height of fill, H, and the applied stress, q, in rela-
tion to the bearing capacity of the tailings, qu. The results of three instrumented field trial
embankments constructed on crusted coal tailings are summarised in Table 1 (Williams
and Morris, 1990; Williams et al., 1991; Williams, 1992).
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6. CHEMICAL NATURE OF MINE TAILINGS

By virtue of their salinity and/or acid-forming potential, tailings may pose a threat to their
surrounding environment.

6.1. Salinity
In a dry climate, evaporation from tailings slurry and ponded tailings water in shallow
impoundments leads to a concentration of salinity. In addition, saline water may be used
for mineral processing. In the Kalgoorlie mining region of Western Australia, a scarcity of
fresh water has forced the use of hypersaline groundwater (over 2,00,000 ppm salt, seven
times the salinity of sea water) for mineral processing, resulting in hypersaline tailings and
tailings water.

6.2. Acid-forming potential
Tailings that contain sulphur, particularly in the form of framboidal (fine-grained) pyrite,
have the potential to form acidity on exposure to oxygen. The mechanism for this occurring
is predominantly through the diffusion of oxygen from the surface of the tailings as they
desiccate. Acidity from potentially acid forming (PAF) tailings is often neutralised by the
entrained alkaline process water. If net acidity occurs, the resulting low pH has the poten-
tial to dissolve any metals present in the tailings. Rainfall runoff may then transport the oxi-
dation products (and tailings sediment) to the environment, while seepage may also
transport acidity and dissolved metals to the TSF walls or into the foundation. Rainfall infil-
tration may eventually leach the oxidation products from the surficial tailings. In extreme
cases, “spontaneous” combustion may result from the rise in temperature due to oxidation.

7. SOIL COVER DESIGN PRINCIPLES FOR MINE TAILINGS

In wet climates, and where the topography allows it, a water cover may be applied
to potentially acid forming tailings to effectively halt oxidation. In some situations, no
cover material is required as the tailings may be revegetated directly. Only soil covers over
tailings are discussed herein.
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Table 1. Results of instrumented field trial embankments on crusted coal tailings

T Dw Av c2 c1/c2 OCRav H q qu/q Sc

(m) (m) (kPa) (m) (kPa) (mm) (% of H)

15.0 1.5 15 2.6 2.9 4.74 66.5 1.04 790 5.3
2.1 1.4 10 4.3 3.8 2.0 28.1 2.46 37 1.8
3.5 1.0 10 2.0 6.2 3.0 42.1 1.31 286 8.2



7.1. Purpose of soil covers over tailings
Soil covers over tailings should ensure the physical and chemical stability of the storage,
and allow a sustainable, though not necessarily productive, future land use. Physical 
and chemical stability, both of the impoundment and of the tailings themselves, are 
often linked. The cover should limit, into the long term, the transport of any contaminants
to the surrounding environment. Water is the main transport medium, although wind-
borne dust can also be an issue. Evapotranspiration can cause the upward migration of
any contaminants, while rainfall infiltration can cause seepage through the tailings
impoundment and/or into the foundation, carrying with it any contaminants released by
the tailings.

Ideally, a soil cover should limit oxygen ingress into potentially acid forming tailings,
limit the upward migration of potentially contaminating tailings pore water in a dry cli-
mate, and limit rainfall infiltration into the tailings that might transport any contaminants
present in the tailings. A soil cover that remains near-saturated is effective in limiting oxy-
gen ingress. A soil cover incorporating a capillary break layer immediately above the tail-
ings, or a soil cover thick enough to insulate the tailings from desiccation is effective in
limiting the upward migration of tailings water.

If water were to pond over uncovered saturated tailings, it would “breakthrough” at a
rate given by the saturated hydraulic conductivity of the tailings. Clayey silt-sized tail-
ings, with a saturated hydraulic conductivity of about 10�9 m/s would pass water from a
surface pond at a rate of 32 mm/year, while silty sand-sized tailings, with a saturated
hydraulic conductivity of 10�6 m/s, would pass any amount of water that was likely to
pond on them.

7.2. Possible components of a soil cover
Possible components of a TSF soil cover, from the top down, include the following:

● Growth medium
● Water storage layer
● Seal
● Capillary break.

The growth medium requires a high water storage capacity and sufficient depth for
plant roots (>>0.5 m), although in practice only 0.1–0.5 m is typically applied. The loosely
packed growth medium increases rainfall infiltration, but also protects an underlying com-
pacted clay seal against erosion and desiccation. The growth medium is typically grassed,
which reduces runoff and increases infiltration, but removes moisture through evapotran-
spiration. Planting trees on the soil cover is potentially problematic due to the generally
limited thickness of growth medium available for rooting. However, trees may well vol-
unteer from the surrounding area in the long term.
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The water storage layer requires a high water storage capacity and sufficient depth
(�1 m) both to accommodate rainfall infiltration and to provide moisture for plants to sur-
vive during extended dry periods.

The seal requires a low hydraulic conductivity (�10�8 m/s) and a high air-entry value
to maintain saturation. The seal typically comprises 0.3–0.5 m of compacted clay, and is
expected to reduce net infiltration, compared with no cover, by about an order of magni-
tude to less than 5% of incident rainfall. Maintaining a high degree of saturation in the seal
will reduce oxygen ingress to any potentially acid-forming tailings. The hydraulic con-
ductivity of a compacted clay layer is two to three orders of magnitude lower than that of
the same material uncompacted. However, uncompacted clay will “compact” to some
extent over time with wetting and drying cycles. Compacted clay will be rendered more
permeable due to wet/dry cycles or due to freeze/thaw cycles.

A capillary break may be required over tailings that are saline and/or potentially acid
forming, and requires a low air-entry value to limit the thickness of capillary break mate-
rial required and a low water storage capacity to ensure that it remains unsaturated. The
capillary break, if required, is typically 0.3–0.5 m thick and is placed immediately above
the tailings.

7.3. Potential cover materials
Mine sites must take advantage of available potential cover materials on site, which could
include the following:

● Growth media
1. Topsoil
2. Oxide waste rock, with fertiliser addition.

● Water storage layer
1. Well-graded rocky oxide waste rock
2. Inert tailings.

● Seal
1. Compacted (self-healing) silty sandy clay
2. Compacted clayey oxide waste rock
3. Compacted inert fine-grained tailings
4. Compacted or slurried inert tailings/waste rock mixtures.

● Capillary break
1. Fresh waste rock, with minimal fines
2. Quarried rock, with minimal fines.

7.4. Barrier covers
The conventional approach to covering tailings, particularly where there is an identified
potential for contamination, is to limit rainfall infiltration by mounding the surface of the
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tailings storage facility to maximise runoff, and capping the tailings with a barrier cover,
typically a compacted clay layer, overlain by a relatively thin growth medium. A con-
struction pad immediately above the tailings may be required to facilitate construction of
the cover and, if required, this could also serve as a capillary break. However, promoting
runoff may threaten the integrity and longevity of the cover, due to surface erosion, and
vegetation dieback in a dry climate.

7.5. Store/release covers
In a dry or seasonal climate, a tailings cover may be designed to balance rainfall with water
storage within the soil cover, evaporation from the surface, and transpiration by vegetation;
that is, a “store/release” cover system, shown schematically in Figure 8 (Williams et al.,
1997). A store/release cover system is more robust and effective in limiting rainfall infiltra-
tion than a barrier cover. It typically incorporates a sealing layer above the tailings and a thick
loose store/release layer above that. To be effective, the sealing layer should have a lower per-
meability than the underlying tailings. The store/release layer must be capable of storing rain-
fall without becoming fully saturated, releasing the stored water through evapotranspiration.
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Figure 8. “Store/release” cover system over tailings.



A construction pad immediately above the tailings may be required to facilitate construction
of the cover and, if required, this could also serve as a capillary break.

The sustainability of a store/release cover is dependent on the ability of the surface veg-
etation to prevent the gradual wetting up or drying out of the cover in the long term. A
store/release cover system could also be adapted to a wet climate, with the addition of a
drainage layer beneath the storage layer to transport excessive infiltration.

7.6. Capillary break covers
In dry and seasonal climates, in which the upward migration of potential contaminants
within the tailings may occur, capillary break covers may be employed. In their simplest
form, they comprise a capillary break layer, overlain by a growth medium if revegetation
is the aim. The capillary break layer must be sufficiently thick to prevent capillary rise, and
the thickness selected must allow for the breakdown of the material in the long term and
the possible infiltration of fines from an overlying growth medium, which would increase
the height of capillary rise.

A cover system with capillary break effects (CCBE) has been developed for tailings in
the wet climate of northern Québec, Canada (Brussiére et al., 2003). This typically com-
prises a 0.5 m-thick capillary break sand layer overlain by 0.8 m of compacted inert tail-
ings, which are capable of remaining near-saturated and so limit oxygen ingress into the
underlying potentially acid forming tailings, and topped by 0.3 m of sand and gravel,
which is intended to remain unvegetated to avoid desaturation of the inert tailings through
transpiration. More sophisticated CCBE systems have also been proposed.

8. METHODS OF SOIL COVER PLACEMENT AND EXAMPLES

A soil cover may be placed over soft mine tailings either using conventional equipment,
by hydraulic means, by pushing coarse-grained material into the tailings to provide a con-
struction pad on which the cover can be constructed, or by placing the cover on frozen tail-
ings where the climate causes freezing. These approaches are described and illustrated
with examples.

8.1. Using conventional equipment
Where a surface crust has developed on a tailings deposit due to desiccation, a cover may
generally be placed using conventional earthmoving equipment. The use of small-scale
equipment is generally preferred to ensure stability and safety. Where the bearing capac-
ity is limited, the cover material should be placed along a broad front from the high end of
the tailings delta (where it will be more coarse-grained, and hence drier and of higher
strength), advancing progressively along this front before returning to the start to com-
mence another strip. By the time the next strip is placed, the excess pore water pressures
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induced in the tailings by the previous strip will have had some time to dissipate. It may
be necessary to construct the cover in a series of lifts to ensure that the tailings do not
become remoulded and soften, as indicated by the initiation of bow-wave failure (Figure
9), and allow time for the dissipation of excess pore water pressures and strength gain in
the tailings. Prior to a lift, preloading along the edge of the advancing cover will promote
a gain in strength. Where a soft spot is encountered in the tailings, perhaps at a low point,
cover placement should advance in all directions towards the soft spot to promote a gain
in strength, allowing the soft spot to be covered.

Figure 10 shows the placement of the first cover lift on tailings in the Mediterranean cli-
mate of central Victoria, Australia. The tailings had been progressively desiccated as they
were deposited and had an average peak undrained strength of about 17 kPa, with an aver-
age remoulded strength of only about 5 kPa. Provided remoulding was avoided, the cover
could be safely placed in 1 m high lifts. A preload of cover material, 2–3 m high, was first
placed along the edge of the cover. After allowing a minimum of 2 weeks for the dissipation
of pore water pressures and strength gain in the tailings, the preload was pushed by D6 dozer
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Figure 9. Bow-wave failure in coal tailings.

Figure 10. Placing a cover lift on soft tailings.



in a 1 m high lift along a broad front. By the time the lift had crossed width of the tailings
storage facility, sufficient strength gain had occurred to allow preloading for the next strip.

8.2. Using hydraulic means
For an undesiccated, wet tailings deposit, it is not possible to construct a cover using con-
ventional equipment. An alternative is to place the cover materials hydraulically, as shown
in Figure 11. Cover materials varying in particle size from about 50 mm and finer are read-
ily pumpable at about 30% solids using a centrifugal gravel pump. The coarse-grained par-
ticles will drop out close to the discharge point, while the finer-grained particles will be
transported down the delta. By varying the size fraction that is pumped and by advancing
the discharge point over the wet tailings, a layered cover system may be developed.

8.3. Other cover placement methods
A construction pad may be formed by pushing coarse-grained material into wet tailings as
shown in Figure 12, in which coarse coal reject is being pushed into freshly deposited wet
coal tailings. The coarse reject penetrates and mixes with the tailings to a depth at which
bearing capacity is achieved, with the tailings below that depth being consolidated by the
increased weight of materials above them. The final surface is more trafficable than the
coarse reject alone, allowing a cover to be placed.

In cold climates in which tailings freeze for a number of months of the year, a cover
may readily be placed on the frozen tailings. However, as the tailings thaw, the loading
imposed by the cover will induce consolidation of the tailings that may threaten the
integrity of the cover. “Self-healing” cover materials, such as silty, sandy clays, clayey
oxide waste rock, inert tailings or tailings/waste rock mixtures, should therefore be used.

The placement of a cover on soft tailings could also be facilitated by the use of geot-
extiles, although this is generally not cost-effective for mine site conditions.
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Figure 11. Hydraulic cover placement.



9. FINAL COMMENTS

By virtue of their silt-size and conventional deposition as a slurry, mine tailings form wet
and soft deposits. Their chemical nature may pose the potential to contaminate the envi-
ronment and a soil cover is conventionally placed over the tailings to reduce this threat.
Reliance is often placed on the strengthening of the tailings surface due to desiccation
crusting to provide sufficient bearing capacity to support a cover and the equipment used
to place it. In cases where surface desiccation has not occurred or is insufficient to support
construction equipment and cover materials, it may be possible to place cover materials
progressively by hydraulic or mechanical means or, in cold climates, to place the cover on
frozen tailings.

A variety of cover types and placement methods is available to address the climatic
conditions, the physical and chemical nature of the tailings, their mode of deposition, and
the intended post-mining land used. The key physical parameters of tailings affecting the
choice of cover type and the mode of cover placement are their permeability, strength and
consolidation parameters. These dictate the bearing capacity and settlement of the tailings
due to the placement of a cover, and their performance in preventing potential contamina-
tion of the environment.
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Figure 12. Coarse reject into wet tailings.



NOTATION

a empirical constant relating kv to e
AEV air-entry value
b empirical constant; power to which e is raised in expression for kv

c1 undrained strength of surface crust
c2 undrained strength of layer underlying surface crust
D50 particle size through which 50% of a material passes (median particle size)
Dw depth to watertable
e void ratio
Gs specific gravity of solids
H fill height
kv saturated vertical hydraulic conductivity
N2 bearing capacity factor applied to c2

OCRav average overconsolidation ratio
q applied stress
qu bearing capacity
S degree of saturation
Sc consolidation settlement of tailings
T thickness of tailings
ua pore air pressure
uw pore water pressure
w gravimetric moisture content
∆σ applied stress
∆τ gain in undrained strength
∆τ50 gain in undrained strength after 50% dissipation of excess pore water pressures
φ� friction angle of tailings
θw volumetric water content
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Geotechnical Aspects of Hydraulic Filling of
Underground Mine Stopes in Australia

Nagaratnam Sivakugan, Kirralee Rankine and Rudd Rankine

Civil & Environmental Engineering, James Cook University,
Townsville, Australia

ABSTRACT

Mining for minerals creates large voids underground which have to be backfilled to pro-
vide regional stability for subsequent mining operations. Hydraulic fill is one of the most
popular backfill materials used to fill these underground voids, and is generally placed in
the form of a slurry at water contents in the range of 30–45%. Porous brick barricades are
placed across horizontal access drives to retain the hydraulic fill, allowing free drainage
and enabling the hydraulic fill to settle under its self-weight. Several accidents have been
reported worldwide, where the porous brick barricades have failed, resulting in an inrush
of the hydraulic fill slurry into the drives claiming lives of miners and causing heavy eco-
nomic losses. A recent example of this is the barricade failure at Bronzewing Mine in
Western Australia, where three miners were killed. The problems associated with the
hydraulic filling of mine stopes in Australia, with special references to the numerical mod-
elling and laboratory studies carried out to improve the current state-of-the-art in hydraulic
filling of underground mines are discussed in this chapter. At James Cook University,
extensive laboratory tests were carried out on more than 25 different hydraulic fills
obtained from five different mines, in an attempt to fully understand their behaviour and
to develop a geotechnical database for the mines. The data from laboratory tests compare
well with the in situ measurements. Tests were also carried out on two types of porous bar-
ricade bricks that are commonly used in Australia, to quantify their permeability and
load–deformation characteristics. Fast Lagrangian Analysis of Continua (FLAC) and Fast
Lagrangian Analysis of Continua in 3-dimensions (FLAC3D) were used to numerically
model the drainage through the hydraulic fill s and the stress developments within the fill.
Due to arching mechanism, the vertical normal stresses within the stopes are significantly
reduced. Typical parameters for hydraulic fills and porous barricade bricks are given in this
chapter and these would be very valuable in numerical modelling exercises when no other
data are available. 



1. INTRODUCTION

Mining is one of the major export industries in Australia, and several other countries
worldwide. As a result of mining operations, very large underground openings are created
that are later backfilled to provide regional stability. The large underground voids that are
backfilled are called stopes, and they can be approximated as rectangular prisms, which
can be more than 100 m in depth. Backfilling is also seen as an effective means of dispos-
ing the by-products of the mineral processing called tailings that are left after the valuable
minerals are extracted from the ore. There are several types of mine fills such as hydraulic
fills, cemented hydraulic fills, paste fills, aggregate fills, cemented aggregate fills and rock
fills that are based on combinations of surface process tailings, and development waste or
quarried rock. Hydraulic fills have often been considered as the conventional mine fill
materials primarily owing to their widespread usage throughout Australia, in Queensland,
New South Wales, Tasmania and Western Australia. 

For rheological reasons (the fill must be transported, generally through pipes from the
processing plant, to the mine stopes that may be several kilometres away), the hydraulic
fills are generally placed in the form of slurry, mixed to water contents in the range of
30–45%. The stopes are filled at the rates of 150–300 t/h of solid content, with various fill-
ing schedules (e.g., 12 h rest and 12 h fill, until the stope is filled) to suit the processing
plant and other constraints. The horizontal access drives, located at various levels in the
mine stope, are blocked by barricades as shown in Figure 1.

The slurry placed into the stope has substantial amount of water that has to be drained
so that the hydraulic fill can settle into a denser and more stable material. At slurry water
content of 40% (71% solids content) and with specific gravity of 2.80, 52% of the slurry
volume is water. Not all this water can drain in engineering times. Even after several
months, when drainage has completely stopped, there is still water left inside the stope,
tied to the interstices of the soil grains in the form of residual moisture, which remains
there forever. From field measurements and mass balance computations of the water enter-
ing and leaving the stope in engineering times, it appears that the residual water content of
the hydraulic fill stopes can be about 20–30%. Therefore, the drainable water accounts for
a water content of 10–15%.

Collapse of fill barricades, resulting in wet slurry flooding the access drives, is a com-
mon problem in the hydraulic fill mines worldwide and it is often catastrophic. In June
2000, three miners were killed in such an accident in a hydraulic fill mine in Western
Australia where 18,000 m3 of hydraulic fill entered the drives through a failed porous brick
barricade. A Brandrill jumbo operator trapped in a dead end of a tunnel saw a “wall of back-
fill” coming towards him and had to go through the fill and climb on to a pillar to survive.

Most failures occur during the filling operation and when the water content of the
hydraulic fill is relatively high. One of the main objectives in the hydraulic filling opera-
tion is to get the drainable water out at the earliest, thus reducing the risk of any potential
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instability. This is often achieved by ensuring that the permeability of the hydraulic fill is
large enough to provide adequate drainage.

At James Cook University, Australia, extensive laboratory tests were carried out on more
than 25 different hydraulic fills obtained from five different mines at different times, in an
attempt to develop a geotechnical database for the mines (Rankine et al., 2005). The data
from laboratory tests compare well with the in-situ measurements. Tests were also carried
out on two types of porous barricade bricks that are commonly used in Australia to quantify
their permeability and load–deformation characteristics (Rankine et al., 2004). Numerical
modelling of the drainage through hydraulic fills and stress developments within the fills
were studied using FLAC and FLAC3D (Rankine et al., 2003; Sivakugan et al., 2005). 

2. GEOTECHNICAL CONSIDERATIONS

This section describes the geotechnical characteristics of the Australian hydraulic fills, and
the suggested tests to determine these specific properties. More than 25 different hydraulic
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Figure 1. An idealised hydraulic fill mine stope with multi-level drains.



fills from five major mines across Australia were studied, and the findings form the basis
of the conclusions presented herein. The grain size distribution, permeability and strength
characteristics of the hydraulic fills are discussed below.

2.1. Grain size distribution 
Hydraulic fill is produced by passing the by-product from mineral processing in metallif-
erous mines through hydroclones to dewater and remove the fine fraction of the material
(this process is called desliming). After the fines (or slimes) have been removed, the grain
size distribution curves for typical Australian hydraulic fills fall within a very narrow band
which is typically within the shaded region shown in Figure 2. Hydraulic fill can be sim-
ply classified under the Unified Soil Classification System as silty sands or sandy silts with
negligible clay fraction. For all practical purposes, hydraulic fills can be treated as cohe-
sionless soils.

Unlike typical soils the specific gravity (Gs) values for hydraulic fills are quite spread,
with the specific gravity values for Australian hydraulic fills found to range from approxi-
mately 2.8 to 4.4. Irrespective of this value, all hydraulic fills are placed into the stope at
water contents of 30–45%. At certain solid content, the larger the specific gravity, larger is
the volume of water in the slurry. For example, at 75% solid content and with Gs � 2.77,
48% of the fill volume consists of water by volume, whereas in a slurry with Gs � 4.35 with
the same solids content, 59% of the volume will be water. In a 25 m � 25 m � 100 m stope,
the volume of water that enters the stope will be 30,000 m3 for Gs � 2.77 and 37,000 m3

for Gs � 4.35. The additional 7000 m3 of water that has to be drained can mean few addi-
tional weeks before the drainage stops so that the adjacent stopes can be excavated.
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Figure 2. Generalised grain size distribution for Australian hydraulic fills.



Drainage is of primary concern with underground hydraulic fill mining, and therefore
permeability is a key parameter in the design of hydraulic filling of mine stopes. The per-
meability of reconstituted fill samples that are representative of in situ hydraulic fill may
be obtained by carefully sedimenting hydraulic fill slurries under self-weight, in a perme-
ameter, and performing standard constant and falling head permeability tests. The slurry
sedimentation process within the permeameter mimics the hydraulic filling process in the
mine and therefore the prepared hydraulic fill samples can be deemed the closest repre-
sentation of the hydraulic fill in situ. The samples should be prepared with solids densities
corresponding to the values typically used at the corresponding mine.

2.2. Dry density, porosity and relative density
In the laboratory sedimentation exercise on all hydraulic fill samples, it was seen that
hydraulic fills settle to porosity values in the narrow range of 36–49%, and therefore it
may be expected that the dry density is proportional to the specific gravity of the soil
grains. Variation of dry density of the settled fill against the specific gravity, for hydraulic
fills from several Australian and US mines as tested in the laboratory and in situ, is shown
in Figure 3. In situ measurements from both overseas hydraulic fill mines (Pettibone and
Kealy, 1971) and several Austraian mines (Rankine et al., 2005) agree well with the 
laboratory values. It is quite clear that the dry density of the hydraulic fill is directly 
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proportional to the specific gravity, and can be approximated by the following equation for
all available data:

Dry density (g/cm3) � 0.56 � specific gravity (1)

This implies that the hydraulic fills settle to a unique void ratio of about 0.78 and porosity
of 44%. Plotting void ratio against the relative density (Figure 4) for laboratory sedimented
samples of hydraulic fills from Australian mines, as well as in situ measurements in US
mines, it can be seen that regardless of whether hydraulic fills are sedimented in the labo-
ratory or placed in situ, they will have relative densities between 45% and 80%, and void
ratios of 0.65–0.85 (Figure 4). Although placed to settle under the self-weight, the
hydraulic fills attain a relatively dense state.

2.3. Permeability 
The relationship between permeability and grain size has been widely explored in soil
mechanics. Most commonly, D10, also known as the effective grain size, is used to relate grain
size to flow through granular soils using Hazen’s (1930) equation. Preliminary estimates of
fill permeability (in mm/h) can be made using Hazen’s (1930) empirical relationship (Eq. (2)),
with the constant C in the range of 0.03–0.05, and the fill D10 (in µm) (Figure 5):

k � C(D10)
2 (2)

Permeability of the different hydraulic fills range from 2 to 40 mm/h.
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2.4. Friction angle
Friction angle is an important parameter in the static and dynamic stability analysis of
hydraulic fill. It is often not practicable to have the standard penetration or cone penetra-
tion test rigs into the underground mines, and as a result the most common practice is to
do direct shear or triaxial tests on reconstituted hydraulic samples in the laboratory simu-
lating the in situ densities. Cyclic triaxial tests are recommended for studying dynamic
loading due to blasting and liquefaction potential, etc.

The tests should be carried out on reconstituted fills representing the in situ grain pack-
ing in the stope, which can be at relative densities of 45–80%. Since there is no clay frac-
tion, cohesion is zero. The friction angles of the hydraulic fills, determined from direct
shear tests are significantly higher than those determined for common granular soils
(Rankine et al., 2005). This can be attributed to the very angular grains that result from the
crushing of the waste rock, which interlock more than the common granular soils that have
less angularity. Angularity of the grains can be seen in the scanning electron micrographs
of the hydraulic fill samples shown in Figure 6.

Most hydraulic fills used in Australian mines have an emax–emin range of about 0.5, and
they all have similar grain size distribution. Therefore, these hydraulic fills can be expected
to have a unique N1/Dr

2 ratio (Cubrinovski and Ishihara, 2002), and consequently a unique
relationship between φ and Dr. Here N1 is the blow count from Standard Penetration Test,
corrected for the overburden, and φ is the friction angle. 
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2.5. Placement property test
The initial water content of hydraulic fill has significant influence on the in situ void ratio.
Clark (1988) suggested a procedure to study this through placing the hydraulic fills, mixed
at different water contents, in a glass cylinder and vibrating for 5 min before measuring the
porosity. The bottom of the cylinder can be perforated to allow for drainage or sealed and
undrained, depending on how rapid the drainage is expected in the mine. The main objec-
tive of the placement property test is to identify the optimum water content for the
hydraulic fill that gives the minimum porosity (and thus the maximum dry density) on
placement in the stope. Nevertheless, the rheological requirements are such that, for the
ease of transportation through pipes, the hydraulic fill has to be mixed to water contents
much higher than this optimum water content.

The most common way to present the placement property test results is in the form of
a plot of porosity against water content as shown in Figure 7, where air content contours
are also shown. Here, the horizontal lines representing minimum porosity and maximum
porosity are defined by the densest and loosest states, respectively, and can be determined
from laboratory tests (ASTM D4253, ASTM D4254). The intersection of the saturation
line and the minimum porosity line gives the theoretical optimum water content that can
give the lowest porosity on placement. When the slurry settles, it follows the saturation
line, moving from point S towards point P and then point O. 

There is good value in the placement property curve, where it can be used to assess
whether the fill will contract or dilate when subjected to vibratory loading such as blast-
ing. An element in the fill where the state is represented by X in Figure 7 will expand on
further vibratory loading, whereas an element represented by Y will contract.

The same placement property test data can also be presented as a plot of dry density
against water content, similar to a compaction curve. Placement property test is a form of
compaction test, but the results are presented slightly differently. The vibration applied to
the sample is the compactive effort in this exercise. 
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Figure 6. Electromicrographs of two different Australian hydraulic fill samples.



The region bound by the horizontal maximum porosity (or minimum dry density) and
minimum porosity (or maximum dry density) lines at the top and bottom, and the satura-
tion line on the right, is where the fill can exist with inter-particle contact. The optimum
water content for this hydraulic fill is about 14%, which will give the minimum porosity
and maximum dry density when placed. However, the fill materials are transported by
pipes, and should have sufficient flow characteristics that require the hydraulic fill to be
transported and placed in the form of a slurry, with water content higher than the optimum
water content. The intersection of the minimum porosity line and saturation curve give a
first estimate of the optimum water content, which is 12% in this case. Such estimate can
be obtained simply from a Maximum Dry Density Test (ASTM D 4253), and does not
require the placement property test described above.

When the initial water content is very high, in the order of 40–50%, the suspension fol-
lows the saturation line and settles to a porosity value slightly less than the maximum
porosity. The two points are shown by the “♦” symbol in Figure 7. Higher the water con-
tent of the suspension, closer the porosity is to the maximum porosity. The points shown
by the “•” symbol were obtained from slurries mixed at water contents ranging from 20%
to 50%, but were vibrated for less than 5 min. They follow the saturation line in the shaded
zone, and will move towards the optimum point with increased duration of vibration.
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2.6. Oedometer tests
Oedometer tests are traditionally carried out to assess the consolidation characteristics of
clays. These are of little value in studying the consolidation characteristics of hydraulic
fills, which consolidate within a few seconds in a 20–30-mm-thick oedometer ring. To
fully understand the consolidation behaviour of hydraulic fills, it is necessary to carry out
one-dimensional consolidation tests on reconstituted samples as thick as 300 mm or more.
Nevertheless, oedometer tests are useful for determining the constrained modulus, also
known as oedometer modulus (D), which is simply the reciprocal of the coefficient of vol-
ume compressibility (mv) commonly used in consolidation. The constrained modulus and
Young’s modulus (E) are related by

E � D (3)

Here ν is the Poisson’s ratio. From the constrained modulus thus measured, assuming an
appropriate value for Poisson’s ratio, Young’s modulus can be estimated.

2.7. Typical geotechnical parameters for hydraulic fills
A proper analysis of a hydraulic fill stope for drainage, pore water pressure development
and stability will require several different parameters and will involve a series of labora-
tory tests. Table 1 summarises typical parameters for an Australian hydraulic fill, selected
from the geotechnical database at James Cook University (JCU). These values would be
useful in numerical simulations in the absence of any laboratory or in-situ data.

3. DRAINAGE

As shown in Figure 1, horizontal drains as large as 4 m � 4 m are placed at several sub-
levels in the mine stope. Numerical modelling and in-situ measurements of flow rates dur-
ing filling reveal that more than 65% of the discharge takes place through the bottom drain
and that the effects of the upper level drains on flow rate and pore water pressure devel-
opments are minimal. As a result, most of the drainage research focuses on stopes with
single drains at the bottom of the stope.

Flow nets are commonly used to provide solutions to a wide variety of two-dimensional
flow problems in geomechanics such as flow beneath dams and sheet piles. A flow net
comprises a system of flow lines and equipotential lines. The net is drawn in isotropic soil
such that the flow lines and equipotential lines intersect at right angles – thus, the flow is
perpendicular to the equipotential lines. Although any orthogonal pattern can be used by
engineers to determine flow rates, head and gradients, the simple curvilinear square sys-
tem is the most commonly adopted (Lambe and Whitman, 1979).

(1 � ν )(1 � 2ν )
��

(1 � ν )
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When the total head loss across the system is hL, and the permeability of the hydraulic
fill is k, the flow rate (Q) can be shown as

Q � khL (4)

Here, Nf and Nd are the number of equipotential drops and flow channels in the flownet.
For the stopes that can be approximated as two-dimensional, the flow rate can be computed
from the above equation, provided the flownet can be drawn. A typical flow net for a
hydraulic fill stope with single drain is shown in Figure 8a. Sivakugan et al. (2005) applied
method of fragments to the flow through hydraulic fill stopes and proposed simple solu-
tions for computing flow rate and the maximum pore water pressure which occurs at the
bottom corner of the stope. The flow region within the hydraulic fill can be divided into
three distinct regions, known as fragments as shown in Figure 8b. In fragments 1 and 2,
the flow is one-dimensional. The form factors, which are simply the ratios of the number
of equipotential drops to the number of flow channels, can be computed for each fragments
and used in the computation of the pore water pressures and flow rates.

Nf
�
Nd
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Table 1. Geotechnical parameters from a particular hydraulic fill

Test Parameter Value

D10 (µm) 11.5
D30 (µm) 40
D60 (µm) 85
Cu 7.4
Cc 1.6

Grain size distribution % � 2 µm 0
% � 75 µm 53
% � 2.36 mm 100
% sand 47
% silt 53
USCS symbol ML

Specific gravity Specific gravity 3.83
Maximum, minimum void ratio Maximum void ratio 1.280

Minimum void ratio 0.557
Compression index Cc 0.033

Oedometer Recompression index Cr 0.006
λ 0.0145
κ 0.003
φ (deg) at Dr � 0 38.3

Direct shear φ (deg) at Dr � 100% 45.5
M at Dr � 0 1.56
M at Dr � 100% 1.87

Permeability Permeability (mm/h) 25



3.1. Scaling
When stopes are filled by hydraulic fills, it is quite common to translate the experience gained
from previous fillings to the current ones. Therefore, it is useful to understand the effects of
scaling in two- and three-dimensional stopes. In the case of a two-dimensional stope, scaling
up a stope by a factor x implies that the flow rate and pore water pressures are scaled up by a
factor x, but the velocities and hydraulic gradients remain the same (Figure 9).

The mine stopes are often three-dimensional. A three-dimensional flow net is
approached in much the same manner as the two-dimensional net. Equipotential lines are
now viewed as equipotential surfaces, and the flow channels incorporate the third dimen-
sion. Scaling up a stope by a factor of x will scale up the pore water pressures by x but the
flow rate will scale up by x2 because of the third dimension. The velocity and hydraulic
gradient remain unchanged as in the case of two-dimensional stopes.
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Figure 8. Flownet for a 30 m � 75 m high stope with a 6 m � 4 m drain. (a) Flow net with 
Nf � 3 and Nd � 14.2; (b) Equipotential lines and fragments.



A simple steady-state (flow only) scaling exercise was done in FLAC3D to numerically
illustrate this. A stope with dimensions 10 m � 10 m � 20 m and a single drain located
centrally along the base of one of the stope walls was scaled by 1.5 to give a 15 m � 15
m � 30 m stope, and then also scaled by a factor of 2 to give a stope of 20 m � 20 m �
40 m. All dimensions, including those of the drains, were scaled and the dimensions are
shown in Figure 10. Table 2 shows that the flow rate divided by the square of the factor by
which the simulations were scaled is approximately the same for all simulations with dif-
ferent water heights and dimensions, provided the stope is scaled everywhere by the same
factor. In addition, the maximum pore water pressure divided by the scale factor was the
same in all three stopes. For example, by scaling a stope by three times, the flow rate
increases by nine times, but the pore pressures will only increase by three times. This scal-
ing exercise was repeated over a range of stope heights (Hw), and as shown in Figure 11,
the flow rate is proportional to the square of the scale factor.

3.2. Oversimplifications, rules of thumb and empiricism
It is quite obvious that the permeability of the hydraulic fill is the most crucial factor that
governs the drainage. It is also known that the permeability of the coarse-grained soils is
governed by the void ratio, effective grain size (D10) and the grain size distribution. Herget
and de Korompay (1978) suggested that permeability greater than 100 mm/h will ensure
that the drainage will be satisfactory. This rule of thumb is still popular within the mining
industry. Before commencing filling, permeability tests are generally carried out on recon-
stituted samples. More than 25 different reconstituted hydraulic fill samples were tested
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for permeability, and all were significantly less than 100 mm/h (Rankine et al., 2005), the
values ranging from 2 to 35 mm/h. Still, all the hydraulic fill systems operated satisfacto-
rily. It is possible that the 100 mm/h rule of thumb is overly conservative. 

The permeability of hydraulic fill has a significant influence on the rate at which the
excess water is removed from a stope and is therefore of paramount importance in
hydraulic filling of mine stopes. Soil mechanics combined with simple mass balance can
be used to define an upper bound value for the permeability of a specific fill to ensure there
is no build up of decant water on the surface of the fill (i.e. all water that enters the stope,
exits the stope for a given fill height).

This has previously been done by simplifying a stope into a one-dimensional flow sys-
tem with no decant water, and assuming the hydraulic gradient is unity throughout the
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Table 2. Results for three-dimensional scaling exercise in FLAC3D

Dimensions (m) Scale factor Q/SF2 umax/SF 
Stope Drain SF (m3/h) (kPa)

10 � 20 1 � 2 1.0 0.155 152.7
15 � 30 1.5 � 3 1.5 0.153 153.3
20 � 40 2 � 4 2.0 0.152 153.5



stope. The volume of water required to drain out every hour, to maintain the water height
at or below current level, must be equal to or more than the quantity of water entering the
stope. On the basis of simple soil mechanics, this may be written as

kiA � � � (5)

where the cross-sectional area of the stope in plan is A, Ws the solids filling rate in t/h, ρw

the fluid density, i the hydraulic gradient within the stope and the slurry solids content rep-
resented by C. Assuming the hydraulic gradient within the stope i to be unity, Eq. (5)
becomes

k � � � (6)

This equation indicates that for a certain stope, and fill conditions, a minimum permeabil-
ity value may be specified such that full drainage of all water entering the stope occurs.
For example, if a stope with cross-sectional dimensions of 50 m � 50 m is filled at 200 t/h
with slurry of 75% solids content, the permeability must be greater than 26.7 mm/h to
ensure the water level does not rise.

Hydraulic gradient within the stope rarely reaches the value of 1.0. For both two- and
three-dimensional stopes, where flow is constrained by the drain, the hydraulic gradient
changes spatially, and therefore, Eq. (6) is not valid. In the upper regions of the stope,
where the flow is one-dimensional, the hydraulic gradient is a constant, but is always less

1 � C
�

C

Ws
�
Aρw

1 � C
�

C

Ws
�ρw
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than 1.0. Within the horizontal drain, a little further from the stope where the flow is again
one-dimensional, the hydraulic gradient is much larger than 1.0 and is given by

idrain � istope (7)

Since Eqs. (5) and (6) are derived for one-dimensional flow systems, they are more appli-
cable at the top of the stope where the flow is one-dimensional. Numerical modelling using
FLAC and FLAC3D shows that the hydraulic gradient at the top of the stope is significantly
less than unity. Only at very large stope heights that are uncommon, the hydraulic gradi-
ents get closer to unity. Therefore, the threshold permeability value estimated using Eq.
(6), to ensure there is no increase in water height, could be too low. It is suggested that a
realistic estimate for the hydraulic gradient at the top of the stope be used in Eq. (5) to esti-
mate the threshold value for permeability.

Parametric studies carried out using FLAC has also shown that the hydraulic gradient
throughout the stope is considerably sensitive to the stope and drain dimensions. An exam-
ple is presented in Figure 12, where the hydraulic gradient at the top of the stope is plotted
against the stope height for a 20-m-wide two-dimensional stope and a 20 m � 20 m three-
dimensional stope. The three-dimensional stope has a 4-m-long 4 m � 4 m drain at the mid-
dle of the stope base. The two-dimensional stope has a 4-m-long and 1-m-high drain. 

3.3. Numerical modelling 
The first rational numerical model for hydraulic fill drainage was developed by Isaacs and
Carter (1983) for two-dimensional stopes. The model enables the user to simulate a filling

Astope
�Adrain
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schedule and to obtain the pore water pressure development within the stope, flow rate,
water height and fill height, thus addressing the miners’ needs. This model is currently
used in Australian mines and gives good agreement with the in situ measurements. Traves
and Isaacs (1991) extended this model to three dimensions, but the model remains yet to
be validated against actual measurements. Rankine et al. (2003) developed the drainage
model in FLAC and FLAC3D with similar features and verified it against Isaacs and Carter
(1983).

Development of excess pore water pressures, which results in liquefaction of the
hydraulic fill, thus increasing the thrust on the barricade, is often attributed as the cause for
barricade failures. As a result, pore water pressure development within the hydraulic fill is
of prime concern to the miners. The pore water pressures for two- and three-dimensional
stopes are shown in Figure 13. For the three-dimensional stope, only half the stope is
shown owing to symmetry. It can be seen that the maximum pore water pressure occurs at
the bottom of the stope, at the furthest point away from the stope. 

3.4. Drains and barricades
Hydraulic fill stopes are often three-dimensional, having 20–50 m dimensions in plan, with
100 m or more in height. Four common arrangements for the drains are shown in Figure 14,
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where 1, 2 or 4 drains can be provided on a stope at a specific level. The drains are generally
3–5 m wide and 3–5 m high, and the barricades are located at a distance of few metres from
the stope. Closer the barricade, more efficient is the drainage. However, for safety reasons,
barricades cannot be constructed in flush with the stope. A photograph of a porous brick
barricade in a hydraulic fill mine is shown in Figure 15.

In modelling the drainage of the hydraulic fill, it is generally assumed that the perme-
ability of the porous brick is significantly larger than that of the fill, and therefore the bar-
ricade is assumed to be free draining. Sivakugan et al. (2005) studied the two possible
assumptions for the pore water pressure distribution along the fill–barricade interface
(Figure 16). The most common assumption is that pore water pressure is zero along the
fill–barricade interface (Isaacs and Carter, 1983; Traves and Isaacs, 1991; Rankine et al.,
2003). Since the interconnected voids in the porous bricks are filled with water, it is more
realistic to assume that the pore water pressure increases linearly with depth along the
fill–barricade interface, with a value of zero at the top and γwD at the bottom, where D is
the drain height and γw the unit weight of water. Nevertheless, since the stope dimensions
are much greater than the drain dimensions, both the assumptions give similar values for
pore water pressures and flow rates.
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Figure 14. Plan view of common drain arrangements within a stope.



Drain length has a considerable influence on the pore pressure distribution as well as
the discharge rate from a stope. It can be seen intuitively that, the increase in drain length
results is lower hydraulic gradients and a reduction in flow rates. Pore water pressures
within the stope increase with the increasing drain lengths (Sivakugan et al., 2005).

The porous barricade bricks are specially made to be free draining. As a result they
have significantly lower strength and stiffness than the common concrete. A range of typ-
ical parameters for the porous bricks is given in Table 3. 
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Figure 15. Porous brick barricade in a hydraulic fill mine.
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Figure 16. Pore water pressure distribution along fill–barricade interface.



3.5. Sublevel drains
Owing to ore removal requirements it is a common practice for more than one access drive
to be constructed for a single stope arrangement. These drives are often located on levels
a vertical distance anywhere from 20 to over 50 m apart, and several drives may access any
particular level. Prior to refilling, the barricades are constructed across these drives and
therefore, stope drain arrangements may vary considerably between stopes. It is quite obvi-
ous, that the number and location of drains within a given stope will dictate the drainage
pattern for that stope. 

The effect of sublevel drains on the cumulative discharge for four different drain
arrangements is shown in Figure 17. These were simulated in FLAC3D. One of the cases
has a single 15 m2 drain at the bottom of a square stope, and the other three cases have two
drains separated by heights of 15, 30 and 45 m. It is quite clear that the provision of higher
level drains are of little value in draining the water from the stope, as most of the water
drains through the bottom drain. It is also seen in the hydraulic fill mine stopes that 65%
or more water drains through the bottom drain.
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Table 3. Parameters for porous bricks

Parameter Value

Dimensions (mm) 210 � 110 � 450
Uniaxial compressive strength (MPa) 8 � 2
Young’s modulus (GPa) 2 � 0.5
Permeability (mm/h) 5000
Porosity (%) 20
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Figure 17. Cumulative discharge through multi-level drains.



3.6. Effective porosity and post-filling drainage
In mine fills with clay fraction and in rocks, not all the voids are available to conduct water.
When clays are present, some water is held on to the clay particles in the form of adsorbed
water, forming a skin around the particle. In rocks, there can be dead ends where the voids
are not interconnected and when filled with water, they will not be part of the flow path.
Such water is known as immobile water and cannot be freely drained. Rest of the water
that can be drained is thus called mobile water.

In hydraulic fill stopes also, partly due to the magnitude of the large dimensions, there
is significant amount of immobile water that will not be drained in the engineering times.
Measurements from two different mines, shown in Table 4, clearly illustrate this point.
Total water that entered the stope, the water that has drained till the drainage has com-
pletely stopped and the remaining water for two different mines are given. A1 is a
cemented aggregate fill stope and A2 is a hydraulic fill stope. Residual water content is the
water content of the fill when the drainage has stopped, and this accounts for 29% and 20%
for the two mines in Table 4. 

The residual water content has marked influence on the time required for the stope to
fully drain. Using FLAC3D simulations, the water heights and fill height with time are
shown in Figure 18 for three different assumed residual water contents. The stope was
filled in about 1050 h. It can be seen that larger the residual water content, shorter the
drainage time. This is obvious since more water remains within the stope indefinitely leav-
ing a lesser quantity of water to drain. With 35% residual water content, the water height
drops to 20 m in 2000 h, whereas when the residual water content is 25% it takes 7100 h.

In modelling hydraulic fill drainage, it is important to understand effective porosity (ne)
that represents the voids that are effectively available to conduct water. The effective
porosity can be written as

ne � n � wres (8)

Any modelling exercise should give due consideration to the residual water content and should
attempt only to model the flow of drainable water and not the whole water that enters the
stope. While draining, only the voids accounted for thorough effective porosity will be effec-
tive in conducting the water. Rest of the voids are occupied up by the immobile residual water

Gs
�
1 � e
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Table 4. Mass balance of water in a stope

Mine Total solids Total water Water drained Remaining  Residual water 
(t) (t) (t) water (t) content (%)

A1 49,200 20,830 6554 14,276 29
A2 201,900 54,000 12,650 41,350 20



and do not form a part in the flow path. Therefore, it is necessary to assume a realistic value
for the residual water content in such computations.

4. STRESSES WITHIN HYDRAULIC FILLS

Stresses within the hydraulic fills are substantially less than the product of unit weight of
the fill and depth. This is particularly true in deep and narrow stopes. Using Marston
(1930) theory, Aubertin et al. (2003) proposed the following equation to determine the
average vertical stress at depth H within a two-dimensional hydraulic fill stope:

σv � �1 � exp� tan δ�� (8)

Here, K is the coefficient of lateral earth pressure, δ the friction angle at the fill–rock inter-
face, B the stope width, γ the unit weight of the soil and H the depth at which the vertical
stress is computed.

The variation of vertical normal stress along the centre line of a 10-m-wide and 
60-m-high hydraulic fill stope is shown in Figure 19. It appears that Marston theory

�2KH
�

B

γ B
�
2K tan δ
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underestimates the vertical normal stresses significantly, especially at large depths. The
numerical simulations in FLAC showed that for low values of friction angle, at low depths
within the stope, the vertical stresses exceed the product of unit weight and depth, shown
in Figure 19 as the overburden stress. Aubertin et al. (2003) reported similar trends. 

In the FLAC run for Figure 19, it was assumed that the rock walls have not moved lat-
erally and thus the fill is at rest. Therefore the lateral earth pressure coefficient K is equal
to K0, which is estimated as 1 � sin φ. As suggested by Aubertin et al. (2003), it was
assumed that δ � φ.

5. SUMMARY

Hydraulic fills are quite popular as mine backfills worldwide. Several accidents have been
reported due to the failure of the porous brick barricades that retain the backfills. Most of
the failures are attributed to the development of excess pore water pressures within the sys-
tem due to inadequate drainage. A thorough understanding of the behaviour of the hydraulic
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fills and barricades will enable more rational and efficient designs of the hydraulic backfill
systems, reducing the potential for such accidents. 

Laboratory studies on more than 25 different reconstituted hydraulic fills and in situ
measurements suggest that the hydraulic fills slurries placed in the mines settle to a
relatively dense structure, with relative densities in the range of 45–80%, and void ratios
of 0.6–0.8. The permeability of the fills ranged from 2 to 40 mm/h.

Hydraulic fills do not contain any clay fraction and thus their behaviour is expected to
be similar to that of granular soils. The specific gravity of the grains can be as high as 4.5,
which makes them quite heavy compared to most granular soils that have specific gravi-
ties of about 2.65. Direct shear tests show that the friction angles are significantly greater
for the hydraulic fills than the granular soils packed at similar relative densities. From the
electron micrographs of several hydraulic fill samples, it is clear that the hydraulic fill
grains are very angular since they have not undergone any geologic weathering process.
The high angularity may be the major cause for the large friction angles. 

Numerical modelling is quite an effective means of studying the drainage and stress
developments in a hydraulic fill mine stope. FLAC and FLAC3D can be used to model the
entire filling schedule (e.g., 12 h fill and 12 h rest, till the stope is filled) and to generate
pore water pressure distributions, flow rates, etc. at any time. The vertical normal stresses
within a hydraulic fill stope determined from Marston theory are significantly less than
those determined from FLAC.

Permeability measurements of hydraulic fills and porous bricks show that the bricks
have permeability that is 2–3 orders of magnitude greater than that of the hydraulic fill.
Therefore, it is reasonable to assume that the fill–brick interface is free draining. Along this
interface, it is more realistic to assume that the pore water pressure distribution is linear,
starting at zero at the top of the drain.

NOTATIONS

Astope plan area of the stope
Adrain cross-sectional area od the drain
Cu coefficient of uniformity (D60/D10)
Cc coefficient of curvature (D30

2/D10D60)
D constrained modulus
Dr relative density
D10 effective grain size
E Young’s modulus
Gs specific gravity of the grains
hL head loss across the stope
i hydraulic gradient
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k permeability
K coefficient of lateral earth pressure 
mv coefficient of volume compressibility
M slope of the critical state line in q – p plane
n porosity
ne effective porosity
Nd number of equipotential drops
Nf number of flow channels
N1 blow count in a standard penetration test corrected for overburden
Q flow rate
umax maximum pore water pressure within the stope
wres residual water content
δ friction angle at rock wall-fill interface
ν Poisson’s ratio
λ Cam clay parameter; slope of virgin consolidation line in ν – ln p space
κ Cam clay parameter; slope of rebound line in ν – ln p space
φ friction angle
γ unit weight of the fill
γw unit weight of water
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ABSTRACT

Planning and execution of deep vibratory compaction of natural and man-made fills
requires recognition of fundamental soil aspects, such as the compactability of soils. Design
is usually based on cone penetration tests and carried out with equipment specially devel-
oped for deep vibratory compaction, in particular, using variable frequency vibrators. The
features of different, purpose-built types of compaction probes are described and the most
important factors governing the compaction process are presented, such as vibration fre-
quency – an important parameter as it influences probe penetration – and can enhance com-
paction by means of resonance effects during the compaction phase. Vibratory compaction
generates lateral stresses, which result in a permanent increase of the horizontal earth pres-
sure and overconsolidation. The practical importance of these effects is discussed.

1. INTRODUCTION

Where granular soils have inadequate compressibility or strength, resorting to soil com-
paction is usually viable and economical, and applicable to both shallow and deep foun-
dations. Compaction is particularly useful where the foundations will be subjected to
dynamic and cyclic loading. Compaction means densification by dynamic methods, which,
depending on the manner of imparting the energy to the soil, can be divided into two main
categories: impact compaction and vibratory compaction. The methods and their practical
applications are described extensively in the geotechnical literature, e.g. Massarsch (1991;
1999), Mitchell (1982) and Schlosser (1999). 

Vibratory compaction methods have found wide acceptance, and numerous case histo-
ries have been described in the geotechnical literature, illustrating their practical applica-
tions. However, only limited information is available on the fundamental aspects of



vibratory compaction that govern the planning, execution, and evaluation of vibratory com-
paction projects. This paper discusses, based on the evaluation of numerous case histories,
different aspects of deep vibratory compaction with emphasis placed on field execution and
monitoring. The effect on soil strength and stiffness, as well as the resulting change of stress
conditions in coarse-grained soils are addressed, as these are of importance for geotechni-
cal design of the foundations to be placed on the compacted soil.:

In the recent past, vibratory compaction methods have become more competitive due
to several important developments, as follows:

● powerful construction equipment (e.g. vibrators and cranes) has become available,
making it possible to achieve higher compaction and to reach deeper into the soil;

● more reliable geotechnical field investigation tools, such as electric cone penetrome-
ters (CPT), piezocones (CPTU), seismic cones (SCPT), dilatometers (DMT), and pres-
suremeters (PMT);

● improved understanding of the static, dynamic, and cyclic behaviour of soils, which
has made it possible to model deformation characteristics of soils more accurately;

● more sophisticated analytical and numerical methods for predicting settlements,
soil–structure interaction, or the dynamic response of soil deposits during an earthquake;

● increase in the reliability of electronic equipment for use in rough site conditions,
important for monitoring and documenting the compaction process.

The planning of vibratory compaction requires geotechnical competence and careful
planning on the part of the design engineer. Similarly, the contractor needs to possess expe-
rience and suitable equipment to carry out deep soil compaction. It is common practice to
award soil compaction projects to the lowest bidder. However, after completion of a proj-
ect, this may not always turn out to be the optimal solution, if the required compaction is
not achieved, or the duration of work is significantly exceeded. The selection of the most
suitable compaction process depends on a variety of factors: soil conditions, required
degree of compaction, type of structure to be supported, maximum depths of compaction,
site-specific considerations such as sensitivity of adjacent structures or installations, avail-
able time for completion of the project, access to equipment and material, and, not least,
the competence of contractor. Moreover, it is paramount for all types of soil compaction
projects that a high degree of quality control and site supervision is maintained. 

2. COMPACTABILITY OF SOILS 

One of the most important questions to be answered by the geotechnical engineer is whether
or not – and to which degree – a soil deposit can be improved by dynamic methods (vibra-
tory or impact compaction). Mitchell (1982) identified suitable soil types according to grain
size distribution and indicated that most coarse-grained soils with a “fines content” (amount
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of particles smaller than 0.06 mm, Sieve #200) below 10% can be compacted by vibratory
and impact methods. However, compaction assessment based on grain-size curves from
sieve analysis has the disadvantage that, in order to obtain a realistic picture of the geot-
echnical conditions, a large number of soil samples and sieve analyses is required – larger
than what is usually considered justifiable for a routine foundation project. Going back to a
site in order to obtain additional samples is impractical due to time constraints. Moreover,
obtaining representative soil samples may prove to be difficult and costly because the soils
at such sites are usually loose and water-saturated. Moreover, soil lenses and layers of
importance for the assessment may not be evident from the inspection of soil samples
obtained intermittently. It is therefore preferable to base the assessment of compactability
on results of the CPT, as these measurements present continuous soil profiles reflecting
variations in soil strength and compressibility, and, in the case of the piezocone, also vari-
ations in hydraulic conductivity of the soil.

Massarsch (1991) proposed that the compactability of soils can be classified as “com-
pactable”, “marginally compactable”, and “not compactable”. Figure 1 presents a conven-
tional soil classification chart with the friction ratio along the abscissa and the cone
resistance (qt) along the ordinate. (It should be noted that the diagram assumes homoge-
neous soil conditions. Layers of silt and clay can inhibit the dissipation of excess pore
pressures and, therefore, reduce the compaction effectiveness.) 

Figure 2 shows the same compaction boundaries where the cone stress (cone resist-
ance) is shown as a function of the sleeve friction (Eslami and Fellenius, 1997; Fellenius
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Figure 1. Soil classification for deep compaction based on CPT data. After Massarsch (1991).



and Eslami, 2000). As the ranges of cone stress and sleeve friction applicable to com-
paction projects are relatively narrow, the usual logarithmic-scale compression of the axes
can be dispensed with and Figure 2 be shown in linear scale axes.

Compaction criteria are frequently expressed in terms of cone stress unadjusted for
overburden stress (depth). However, similar to the depth adjustment employed for SPT
data, it is preferable to express CPT compaction criteria in terms of a cone stress value
adjusted with respect to the mean effective stress. Expressing compaction specifications in
terms of the stress-adjusted cone stress will better reflect uniformity of soil density, or lack
of uniformity, as opposed to using the unadjusted cone stress. If the cone data are not
adjusted according to the stress level (depth), applying a specific value of cone stress as a
compaction criterion throughout a soil deposit may lead to the upper layers of the deposit
becoming overcompacted while the deeper layers remain loose. When this aspect is not
recognized, the result is excessive compaction costs, undesirable loss of ground, and a soil
deposit that is not uniformly compacted.

3. EXECUTION OF DEEP VIBRATORY COMPACTION

The vibratory compaction process consists of the following three elements, which need to
be adapted to the site conditions and densification requirements, in order to achieve
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optimal performance:

● Compaction equipment: compaction probe, vibrator and powerpack, and base machine. 
● Compaction process: compaction point grid and spacing, vibration frequency, and

mode of probe insertion and extraction.
● Process control and monitoring: production control and verification of densification

effect.

The main elements of vibratory compaction equipment are shown in Figure 3.

3.1. Compaction equipment
The compaction equipment includes the following components: vibrator with powerpack,
compaction probe, and base machine (carrier).

3.1.1. Vibrator characteristics. Modern vibrators are hydraulically driven and the
vibration frequency can be varied during operation. The vertical oscillation of the vibrator
is generated by counter-rotating eccentric masses. 

The static moment M, which is an important parameter for vibrator applications, is the
product of the mass of the eccentric weights G and the distance r of their centre of gravity
to the rotation axis:

M�G . r (1)
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Figure 3. Main elements of vibratory compaction equipment (resonance compaction system).



The static moment is thus not affected by the vibration frequency f. The peak centrifugal
force FV acting in the vertical direction, depends on the static moment M and on the cir-
cular frequency ϖ (2π f ) of the eccentric masses,

Fv � Mϖ 2 (2)

Figure 4 shows the relationship between the vibration frequency f and the centrifugal force
Fv for different values of the static moment.

The most important factor for soil compaction is the displacement amplitude S (double
amplitude). For a free-hanging vibrator (including vibrating mass, compaction probe and
clamp), before insertion of the probe in the ground, the vertical displacement amplitude S0

(double amplitude) can be determined from

S0 � 2s � 2 (3)

The “total dynamic mass” GD (GVIBRATOR � GCLAMP � GPROBE) is the sum of all masses
which need to be excited by vibratory action. It should be noted that both the static moment
M and the displacement amplitude S0 are independent of vibration frequency. In order to
obtain maximum displacement amplitude, which is the key parameter for soil compaction,
the dynamic mass GD should be kept as small as possible. This can, for instance, be achieved
by creating openings in the compaction probe, as will be discussed below. 

The displacement amplitude S0 is defined as the difference between the ground vibra-
tion amplitude SG and the probe vibration amplitude SP. In the case of “resonance” during
vibratory compaction, the compaction probe and the soil are oscillating “in phase”, and the

M
�
GD
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Figure 4. Centrifugal force generated by variable frequency vibrator as a function of the operating frequency
for different values of the static moment.



relative displacement amplitude between the probe and the soil is small, resulting in effi-
cient transfer of the vibrator energy to the surrounding soil. 

3.1.2. Vibrator and powerpack. The first vibrators for pile driving were developed
some 60 years ago in Russia and have since been used extensively on foundation projects
worldwide. Conventional vibrators can change the operating frequency by throttling
the hydraulic pressure on the power pack. In order to avoid a loss of hydraulic power
when the frequency is reduced, a pump system was developed which maintains the power
of the vibrator independently of the operating frequency. The pumps can be electronically
controlled and the operating frequency of the vibrator can be adjusted at all stages of the
compaction process. During the past decade, very powerful vibrators have been developed
for foundation applications, such as pile and sheet pile driving and soil compaction. These
vibrators are hydraulically driven, which allows continuous variation of the vibrator fre-
quency during operation. Moreover, modern vibrators can generate a centrifugal force of
up to 4000 kN (400 tons), and the maximum displacement amplitude can exceed 30 mm.
These enhancements in vibrator performance have opened new applications to the vibra-
tory driving technique, and in particular to soil compaction. Figure 5 shows the operating
principles of a vibrator with variable frequency and variable eccentric moment (“static
moment”), with eight eccentric masses, arranged at two rows of four masses at separate
rotation levels. During any stage of vibrator operation, the position of the lower row of
masses can be changed relative to that of the upper row, thereby affecting the static
moment and the displacement amplitude. This makes it possible to start up the vibrator to
the desired frequency without vibration. Once the operating frequency has been reached,
the eccentric moment is gradually increased to the desired intensity of vibrations.
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Figure 5. Operating principle of vibrator with dual rows of eccentric masses, allowing variation of the static
moment (displacement amplitude).



3.1.3. Compaction probe. The compaction probe is an important component of the vibra-
tory compaction system. The probe is inserted in the ground with the aid of a heavy, verti-
cally oscillating vibrator attached to its upper end. Different types of compaction probes have
been developed, ranging from conventional pile (H-bream), tubes, or sheet pile profiles, to
more sophisticated, purpose-built probes (Terra probe, Vibro-rod, and Y-probe) (Figure 6).

The Vibro-rod was initially developed in Japan as a slender compaction tool provided
with short ribs. The Y-probe consists of three steel blades, welded together at an angle of
120°. Extensive field tests have shown that the Y-shape arrangement is most efficient in
transferring the vibration energy from the probe to the surrounding soil, as it avoids the
“arching effects” that occur at a 90° arrangement. 

The so-called VibroWing is a further improvement of the Vibro-rod, and was developed
in Sweden. It consists of an up to 15 m-long steel rod with about 0.8 –1.0 m-long radial
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plates (wings), spaced approximately 0.5 m apart. The vibratory hammer is usually oper-
ated from a piling rig, (Figure 7). A limitation of the VibroWing method is that in well-
compacted soils, extraction of the probe can become difficult.

Extensive field tests and project experience have demonstrated that a double Y-shape is
the most efficient geometry of the compaction probe. The area of influence adjacent to the
compaction probe is increased and close to rectangular in shape, as opposed to the circu-
lar influence area in the case of rods or Y-shaped probes. The double Y-shape shown in
Figure 8 is an essential element of the resonance compaction system, which will be dis-
cussed below. The probe is provided with openings in order to reduce the weight of the
probe and to increase the contact with the soil layers to be compacted. Reducing the weight
and stiffness of the probe further increases the transfer of energy to the surrounding soil.
The lighter probe achieves larger displacement amplitude during vibration and thus more
efficient compaction, compared with a massive probe of the same size. 

Compaction probes can also be provided with water-jetting equipment in order to facil-
itate penetration into stiff soil layers. Water jetting has also beneficial effects on soil com-
paction, especially in unsaturated or partially water-saturated soil deposits.

3.2. Compaction process
The compaction process is an important element of deep vibratory compaction and can
influence the technical and economical results significantly. However, in practice, this
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Figure 7. VibroWing equipment and compaction probe.



aspect is not appreciated. The compaction process requires that the following parameters
are chosen:

● compaction point spacing,
● vibration frequency,
● probe penetration and extraction, and
● duration of compaction.

3.2.1. Compaction point spacing. Normally, a triangular pattern of compaction points is
chosen. However, by using a double Y-shaped compaction probe, which has an almost rec-
tangular influence area, a rectangular pattern of compaction grid points is possible, which
reduces the number of required compaction points by approximately 13%. It should be noted
that the spacing between compaction points needs to be chosen also with respect to practical
considerations, such as the overall geometry of the site, the reach of the compaction machine,
and the number of compaction passes. It is generally advantageous to perform compaction in
two passes, as this will result in more homogeneous soil densification. This aspect is of par-
ticular importance when impervious layers of silt or clay exist in the soil deposit to be com-
pacted. Such soil deposits are usually prone to augment liquefaction in the intermediate soil
layers, as the impervious layers prevent or reduce the vertical flow of water and thus affect the
dissipation of excess pore water pressure during earthquakes. A similar situation occurs dur-
ing vibratory compaction of loose, water-saturated soil deposits and reduces compaction effi-
ciency. However, if compaction is carried out in two passes, the probe will create drainage
channels during the first pass, resulting in more efficient compaction during the second pass.
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Figure 8. Flexible compaction probe with openings to enhance energy transfer from vibrator to ground.



What spacing between compaction points to assign depends on several factors, such as
the geotechnical site conditions prior to compaction, the required degree of compaction, the
size of the compaction probe (influence area), and the capacity of the vibrator. It is generally
advantageous to use a smaller spacing with a shorter duration of compaction rather than a
larger spacing with longer duration. This will result in more homogeneous compaction of the
soil deposit. The spacing between compaction points ranges typically between 1.5 and 5 m. 

3.2.2. Vibration frequency. The vibration frequency is an important parameter of vibra-
tory soil compaction and should be chosen with care. During insertion and extraction, it is
desirable that the shaft resistance along the probe is as small as possible. This is achieved by
using a high frequency – higher than about 30 Hz. Ground vibrations are then low and most
of the vibration energy is converted into heat along the shaft of the probe and little energy
reaches the soil body. In contrast, during the compaction phase, the objective is to transfer the
energy generated by the vibrator along the vertically oscillating compaction probe to the sur-
rounding soil as efficiently as possible, which is achieved when the probe is vibrated in reso-
nance with the soil – usually about 15 – 20 Hz. Resonance between the vibrator-probe-ground
system leads to amplification of the ground vibrations, as the probe and soil move “in phase”
with little or no relative displacements occurring – achieving efficient transfer of the vibration
energy to the ground. It should be noted that in this state, probe penetration will become slow
or stop completely. Figure 9 shows the vertical vibration velocity on the ground surface, meas-
ured by a vibration sensor (geophone) at a distance of 4 m from the compaction probe. 
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Figure 9. Ground vibration velocity during probe penetration and compaction measured at 4 m distance from
the compaction probe.



The resonance frequency depends on several factors, such as the mass of the vibrator,
the length and size of the compaction probe, and the shear wave velocity of the soil. The
resonance frequency will increase with increasing shear wave velocity, reflecting a change
of soil stiffness and soil strength (Massarsch & Westerberg, 1995).

Figure 10 shows measurements during different phases of soil compaction, where the
hydraulic pressure in the vibrator system, the operating frequency, the depth of probe pen-
etration, and the vertical vibration velocity on the ground measured at a distance of 4 m
are shown. 

When the vibrator frequency is tuned to the resonance frequency of the
vibrator–probe–ground system, the probe oscillates in phase with the adjacent soil layers.
Ground vibrations increase markedly, while the required compaction energy (hydraulic
pressure) is low. At higher frequencies, the probe oscillates relative to the adjacent soil lay-
ers and ground vibrations decrease, while the required hydraulic pressure increases signif-
icantly.

The resonance compaction concept takes advantage of the ground vibration amplifica-
tion effect (cf. Figure 3). The compaction process is monitored by an electronic control
system, which measures different important vibration parameters continuously (hydraulic
pressure, vibration frequency, probe depth, and ground vibration velocity) as a function of
time. Figure 11 shows photos from resonance compaction in progress. The information
obtained can be used to evaluate the soil conditions during each compaction pass. This
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Figure 10. Vibrator performance during different compaction phases (cf. Figure 9).



information can be displayed to the machine operator, stored in the computer, and trans-
mitted to the project office for further evaluation.

3.2.3. Probe penetration and extraction. Deep vibratory compaction is a repetitive
process, comprising of three main phases: insertion of the compaction probe to the required
depth, densification of the soil, and extraction of the compaction probe. The principle steps
of the vibratory compaction process using variable frequency are shown in Figure 12.

The most efficient compaction process is to insert the probe to the required depth as rap-
idly as possible at a high vibration frequency, followed by compaction of the soil at (or near
to the) resonance frequency and, finally, to extract the probe at high vibration frequency.
Compaction will be less efficient if the entire compaction process is carried out at a single
frequency. Should a too high frequency be applied, most of the vibration energy will be con-
verted into heat along the probe; and, should the vibration frequency be close to the system
resonance frequency, probe penetration will be slow. Moreover, if the probe is extracted at
the resonance frequency, the extraction force will be high and the compaction effect is
destroyed (decompression). By recording the penetration speed of the compaction probe dur-
ing insertion at a given vibration frequency, a record of the soil resistance is obtained in each
compaction point. At a high vibration frequency, the probe penetration resistance is mainly
influenced by the soil resistance at the probe tip. This information can be compared with pen-
etration test results and could serve to provide additional details on the geotechnical condi-
tions of the site. As mentioned above, it is advisable to carry out deep vibratory compaction
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Figure 11. Measurement of ground vibrations with the aid of a geophone (foreground) during compaction and
monitoring of resonance compaction.



in two passes. During the second compaction pass, the probe is inserted in the diagonal point
of the compaction grid, and the time required for the probe to penetrate the soil layer is again
recorded. If the penetration speed at the start of the second compaction pass is the same as
during the first pass, the grid spacing was too large. If the penetration speed during the sec-
ond pass is much lower than during the initial phase, the point spacing was chosen correctly
or, possibly, closer than necessary. Thus, the observations at the start of a compaction proj-
ect or in a special pre-construction test phase can serve to decide on the optimum probe spac-
ing to use. Indeed, deep vibratory compaction equipment can be used as a large-scale soil
testing machine for assessing the liquefaction potential of a site.

3.2.4. Duration of compaction. The duration of compaction in each point is an
important parameter and depends on the soil properties prior to compaction, the required
degree of densification, and the vibration energy transferred to the ground (intensity and
duration). The optimal compaction grid spacing should be determined – at least in the
case of larger projects – by compaction trials. As mentioned, in comparing the probe pen-
etration speed during the first and the second compaction pass with penetration tests
before and after compaction, the optimal compaction procedure can be established more
reliably. 

In many cases, the same duration of compaction is applied during the first and second
pass. However, it may be advantageous to vary the duration of compaction during the sec-
ond pass. During the first pass, a uniform compaction procedure should be applied across
the entire site. During the second pass, the compaction time should be varied in each point
depending on the observed probe penetration speed.
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Figure 12. Principle of deep vibratory compaction using variable frequency concept.



In loose, water-saturated sand deposits, the ground will liquefy during the initial phase
of compaction. An example of ground liquefaction is shown in Figure 13, where the
groundwater level was approximately 4.5 m below the ground surface. Shortly after den-
sification had started, a zone adjacent to the compaction probe liquefied and groundwater
rose to the surface. During the liquefaction phase, the ground vibrations almost ceased
as no energy was transferred from the probe to the soil. As the sand densified, ground
vibrations gradually increased again. During the second compaction pass, liquefaction
did not occur. This is an indication that the soil deposit has become more resistant to
liquefaction and can be used to verify the design specifications in the case of liquefaction
mitigation.

4. COMPACTION MECHANISM IN SAND

The literature includes only limited information describing the mechanism of soil densifi-
cation. A few important aspects that affect the compaction mechanism are discussed in the
following. For additional information, see Massarsch (2002).

4.1. Transfer of compaction energy
A powerful compaction vibrator can generate a centrifugal force of about 1000 –4000 kN.
In order to achieve optimal soil densification, it is therefore important to use a compaction
process where energy is transferred both along the shaft and at the base of the penetrating
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Figure 13. Liquefaction of water-saturated sand during the initial phase of compaction. Note that the groundwater
level is 4.5 m below the ground surface.



probe. The most effective energy transfer occurs when the compaction probe is allowed to
operate at the resonance frequency. If the probe is kept suspended and vibrated without the
full weight of the vibrator and the probe applied to the soil, the compaction effect will
be reduced.

4.2. Horizontal ground vibrations
It is often assumed that in the case of a vertically oscillating compaction probe, only vertical
ground vibrations are generated. However, horizontal vibrations do occur in addition to verti-
cally polarized shear waves emitted along the shaft of the compaction probe. The horizontal
vibrations are caused by the friction between the compaction probe and the soil, and they gen-
erate horizontal stress pulses directed away from the probe during the downward movement
of the probe. The horizontal stresses give rise to horizontal compression waves which increase
the lateral earth pressure. Figure 14 shows the results of vibration measurements during vibra-
tory compaction using the resonance compaction system (Krogh and Lindgren, 1997). 

Horizontally oriented vibration sensors (geophones) were installed on as well at differ-
ent levels below the ground surface, 2.9 m from the centre of the compaction probe. At the
time of the vibration measurements, the tip of the compaction probe was at a depth of 5 m
and had thus passed the lowest measuring point. Clearly, the vertically oscillating
compaction probe generated strong horizontal vibrations. The probe operated at a vibration
frequency of 11 Hz and the frequency of horizontal vibration was 22 Hz (thus twice the
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Figure 14. Horizontal vibration amplitude measured during resonance compaction (from Krogh and Lindgren,
1997).



vertical vibration frequency). The vibration amplitude in the horizontal and the vertical
direction had approximately the same magnitude. As will be shown below, vibratory com-
paction increases the horizontal stresses in the soil. This compaction effect is of great
practical importance as it changes permanently the stress conditions after compaction.

4.3. Increase of lateral stresses in compacted soil
The mentioned aspect of vibratory compaction – the increase of the lateral stresses in
the soil due to vibratory compaction – is not generally appreciated. Sand fill (such as
hydraulic fill) is usually normally consolidated prior to compaction, but as a result of
vibratory compaction, the lateral earth pressure increases significantly, as shown by
Massarsch and Fellenius (2002). The sleeve friction fs can be approximated from CPT
sounding data:

f � K0σ�v tan(φ�a) (4)

where σ� is the effective vertical stress, K0 the earth pressure coefficient, and φ�a the effec-
tive sleeve friction angle at the soil/CPT sleeve interface. The ratio between the sleeve fric-
tion after and before compaction, fs1/fs0, can be calculated from 

� (5)

where fs0 the sleeve friction before compaction, ƒs1the sleeve friction after compaction, K00

the coefficient of earth pressure before compaction (effective stress), K10 the coefficient of
lateral earth pressure after compaction (effective stress), σ �v1 the vertical effective stress
before compaction, σ�v2 the vertical effective stress after compaction, fs1 the sleeve friction
angle before compaction, and fs2 the sleeve friction angle after compaction. If it is assumed
that the effective vertical stress, σ�v1, is unchanged by the compaction, the ratio of the lat-
eral earth pressure after and before compaction, K01/K00 can then be estimated from the
relationship according to 

� (6)

Equation 6 shows that the earth pressure coefficient is directly affected by the change of
the sleeve friction and of the friction angle of the soil. The horizontal stresses can vary sig-
nificantly within the compacted soil. The highest horizontal stresses are expected close to
the compaction points and decrease with increasing distance. The initial stress anisotropy
initiates a stress redistribution, which can to some extent explain the change of soil
strength and of the stiffness with time.

fs1 tan( φ�a0)
��
fs0 tan( φ�a1)

K01
�
K∞

K01σ�v1 tan( φ�a1)
��
K∞σ�v0 tan( φ�a0)

fs1
�
fs0
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4.4. Overconsolidation effect
For many geotechnical problems, knowledge of the overconsolidation ratio is important.
Empirical relationships have been proposed for the coefficient of lateral earth pressure of
normally and overconsolidated sands and for the overconsolidation ratio, OCR,

� OCRm (7)

where K00 and K01 are the coefficient of lateral earth pressure before and after compaction,
respectively, and m is an empirically determined parameter. Schmertmann (1985) recom-
mended m � 0.42, based on compression chamber tests. Mayne and Kulhawy (1982) sug-
gested m�1�sin(φ). Jamiolkowski et al. (1988) found that the relative density, DR,
influences m and that m varied between 0.38 and 0.44 for medium dense sand (DR � 0.5).
Figure 15 illustrates the relationship from Eq. 7, which shows that even a modest increase
of the lateral earth pressure increases the overconsolidation ratio significantly. 

Sleeve resistance measurements reported in the literature and the above shown field
tests show that the ratio fs12 /fs01 varies between 1.5 and 3.5 (Massarsch and Fellenius,
2002). If it is assumed that the effective friction angle increases due to compaction from
on average 30 – 36°, K01/K00 ranges according to Eq. (6) between 1.2 and 1.8. An average
value of K01/K00 � 1.6 yields an overconsolidation ratio OCR according to Eq. (7) and

K01
�
K∞
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Figure 15. Relationship between overconsolidation ratio and ratio of earth pressure coefficients for 
overconsolidated and normally consolidated sand (Fellenius and Massarsch, 2001).



Figure 15 in the range of 2.5 – 4.0. This overconsolidation effect, which is generally neg-
lected, is important for the analysis of many geotechnical problems.

4.5. Change of stress conditions
The stress conditions in loose, water-saturated sand will undergo a complex change of
stress conditions during vibratory compaction. Energy is transmitted from the compaction
probe to the surrounding soil at the tip as well as along the sides of the probe. The trans-
mitted vibration energy depends on the capacity of the vibrator, the shear resistance along
the probe and on the shape and size of the probe. 

At the beginning of compaction of loose, water-saturated sand, the stress conditions will
correspond to that of a normally consolidated soil. When the soil is subjected to repeated,
high-amplitude vibrations, the pore water pressure will gradually build up and the effective
stress is reduced. During the initial phase of compaction, the soil in the vicinity of the com-
paction probe is likely to liquefy. Whether or not liquefaction will occur, depends on the
intensity and duration of vibrations and the rate of dissipation of the excess pore water pres-
sure. If the soil deposit contains layers with low permeability (e.g. silt and clay), these will
increase the liquefaction potential. At liquefaction, the effective stresses and thus the shear
strength of granular soils are zero. Although the probe continues to vibrate, the soil will not
respond as only little vibration energy can be transmitted to the soil, cf. Figure 13. With
time, the excess pore water pressure will start to dissipate. The rate of reconsolidation will
depend on the permeability of the soil (and interspersed layers). 

Figure 16 illustrates the change of effective stresses in a dry granular soil, which is sub-
jected to repeated compaction cycles. During vibratory compaction, high oscillating cen-
trifugal forces (loading and unloading) are generated, that temporarily increase and
decrease the vertical and the horizontal effective stress along the compaction probe and at
its tip. The initial stresses of the normally consolidated soil correspond to point (A).
During the first loading cycle, the stress path follows the K00-line to stress level (B).
Unloading to stress level (C) occurs at zero lateral strain and horizontal stresses remain
locked in. Each reloading cycle increases the lateral earth pressure, which can reach the
passive earth pressure. At the end of compaction, stress point (D) is reached. The vertical
overburden pressure is the same after compaction but the horizontal effective stresses have
been increased. The lateral earth pressure after compaction can reach the passive value, Kp.
Dynamic compaction has thus caused preconsolidation and increased the horizontal effec-
tive stress. The increase of the sleeve friction and the high lateral earth pressure can thus
be explained by Figure 16 (Fellenius and Massarsch, 2001). 

Figure 16 illustrates important aspects of vibratory compaction. The change of the
stress conditions from a normally consolidated state to an overconsolidated state is influ-
enced by several factors, such as the compaction method, the state of stress state prior to
compaction and the strength and deformation properties of the soil. At resonance com-
paction, the vertically oscillating probe generates (as a result of friction between the probe
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and the soil) a high, horizontally oscillating force, which is responsible for the lateral earth
pressure in the soil after compaction.

Figure 17 demonstrates the importance of the increase of lateral stresses on the over-
consolidation ration for sand in which the compaction resulted in a friction angle of 36°,
improved from values ranging from 21 to 30° before compaction. The sand is assumed to
be normally consolidated before compaction with an earth pressure coefficient, K00, equal
to 0.5. The CPT measurements provide the sleeve friction values. As discussed above, the
ratio of earth pressure coefficients depends primarily on the ratio of sleeve friction and less
on the increase in friction angle.

Figure 17 is supplemented with the diagram showing the relation between the earth
pressure ratio and the overconsolidation ratio, OCR, introduced by the compaction. The
two diagrams suggest that even a moderate increase of sleeve friction will result in a con-
siderable boost of the OCR value.

4.6. Increase of soil strength and stiffness with time
Another important factor of soil compaction is the increase of soil strength and stiffness with
time after compaction (e.g., Massarsch, 1991; Schmertmann, 1985). Post-densification CPT
results suggest that natural and man-made deposits of clean sand may gain in strength with
time after compaction even after the pore pressures induced during compaction have dissi-
pated. The mechanism of this phenomenon is not yet fully understood.
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Figure 16. Stress path of soil in the vicinity of a compaction probe during tow compaction phases: before (A),
during first compaction phase (B–E) and during second compaction phase (E–G).



In addition to the complex theories, which have been proposed to explain the change of
soil parameters with time after compaction, there may be a rather simple explanation: due
to the heterogeneous stress conditions (horizontal stress variation) in a soil deposit after
compaction, a rearrangement of soil particles may take place with time in order to adjust
to a more homogeneous stress field. This effect depends on several factors, such as geot-
echnical conditions, type and execution of compaction process, etc. and is difficult to
assess quantitatively without in situ testing.

5. SUMMARY

Deep vibrocompaction is in spite of its apparent simplicity, a rather complex process which
requires an active participation of the geotechnical engineer during all phases of the proj-
ect. However, many vibratory compaction projects are designed and executed without suf-
ficient planning and understanding of the principles, which govern deep soil compaction. 

Reliable charts are available to assess the compactability of soils. These are based on
results of cone penetration tests, CPT with sleeve friction measurements.

New developments in vibratory compaction have been made possible as a result of
more powerful and sophisticated equipment. The use of vibrators with variable frequency
and purpose-built compaction probes can enhance the compaction efficiency significantly.
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Experience from many projects shows that the highest compaction effect is achieved when
the soil is compacted at the resonance frequency of the vibrator-probe–soil system. It is
recommended to perform compaction in two passes. 

Significant benefits in compaction efficiency can be gained from monitoring of the
vibratory compaction process. The probe penetration speed at high frequency can be used
to establish the geotechnical conditions before compaction and to evaluate the compaction
effect.

As a result of vibratory compaction, high lateral stresses are created, which cause a per-
manent overconsolidation effect. This aspect should be taken into consideration when cal-
culating settlements in vibratory–compacted soils.
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Soft Ground Treatment and Performance, Yelgun to
Chinderah Freeway, NSW, Australia

Jeff Hsi and James Martin
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ABSTRACT

A large portion of the Yelgun to Chinderah Freeway is located in areas underlain by soft
and acidic soils. Construction of the road embankments in these areas presented signifi-
cant constraints and risks to the project, involving short-term stability, long-term settle-
ment and durability of structures. Safe and economical soft ground treatment measures
were developed to overcome the difficulties and problems related to soft soils. Modern
numerical techniques were utilised to model the complex soft ground problems, leading to
optimised soft ground designs. Extensive geotechnical investigations, field trials and
instrumentation were implemented to better characterise the soft ground behaviours and
hence control and manage risks. The project was successfully completed before the dead-
line and within the budget.

1. INTRODUCTION

Yelgun to Chinderah Freeway was a major road project in the northern region of NSW,
Australia. The project involved design, construction and maintenance for 10 years of the
28.5-km-long freeway. Over one-third of the project route traversed flood plains and
marshy ground consisting of very soft alluvial soils. The presence of the soft and acid sul-
phate soils imposed significant risks on the project involving embankment instability dur-
ing construction, prolonged consolidation process, excessively high post-construction
settlement and corrosion of structures.

Developing safe, robust and cost-effective soft ground solutions was the most techni-
cally challenging feature of the project. The solutions included the use of driven piles in
conjunction with bridging rock mattresses at the bridge approach areas to provide smooth
transitions, preloading and surcharging combined with wick drains to speed up the con-
solidation process and reduce long-term creep settlement, high-strength geotextile to
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improve embankment stability during construction and protection of structures against
acid sulphate soils.

State-of-the-art design approaches using modern computer techniques were adopted to
optimise the design. These methods allowed modelling of the fully coupled behaviour
between the soil and the groundwater and the interaction between various soft ground
treatment components.

Measures taken to reduce geotechnical uncertainties and risks included extensive site
investigations, construction of trial embankments and implementation of instrumentation
and monitoring. The field measurements were used to calibrate the geotechnical models
for prediction of long-term embankment performance.

This chapter presents the general approach of the design and construction of the road
embankments constructed over soft ground for the Yelgun to Chinderah Freeway. Key
aspects of this paper include:

● Geotechnical characteristics and performance of soft soils.
● Relevant problems and risks of constructing road embankments over soft ground.
● Soft ground treatment measures adopted to overcome the problems and risks.
● Design approach and methodology adopted to derive safe and economical designs.
● Measures taken to reduce uncertainties and risks of soft ground.

2. PROJECT DESCRIPTION

The Yelgun to Chinderah section of the Pacific Highway Upgrade provides a safe new
four-lane divided freeway bypassing the notorious Burringbar Ranges in the north of
NSW. The 28.5-km-long motorway cuts through a series of very steep sided ridges and
traverses a series of valleys before crossing the Tweed Valley flood plains.

The freeway commences just south of Yelgun (Ch50500) and rejoins the existing
Pacific Highway to the west of Chinderah (Ch78600), as shown in Figure 1. Key project
features include:

● Four lanes of median-divided carriageway.
● Four major fauna movement structures including two cut and cover tunnels and two

large arch underpasses.
● Nine overbridges.
● Thirthy-nine freeway bridges over creeks and waterways.
● High-quality concrete pavement carriageway with 110 km/h design speed.
● Three-grade separated interchanges located at Cudgera Creek Road (Ch63100),

Clothiers Creek Road (Ch69700) and Oak Avenue (Ch78600).
● Six million cubic metres of earthworks.
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Figure 1. Project route plan.
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● Over 50 fauna mitigation structures along the project.
● Embankments of 10 km constructed over soft ground with approximately 1.4 million

lineal metres of wick drains used.
● 134-m-long twin tunnels under Cudgen Road (Ch75650), designed to avoid cane land

and reduce rural impact.

The Yelgun to Chinderah Freeway was awarded as a design, construct and maintain
(DCM) project on 8 December 1999 with a contract completion date of 15 December 2002
and a contract maintenance period of 10 years. Substantial completion was achieved by
June 2002 and the road was opened to traffic on 6 August 2002, 4 months ahead of the
scheduled completion date.

3. PROBLEMS AND RISKS

3.1. Soft soils
The soft ground underlying a large proportion of the Yelgun to Chinderah Freeway com-
prises dark-grey to black clays deposited under estuarine or marine conditions. During the
last ice age approximately 20,000 years ago, the sea level was approximately 100 m lower
than at present and the coast was located well to the east of its present position.
Deglaciation and melting of the ice sheets occurred rapidly and the sea level rose to reach
its present level approximately 6500 years ago. Since then the sea level has remained rel-
atively stable.

During the rise in sea level the landscape along the project alignment was partially
inundated with the ridges and higher hills remaining above sea level while the former river
and creek valleys were flooded. Barrier beach systems developed along the current coastal
alignment while lagoons and lakes were formed between the barrier beaches and hilly hin-
terland. Deposition of sediment in these areas was very slow and was dominated by silts
and clays transported in flood waters and deposited in thin layers on the floodplains and
lagoons. Organic material mixed with the soft clays formed a soft, highly compressible
material with a high water content.

It was recognised that the presence of soft soils imposed significant geotechnical risks
on the project because of their low shear strength, high compressibility and low perme-
ability. These risks included:

● Embankment filling over soft ground. Associated problems involved excessively high
settlement of the embankment during construction causing an increase in fill quantity,
long-term total and differential settlement affecting the serviceability of the road and
instability of the embankment during embankment construction. The slow consolida-
tion nature of the soft soils also had a major impact on the construction time and
process.
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● Approach embankments to bridge abutments and other structures. Differential settle-
ment was a major concern in areas where the embankments were constructed over soft
ground adjacent to bridge abutments and other structures supported on piles.  Settlement
of the embankment would not only affect the pavement performance but also impose
additional loads on the piles supporting the structure.

The problems of the project in relation to soft soils involved both short- and long-term
performance. The constructability of the embankment during construction and the ser-
viceability of the road after the project completion were of major concern. The extent of
the embankments over soft ground is outlined in Table 1.

3.2. Acid sulphate soils
Acid sulphate soils (ASS) are soils containing significant concentrations of pyrite which,
when exposed to oxygen, in the presence of sufficient moisture, oxidises and results in the
generation of sulphuric acid. Unoxidised pyritic soils are referred to as potential acid sul-
phate soils (PASS). When the soils are exposed, the oxidation of pyrite occurs and sul-
phuric acids are generated, and the soils become actual ASS.

Pyritic soils typically form in waterlogged, saline sediments rich in iron and sulphate.
Typical environments for the formation of these soils include tidal flats, salt marshes and
mangrove swamps below about RL 1 m Australian Height Datum (AHD). They can also
form as bottom sediments in coastal rives and creeks.

Pyritic soils of concern on low-lying NSW and coastal lands have mostly formed in the
Holocene period (i.e. 10,000 years ago to the present date), predominantly in the 6500
years since the last rise in sea level. It is generally considered that pyritic soils that formed
prior to the Holocene period (i.e. �10,000 years ago) would already have oxidised and
leached during periods of low sea level that occurred during the ice ages, exposing the
pyritic coastal sediments to oxygen.

Disturbance or poorly managed development and use of ASS can generate significant
amounts of sulphuric acid, lowering the soil and water pH value to extreme levels (gener-
ally �4) and producing acid and salts, resulting in high salinity.

The low pH and high-salinity soils can reduce or altogether preclude vegetation growth
and can produce aggressive soil conditions which may be detrimental to concrete and steel
components of structures, foundations, pipelines and other engineering works.

Generation of the acid conditions often releases aluminium, iron and other naturally
occurring elements from the otherwise stable soil matrices. High concentrations of such
elements coupled with low pH and alterations in salinity can be detrimental to aquatic life
ecosystems.

The project crosses Australia’s most extensive ASS regions. Construction of the free-
way had the potential to have adverse environmental impacts by changing flood inunda-
tion periods, increasing acid discharge rates, exposing actual and PASS and increasing soil
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Table 1. Extent of embankments over soft ground

Fill no. Chainage (m) Fill height (m) Typical subsurface profile

From To Consistency Thickness (m) qc (MPa)
/density

9 55,980 57,710 3.3 – 10.8 Firm 0.6 0.30
Very soft 1.9 0.12
Firm 0.8 0.60
Stiff 0.5 1.40
Very stiff 1.2 1.90
Stiff 2.8 1.10
Very stiff 0.8 1.26

26 66,218 67,548 2.0 – 6.4 Firm 0.8 0.50
Soft 0.5 0.30
Very soft 0.6 0.20
Soft 1.8 0.25
Very loose 2.5 1.50
Very loose 0.7 0.60
Loose 2.1 4.00
Medium dense 1.0 8.00

27 67,590 69,480 2.4 – 4.2 Stiff 0.8 0.80
Soft 4.6 0.22
Very loose 0.2 1.00
Firm 2.4 0.50
Very loose 3.5 1.50
Firm 1.3 0.60
Loose 3.2 4.00

29 69,850 71,580 3.0 – 4.6 Soft 6.6 0.25
Soft 1.6 0.35
Firm 0.2 0.55
Stiff 0.2 0.95
Loose 0.6 2.15
Stiff 2.4 1.40
Medium dense 0.2 8.15

31 72,210 73,330 2.2 – 5.0 Firm 1.0 0.40
Very soft 2.5 0.18
Soft 2.0 0.25
Soft 1.3 0.30
Firm 1.0 0.70
Stiff 0.4 1.40
Hard 0.4 6.00
Very stiff 0.6 2.40
Hard 0.8 3.20

32 73,370 73,815 2.0 – 3.6 Very soft 6.3 0.19
Very soft 2.2 0.20
Soft 0.6 0.23
Soft 0.6 0.28
Very stiff 2.3 1.50

(Continued)
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acidity. The hostile environment in many places also had the potential to cause premature
corrosion of structural elements, such as culverts, foundation piles, footings, etc.

4. SOFT SOIL TREATMENTS

4.1. Embankments
The embankments (generally 2–5 m high) located over soft ground were designed in such a
way that stability of the embankment was maintained during construction and the long-term
settlement of the embankment complied with the design criteria.

To meet the time constraints of the project the embankment needed to be constructed
as quickly as practically possible to allow for a maximum duration of preloading in order
to achieve the required degree of consolidation during construction. However, speedy con-
struction of the embankment might be followed by an embankment failure.

Measures considered to improve the embankment stability included the use of high
strength geotextile (generally 200–1000 kN/m ultimate strength) placed at the base of the
embankment and wick drains (generally 1–3 m c/c on a square grid) installed through the
soft clays. The geotextile provided a restoring force against potential slip failure of the
embankment, whilst the wick drains helped the ground to gain strength via the consolida-
tion process. This system relied on the combined effects of the geotextile and the wick
drains connected to a drainage blanket placed below the base of the embankment to
achieve the required stability of the embankment.

To satisfy the performance of the pavement as well as the drainage and flood requirements,
the residual settlement of the embankment constructed over soft ground needed to be con-
trolled to within a specified limit after completion of the project. Surcharging of the embank-
ment (generally 1–2 m fill above the final surface level) with wick drains installed in the soft
ground was used to generate early and accelerated settlement in the ground.  This approach
allowed most settlement to occur during the period of construction and over-consolidated the
soft soils to minimise the residual settlement after completion of the project.

Table 1. (Continued)

Fill no. Chainage (m) Fill height (m) Typical subsurface profile

From To Consistency Thickness (m) qc (MPa)
/density

33 73,910 74,610 3.2 – 4.2 Firm 1.1 0.40
Soft 7.1 0.20
Stiff 0.7 0.90
Very stiff 1.0 2.00
Hard 0.7 3.20

Note: qc � average cone resistance.
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4.2. Bridge approaches
At bridge approaches where the embankments were constructed over soft ground the
ground would settle during the course of construction and continue to settle after comple-
tion of the work. This embankment settlement would have an adverse impact on the adja-
cent piles supporting the bridge abutment and would also cause settlement of the pavement
connecting to the bridge abutment resulting in loss of serviceability.

To eliminate the impact of embankment settlement on the abutment piles a nest of
driven piles consisting of timber piles (0.3 m toe diameter) or precast concrete piles 
(0.4 � 0.4 m2) was installed on a 2 m c/c square grid in the area adjacent to the abutment.
A series of pile caps (1 m2 each) overlain by a layer of geotextile-reinforced rock mattress
(0.75 m thick) was placed over the piles to form an effective bridging layer to transfer the
embankment loads on to the piles. These piles then carried the full embankment loads and
as a result negligible ground settlement would occur. This method allowed for earlier con-
struction of the abutment piles and hence earlier completion of the bridges to allow
haulage and construction traffic through the alignment.

There was a potential for large differential settlements to occur at the interface between
the piled and non-piled embankment. Heavy surcharge (2–3 m high) and closely spaced
wick drains (0.8–1.0 m c/c) were used to over-consolidate the ground next to the piled
embankment. This allowed for accelerated consolidation and reduction in long-term creep
settlement of the non-piled embankment. In addition, a layer of geotextile-reinforced rock
mattress (0.9 m thick) immediately below the pavement together with reinforced concrete
pavement was constructed after surcharge removal across the interface between the piled
and non-piled embankments to allow for smooth transitions of the pavement during its
design life of 40 years.

This was an integrated solution combining treatments of the foundation soil, the embank-
ment and the pavement. The method controlled the differential settlement at the bridge abut-
ment and allowed for early construction of the bridge. It was proved to be cost-effective and
satisfied relevant design criteria for bridge approaches. A schematic arrangement of the
bridge approach treatment is shown in Figure 2.

4.3. Acid sulphate soils
A comprehensive ASS management plan was developed with the assistance of public and
governmental stakeholders. Hydrology design was aiming at minimising changes in inun-
dation periods by providing adequately sized drainage structures. The design team made
its priority the minimisation of the need for excavation into ASS, e.g. placing sedimenta-
tion basins above the ASS in low-lying areas, choosing driven over bored piles to minimise
spoil and installing wide rather than deep drains. Where disturbance was unavoidable,
comprehensive step-by-step handling instruction was developed and implemented.

Durability aspects were addressed by a comprehensive structure by structure selection
programme, with design solutions including high-grade concrete, sacrificial cover, a range
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of protective coatings, timber piles and purpose designed low flow culverts. Many of the
design and operational procedures were unique in the way they provided cost-effective yet
environmentally and structurally satisfactory solutions. Some examples are given below:

● Timber piles – high strength Australian hardwood of F27 stress grade treated with cre-
osote-based preservatives (pigment emulsified creosote) to withstand acidic soil exposure.

● Precast concrete piles or buried structures – treated with specially mixed high strength
(50 MPa) and high-quality concrete in conjunction with sacrificial cover and surface
coating or high density polyethylene (HDPE) plastic sheeting to resist ASS. Provision
of cathodic treatment of the reinforcement was also allowed to protect reinforcing
steels. Field trials (piles pulled out after driving) were carried out to investigate the
impact of pile driving on the effectiveness of various types of protective coating.

● Groundwater – groundwater squeezed out from the soft soils, as a result of soil con-
solidation, via the wick drains and the drainage blanket was collected in lined ponds
and mixed with limestone used to neutralise the acidic water before it was recharged
back to the ground.

5. DESIGN APPROACH

5.1. Criteria
The design of embankments was carried out to satisfy both the settlement and stability
requirements. The criteria adopted in the design of embankments included:

● Short-term stability (during construction) with a minimum FoS (factor of safety) of 1.2.
● Long-term stability (post-construction) with a minimum FoS of 1.5.

Figure 2. Schematic arrangement of bridge approach treatment.
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● Maximum residual settlement of 100 mm, or 160 mm in specified areas where the
100 mm settlement is unachievable, within 40 years after project completion.

● Maximum differential settlement (change in grade) of 0.3% in the longitudinal direc-
tion and 1% in the transverse direction within 40 years after project completion.

Due to the complexity of the site geology as well as the variety of treatment measures,
an approach to streamline the design process was adopted, as shown in Figure 3. This
approach involved checking of the embankment settlement and stability in a systematic
and logical manner in order to develop the most desirable design from the safety and econ-
omy point of view. The ground improvement as shown in Figure 3 refers to stone columns,
sand compaction piles, deep soil mixing or driven piles, as appropriate.

5.2. Methodology
5.2.1. Settlement. The total embankment settlement was considered to consist of:

● Compression within the embankment.
● Immediate (undrained) settlement.
● Primary consolidation settlement.
● Creep settlement.

Past experience indicates that, if the embankment is constructed with good quality
material and is well compacted, the long-term settlement within the embankment can be
controlled to within 0.2% of the height of the embankment. Therefore to minimise com-
pression within the embankment, the material used was carefully sourced and selected, and
placed under a high level of compaction meeting all specification requirements.

The immediate settlement is difficult to quantify as it is often dependent on the rate of
embankment construction. For the design purpose it was assumed that the immediate set-
tlement was of the order of 10–20% of the primary settlement of the embankment.

Prediction of the consolidation settlement was based on a fully coupled numerical
method as presented by Hsi and Small (1992a,b) and Hsi (2000). This method calculates
the deformation of soil and the dissipation of excess pore water pressure simultaneously
during the course of consolidation with considerations of staged embankment construc-
tion, multiple soil layers and free draining boundaries.

The creep settlement was considered to start from the time when the primary consoli-
dation settlement was completed and continue over a long period of time under constant
loading. However, the magnitude of the creep settlement is dependent on the stress history
and the stress level in the ground, as well as the soil type and soil anisotropy. To limit creep
settlement in areas where large creep was predicted, preloading with additional surcharge
to over-consolidate the soil during construction was considered based on the method
described by Mesri and Feng (1991), Mesri et al. (1997) and Stewart et al. (1994).
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5.2.2. Stability. The design of embankments took into account both short- and long-term
stability. Sufficient safety margin was considered during construction of the embankment
over soft ground. The design incorporated considerations of strength gains in the soft ground
as a result of soil consolidation as well as geotextile used to improve embankment stability.

The stability analysis was carried out using the computer program SLOPE/W (1991–2001,
GEO-SLOPE International, Canada) and the c–ϕ reduction method of the finite element pro-
gram PLAXIS (1998, PLAXIS B.V., The Netherlands). The analysis incorporated ground
treatments and soil reinforcement to assess the level of stability during short and long terms.
Undrained strength parameters were used in the SLOPE/W analysis with a strength increase
in soft soils considered to be 0.2 times the increase in effective stress as a result of soil con-
solidation. Effective stress parameters were, however, used in the PLAXIS analysis allowing
dissipation of excess pore water pressure during the consolidation process.

The design of the soil reinforcement using high strength geotextile for piled embank-
ments located adjacent to bridge abutments was based on the British Standard BS8006:1995.
The geotextile was assumed to stretch up to 4% strain over the design life of 100 years. The
geotextile strength and strain compatibility were further confirmed by PLAXIS.

5.3. Geotechnical model
5.3.1. General. The geotechnical model adopted for the design of soft ground treat-
ment included subsurface stratigraphy and geotechnical parameters. However, it varied
from location to location and for each location a specific model was determined and used.

The subsurface stratigraphy was derived from the field investigations comprising elec-
tric friction cone tests (CPT), piezocone tests (CPTU) and boreholes. In addition to the
determination of soft clay thicknesses, particular attention was also paid to the distribution
of sand layers and lenses, which had a significant impact on the consolidation process of
soft soils. Typical laboratory and field test results used to classify the soil types are shown
in Figures 4 and 5, where the liquid limit WL, plastic limit WP, plasticity index IP and mois-
ture content WC are presented.

The geotechnical parameters were determined from interpretation of the field and lab-
oratory test results. Key geotechnical parameters used in design included:

● Deformation parameters for assessment of settlement.
● Hydraulic conductivity parameters for assessment of consolidation time.
● Strength parameters for assessment of stability.

Based on the following assessment, typical geotechnical parameters are shown in Table 2.

5.3.2. Deformation parameters. The parameters relevant to the deformation characteris-
tics of the soil considered for this project included coefficient of volume change mv, Young’s
modulus E�, Poisson’s ratio ν�, coefficient of secondary consolidation Cα and void ratio eo.
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The coefficient of volume change mv can be estimated directly from the CPT and CPTU
cone resistance qc. For clays, Mitchell and Gardner (1975) suggested the correlation
between qc and mv, i.e. 1/mv � αqc, depending on the type of clay and the qc range. For
soft to firm clays (qc�0.7 MPa), α � 3–8. Lunne and Kleven (1981) summarised the cor-
relation for sands based on the calibration chamber results and suggested that for normally
consolidated sands, α � 3–11. Experience in the Newcastle area suggests α � 4 for clays
and α � 8 for sands (Jones, 1995). Other correlations between qc and mv can also be found
in Jamiolkowski et al. (1988), Baldi et al. (1981), Robertson and Campanella (1983) and
Bowles (1996). The Young’s modulus E� can be calculated from mv with an assumed
Poisson’s ratio ν �.

The CPTs and CPTUs carried out for this project showed a minimum qc in the order of
0.1–0.15 MPa. Profiles of the qc values measured from the CPTUs for the various soft
ground areas are shown in Figure 6. These profiles show the extent and variability of the
soft soils.

The coefficient of secondary consolidation Cα is generally of great uncertainty and has a
significant impact on the long-term settlement. Mesri (1973) presented empirical correlations
between Cα /(1�eo) and Wc. Typical Cα /(1�eo) is in the range of 0.002–0.01 for Wc between
20% and 100% (see Figure 5). Ladd (1967) suggested that Cα /(1�eo) ranges from 0.02 to
0.005 for normally consolidated clays and �0.001 for over-consolidated clays. As discussed
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previously, the value of Cα /(1�eo) can be reduced if surcharge is used to over-consolidate
the soil during preloading.

5.3.3. Hydraulic conductivity parameters. Parameters relevant to the hydraulic con-
ductivity characteristics of the soil included coefficient of consolidation cv (vertical) and
ch (horizontal), and permeability kv (vertical) and kh (horizontal).

The time to achieve the required degree of consolidation is proportional to the coeffi-
cient of consolidation. Consolidation of the soil below an embankment is normally con-
trolled by the cv value because the excess pore water pressure generated in the soil is
dissipated predominately in the vertical direction. However, when vertical drains are
installed at close spacings below the embankment, the ch value becomes dominant as the
pore water drains horizontally.

The values of cv and ch can generally be derived from:

● oedometer tests,
● piezocone tests with pore pressure dissipation tests (PPDT),
● field trials.

Full-scale field trials with instrumentation and monitoring generally offer the best infor-
mation on soil characteristics. However, they are expensive and may take a long time for
such tests to be carried out, and so it is often impractical to carry out field trials extensively.

Past experience and publications indicate that, due to soil disturbance and the size of the
test sample, the oedometer tests often cannot provide reliable cv values. Furthermore, the
global effects such as the presence of sand lenses in the clay layer which may greatly improve
the drainage capacity of the soil cannot be examined by the oedometer test.  Alternatively, the
CPTU with PPDT provides an economical and effective means to investigate the in situ
drainage capacity of the soil and the test results can be used to derive realistic in situ ch values.

Soft Ground Treatment and Performance, Yelgun to Chinderah Freeway 577

Table 2. Typical soil parameters (Fill 29 Ch70604)

Depth (m) Soil type (USC) Consistency/density mv (m2/MN) ch (m2/yr) su (kPa) Cα /1�eo

0.0 – 0.5 CL F 0.286 10 – 40 25 0.005
0.5 – 5.5 CH VS 1.020 2 – 10 7 0.010
5.5 – 7.3 CL St 0.095 10 – 40 95 0.002
7.3 – 8.0 SM MD 0.013 — — —
8.0 – 9.0 CL F 0.190 10 – 40 44 0.005
9.0 – 12.0 CH VS 0.714 2 – 10 6 0.010
12.0 – 16.4 SM MD 0.013 — — —
16.4 – 17.4 CL VSt 0.065 — 100 —

Notes:
mv, coefficient of volume change; ch, horizontal coefficient of consolidation; USC, Unified Soil Classification;
su, undrained shear strength; Cα , coefficient of secondary consolidation; eo, initial void ratio.
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Figure 6. qc from piezocone test.
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Figure 6. Continued
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Fahey and Goh (1995) demonstrated that the cv of a normally consolidated clay derived
from the oedometer tests is in the range of 0.4–0.8 m2/yr comparing to a ch of 3–30 m2/yr
derived from the piezocone tests on the same material. Noiray (1982) and Orleach (1983)
reported that for a cv of 0.7 m2/yr from the laboratory test, the back-analysis of the field settle-
ment data gives a ch of 4.7 m2/yr. Jones and Rust (1993) also suggested that the laboratory coef-
ficients of consolidation are between a half and one order of magnitude lower than the field
back-analysed coefficients of consolidation and were of the opinion that consolidation times
predicted directly and only by laboratory results may lead to overconservative design decisions.

NAVFAC DM 7.1 (1982) presents a correlation between cv and WL (liquid limit). This
correlation gives a cv ranging from 2 to 10 m2/yr for a WL between 40% and 70% (see Figure
5). Previous local experience in NSW (e.g. Kooragang Island, City West Link, Raleigh
Deviation, Newcastle, etc.) on similar material suggests that the expected cv for soft clay is
in the range of 4–15 m2/yr, which appears to be consistent with the published information.

The oedometer test results show that the cv values are mostly smaller than 1 m2/yr for
soft clays. As it was recognised that the oedometer tests do not give reliable results, addi-
tional piezocone testing with PPDT was further carried out in the soft ground areas to derive
the in-situ ch values (Teh and Houlsby, 1991; Robertson et al., 1992). A summary of the
interpreted cv and ch values is presented in Figure 7, which includes the results of oedome-
ter tests and CPTUs carried out by separate companies, i.e. Frankipile and Abigroup.

The permeability kh and kv adopted for the consolidation analysis using the finite ele-
ment program COFEA can be calculated from ch, cv and mv.

5.3.4. Strength parameters. The most critical stage of the construction of the embank-
ment in terms of stability is during and immediately after the construction. The pore water
pressure in the clay is instantaneously built up in response to the embankment loading. At
this stage, the soil is temporary under the undrained condition and its stability is dominated
by the undrained shear strength su of the soil.

The su values can be derived from the CPT and CPTU cone resistance qc (Lunne and
Kleven, 1981; Aas et al., 1986) and the shear vane (SV) tests. The SV readings need to be
corrected based on the plasticity index (Bjerrum, 1973; Azzouz et al., 1983) and the inter-
preted results are then used to calibrate CPT’s and CPTU’s interpretation. The interpreted
su values from the CPTUs are shown in Figure 8. It was found that for very soft clays the
su value generally range in between 5 and 10 kPa.

Strength gains in the soft ground were allowed in the analysis to take into account of
the consolidation of the soil. The amount of strength gains is dependent on the degree of
consolidation achieved during construction (Hausmann, 1990; Ladd, 1991).

5.4. Numerical analysis
The foundation treatments for the embankment constructed over soft ground and in the
bridge approach area involved wick drains, surcharge, geotextile, piles, bridging layers and
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pavement. Due to the complexity of the system and the interaction between all work com-
ponents, sophisticated numerical modelling using the finite element program PLAXIS was
adopted to analyse the effectiveness of the system and to achieve an optimal design.

Equivalent wick drain spacing in the 2D model was considered taking into account the
3D effect, similar to that described by Hird et al. (1992). Analysis of embankment piles
was similar to that presented by Hsi (2001). Typical graphical output of the PLAXIS mod-
elling of the soft ground treatment for a general embankment and a bridge approach
embankment is given in Figures 9–11, where Figure 9 shows the exaggerated deformed
mesh of the embankment with the high strength geotextile embedded at the base of the
embankment, Figure 10 shows the build-up of pore water pressure between the wick drains
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Figure 7. cv and ch values from piezocone and laboratory testing.
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associated with construction of the embankment, and Figure 11 shows the smooth transi-
tion of the pavement as a result of the bridge approach treatment.

6. RISK MANAGEMENT

6.1. General
Substantial uncertainties are generally present when constructing a road embankment over
soft ground. These include variation of subsurface conditions, consolidation characteristics
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Figure 9. Deformed mesh under embankment loading.

Figure 10. Concentration of pore water pressure between wick drains.
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of the soft soil, long term creep settlement, wick drain performance, effectiveness of the
drainage blanket, etc. To reduce the uncertainties and hence the risks, the following meas-
ures were adopted:

● Geotechnical investigations – to detect the subsurface conditions and determine the
material properties.

● Trial embankments – to define the soft soil characteristics and assess the effectiveness
of the soft ground treatment.

● Instrumentation and monitoring – to confirm and calibrate the design assumptions and
validate the embankment performance.

The information obtained from field testing and instrumentation was frequently reviewed
during construction to verify the ground conditions and confirm the design assumptions.
When necessary the geotechnical model assumed in the design was further calibrated to
reflect the actual ground behaviour. The calibrated geotechnical model was then used for the
prediction of the long-term performance of the embankment.

A risk management system (see Figure 12), integrating the process of geotechnical
investigation, design, construction and field monitoring, was implemented for the project
and was proved to be successful in controlling and reducing undue risks.

6.2. Geotechnical investigations
Extensive geotechnical investigations were carried out for the project, including:

● Over 360 boreholes.
● Over 120 electric friction cone tests.

Figure 11. Smooth transition of pavement at bridge approach.
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● Over 70 piezocone tests with pore pressure dissipation tests.
● Extensive test pitting.
● Extensive field and laboratory testing.

The investigations provided information on subsurface conditions and material charac-
teristics of the site.

6.3. Trial embankments
The design of embankments was initially based on the interpretation of the available geot-
echnical information. Due to the complexity of the geology of the site, the actual ground
conditions were expected to vary from the assumptions adopted in the design. Trial
embankments were constructed at the early stage of the project to provide useful informa-
tion for further calibration of the design assumptions and modification of the design.

The trial embankments were extensively instrumented with different arrangements of
soft ground treatment tested. These arrangements included:

● Different types of wick drains.
● Different spacings of wick drains.
● Different rates of embankment construction.
● Different strengths of geotextile.

The performance of the trial embankments demonstrated the effectiveness of the
ground treatment measures, as well as assisting in the determination of the construction
program and method.

6.4. Instrumentation and monitoring
Extensive field instrumentation was implemented for the embankments located in the soft
ground areas (see Figure 13 for typical arrangement). This included:

● Hydrostatic profile gauges – installed at the base of the embankments to measure the
settlement profiles of the natural ground surface across the embankment.

● Piezometers – installed at different depths in the foundation to measure pore water
pressures in response to embankment construction.

● Inclinometers – installed below the toe of the embankment to measure lateral soil
movements as a result of embankment settlement.

● Settlement plates – installed at the base of the embankment to measure settlements of
the natural ground in relation to embankment construction.

● Surface pins – installed at the surface of the preload embankment to measure the rate
of settlement along and across the embankment.

A comprehensive computer data system was developed to manage and process the vast
amount of monitoring data. This system was located on a designated network server that
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could be accessed by both the site staff and the designer. The information was periodically
updated on site and was frequently monitored by the designer to assess the preload per-
formance. Close monitoring and review were possible through this system when the situ-
ation became critical.

The monitoring data were used by the designer for performing back analysis to match
the predictions with the field measurements. The process was similar to that presented by
Hsi and MacGregor (1999). The modified geotechnical models were then used for the fore-
cast of the long term embankment performance, as well as for the decision of surcharge
removal, which was crucial for planning of construction activities.

7. FIELD PERFORMANCE

The performance of embankments during construction was assessed based on the exten-
sive field instrumentation and monitoring data. Adjustment of the construction method and
the ground treatment measure was carried out accordingly to ensure that the design
requirements were met.

Performance of the soft ground treatment was measured by:

● Dissipation of pore water pressures showing the rate of consolidation.
● Settlement of the embankment showing the rate and magnitude of consolidation.
● Lateral deformation of soil showing the level of stability during construction.

The soft ground treatment measures adopted at selected settlement plate locations are
shown in Table 3.
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Figure 13. Instrumentation of embankment.



Embankment settlements measured from selected settlement plates in the soft ground
areas along the project alignment are shown in Figure 14. The presented settlements were
measured up to the removal of surcharge/preload and were generally in the range of
0.5–1.5 m for embankment loadings ranging from 70 to 150 kPa. This embankment load-
ing represented total embankment pressure applied to the soil including contributions from
settlement and surcharge, with the density of the fill assumed to be 20 kN/m3, i.e.,
embankment pressure � 20 � embankment height, including surcharge and settlement.

In the back-analysis of the settlement plate data, the mv value was assumed to be con-
stant during construction of the embankment and it was selected based on the magnitude of
the measured settlement. It is also noted that mv can be interpreted from the cone resistance
qc, i.e. mv�1/(αqc). With the back-analysed mv (generally between 0.5 and 3.5 m2/MN) and
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Table 3. Foundation treatments at settlement plates

Fill N o. Settlement plate Wick drain Surcharge Preload period Geotextile strength 
chainage (m) spacing (m) (m) (days) (kN/m)

9 56130 1.0 2.0 157 200
56595 2.0 1.0 182 —
56745 1.5 2.2 198 —
57350 2.0 1.0 335 250

26 67139 3.0 1.0 347 —
27 67770 1.5 1.5 227 200

68600 2.0 1.0 289 220
69120 1.2 2.0 282 200
69233 1.5 1.0 242 300

29 70062 1.8 1.0 276 230
70229 1.8 1.0 383 230
70315 1.8 1.0 250 230
70604 1.8 1.0 278 230
70941 0.9 1.7 243 300
71247 2.0 0.8 350 130

31 72695 2.0 1.0 236 250
72893 1.0 1.5 224 250
72995 2.0 0.7 236 250
73279 1.2 1.5 160 250

32 73450 1.5 2.0 290 250
73543 2.0 1.0 187 250
73600 2.0 1.0 187 250
73702 2.0 1.0 204 250

33 74077 2.0 1.0 348 230
74277 1.0 2.0 167 300

Notes:
1. Wickdrains are in a square pattern.
2. Surchage is measured from the finished surface level.
3. Preload period is measured from the time when the surcharge level is reached.
4. Geotextile strength is working strength, i.e. unfactored strength.



the measured qc (see Table 1 and Figure 6), the α value range predominately between 2 and
7, as shown in Figure 15. It is also found that lower α value corresponds to lower mv.

The cv value is adjusted at each construction stage to match the predicted rate of set-
tlement with the field measurements. The back-analysed cv values were generally found to
reduce as construction of the embankment proceeded and they ranged from 1 to 45 m2/yr
as shown in Figure 16. This indicates that the rate of consolidation reduces as the stress
level increases. It should be noted that the embankment pressure as presented in Figures
14 and 16 is total stress, whilst the effective stress in the soil as the construction proceeds
depends on the degree of consolidation. The finding of reduced cv with increased pressure
is consistent with that reported by Mesri and Rokhsar (1974) and Mesri et al. (1997).

The reduced creep settlement due to surcharge-induced over-consolidation in the soil
was predicted to be generally in the range of 60–90% of that calculated using the assumed
Cα /(1�eo) values as shown in Table 2. A summary of the predicted reduced Cα /(1�eo) val-
ues after surcharge removal, together with the over consolidation ratio (OCR) related
parameter Rs (Stewart et al., 1994) is shown in Figure 17, in that Rs � (σ�p � σ�vf) / σ�vf,
where σ�p is the preconsolidation pressure and σ�vf the final effective stress.

A typical example of the results of the back-analysis for the settlement plate measure-
ments at Ch. 70604 is given in Figure 18. The geotechnical model used in the back-analysis
is shown in Table 2. The soft ground treatment adopted for this section comprised wick
drains at 1.8 m (c/c) on a square grid and a surcharge of 1 m. The long-term settlement is
predicted based on a reduced Cα /(1�eo) value being 80% of the values as shown in Table 2.

590 Chapter 20

0

100

200

300

400

500

600

700

800

900

1000

1100

1200

1300

1400

1500

1600

1700

1800

56
13

0

56
59

5

56
74

5

57
35

0

67
13

9

67
77

0

68
60

0

69
12

0

69
23

3

70
06

2

70
22

9

70
31

5

70
60

4

70
94

1

71
24

7

72
69

5

72
89

3

72
99

5

73
27

9

73
45

0

73
54

3

73
60

0

73
70

2

74
07

7

74
27

7

0

50

100

150

200

250

300

(1.9m)

(5.6m)S
et

tl
em

en
t 

(m
m

)

Chainage (m)

E
m

b
an

km
en

t p
re

ss
u

re
 (k

P
a)

Soft and very soft
clay thickness

(4.5m) -

Embankment pressure

Measured settlement

(1.5m)

(2.0m)

(2.9m)

(3.2m)

(2.9m)

(7.1m)

(9.0m)
(3.7m)

(4.5m)
(5.2m)

(3.7m)
(3.1m)

(3.5m)

(8.2m)

(6.9m)

(5.8m)

(8.0m)
(4.3m)

(4.5m)

(9.7m)
(11.2m)

(6.8m)

(9.4m)

Figure 14. Measured settlement versus embankment loading.



The settlement data from the selected settlement plates and pins were back-analysed to
predict the long-term total and differential settlements. The predictions for the various soft
ground areas are shown in Figure 19 for total settlement and Figure 20 for differential 
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settlement. The differential settlement has been measured in terms of change in grade
based on every three consecutive pins along the alignment generally spaced at 50 m inter-
vals. In general, the predictions meet the design criteria except the section between
Ch73540 and Ch73660 within Fill 32. The predicted greater settlements within this sec-
tion can possibly be attributed to soil disturbance caused by an embankment failure that
occurred at this location during construction. Further settlement measurements along the
alignment after removal of surcharge and completion of the work generally confirmed
reduced rate of creep settlement as predicted.

8. CONCLUSIONS

The 28.5-km-long Yelgun to Chinderah Freeway was recently constructed and open to traf-
fic, 4 months ahead of the contract completion date. The major challenges of the project were
to construct approximately 10-km-long road embankments over soft soils.  Specific soft
ground treatment solutions for general embankments and bridge approach embankments
were developed to ensure speedy construction and long-term performance.  Modern numer-
ical modelling techniques were used to simulate complex geotechnical problems, which led
to an optimal design. Extensive geotechnical investigations, field trials and instrumentation
were undertaken to better characterise the soft soil behaviours and reduce uncertainties and
risks. The integrated approach to overcome the soft soil problems from investigation, through
design, to construction contributed to the early completion and success of the project.
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Figure 19. Predicted total settlements.
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Figure 20. Predicted differential settlement.
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Chapter 21

Ground Improvement using Deep Vibro Techniques

V. R. Raju1 and W. Sondermann2

1Keller Foundations (SE Asia) Pte Ltd, Singapore
2Keller Grundbau GmbH, Germany

ABSTRACT

The chapter will start with a description of deep vibro techniques namely Vibro com-
paction and Vibro replacement. Equipment used and work procedures adopted will be
described along with applications and limitations. The chapter will also describe auto-
mated monitoring systems, which ensure quality of ground improvement works.

This will be followed by detailed case histories of the application of deep vibro tech-
niques for major ground improvement works. Case histories will be from infrastructure
projects in Asia such as highway and port developments, airport and reclamation projects
and chemical plants. Emphasis will be placed on specific site details such as structure
types and soil data.

1. INTRODUCTION

Vibro compaction is probably the oldest deep compaction method in existence. It was intro-
duced by the Johann Keller Company in 1936 following the invention of the depth vibrator.
A detailed description of the method from its beginnings up to the pre-war period is given
by Schneider (1938) and by Greenwood (1976) and Kirsch (1993) for the period thereafter. 

Since its invention over 60 years ago, the technique has been continuously improved to
treat granular soils more economically by the development of increasingly powerful vibra-
tors and also to treat soils to greater depths. Even though theoretically, there is no limit on
depth (since the compaction energy source, the vibrator penetrates the soil to the required
depth), todays practical limit is at about 65 m. Vibro compaction has been applied suc-
cessfully on numerous sites around the world for various building and infrastructure proj-
ects. However this method is best suited for relatively clean granular soils. Where the fines
content is high, the vibro compaction method reaches its technical and economic limits.

The vibro replacement method was first developed in 1956 to overcome the limitations
of the vibro compaction method. In this method, a hole is created in the ground and the
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temporarily stable cylindrical cavity is filled with coarse material, section by section. The
coarse material is then compacted along with the surrounding soil by repetitive use of the
vibrator. This produces stone columns that are tightly interlocked with the surrounding
soil. Groups of columns created in this manner can be used to support large loads. Such
technical developments in dense stone column construction allowed for the treatment of a
greater range of weak natural soils and man-made fills.

Probably the oldest recommendation on the use of vibro techniques was issued by the
German Transport Research Society in 1979. Later the US Department of Transportation
published the “Design and construction of stone columns” manual (USDT, 1983) followed
by the British ICE “Specification for ground treatment” (ICE, 1987), and the BRE publi-
cation “Specifying vibro stone columns” (BRE, 2000). The latest effort was made by the
European Community to standardize the execution of vibro works in “Ground treatment
by deep vibration” (European Standard WG12, 2003).

2. DEEP VIBRO TECHNIQUES

Deep vibro techniques are a group of deep ground improvement methods which utilize the
vibratory energy of a depth vibrator to:

● densify granular soils, referred to as vibro compaction 
● install compacted granular columns in all types of soils, referred to as vibro replacement

The depth vibrator consists of an eccentric weight in a steel tubular casing, driven by an
electrical (or hydraulic) motor. The motor drives eccentric weight(s) in the lower half of
the casing which cause vibrations in the lateral direction as illustrated in Figure 1. Depth
vibrators range in weight from 15 to 40 kN.

An elastic coupling is used to decouple the intense vibrations from the extension tubes.
The steel casing itself is “armoured” to protect it from the abrasive action of the soil. Along
the sides of the vibrator, water jetting pipes are installed, which direct a water jet down-
ward to assist the vibrator in its penetration to the required depth. For this reason, this tech-
nique has also been referred to as vibro flotation.

Typically, the motors used in depth vibrators have power ratings in the range of 50–150
kW, with certain larger vibrators using 200 kW motors. In the case of an electrically driven
vibrator, the rotational speed of the eccentric weight is determined by the frequency of the
current. Recent developments involve the use of frequency converters to enable variation
of the frequency of the electric motors.

When operating, the eccentric weights transmit forces in the range of 150–700 kN to
the ground through the vibrator casing. When freely suspended in air, the vibration width
(twice the amplitude) ranges from 10 to 50 mm. At the tip of the vibrator, accelerations of



up to 50g are obtainable. It is important to note that these parameters are not readily meas-
ured during compaction. Therefore, any data on vibrators typically apply to operation
when suspended in air, with no lateral constraint.

2.1. Vibro compaction
For coarse-grained soils with an existing dry density lower than the maximum dry density,
vibrations will result in the rearrangement of the soil grains. The result is a reduction in
void ratio and compressibility as well as an increase in the internal angle of friction (Van
Impe et al., 1997). Vibro compaction is the use of a depth vibrator to subject the ground to
such vibrations resulting in the compaction of the soil. Figure 2 illustrates the effect of
vibro compaction on the density of coarse-grained soil.

2.1.1. Soils suitable for treatment by vibro compaction. Generally, coarse-grained
soils are suitable for treatment by vibro compaction. The basic requirement is that the com-
position of the soil should be such that the soil as a whole behaves in a “drained” manner,
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Figure 1. Depth vibrator and principle of vibro compaction (courtesy of Keller Group).



i.e. allowing “almost instantaneous” dissipation of excess pore pressures. Various criteria
have been proposed based on particle size distribution. As a general guideline, soils with
a silt fraction less than 10–15% can be effectively densified by vibro compaction.

Cone penetration tests (CPT) can also be used to determine the compactibilty of the soil
in question. An advantage of the CPT method of assessment is that a continuous profile of
the ground to be treated may be obtained. Another advantage is that a relatively large num-
ber of tests may be performed in a short space of time and good picture of the site as a
whole obtained. An example of a method of classification is given in Figure 3. 

Figure 4 shows a typical grain size distribution for reclaimed sandfill from the Tuas
reclamation, Singapore.

2.1.2. Work sequence. The depth vibrator and extension tubes are suspended from a
crawler crane. The auxiliary equipment (water pipes, generator, valves, etc.) is also
mounted on the crane.

For each compaction point the following procedure is followed:

● The vibrator is lowered into the ground under its own weight assisted by water flush-
ing from jets positioned near the tip of the vibrator (i.e. bottom jets). Experience has
shown that penetration is most effective if a high water flow rate is used, as opposed
to high water pressure.

● On reaching the designated final depth, the bottom jets are closed and flushing con-
tinued by water from jets positioned near the top of the vibrator. These jets direct water
radially outward, assisting the surrounding sand to fall into the space around the vibra-
tor. The vibrator is maintained at the final depth until either the power consumption of
the vibrator reaches pre-determined amperage or the pre-set time intervals have
elapsed, typically 30–60 s, whichever is the sooner.

● When the amperage/time criterion is satisfied, the vibrator is raised to a pre-determined
height, typically 0.5–1.0 m, and again is held in position for the pre-set time or until the
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Figure 2. Effect of vibro compaction on soil density.
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amperage reaches the target level, whichever is sooner. The vibrator is then lifted for the
next compaction step.

● This procedure continues stepwise until the vibrator reaches the surface.

The vibrator is repositioned at the next point and the process is repeated. This process
is illustrated in Figure 5.

As compaction proceeds, a crater is formed as the sand below is rearranged into a denser
state. Hence, during the compaction process, sand is continually fed into the developing
crater by a wheel loader. The sand is obtained from the near vicinity of the compaction point
by using overfill material. Anticipated settlement after compaction is generally about 5–10%
of the compaction depth. For certain projects, settlements of up to 15% have been observed.
The settlement experienced depends on the initial state of the soil and the target density.

After completion of the vibro compaction works, it may be necessary to compact the
working surface down to a depth of about 0.5 m by using surface compaction techniques.

A comprehensive soil investigation is important for any project. Field trials are also
typically performed in larger projects to determine the optimal grid spacing and compaction
parameters. The layout of compaction points is usually based on a grid of equilateral
triangles. Depending on the soil (grain size distribution, crushability of grains), the type of
vibrator and the performance specifications (required relative density), the center-to-center
distance between compaction points is usually between 2.5 and 4.5 m.
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Figure 5. Vibro compaction work sequence (by courtesy of Keller Group).



2.1.3. Quality management. In general, quality management of vibro compaction
works are divided into two categories, namely monitoring of compaction parameters and
post-compaction testing.

Monitoring of compaction parameters (depth and power consumption) is performed real-
time, with a display unit in the operator’s cabin. These data are also recorded and printed,
together with the compaction point number, date and time (Figure 6). This ensures proper doc-
umentation of the work done and allows any problems to be identified quickly and dealt with.

Post-compaction testing is performed to ensure that the specifications are met. Typically,
sounding methods are used to assess the effectiveness of the vibro compaction. Dynamic
penetrometer tests (DPT), standard penetration tests (SPT) and CPT have all been used. At
present, CPT is the most popular post-compaction test. Examples will be given in Section 3.

Ground treated by deep compaction techniques display substantial strength gain over
time. This increase goes on for up to several weeks after the compaction works, with strength
gains anywhere from 50 to 100%. The mechanics behind this increase is not fully under-
stood, but it has been attributed to dissipation of pore water pressure, sometimes in combi-
nation with the re-establishment of physical and chemical bonding forces to the column’s
grain structure (Schmertmann, 1991; Massarsch, 1991). Therefore, post-compaction testing
should be performed at least 1 week after the compaction work.

2.1.4. Applications and imitations. Vibro compaction is used to increase the bearing
capacity of foundations and to reduce their settlements. Another application is the densifi-
cation of sand for liquefaction mitigation. Depths down to 65 m have been improved so far
by vibro compaction.

To increase the performance of the vibro system, multiple vibrators may be attached to
a single base machine. For example, a barge with a 120–150 ton crane was used for the
“Seabird” project in India with four vibrators (Keller, 2002). Alternatively, a special frame
was constructed on a barge suspending five vibrators (Keller, 1997).

A safe working distance of about 10 m should be kept to existing buildings and other
facilities. Vibro compaction is most efficient in treating soils, which have a maximum fines
content of between 10% and 15%. Thus, deposits of pure silt or clay, or soils with a very
high silt or clay content cannot be effectively improved by vibro compaction.

2.2. Vibro Replacement
Vibro replacement is a method of installing compacted columns of granular material in all
types of soils using a depth vibrator. There are several variants of the vibro replacement
technique, some of which are:

● wet top feed method
● dry bottom feed method
● offshore bottom feed method
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For all the variants, the basic construction principle is the same. First, a hole is created
in the ground to be treated by the depth vibrator. A charge of stone is transported to the
bottom of the hole. By repeated driving and re-driving of the vibrator into the stone, a short
length of compacted stone, with a diameter greater than the original hole is formed. This
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Figure 6. Sample printout of compaction parameters (courtesy of Keller Group).



process is repeated till a column of compacted stone is created. The basic principle is
shown in Figure 7.

The stone column and the in situ soil form an integrated system having low compress-
ibility and high shear strength. In addition, loose non-cohesive soils between columns are
compacted. The results are:

● increased shear strength
● increased stiffness
● accelerated consolidation settlements
● reduced liquefaction potential

The ductility of the columns also allows very high loads to be placed on the improved
ground without failure. The degree of improvement (settlement reduction and increased
shear strength) achieved by the vibro replacement process depends largely on the proper-
ties of the in situ soil, the diameter of stone column installed and the installation spacing.
The grid pattern and spacing of the stone columns are determined in accordance with the
magnitude and type of loading, characteristics of the in situ soil and performance criteria
(e.g., bearing capacity, factor of safety, settlement limit). Guidelines for the design of vibro
replacement can be found in Priebe (1995).

Column diameters typically range between 0.7 and 1.1 m and spacings range between
1.5 and 2.5 m. Column lengths depend on soils encountered on site but typically range
between 6 and 20 m. In exceptional circumstances where deep weak soil deposits are
found, columns have been installed to depths of up to 30 m.

2.2.1. Soils suitable for treatment by vibro replacement. Vibro replacement has found
wide application owing to its “flexibility” with regard to the type and depth of soil being
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Figure 7. Basic principle of vibro replacement.



treated, and the type and intensity of loading being applied. It has been used in the treat-
ment of loose silty sands, soft marine clays, “ultra soft” silts, and clays from mine tailings,
peaty clays, etc.

Loose silty sands. Loose sands and silts or a combination of the two are susceptible to
liquefaction during earthquake excitations. This is of concern for all structures in general,
but of particular concern for petrochemical facilities such as LNG tanks and chemical plants.

These soils can be effectively densified using vibro replacement to ensure that lique-
faction does not occur. Figure 8 shows soil information from the Hazira LNG plant site
in India. Of concern was the liquefaction of the layer between 3 and 17 m. Figure 9 shows
soil information from the Malampaya onshore gas plant site in Philippines. Of concern
was the liquefaction of the loose sandy layer between 3 and 10.5 m. In both cases, the
soils were treated using vibro replacement to the satisfaction of the client, Shell Petroleum.

Loose silty sands are also found in areas where tin mining activities have taken place.
They are often found directly adjacent to mine tailings ponds. The treatment of these for-
mer mining areas entails the densification of these loose silty sands also.

Soft and ultra soft silts (slimes). Ultra soft silts (slimes) are man-made deposits as a result
of ex-mining activities, and normally pose problems with regard to bearing capacity and sta-
bility because of their very low shear strength (typically between 5 and 10 kPa). A typical
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Figure 8. Typical soil profile and CPT plot from Hazira site (Gujarat, India).



example with ultra soft silts is shown in Figure 10 from Kajang Ring Road – Interchange “H”
site (Kajang, Malaysia).

Typically, CPT tip resistances are less than 200 kPa and the soil cannot even support a
1.0 m high embankment. The silts have low plasticity and relatively high permeability
(partly due to the presence of sand lenses), which results in rapid consolidation. Once a
working platform has been built after partial displacement of the soft soil in the top 1–2 m,
these soils can be effectively treated using vibro replacement to support high earth
embankments without the need for placing any surcharge.

Soft and ultra-soft marine clays. Ultra soft marine clays are natural deposits com-
monly found in coastal regions. These deposits always pose problems with regard to bear-
ing capacity, stability and long-term consolidation, and creep settlements because of their
very low shear strength (typically between 6 and 12 kPa), high sensitivity, low permeabil-
ity and high plasticity. A typical example with ultrasoft marine clays is shown in Figure 11
from Shah Alam Expressway – Interchange “Kebun” site (Klang, Malaysia).

Even though the tip resistance for the marine clays are similar to that for the ultra-soft
silts, the soil behavior is quite different. Owing to the low permeability and highly plastic
nature, the time for 90% consolidation is longer than that for slimes and allowance has to
be made for secondary consolidation settlements. If necessary, a surcharge may be used to
accelerate the treatment process.

Garbage fills. A shortage of land often results in the necessity to build over former land-
fills. These are compressible in nature and could result in excessive settlements. Figure 12
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Figure 9. Typical soil profile and CPT plot from Malampaya site (Batangas, Philippines).



shows details of such a fill with a thickness of 6 m overlying a soft clay deposit to 14 m
depth in Penang, Malaysia. These fills and the underlying soft clay were treated using dry
vibro replacement for the construction of the Jelutong expressway with embankment
heights of 4–7 m supported by RE walls.

2.2.2. Work sequence. 
Wet top feed method. In the wet method of stone column installation, high-pressure
water jets placed at the tip of the vibrator assist the penetration of the vibrator into the soil.

The following is the sequence of construction for each column.

● The vibrator penetrates the ground with the aid of water jets.
● When the designed depth is reached, the vibrator is retracted to the ground surface 

and re-penetrated to the intended depth, to wash out an annular space. The result is a
borehole, about the same diameter as the vibrator, which is stabilized by the soil–
water mix.

● Aggregates are then transported in using a loader, deposited around the probe point and
allowed to fall into the annular space.
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Figure 10. Typical (a) soil profile and (b) CPT plot from Kajang Ring Road – Interchange “H” site (Kajang,
Malaysia).



● The vibrator is slowly withdrawn and the stone is allowed to fall to the tip of the vibra-
tor. The vibrator is then lowered back into the hole creating a length of stone column.
The action of the vibrator compresses stone radially into the surrounding soil and also
compacts the stone in the annular space.

● This compaction procedure continues using repeated up and down motion along with
feeding of stone until the full length of the stone column has been constructed.

This process is illustrated in Figure 13.
As water is used throughout the process, water source within close distance to the

working area and adequate areas for constructing sedimentation ponds must be available.
Dry bottom feed method. For the dry method of installation, two systems have been

developed. The first is a crane-hung system where the vibrator penetrates to the required
depth by a combination of self weight and vibrations only. The second uses a specially
built base machine, which can exert a pull-down force to assist in penetration. These sys-
tems are shown in Figure 14.

The stone is supplied to the tip of the vibrator through a separate stone tube with the
assistance of compressed air.

The following is the sequence of construction for each column.

● With a charge of aggregate filling the stone tube and the air compressor switched on,
the vibrator penetrates the ground.
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● Upon reaching the design depth, the vibrator is retracted 1 to 2 m (depending on the
surrounding soil), and the pressurized stone tube forces the aggregates to exit and fill
the void created.

● The vibrator is then re-driven into the in-filled void, compacting and compressing the
aggregate into the surrounding soil. The building-up process comprises of the up and
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Figure 13. Schematic of wet top feed System.

Figure 12. Typical soil profile and view of waste dump at Jelutong expressway.



down movement of the vibrator until the aggregate in the stone tube is exhausted, after
which another charge of aggregate is loaded into the stone tube.

● The construction process continues up to the ground surface.

This process is illustrated in Figure 15.
From the stockpiles on site, wheel loaders feed the stone aggregate into the hopper,

ensuring continuous column construction.
A special feature of the dry method is that it does not require water jetting for penetra-

tion, hence eliminating the need to handle and dispose of large volumes of water. This
method can be used effectively where there is limited working space or where there is no
nearby water source.

Offshore bottom feed method. The offshore bottom feed method is similar to the crane
hung method. A barge or pontoon is used to serve as a working platform on which a crawler
crane of sufficient capacity is mounted to support the custom built vibro string assembly.
Positioning is often done with the assistance of a satellite positioning system. Penetration
to the required depth below seabed level is assisted by the combined action of vibrations
and compressed air. Stone is fed to the vibrator either using a long arm excavator or other
stone transport systems. A schematic diagram of a typical setup for the offshore stone col-
umn installation is shown in Figure 16.
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Figure 14. Photos showing dry bottom feed systems.
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Figure 15. Schematic illustrating dry bottom feed method (by courtesy of Keller Group).

Figure 16. Schematic of offshore bottom feed system.



2.2.3. Quality management. As with vibro compaction, quality management in vibro
replacement also consists of monitoring of column-construction parameters and post-
construction testing.

For the vibro replacement method, all of the essential parameters of the production process
(depth, vibrator energy, feed and stone/concrete consumption) are recorded-continuously as a
function of time, thus ensuring the production of a continuous stone column. A typical print
out for dry bottom feed stone column construction is given in Figure 17.

For large projects, the performance of vibro stone columns is monitored using large
plate load tests which should be carried out by loading a rigid plate or cast in situ concrete
pad big enough to span one or more columns and the intervening ground. In contrast to the
more familiar load tests on piles, both the column and the tributary area of soil around the
column are loaded.

2.2.4. Applications and Limitations. As has been listed in Section 2.2.1, vibro replace-
ment is applicable to a very wide range of soils. Vibro stone columns are not suitable in liq-
uid soils with a very low undrained shear strength, because the lateral support may be too
small. However, vibro stone columns have been installed successfully in soil with undrained
shear strengths between 5 and 15 kPa (Raju and Hoffmann, 1996; Raju et al., 1997).

In case of very hard and/or cemented layers (i.e., caprock) or well-compacted surface
layers, pre boring may be necessary to assist the penetration of the vibrator.

3. VIBRO COMPACTION CASE HISTORIES

Infrastructure projects along coastal regions often involve land reclamation by the
hydraulic placement of sand. This sand is often loose, having relative densities in the order
of 30–40%, resulting in a requirement for densification. The purpose of densification can
range from a simple stabilization of the reclaimed land to providing foundations for heavy
and settlement-sensitive structures and for liquefaction prevention.

Vibro compaction has found very extensive application for major infrastructure proj-
ects in Asia and has become the technique of choice for the following reasons:

● Ability to improve the entire range of granular soils (from gravel to fine sand).
● Effectiveness both for on shore, near-shore and off-shore application.
● Effectiveness to very large depths (to 65 m).
● Ability to densify only selected layers of fill.
● Minimal disturbance to surrounding structures (safe working distance = 10 m).
● Very high production rates.
● Economy.
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Figure 17. Typical print out for stone column construction (Courtesy of Keller Group).



The following is a list of projects executed in Asia in the last 15 years.

Infrastructure type Country Project description

Land reclamation Singapore Tekong reclamation
Singapore Jurong reclamation

Port facilities Malaysia Port of Tanjung Pelepas
Singapore Pasir Panjang Container Terminal
Hong Kong Container Terminal No. 9 (CT9)
India Seabird, Indian Navy Port
Indonesia Merak Port

Airports Singapore Changi Airport Runway No. 3 and Taxiway
Macau Macau Airport Runway
Hong Kong Chek Lap Kok Airport

Highways Singapore Jurong Island 3B1 & 3B4

Chemical plants Singapore Exxon VLCC pipeline
Singapore Exxon Olefins plant 

Offshore pipeline Singapore Changi Outfall gravel compaction

The total volume of sand compacted using vibro compaction in the above projects
exceeds 60 million cubic meters. The following section presents relevant information from
four of the above projects. 

3.1. Land Reclamation Sand Bund – Tekong Reclamation, Singapore (2002–Present)
Over the last 30 years, Singapore has grown in size from ~ 580 to ~680 km2 today. The
land scarce city-state continues to expand its land mass to provide for housing, industrial,
commercial and recreational needs. Most of this growth is achieved by reclaiming land
from the sea by hydraulically placing sand both below and above sea-water. The sand is
usually loose and requires stabilization by means of densification, which has to be carried
out to depths ranging from 7 m to as much as 40 m. Vibro compaction has proven to be
the ideal method to carry out such densification.

Figure 18 shows the ongoing reclamation at Tekong Island in Singapore, which involves
the creation of about 1.3 million m2 of new land area. The dark line along the periphery indi-
cates the perimeter bund where the compaction works are ongoing. Figure 19 shows a typ-
ical cross-section through the perimeter bund showing the land and marine compaction
zones. The purpose of the compaction works is to ensure slope stability and reduce settle-
ments such that the rock revetment, which is in-filled with cement mortar, is not damaged.

Vibro compaction works using both land and marine systems were carried out for the
perimeter bund and man-made beaches. Up to four land rigs and a single marine rig (twin-
vibro setup working from a barge) running 24 h a day, 6 days a week were used in this
project. Figure 20 shows both land and marine operations. For this particular project, the
maximum depth of compaction was 43 m from a land rig, compacting the crest of the
perimeter bund.
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Post-compaction testing using CPT was used to assess the degree of compaction
achieved. The CPT criteria set by the client for post compaction testing is shown in below:

Depth of sand fill (m) Minimum cone resistance (MPa)

0–2 4
2–6 6
6–10 8
10–15 10
15–20 12
20–25 14
�25 16

CPT were performed for every 50 m length of sand bund in both land and marine com-
paction zones. Land CPTs were performed using a crawler-mounted CPT rig while marine
CPTs were performed from a jack-up barge. Figure 21 shows a typical set CPT results.

3.2. Port facilities – Port of Tanjung Pelepas (PTP), Malaysia (2003–2004)
The Port of Tanjung Pelepas (PTP), located at the southern tip of Johor, Malaysia is a
relatively new port. The port is being developed in five phases, with the phase I already
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Figure 18. Plan view of reclamation showing compaction area and peripheral bund (dark line).



Ground Improvement using Deep Vibro Techniques 621

Figure 19. Typical cross-section of peripheral bund showing land and marine compaction zones.

Figure 20. Picture from Tekong showing compaction of land and marine zones.



completed and able to handle 4.5 million TEUs annually. For phase II development of the
port, an additional 2.8 km of linear wharf comprising eight new berths are being added to
the existing 2.16 km of berths.

Phase II of the project involved vibro compaction of the reclaimed areas. The total com-
pacted area was about 3 � 0.7 km, comprising both the berth and terminal areas (Figure 22).
The purpose of the compaction was to reduce future settlement, which may arise from the
loose sand layers and ensure slope stability at the berth area.

Field trials were used to determine the grid spacing to meet the CPT criteria of 7.5
MPa. One land CPT was carried out for every 5000 m2 panel. A typical pre- and post-CPT
plot is shown in Figure 23. At the peak of the operations, up to five depth vibrators were
in use for land compaction; three cranes working with the single vibrator and one crane
with a twin-vibro arrangement (Figure 24). A crane barge with twin-vibro set-up was also
used for marine compaction. The vibro compaction program started in February 2003 and
was completed about a year later.

3.3. Airports – Changi airport runway no. 3 and taxiway (1997–2002)
The reclamation in Changi East for the extension of Changi Airport involved the forma-
tion of 2,000 ha of land area with more than 250 million m3 of dredged material required.
Typically, the reclamation was done in 7 to 15 m of water depth. Vibrocompaction was
used to compact the reclaimed sand fill at runway No.3 and the taxiway (see Figure 25).

622 Chapter 21

0

5

10

15

20

25

30

0 5 10 15 20 25

QC [MPa]
D

ep
th

 [
m

]

Pre Post Spec

Figure 21. Typical pre- and post-compaction CPT results.



Underlying the dredged sandfill were soft clay deposits having thicknesses of up to 35 m,
which were treated by the installation of prefabricated vertical drains and the placement of
surcharge. An area of approximately 500,000 m2 was compacted using vibro compaction.
The purpose of the compaction was to reduce future settlement of the sandfill, which may
interrupt smooth operation of runway and taxiway areas.

Post-compaction CPTs were performed 7 days after the completion of each panel of
approximately 2500 m2. The tests were conducted at locations selected by the Engineer
and were usually at the centroid of the triangle formed by three compaction probes or at
the midpoint between two compaction probes. The specified CPT criteria (cone tip resist-
ance) for runway and taxiway areas are 15 and 12 MPa, respectively.
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Figure 26 shows typical CPT results for uncompacted area, compacted taxiway area
and compacted runway area.

3.4. Highways – Jurong Island 3B1 & 3B4, Singapore (2001–2002)
Jurong Island consists of seven different islands merged together by land reclamation. It is
a home to leading petrochemical companies from around the world. As part of the infra-
structure development, highways have to be built to provide access across the island

In general, the reclaimed areas on which the highways were to be built consisted of
loose sand fill up to a depth of about 20 m. The reclaimed sand has to be improved to min-
imize future settlement due to traffic load. For Area 3B1, the total area of treatment was
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Figure 24. The twin-vibro arrangement for land compaction in shallow areas (PTP).

Figure 25. Plan of runway and taxiway areas and a cross-section showing reclaimed sand fill and area
compacted.



approximately 220,000 m2. Area 3B4, which was an extension of Area 3B1, covered an
area of about 51,000 m2.

Vibro compaction works started in August 2001 and were completed in July 2002.
Three vibro compaction rigs (Figure 27) were used for the project. Water for vibro com-
paction works were obtained from well points installed in the reclaimed fill.

The following are the specification criteria set by the client:

Depth(m) Cone resistance (MPa)* Relative density (%)*

0–2 8 80
2–8 12 70
�8 17 70

*Whichever is lower.

One pre-compaction CPT was carried out for each panel of area 3000 m2 to determine
the depth of compaction required. Two post-CPTs were carried out for each panel after
vibro compaction to determine the degree of improvement and to check if the specified cri-
teria set by the client was met. Typical pre- and post-CPT results along with specification
criteria are shown in Figure 28. The settlement of the soil after compaction was measured
at an average of 1.3 m or 7% of the compaction depth.
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Figure 26. Results of CPT: (a) uncompacted area, (b) compacted taxiway area, (c) compacted runway area.
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Figure 27. Picture showing execution of vibro compaction works using three rigs.
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Figure 28. Typical pre- and post-CPT for Jurong 3B4.



4. VIBRO REPLACEMENT CASE HISTORIES

Soft to very soft cohesive soils and loose silty granular soils are found extensively in Asia
and pose several problems with regard to settlements, bearing capacity, slope stability and
liquefaction. The soils can range from coastal marine deposits made of clays of very high
plasticity to mine tailings arising from tin mining operations as in Malaysia.

A key feature of the vibro replacement technique is that it is able to treat a wide range
of weak soils. In loose sands and silts, the technique can be used to reduce the risk of liq-
uefaction. It has been successfully applied in projects such as the Hazira LNG plant in
India and the Malampaya onshore gas plant in the Philippines. In soft and ultrasoft silts
and clays where the undrained shear strength is usually very low (5 to 15 kPa), the vibro
replacement method has been applied to address bearing capacity, stability and long-term
settlement problems. The Kajang Ring Road and Shah Alam Expressway in Malaysia are
examples of this application. Garbage or landfills which are compressible in nature have
also been successfully treated using the same technique.

Over 3.0 million linear meters of stone columns have been installed in the above proj-
ects by Keller in the last 10 years. The following sections give details of the selected proj-
ects from highway, railway, chemical plant and airport sectors.

The following are some case histories. 

Infrastructure type Country Project description

Earth embankments Malaysia Putrajaya – Boulevard package

Highways Malaysia Shah Alam expressway 
(Package A & B)

Malaysia New Pantai highway
Malaysia Jelutong Expressway stage 1
Hong Kong Deep Bay link project

Bridge approaches / Malaysia Putrajaya – Bridge BR 8
Abutments

Railway lines Malaysia Ipoh–Rawang electrified double
track project

Malaysia Kerteh – Kuantan railway line
Malaysia Petronas Kedah fertilizer plant ine

at Gurun

Chemical plants / India Hazira LNG Terminal
Liquefaction Philippines Malampaya onshore gas plant
Prevention Taiwan CAPCO – PTA project, Taichung 

harbour

Airports Malaysia Alor Setar airport
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4.1. Highways
Malaysia has seen extensive highway construction in recent times with several projects on
a privatised toll collection basis. As a result, speed of construction was of primary impor-
tance and long rest periods for consolidation were not available. Vibro replacement proved
to be an ideal solution to treat the very soft soils. The treatment was designed to the spec-
ifications laid down by the Malaysian Highway Authorities (MHA), which may be sum-
marized as follows:

● Maximum total post-construction settlement of 400 mm (including short term and
long term).

● Maximum differential settlement of 100 mm over a length of 100 m (1 in 1000) along
the centreline of embankment.

● Overall embankment stability with a minimum factor of safety of 1.4 (short term) and
1.5 (long term).

4.1.1. Shah Alam Expressway – Package A & B, Malaysia (1994–1997). The Shah
Alam Expressway connects the coastal city of Klang and Shah Alam with the capital city
of Kuala Lumpur. It is a modern six-lane expressway designed and built to international
standards; the construction of which has been divided into two packages, namely Package
A and Package B as shown in Figure 29.

The soils of Package A are predominantly alluvium interspersed with several tin mine
tailing deposits which includes loose sands and ultra soft slimes (with undrained shear
strengths as low as 6 kPa). The soils at Package B are predominantly quaternary marine
and continental deposits of very soft clays and silts.

The vibro replacement technique was used extensively in both packages. Stone columns
were installed using both wet and dry systems to treat the soft / loose soils at seven inter-
changes and overpasses, with embankment/reinforced earth (RE) wall heights up to 10 m.
The length of stone columns varied between 8 and 26 m with diameters of 1.0 and 1.2 m.
Figure 30 shows a typical cross-section of the embankment and the stone column treatment
at Kinrara interchange. For further details on Shah Alam Expressway project, the reader is
referred to Raju and Hoffmann (1996), Raju et al. (1997) and Raju (1997).

4.1.2. New Pantai Highway, Malaysia (2001–2003). The New Pantai highway is a pri-
vatized highway in Malaysia. In total, four locations were treated using vibro replacement
to support highway embankments and RE walls. The heights of RE walls varied between
5 and 13 m. Different types of soils were found at different locations including loose silty
sands, soft clays and soft mining slimes to depths of 6, 15 and 18 m, respectively. Figure 31
shows the schematic cross section of the RE wall supported on stone columns. Typical 
pictures showing the installation of stone columns and completed RE wall are shown in
Figure 32.
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4.1.3. Jelutong expressway stage 1, Penang, Malaysia (2000–2001). Jelutong
expressway is a four-lane road with a total width of 21 m and length of 4.6 km, and is
divided into three stages. Stage 1 starts from Sungai Penang interchange to Diamond inter-
change. In this stretch, the alignment of expressway passes over a municipal waste dump.
The height of embankment at this stretch varied between 4 and 7 m. The subsoil consists of
6 m rubbish dump followed by soft marine clay down to a depth of 10 to 14 m (Figure 12).
This is underlain by medium stiff to stiff clayey layers.
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Figure 29. Location plan of the Shah Alam Expressway.

Figure 30. Typical cross-section of the embankment at Kinrara interchange.



Ground improvement using vibro replacement was chosen in order to compact the
municipal waste dump as well as to improve soft clayey soils underlying the waste dump.

For more details on various other highway projects involving vibro replacement, the
reader is referred to Raju et al. (2004a,b).

4.2. Railway Lines
Modern high-speed railway lines have very stringent track settlement requirements. For
example, the specification from the Ipoh – Rawang Double track project required the
following:

● Maximum total post construction settlement of 25 mm over a period of 6 months of
commercial rail service.

● Maximum differential settlement of 10 mm over a track length of 10 m (1 in 1000)
along the centerline of embankment.

● Overall embankment stability with a minimum factor of safety of 1.4 (short term) and
1.5 (long term).
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Figure 31. Schematic cross-section of RE wall at New Pantai Highway.

Figure 32. Typical pictures showing installation of stone columns and completed RE wall.
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Figure 33. Schematics showing half-width and full-width treatment adjoining the existing railway line.



4.2.1. Ipoh Rawang Electrified Double Track Project, Malaysia (2001–2004). The
Ipoh to Rawang Double Track project which is under construction will form a part of the
Trans-Asia Railway line and covers a distance of ∼150 km. The alignment of the new dou-
ble track line follows closely the existing single track line and in many locations one of the
lines is shared. However, more stringent gradient requirements of the new line resulted in
an increase in embankment heights ranging between 2 and 11 m.

The Ipoh to Rawang stretch has seen extensive tin mining activity in the past and the
soil conditions encountered on site have been largely influenced by these activities. Soils
are highly variable mixtures of loose sands and very soft silts and clays to depths ranging
between 6 m and in certain extreme cases as deep as 24 m.

Vibro replacement was chosen to treat these soils to meet the specifications for high
speed railway lines. Figure 33 shows a schematic representation of the half-width treat-
ment and where necessary, the soil under the rehab track is to be treated later, once the train
has been shifted to the newly built track. Where the new alignment was separated from the
existing line, full-width treatment was carried out in one go as shown in Figure 33.

In total, stone columns were installed at 23 separate locations covering a track length
of approximately 7 km. Works were often carried out very close to the existing track
(approximately 2 m away) without any disturbance to normal train operations.

The double tracking of the existing line necessitated the increase in the bridge spans,
which implied that in most cases, new bridges had to be built adjoining the existing ones.
Approach embankments for the bridges reached a maximum height of 12 m and were often
supported by reinforced soil walls. Figure 34 shows the treatment scheme for the new
embankment adjoining the existing one. Vibro replacement was carried out at four bridge
locations covering a treatment area of about 48,000 m2.

4.2.2. Kerteh – Kuantan railway line, Malaysia (2000–2001). The development of
petrochemical facilities on the east coast of Malaysia necessitated the construction of a
dedicated railway line between Kerteh and Kuantan by Petronas. Soils along the alignment
ranged between loose sands along coastal areas to sensitive fine-grained soils (silts and
clays) and also highly organic soils in inland forest and swampy areas.

Where soft cohesive and organic silts and clays were found (SPT N = 0, CPT qc= 200
to 300 kPa) to depths of 8 to 14 m, vibro replacement using the wet top feed method was
used. The alignment often passed through thick jungles with swampy soil conditions. The
trees, shrubs and decomposed materials were first cleared and an access road was built
adjoining the railway alignment as shown in Figure 35.

Up to eight wet top feed stone column installation rigs were used in order to treat a total
of 3800 m of railway track using vibro replacement technique. The works were carried out
at 12 different sites.

4.2.3. Petronas Kedah fertilizer plant line at Gurun, Malaysia (1997). The construction of
the Petronas Kedah fertilizer plant in 1997 near Gurun in northern Malaysia was accompanied
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Figure 34. Schematic representation showing treatment for road over rail embankments.

Figure 35. Railway alignment through a jungle after site clearing and construction of access road.



by the construction of a special railway line connecting the KTM main railway line to the fer-
tilizer plant. The proximity of the existing KTM line did not allow the use of earth slopes and
a reinforced earth wall was used. The height of wall varied between 2 and 8 m. The presence
of very soft clayey silts (SPT N = 0–2) to depths down to 9.0 m posed problems of wall sta-
bility and excessive settlements.

A cross section of RE wall founded on stone columns is shown in Figure 36.

4.3. Chemical plants
Chemical plants such as LNG terminals, gas plants, etc. require construction of infra-
structure facilities like tanks and silos to store petrochemical products. Another common
application of vibro replacement is tank foundations not only to improve soil conditions
but also to reduce the risk of liquefaction especially in earthquake prone areas. Typical
requirements of tank foundations are:

● Maximum total post-construction settlement of 300 and 150 mm (including short–term
and long–term) for fixed and floating roofs, respectively.

● Maximum differential settlement of 1 in 180 and 1 in 360 (both radial and circumfer-
ential) for fixed and floating roofs, respectively.

4.3.1. Hazira LNG terminal, India (2002). Hazira LNG terminal is located at an estu-
ary on the west coast of the Khambhat Gulf in India. Two liquefied natural gas tanks of
diameter 84 m each and with a filling level of approximately 35 m were founded on vibro
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Figure 36. Typical cross-section of RE wall founded on stone columns.



stone columns. The subsoil at site consists of loose silty sands to a depth of 16 m. This was
followed by very dense sandy layers with SPT N more than 50.

The technique of vibro replacement was chosen in order to reduce overall settlement of
the tanks and to mitigate liquefaction potential in a possible seismic event. Over 45,000
linear meters of stone columns of diameter 1 and 16 m length were installed using the wet
top feed method. Figure 37 shows a schematic view of two LNG tanks founded on stone
columns. For further details on Hazira project, the reader is referred to Raju. et al. (2003).

4.3.2. Malampaya onshore gas plant, Batangas, Philippines (1999–2000). The Shell
Malampaya onshore gas plant is an extension of an existing complex near Batangas in 
the Philippines (approximately 100 km south of Manila). The subsoil consists of soft clay in
the upper 2 to 4 m and a liquefiable loose to medium dense sandy soils up to a depth of 
8–13 m. This is underlain by stiff silts and clays down to a depth of 20–30 m.

Ground improvement using vibro replacement was chosen in order to allow for a bear-
ing pressure of up to 150 kPa with specified settlement limits (� 25 mm). In addition,
stone columns were designed to reduce the liquefaction potential of the loose sands. A total

Ground Improvement using Deep Vibro Techniques 635

Figure 37. Cross-section and plan view of LNG tanks.



of 30,000 linear meters of stone columns of diameter 1 m were installed using dry bottom
feed vibrocat and crane-hung systems. The length of columns varied between 8 and 18 m.
The installation of stone columns is shown in Figure 38.

4.3.3. CAPCO – PTA project, Taichung Harbour, Taiwan (2000–2001). China
American Petrochemical Co. Ltd. (CAPCO), the largest manufacturer of PTA (Purified
Terephthalic Acid) in Taiwan planned to build its sixth PTA plant on the island. The
proposed site was in a reclaimed area close to the harbour of Taichung. The subsoil
consisted of sandy fill with 10 to 25% fines up to a depth of 10 m, followed by sand of 8
to 15% fines to a depth of approximately 20 m. The in situ testing at site showed that the
sand deposits were of low density and were extremely prone to liquefaction, as was dra-
matically demonstrated on site during the Chi Chi Earthquake of 1999. Soil improvement
in these sand layers was necessary to mitigate the liquefaction potential as well as to
reduce expected settlement. Below 20 m, stiff clay and over-consolidated sands were
encountered.

After field trials of possible soil improvement techniques for the loading and ground
conditions on site, vibro replacement stone columns were selected. In total approx.
200,000 linear meters of stone columns with 1 m diameter were constructed using crane
hung bottom feed system.
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Figure 38. The installation of dry bottom feed stone columns.



4.4. Airports
4.4.1. Alor Setar airport, Malaysia (2003–2004). The redevelopment of the existing
Alor Setar airport in northern Malaysia at Kepala Batas required the extension of the exist-
ing taxiway, runway and turn-pad. The subsoil at site consists of very soft to soft silty clay
layers to a depth of 8–12 m with intermittent sandy layers.

Vibro replacement using dry bottom feed method was chosen to improve the soft soils.
In view of the operational airport, only the dry bottom feed method was feasible, as water
jetting adjacent to the runway was not allowed. Due to operation of the existing airport in
the day time, improvement works (including setting up and removal of the rig) were car-
ried out only during the night time between takeoff of the last flight and landing of the first
flight. Over 50,000 linear meters of 1 m diameter stone columns were installed using two
vibrocat units.

5. CONCLUDING REMARKS

Asia has seen extensive infrastructure construction activity over the recent years and more
such activities are expected in the future. Vibro compaction and vibro replacement have
found extensive application in these infrastructure projects to treat a wide variety of soils
and structure types with varying demands on performance. The volume of work executed
in the last 10 years is over 60 million cubic meters of vibro compaction and over 3 million
linear meters of vibro replacement indicating that the methods are technically sound and
economical.

Ongoing developments to build more powerful vibrators and modern monitoring and
control systems will allow further improvement in quality and reliability and also result in
a further reduction in the cost of the treatment methods.
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Implementation and Performance of Stone Columns
at Penny’s Bay Reclamation in Hong Kong

Suraj De Silva 

Maunsell Geotechnical Services Limited, Hong Kong

ABSTRACT

In the 1980s, and particularly in the 1990s, many reclamations were carried out in Hong
Kong to provide land for various development projects, such as the New Towns, port and air-
port facilities and infrastructure, thereby reclaiming land well away from the original shore-
line and in deeper waters. The seabed surrounding Hong Kong comprises thick deposits of
highly compressible very soft marine and alluvial clays and silts. Generally, the top layers of
mud are contaminated requiring special measures during dredging, handling and disposal.
The contaminated mud can only be disposed of at designated mud pits at East Sha Chau and
these pits are filling-up fast. Also the disposal of the uncontaminated soft muds is becoming
difficult due to the fast depleting disposal sites. Therefore, dredging and off-site disposal of
mud has effectively been stopped by the Hong Kong Special Administration Region
(HKSAR) Government. It is hence necessary to leave the soft marine mud (marine clay and
silt) in-place and reclaim over it. However, in order to increase the shear strength and to min-
imise the future residual settlement of the reclaimed land, it is necessary to improve them
with ground treatment so that the residual settlements can be limited to magnitudes which do
not compromise the subsequent serviceability of the land. This chapter presents the case
study where stone columns were installed to treat the mud at the Penny’s Bay reclamation
project, to form the land for the Hong Kong Disneyland Theme Park (DTP), under Penny’s
Bay Contract 2 for infrastructure development. Stone columns were installed to expedite the
consolidation of the muds to within 2–3.5 months, the time available under the tight con-
struction programme, and to achieve the stringent residual settlement and differential settle-
ment criteria required for the construction of the Hong Kong DTP. The stone columns were
installed by the “dry” bottom feed method. A 10–12-m-high surcharge was also placed on
the treated ground. This chapter discusses the installation and performance of stone columns
and presents the back-calculated field coefficients of horizontal consolidation, ch(field), and
assesses the benefits of using stone columns to accelerate the consolidation process in order
to reduce residual settlements of reclamations constructed over soft muds. 
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1. INTRODUCTION

The population in Hong Kong increased rapidly from the 1950s to the late 1980s. From
about the early 1970s, the economy of Hong Kong also developed rapidly increasing Hong
Kong’s prosperity and the demand for better housing and other infrastructure facilities.
From the early 1970s, the government embarked on a programme to develop new town-
ships in the New Territories, to the north of the Kowloon peninsular. However, owing to
the scarcity of buildable land, it was necessary to create new land through reclamation;
reclaiming it from the sea, leading to major reclamation works undertaken since the early
1970s in Shatin, Tai Po, Tuen Mun and more recently in Tseung Kwan O for the develop-
ment of the New Towns. The seabed surrounding Hong Kong is underlain with very soft
to soft, recent marine sediments. Owing to restrictions and difficulties in removing the
mud and disposing it, it is necessary to reclaim new land by filling over the soft com-
pressible mud. However, to minimise future settlements the soft marine mud and clays had
to be treated. After the early 1980s, when the prefabricated vertical band drains became
popular following its successful use at Changi Airport reclamation in Singapore in the
1970s, the ground treatment method commonly employed was the insertion of prefabri-
cated plastic vertical band drains to shorten the drainage paths in the mud. In some cases
surcharge was used to further accelerate the consolidation process. Two full-scale field tri-
als were conducted in Hong Kong, in 1980 at Tseung Kwan O and in 1984 at Chek Lap
Kok, to assess the performance of vertical band drains for these specific sites. The early
reclamations in Hong Kong (prior to about 1980) were carried out either by dredging the
soft muds and replacing it with suitable fill, or by placing fill directly on soft mud without
treatment, except preloading in some instances. Following the successful results obtained
from the two field trials carried out in Hong Kong, where programme constraints and
residual settlement criteria permitted, the reclamations after the 1980s have been carried
out using vertical band drains and surcharging; and no other ground treatment method has
been tried out in Hong Kong for a major reclamation project. Therefore, a large body of
valuable experience has been gathered by the geotechnical practitioners in Hong Kong on
the field performance of various types and makes of prefabricated plastic vertical band
drains. One of the difficulties experienced with prefabricated band drains is the slower than
predicted rate of consolidation of the mud in certain instances, particularly when the soft
mud thickness is large, greater than about 15 m. Another problem is the higher than
expected residual settlement of the ground after completion of the ground treatment works.
These issues invariably lead to contractual difficulties when the hand over is delayed 
due to the longer than expected time required for consolidation. Contractual complications
also arise when the ground continues to settle far more than those predicted at the design
stage. 

Owing to these inherent difficulties and uncertainties experienced in the past, in some
instances, with band drains, it was decided to install stone columns at Penny’s Bay, in areas



that require ground treatment, given the extremely short time available for ground treat-
ment works and the stringent settlement criteria that had to be met after handing over the
site. This chapter briefly describes the design approach adopted in the stone column
design, the installation method used and the settlement behaviour of the treated ground.
The settlement behaviour of the treated ground was better than expected. Therefore, the
settlement behaviour was analysed to back calculate the field coefficients of horizontal
consolidation, ch(field), of the composite ground. The possible reasons for the high ch(field)

values of the composite ground when compared with the laboratory-determined coefficient
of vertical consolidation cv(lab) are discussed in the following sections. 

2. BACKGROUND

In the late 1990s, the HKSAR Government decided to build a DTP in Hong Kong and
Penny’s Bay was selected as the most suitable site. In mid-2000, the first contract under
the ‘Theme Park Project’, the Phase I Reclamation Contract for 200 ha of land was
awarded. The reclamation was predominantly a dredged reclamation. But, soft mud was
left in place at the northern end and some areas of it was treated with vertical band drains
installed from land (after placing reclamation fill) under the Phase I reclamation contract
(see Figure 1). In October 2001, the infrastructure construction contracts were awarded,
which included the ground treatment works under Contract 2. The Penny’s Bay reclama-
tion works and the infrastructure development works, which commenced in mid-2000 and
October 2001, respectively, were essentially fast track high priority land formation and
infrastructure development contracts, in order to open the Theme Park on schedule. It was
essential that the formed and treated land complying to stipulated long-term total and dif-
ferential settlement criteria was handed over on or before the stipulated handover dates.
Hence, given the very short construction period, the time available for consolidation of the
soft mud was very short; and there was no margin for error. If the performance of the
ground treatment works was not adequate and if it resulted in large predicted residual set-
tlements (larger than the residual settlement magnitudes stipulated in the contract), then
the land parcel would not have been accepted by the client, resulting in a significant claim
and a delay to this high profile project. Hence, the ground treatment method adopted had
to perform effectively and as predicted. Given these stringent requirements, it was decided
to adopt stone columns instead of the tried and tested prefabricated vertical band drains to
treat the soft marine mud. The stone columns were selected because they would contribute
to the consolidation of the soft mud by acting as large diameter drainage wells within the
soft mud (as compared to the small effective diameter of the vertical band drains and their
potential for deterioration with time) and also because they would contribute to minimis-
ing the settlements and differential settlements by sharing the loads and transferring it to
the firmer strata beneath the soft mud.
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3. THE SITE

Penny’s bay was a secluded inlet, well protected from the open sea. It is located at the north-
east corner of Lantau Island, between the hills of Sze Pak Tsui and Mong Tung Hang. The
calm waters of the bay had contributed to the sedimentation process and the bay is under-
lain with thick deposits of marine muds, comprising marine clays and silts; up to ∼25 m at
the middle of the bay. The muds are underlain with thick alluvial sediments, decomposed
rock and bedrock. Under the reclamation contract the land was formed by hydraulically
placing marine sand fill dredged from the East Lamma Channel, West Po Toi and
Wailingding; locations within Hong Kong waters. The soft mud was fully dredged from
most of the areas under the Phase I reclamation contract, such as for the seawall founda-
tions and from the Theme Park area and left in place at the north-western corner of Penny’s
Bay and under the water recreation centre. In the vicinity of the former Choi Lee Shipyard,
partial dredging of some of the contaminated mud was carried out for the purpose of treat-
ment of the contaminated mud and subsequent land disposal. Under the Phase I reclamation
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Figure 1. Site location plan of Penny’s bay reclamation on the east coast of Lantau Island, Hong Kong.



contract, vertical band drains were installed in areas under the water recreation centre to the
south of the stone column treatment area using land plant.

However, when the design and construction contract for the infrastructure was awarded,
the ground settlements were re-assessed along the major approach road alignments, and it
was realised that treatment would be required in certain locations in order to accelerate the
consolidation process and to achieve the stipulated residual settlement criteria within the
time available. Therefore, it was decided to install stone columns and surcharge the area
indicated in Figures 1 and 2, the area under the footprint of the main approach road to the
Theme Park and to the north of the area treated with vertical band drains.

4. GROUND CONDITIONS

The area where the stone columns were installed was reclaimed to an elevation of about
4–5 mPD (approximately 3–4 m above the mean sea level) by placing hydraulic sand fill over
soft marine mud. The present thickness of the fill layer (when measured from an elevation of
4 mPD) ranges from about 8 m to 16 m with an average depth of about 12 m. The underlying
marine mud, the thickness of which ranges from ∼0 mud thickness encountered at some loca-
tions along the northern boundary of the ground treatment area, where it has been dredged, to
a maximum of ∼10 m, appears to have partially consolidated under the reclamation fill load.
The Standard Penetration Test N values obtained from the marine mud layer ranged from 3 to
27 and averaged about 4. The properties of the marine mud layer determined from laboratory
tests carried out prior to reclamation are indicated in Table 1. The moisture content of the mud
appears to have decreased under the reclamation fill from the values indicated in Table 1 when
the stone columns were installed. The marine mud can be classified as highly to very highly
plastic clays and silts. The compression index, Cc, ranged from 0.7 to 0.95. The coefficient of
vertical consolidation (for virgin compression) determined from standard 1-D oedometer tests
ranged from 0.6 to 2 m2/yr with an average value of about 1 m2/yr. The marine mud is under-
lain with alluvial sands and gravel with occasional pockets of alluvial silt. The saprolite layer
below the alluvium generally comprises silty sand and gravel-sized fragments of completely
to highly decomposed granite and rhyolite. The bedrock is granite and rhyolite, which was
encountered at elevations of about �16 to �28 mPD. Figure 3 shows a typical cross-section
of the ground conditions within the ground treatment area. 

5. THE DESIGN APPROACH

Since one of the main objectives for installing the stone columns was to speed up the con-
solidation process, the function of the stone columns was to facilitate the dissipation of the
excess pore pressures from the muds and to consolidate it. Therefore, the design approach
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Figure 2. Area of ground treatment with stone column and instrumentation location



adopted was the same as that used in the design of vertical band drains, where both verti-
cal consolidation with drainage at the top and bottom of the layer and radial consolidation
with drainage into the stone columns were considered. The rate of vertical consolidation
was estimated using the standard Terzaghi theory and the radial consolidation was evalu-
ated using Barron’s theory. The combined rate of consolidation was then estimated using
Carillo’s approach. The reduction in the consolidation settlement of the mud layers, and
hence the residual settlements were estimated using replacement ratios and Priebe’s (1976)
charts and plots.

6. THE DESIGN

It was decided to install 1.0-m-diameter stone columns. The construction programme for
the infrastructure works permitted only ∼2.5–3 months for ground treatment works. These
constraints dictated the stone column spacing and the surcharge required. The stone column
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Table 1. Typical properties of marine mud encountered in Penny’s Bay

Formation Moisture Liquid Plastic Plasticity Bulk unit Sand Silt Clay 
content limit, limit, index, weight content content content 
(w%) LL (%) PL (%) PI (%) γbulk(kN/m3) (%) (%) (%)

Marine mud 40–100 44–90 25–45 19–54 14.5–17.5 5–8 55–70 25–35

Figure 3. Subsurface ground conditions at section 1–1.



spacing required were 2.5, 2.67 and 3.3 m in a triangular arrangement depending on the
marine mud thickness and the surcharge height adopted, corresponding to replacement
ratios (as) of 14.5%, 12.7% and 8.3%, respectively. The surcharge height ranged from 10 to
12 m. The layout plan of the ground treatment works design is shown in Figure 4.

7. INSTALLATION OF STONE COLUMNS

7.1. Equipment
The machine used in the installation process was the Penetration Unit, which comprised a
long slender steel tube with three parts: the vibrator or the vibroflot, the silo tube and the
receiver tank. The ground penetration down to the required depth was achieved by water
jetting and “liquefying” the surrounding in situ soils by the vibroflot (see Figure 5). The
silo tube contained the stone supply and the receiver tank at the top of the silo was used to
feed the stones to the silo tube. Other auxiliary plant comprised a service crane, a genera-
tor providing power to the probe, an air compressor providing compressed air to the tremie
pipe to push the stones out, the high-pressure pump for the supply of an air/water mix to
the probe at a high pressure and the service pump to supply water. The vibroflot consisted
of a hollow cylindrical body of 300–400 mm diameter connected by means of a special
elastic coupling to the silo tube. A V23 vibratory probe was used in this project. The silo
tube is a pressurised tube to push out the stones into the ground. The receiver tank mounted
on top of the silo tube comprised the receiver hopper, the closing mechanism and the inter-
mediate tank. This arrangement allows for the supply of stones to the silo tube, while
maintaining a positive air pressure inside the silo tube (see Figure 6).

7.2. Field trial
Before the installation of the working stone columns a field trial was carried out to deter-
mine the amperage of the current consumed by the electric motor of the vibroflot to
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Figure 4. Area of ground treatment with stone columns.



achieve a 1-m-diameter stone column within the mud encountered at the site. The average
column diameter was calculated for each column in the light of the volume of stones con-
sumed. However, since it is the loose stone volume of the stones consumed that is meas-
ured, the “compaction factor”, which is the volume reduction factor between the loose and
the compacted gravel must also be determined to calculate the compacted volume of stones
within the column and hence the stone column diameter.

7.3. Installation
The stone columns were installed using the “dry” bottom feed method. The Penetration
Unit was suspended from a crane and lowered into the ground; with the penetration being
achieved by the ‘liquefaction’ of the surrounding ground and water jetting. The Penetration
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Figure 5. Photograph of vibroflot and silo tube.

Figure 6. Photograph of silo tube and receiver tank.



Unit was inserted into the ground until the stone column founding layer was reached. As
the penetration unit was inserted, the current consumed by the vibroflot was recorded. The
amperage of the current gives an indication of the consistency of the surrounding ground
at the depth of the vibroflot. However, prior to the installation of the stone columns,
Piezocone Penetration Tests were carried out in a 20 m square grid to establish the top and
bottom of the soft mud layer and the founding level of the stone columns. Once the pene-
tration unit had reached the founding depth, which was about 1 m below the base of the
soft sediments, the stone column was installed by pouring stones into the hopper basket
and opening the trap door at the base of the casing by lifting the casing up and releasing
the stones under air pressure into the ground. The volume of the stones that leaves the cas-
ing was closely monitored along with the depth of the casing. The stones that exited the
casing were then vibrated and compacted into position. By monitoring the volume of
stones and the length of the stone column formed and using the volume reduction factor
for the compacted stones, the average diameter of that section of the stone column can be
determined. More stones were pushed out of the casing and they were vibrated into posi-
tion until the required diameter of the stone column was formed. The amperage of the cur-
rent consumed by the vibroflot was closely monitored, which also gives a good indirect
indication of the diameter of the column being formed (when the Amperage of the current
consumed by the vibroflot is compared with the current consumed in the calibration tests
of the field trial undertaken under similar ground conditions). This process was repeated
up to the top of the column, which was about 2 m above the top of the marine mud layer,
and located in the sand fill, in order to provide an adequate hydraulic connection between
the stone column and the overlying sand fill layer. Figure 7 presents schematically the
installation process, and Figure 8 shows a typical data monitoring sheet showing the
parameters that are monitored during the installation process. Note that the vertical column
records the time in minutes from the commencement of penetration.

It shows that the founding depth of the stone column was about 18.75 m from ground
level and this depth was reached in 17 min. Thereafter, the depth decreases as the penetra-
tion unit was retrieved while compacting stones into the ground. Hence, it can be seen that
the volume of the stones increases steadily with time until the penetration unit is with-
drawn to the surface and the stone column formation has been completed. It has taken a
total of 36 min to form this 18.75-m-long stone column. The total volume of uncompacted
stones consumed in forming the column is 11350 litres or 11.35 m3. Since the column was
terminated 2 m above the mud/sandfill interface, the total length of the stone column was
about 9 m. Hence, the average diameter of the stone column formed is about 1050 mm,
when compaction of the stones are also considered. When compacting the stones within
the soft mud layer, the current consumed was about 90 A with a slight reduction as the
depth decreased. However, a significant jump is seen when the stones and then the sand
fill are compacted in the sand fill layer. The photograph in Figure 9 shows the installation
of stone columns in progress.
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Figure 7. Schematic diagram showing the stone column installation process.



After installing the stone columns at the required spacing the monitoring instruments
were installed and the sand fill was placed to raise the ground level to a few meters above
the formation level. Vibrocompaction was carried out on the sand fill layer in order to den-
sify it, as part of the ground treatment works under this contract, from the top of the stone
columns to the final formation level (see Figure 10). After completing the deep vibrocom-
paction work the surcharge was placed. The surcharge height varied from ∼10 to 12 m.
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Figure 8. Typical data sheet of stone column installation.



8. INSTRUMENTATION

The geotechnical field instruments installed to monitor the behaviour of the treated ground
comprised settlement plates that were installed close to the formation level before the 
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Figure 9. Photograph showing stone column installation in progress at Penny’s Bay.
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Figure 10. Schematic diagram of ground improvement works with stone columns and vibrocompaction.



surcharge was placed, spider magnet extensometers, vibrating wire piezometers and
ground settlement markers installed on top of the surcharge. The vibrating wire piezome-
ters were installed within the marine mud layer between the stone columns. The instru-
ments were monitored regularly, while the surcharge was in place but stopped when the
surcharge was removed.

9. BEHAVIOUR OF THE TREATED GROUND

9.1. General
The ground settlement behaviour and the piezometric regime of the treated ground were
monitored regularly once the field instruments were in place. Therefore, the surface set-
tlement markers recorded not only the consolidation settlement of the underlying strata but
also the settlement of the fill as the fill layer was vibrocompacted. The spider magnet
extensometers, with the magnets installed at different elevations, clearly indicate the soil
layers that contributed to settlement. A typical extensometer plot is shown in Figure 11.
The ground settlement monitoring records along with the piezometer data from Areas 1 to
5 are presented in Figures 12 and 13 and are discussed below.

9.2. Settlement markers and piezometers
9.2.1. Areas 1 and 2. The total settlement measured from the surface settlement mark-
ers ranged from ∼80 to 670 mm. Some of the early settlement markers indicate a sudden
settlement of as much as 250–300 mm, which was due to deep vibrocompaction of the fill
layer. Smaller settlements were recorded at the markers that were installed later, after the
vibrocompaction works. The surcharge fill was placed between 26 and 30 March 2003 in
Area 1 and the settlements increased with the additional fill and continued to settle until
early June 2003. Consolidation appears to have been substantially complete within about
2 months of completing the surcharge. The piezometer P1 installed in the Area 1 did not
record any excess pore pressure increase since the tip was located adjacent to a sand layer.
A 4 m water head increase was recorded in piezometer P3, which dissipated in about 3
months, i.e. by mid-August 2003.

9.2.2. Area 3. The total settlement measured ranged from 800 to 1250 mm, which
included the settlement due to vibrocompaction. The larger settlement compared to Area 1
was due to the greater marine mud thickness of up to ∼10 m in the area. Since the vibro-
compaction work continued until mid-May 2003, the initial settlements include the con-
solidation settlement and those due to densification of the sand fill. The placement of the
surcharge was completed on 10 May 2003 and the increased rates of settlement seen on
the settlement curves between late April 2003 and 10 May 2003 was due to the placement
of the final surcharge. However, by the end of August 2003, i.e. after about 3.5 months, the
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rates of settlements had substantially reduced, indicating that consolidation of the under-
lying compressible mud was substantially complete. Analysis based on the Asaoka method
indicated that the degree of consolidation achieved ranged from 98% to 100% in 3.5
months. All piezometers recorded increases in pore pressure ranging from 1 to 17.5 m in
head (metres of water), with the largest being recorded at piezometer P2. A 10 m rise in
head was recorded at P6. All piezometers recorded a steady and a rapid dissipation of the
excess pore pressures within a period of 3.5 months. The varying pore pressure responses
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Figure 11. Typical extensometer plot from an area of ground treatment.



may be due to the stress increase at the piezometer tip locations, the drainage characteris-
tics at and in the vicinity of the piezometer tips and the different rates of placement of the
surcharge fill. 

9.2.3. Area 4. The total settlements measured ranged from 600 to 1200 mm, including
settlement due to the densification of the sand fill. The formation fill was placed after
completing the stone columns and the vibrocompaction was carried out between 13 and 31
March 2003. The initial rapid settlement recorded appears to be due to the initial consoli-
dation and densification of the sand fill. The surcharge was placed between 11 April 2003
and 10 May 2003 and a sharp increase in the rate of settlement was evident during this
period. The piezometers in this area did not record a sharp rise, but only about 2 m increase
in head at piezometer P8, which reduced by 1 m by mid-July 2003. The settlement curves
indicate that the settlements had stabilised by late July 2003, that is after about 2.5 months
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Figure 12. Settlement and piezometer results from Areas 1–3.



of placing the surcharge. The piezometers did not indicate any excess pore pressures, pos-
sibly owing to the drainage characteristics at the tip locations.

9.2.4. Area 5. The total settlements in this area ranged from about 20 mm to 500 mm
with substantial settlements of up to 300 mm occurring during vibrocompaction of the fill,
when vibrocompaction work was carried out between mid-March 2003 and 1 April 2003.
A further sharp increase in the settlement occurred when the surcharge was placed between
19 April 2003 and 1 June 2003. This settlement, which was due predominantly to the con-
solidation of the underlying compressible layers appears to stabilise by late July 2003, i.e.,
within about 2 months of placing the surcharge. A small consolidation settlement under
surcharge and a faster rate of consolidation was expected in this area since the mud was
thinner (ranging from 0 to about 5 m). The piezometers did not indicate any excess pore
pressures, possibly due to the drainage characteristics at the tip locations.
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Figure 12. Continued



9.3. Spider magnet extensometers
The settlement–time plot of the composite marine mud-stone column layer was determined
from the extensometer results by taking the difference in the settlements of the spider magnets
placed at the top and bottom of the marine mud layers. These settlement curves are shown in
Figure 14. The total settlement monitored by the extensometers between March 2003 and mid-
August 2003 ranged from 100 to 350 mm, with the settlement curves clearly indicating the set-
tlement response to placing the surcharge between the end of April 2003 and mid-May 2003.

10. METHOD OF ANALYSIS OF SETTLEMENTS PRIOR TO SURCHRAGE REMOVAL

The settlement versus time curves were analysed using Asaoka’s method to determine the
degree of consolidation before a decision was made to remove the surcharge. 
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Figure 13. Settlement and piezometer results from Areas 4 and 5.
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Figure 13. Continued

Figure 14. Settlement of marine mud layers (from extensometer data).



10.1. Asaoka’s method
Asaoka’s method (1978) is based on the assumption that the primary consolidation settle-
ments follow an exponential curve of the form:

S(t) � S∞ � (S∞ � S0)(1 � e�ct) (1)

where S∞ is the ultimate primary settlement, S0 the initial settlement, S(t) the settlement at
time t and c the factor depending on the drainage paths (horizontal and vertical) and the
coefficients of vertical and horizontal consolidation (cv and ch, respectively).

However, if the initial settlement is set to zero,

S0 � 0

Hence, Eq. (1) reduces to,

S(t) � S∞(1 � e�ct) (2)

It can be shown that the factor c in Eqs. (1) and (2) given above is related to the coeffi-
cients of vertical and horizontal consolidation, cv and ch. Using Carillo’s (1942) theory to
combine the vertical and radial consolidation theories developed by Terzaghi (1943) and
Barron (1948) respectively, it can be shown that

c � � (3)

where D is the diameter of the influence zone of each stone column and

F(n) � Ln(n) � (4)

where n�D/d with d being the diameter of the stone columns.
Asaoka’s method consists of plotting the settlement Sn�1 recorded at time (t�∆t) ver-

sus the settlement Sn recorded at time t, where the settlement curve is subdivided into dis-
creet but equal time steps of time ∆t. Typically, and for a constant loading, the settlements
should tend to stabilise with time, hence the difference between Sn�1 and Sn should reduce
with time. The theoretical Sn�1 versus Sn plot is shown to be a straight line with a slope
gradient of β�1. Consequently, as settlements increase with time, the plot of Sn�1 versus
Sn�1 tends closer to the 45° line on the Sn�1 versus Sn plot, and the best fit line through the
Sn�1 versus Sn plot ultimately crosses the 45° line. The ultimate primary settlement S∞ can
then be read at this intersection. Furthermore, the slope gradient β of the Asaoka’s plot is
related to the factor c of the negative exponential settlement curve as follows:

c �� (5)
Ln(β)
�∆t

3n2 � 1
�

4n2

n2

�
n2 � 1

cv
�
H2

π 2

�
4

8ch
�
D2F(n)
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where ∆t is the time interval chosen for the plot and β the gradient of the Asaoka curve on
Sn�1 versus Sn plot

It should be noted that c is independent of ∆t (When a high value is chosen for ∆t, then
β is smaller, hence Ln(β) is smaller and �Ln(β) is greater, and the ratio c remains con-
stant). Consequently, Asaoka’s method provides all the parameters (S∞ and c) needed to
solve the equation S(t)�S∞(1�e�ct), and the primary consolidation settlement curve can be
derived from the analysis. Since the ultimate settlement can be established from this
method, the degree of consolidation at any given time t can be determined from the simple
ratio, as follows:

U(t) � (6)

where U(t) is the degree of consolidation at time t.

10.2. Reliability and limitations of Asaoka’s method
It is important to note that no assumption has to be made regarding soil parameters or even
the geology (thickness of soil strata) in order to use this method. It is purely an observa-
tional approach based on settlement monitoring records. The only assumption needed for
this method is that the settlements follow a negative exponential curve of the form
described above. However, Asaoka’s method, as any other method based on observations,
has limitations and the most important is the accuracy of available data. It should also be
pointed out that this method is not reliable if the actual degree of consolidation is less than
about 60%. Hence, the method should not be applied at the early stages of the consolida-
tion process.

10.3. Determination of the field coefficient of horizontal consolidation ch(field) using
Asaoka’s method
Combining Asaoka’s method and the consolidation theories, it is possible to derive a coef-
ficient of horizontal consolidation ch, using Eq. (3) above, that is applicable to the actual
conditions in the field; and this parameter can be defined as ch(field), a value that is back cal-
culated from the parameter c determined from the Asaoka’s plot. However, for that pur-
pose, the following parameters must be known: cv coefficient of vertical consolidation,
which can be obtained from standard oedometer vertical consolidation tests carried out in
the laboratory, cv(lab), and the vertical drainage length, H, which is also known since the
ground conditions are known from site investigation data. Hence, the field coefficient of
horizontal consolidation that is determined from this method is a global field measurement
of the coefficient of horizontal consolidation, that will be affected by the disturbance
caused to the ground by the process of installing the stone columns, the smear effects if
any, the local drainage paths created by the installation of the stone columns, the perme-
ability of the stone/mud interface and the vertical drainage capability and capacity of the

S(t)
�
S∞
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stone columns. Hence, Eq. (3) above can be re-stated as follows, using the specific param-
eters that will be used, and those that will be derived from it:

c � � (7)

where ch(field) is the field coefficient of horizontal consolidation, and cv(lab) the coefficient of
vertical consolidation determined from laboratory tests. 

Asaoka’s method was used to analyse the settlement curves in order to determine the
overall degree of consolidation under the surcharge load. The decision to remove the sur-
charge was based on these degrees of consolidation and the rates of settlements. In addition,
the field coefficients of horizontal consolidations, ch(field), were also determined, or back cal-
culated using the approach detailed above. These results are presented in Table 2 and are
discussed in the following section.

11. DISCUSSION

The monitoring results indicated that the consolidation of the soft muds, as demonstrated
by the settlement, extensometer and the piezometer monitoring data were satisfactory and
in broad agreement with the assumptions and assessments carried out at the design stage.
At the design stage it was expected that the required degree of consolidation of 70–80%

cv(lab)
�

H2

π 2

�
4

8ch(field)
�
D2F(n)
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Table 2. Field coefficients of horizontal consolidation ch(field) back Calculated using Asaoka’s method

Instrument type Instrument Stone column Degree of consolidation Field coefficient of 
number spacing in a U(t) (by Asaoka’s horizontal consolidation

triangular method) (%) ch(field) back calculated 
grid (m) using the Asaoka’s

method (m²/yr)

Settlement S13 2.67 99 4.0
markers S14 2.67 100 3.8

S15 2.67 98 2.9
S18 2.67 98 2.8
S19 2.67 99 3.8

Spider magnet ME01 2.67 87 1.9
extensometers ME02 2.67 85 2.7

ME03 2.67 83 6.2
ME04 2.67 91 2.7
ME05 2.67 93 3.2
ME06 2.67 91 3.0
ME07 2.67 91 2.3
ME08 2.67 98 4.5
ME09 3.3 82 2.1
ME10 2.67 95 3.7



under the surcharge would be achieved within 2–2.5 months; whereas in practice,
85–100% consolidation under the full surcharge load was achieved within 2–3.5 months
of placing the surcharge. Therefore, the rate of consolidation appears to be faster than that
estimated at the design stage. However, the design calculations did not take into account
the consolidation that will be taking place while the stone columns are being installed and
while the surcharge load was being placed. 

The piezometers also indicated rapid dissipation of the excess pore pressures. Some of
the piezometers did not register the required increase in the pore pressure, as the surcharge
was placed. This was probably the result of placing or installing the piezometer tips too
close to the stone columns. Though it was attempted to install the piezometers centrally
between the stone columns, due to the tolerances of the verticality of the stone columns
and the piezometer installation, and the variability of the stone column diameter the
piezometer tips could be up too close to the stone columns.

11.1. Determination of the field coefficient of horizontal consolidation ch(field)

When the field coefficients of horizontal consolidation, ch(field) were back calculated (see Table
2) from the settlement curves of the settlement markers and the settlement of the marine mud
layers (from extensometer results) using the approach detailed above, values ranging from 1.9
to 6.2 m²/yr were obtained for the marine mud with an average value of 3.3 m²/yr (see Figure
15); whereas the laboratory determined vertical coefficient of consolidation cv(lab) was about
1 m²/yr. Even though the mud surrounding the stone column was significantly disturbed and
remoulded during the process of installing them as a result of “liquefaction” of the soft mud
initially under the vibroflot, and then the lateral dilation of the hole (or the cavity expansion)
under the action of compaction of the stones to create the 1-m-diameter columns, ch(field) val-
ues that are about 1.9–6.2 times larger (with an average of 3.3 times) than the cv(lab) value were
obtained. This could be due to the undulating column size (fluctuations of the column diam-
eter) resulting in much shorter drainage paths between the columns that contribute to rapid
dissipation of the excess pore pressure and hence consolidation of the mud. The substantial
drainage capacity provided by the stone columns would also have facilitated the dissipation
process. The rapid consolidation of the mud is then reflected in the settlement curves of the
marine mud, which then corresponds to a higher equivalent ch value, or more appropriately
the ch(field) value. These ch(field) values are hence a reflection of the behaviour of the treated
composite ground and it is not an intrinsic material property of the in situ mud.

12. SUMMARY AND CONCLUSIONS

Given the tight construction programme at Penny’s Bay, the time available for the treatment
of the soft marine muds underlying the non-dredged reclamation areas, which ranged 
from ∼2 m to ∼10 m, was very limited. In addition, after ground treatment, it was essential
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that the treated ground satisfied the stringent residual settlement criteria stipulated by the
Client, the Hong Kong International Theme Parks.

Therefore, it was decided to treat and improve the soft muds, and limit the future resid-
ual settlement of the ground by installing stone columns and surcharging the area, even
though the method had not been tried previously in Hong Kong. Hence, 1-m-diameter
stone columns at spacing of 2.5, 2.67 and 3.3 m were installed in a triangular grid pattern
within the area needing ground treatment. The stone columns were installed using the
“dry” bottom feed method with ground penetration being achieved by ground “liquefac-
tion” and water jetting with the aid of a vibroflot. A surcharge, 10–12 m high was placed
on the area treated with stone columns. The sand fill layer between the stone columns and
the formation level was also vibrocompacted.
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Figure 15. Distribution of Ch( field) values.



The ground monitoring results indicated very satisfactory behaviour of the treated ground
with the required consolidation being reached within 2–3.5 months and the settlement analy-
ses proved that the future settlements would meet the stipulated residual settlement criteria;
permitting the removal of the surcharge and the hand over of the area as scheduled. 

Back analyses of the settlement data indicated that the field coefficients of horizontal
consolidation, ch(field), of the treated ground ranged from ∼1.9 to 6.2 m²/yr, with an average
value of 3.3 m²/yr (i.e. between 1.9 and 6.2 times greater than the coefficient of vertical
consolidation cv(lab) determined from standard 1-D oedometer tests). The favourable over-
all horizontal permeability of the ground, and hence the higher field coefficients of con-
solidation, ch(field), may be due to the isolated shorter drainage paths created by the variable
column diameter (see Figure 16) and the drainage provided by the large stone column. 
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Figure 16. Schematic diagram indicating the short drainage paths between columns.



It should be pointed out that these values of ch(field) are a function of the ground condi-
tions and the method of installation of the ground treatment measures, which could differ
from one site to another. It is recommended that field trials are conducted to establish these
parameters before they are adopted in any other major project. It should also be pointed out
that the marine mud had partially consolidated under the reclamation fill and the consis-
tency of the mud could be generally described as firm with isolated locations of stiff mud.
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NOTATION

S∞ ultimate primary settlement
S0 ultimate primary settlement
S(t) settlement at time t
c factor depending on the drainage paths (horizontal and vertical) and the coeffi-

cients of vertical and horizontal consolidation (cv and ch, respectively)
D diameter of the influence zone of each stone column
d diameter of the stone columns
∆t time interval chosen for the plot
β gradient of the Asaoka curve on Sn�1 versus Sn plot
ch intrinsic coefficient horizontal consolidation of marine mud
cv intrinsic coefficient vertical of consolidation of marine mud
ch(field) field coefficient of horizontal consolidation
cv(lab) coefficient of vertical consolidation determined from laboratory tests 
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ABSTRACT

Various ground improvements have been used to support embankments on soft ground. The
success of the ground improvement works depends on many factors from planning, inves-
tigation, analysis, design, specification of works, construction and closed supervision by
design consultants. Flaws in any of the above stages would compromise the effectiveness
of a ground improvement. The failure of ground improvements can either be short-term
ultimate limit state failure (e.g. slip failure and tension cracks) or long-term serviceability
limit state problems (e.g. excessive differential settlement). This paper presents three case
histories of failures related to ground improvement works in soft ground, namely vacuum
preloading with vertical drains, stone columns and piled supported embankments. The
causes of failures, remedial works proposed and lessons learned are discussed. 

1. INTRODUCTION

Various ground improvements have been used to support embankments on soft ground.
The success of the ground improvement works depends on many factors from planning,
investigation, analysis, design, specification of works, construction and closed supervision
by design consultants. Flaws in any of the above stages would compromise the effective-
ness of a ground improvement and even cause failure. This paper presents three case his-
tories of failures related to ground improvement works in soft ground, namely vacuum
preloading with vertical drains, stone columns and piled supported embankments. The
causes of failures, remedial works proposed and lessons learned are discussed.

2. EMBANKMENTS TREATED WITH THE VACUUM PRELOADING METHOD 

Two embankments at a site in Peninsular Malaysia (State of Selangor), namely
Embankment A and Embankment B, were reviewed by the authors. Other than measuring



666 Chapter 23

the settlements of the embankments with time, piezometers were also installed in the sub-
soil beneath the embankment at three different depths of 3, 6 and 8 m respectively, in the
very soft cohesive soil. The measurements of these piezometers were taken during con-
struction of the embankment and during the resting period. Embankment A failed not long
after reaching the final height but Embankment B, which is not far away from
Embankment A and employs the same ground treatment, did not fail. Figure 1 shows the
cross-sections of the embankment and subsoil profile. 

The embankments were constructed on a very soft silty clay 4.5 m thick and underlain
by a layer of soft sandy clay to a depth of about 12 m. Beneath these very soft to soft-
cohesive soils is a layer of loose clayey Sand followed by layers of medium to stiff silty
clay and sandy clay. Figure 2 shows the undrained shear strength (su) profile of the subsoil
obtained from the field vane together with the adopted design values. The sensitivity ofthe
soft clay ranges from about 2 to about 10 and can be categorized as sensitive to extra-sen-
sitive clays according to the definition of sensitivity by Skempton and Northey (1953).

2.1. Construction and Monitoring 
Instruments like piezometers, settlement gauges and vacuum meters have been installed
with the intention of monitoring the performance of the embankments treated using vac-
uum preloading. The original vacuum design suction is 40 kPa. For this case history inves-
tigated by the authors, only the results of the piezometers showing the response of pore
water pressures will be discussed as the results of the settlement monitoring and vacuum
meters did not show any trend to indicate signs of failure.

Figure 1. Cross-section of Embankment A.



The construction sequence of Embankment A and changes in pore water pressures of
the piezometers in the subsoil at depths of 3, 6 and 8 m throughout the construction are
shown in Figure 3. Embankment A failed not long after reaching the final height.

As shown in Figure 3, from Stage C filling onwards, the pore water pressures measured
from piezometers PZ-A2 and PZ-A3 at depths of 6 m and 8 m respectively, increased until
failure at day 162 after reaching the final fill height. Piezometer PZ-A1 at depth of 3 m did
not show an increase in pore water pressure until it was out of order after day 130. In brief,
the measurement from piezometers PZ-A2 and PZ-A3 at Embankment A indicated that the
vacuum suction at these depths was not functioning properly to prevent increase in pore
water pressures in the cohesive subsoil with respect to the filling.

The trend of increase in pore water pressures has been observed for more than 1 month
but no contingency action was taken by the contractor, who was also responsible for the
design, to investigate the causes and to stop filling until the pore water in the subsoil
returned to the allowable design values. 

The independent analyses carried out by the authors employing both Undrained
Strength Analysis (Ladd and Foott, 1974; Ladd, 1991) and the Effective Stress Method
also indicate that the design of the vacuum preloading was acceptable if the vacuum sys-
tem performed as designed. Therefore, if the contractor had taken the initiative to review
the monitoring results of the piezometers installed in the subsoil as part of the required
procedures for vacuum preloading, the failure could have been prevented because the trend
of increase in the pore water pressures in the subsoil was very clear and easily identified.
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Embankment B, which was not far away from Embankment A and employed the same
vacuum preloading ground treatment, was successfully constructed. Figure 4 shows the
changes of pore pressures in the piezometers at different depths throughout the construc-
tion of Embankment B. The filling sequence is also presented in the same figure for easy
reference. The pore pressures in all the piezometers installed were within the designed
range indicating the vacuum suction performed as per design. This finding further con-
firms that the failure of Embankment A was not due to design but rather due to lack of
proper construction control.

The observations from two embankments clearly show the importance of the observa-
tional approach when employing the vacuum preloading method for embankment con-
struction. It also shows the effectiveness of the observational approach in identifying
problems well before failure, provided that the site engineer supervise the work and the
design engineer constantly review the monitoring results obtained from the site. In brief,
the failure of Embankment A would have been prevented if engineers had observed the
changes of pore water pressure in PZ-A2 and PZ-A3 and took necessary precautionary
action. 
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2.2. Recommended construction control for vacuum preloading with prefabricated
vertical drains 
It is very important for the engineer responsible for the design of the vacuum preloading sys-
tem to be involved in supervision and monitoring of the performance of the system during
construction and also post construction. The monitoring results should be immediately
reviewed once available and compared with the allowable design limit to check for any abnor-
mities that could cause failure or influence the expected performance of the treatment. Some
details of the construction control of embankments are described by Tan and Gue (2000).

Following are some of the general procedures to be implemented:

(1) Instruments to be used are:
– Piezometers (preferably vibrating wire type) at different depths of the subsoil to

be treated.
– Settlement gauges on the original ground level before filling to measure the 

settlement of subsoil.
– Extensometers (e.g. Sondex probe extensometer, spider magnet type, etc.) to

measure the settlement at different depths of the subsoil.
– Settlement markers on top of the embankment after reaching the final filling level.
– Displacement markers or inclinometers at the toe of the embankment to measure

lateral displacement.
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(2) During filling, the frequency of monitoring should be daily or every other day depend-
ing on the factor of safety (FOS) against slip failure for each stage of filling. Usually,
the FOS is higher for the early stages of filling but as the height of the embankment
increases, the FOS reduces. In brief, if the FOS is critical, monitoring should be car-
ried out daily.

(3) After completion of each stage of filling and during the rest period, the frequency of
monitoring can be reduced depending on the allowed rest period, and some general
guidelines are as follows:
– Once a week for 1 month,
– Once every 2 weeks for 2 months,
– Once a month for the rest of the rest period.

(4) The design engineer should closely coordinate with the supervising engineer on site.
If possible, the design engineer should be on site monitoring the performance of the
ground treatment during filling.

(5) The monitoring results should be interpreted, checked and reviewed immediately after
reading on site. These results should be compared with allowable design values and
ultimate design values to evaluate the relative FOS on site. If the monitoring results
are doubtful, redo the monitoring. If necessary, carry out back analyses with the mon-
itored results.

(6) If the monitored values exceed the allowable design values, contingency measures
should be taken such as :
– Increase the frequency of monitoring
– Stop filling or slow down the filling rate
– Find out the causes of the abnormal results
– Carry out analyses incorporating the findings from the monitoring results to vali-

date the design parameters used (e.g. soil strength, unit weight, etc.).

3. FAILURES OF EMBANKMENTS SUPPORTED BY STONE COLUMNS

After the first failure of Embankment A treated with vacuum preloading using prefabri-
cated vertical drains as discussed in Section 2, remedial works using stone columns were
proposed and constructed. The embankment with stone columns also failed when the
embankment reached 3.2 m of the planned 5.5 m fill height. Figure 5 shows the embank-
ment after the second failure. 

The stone columns proposed and constructed by the contractor using the vibro-replace-
ment process (wet method) were to act as remedial measures to support the reconstruction of
the new embankment. The stone columns are of 1 m diameter with grid spacing of 2.5 m cen-
ter-to-center up to a depth of 20 m. Crushed stones of size 15 mm to 100 mm were used as
a backfill medium for the stone columns. During reconstruction of the embankment on top

670 Chapter 23



of the stone columns, the embankment failed with large cracks (as shown in Figure 5) when
the fill height reached 3.2 m, which is 2.3 m lower than the required fill height of 5.5m.

The authors’ review indicates the design by the specialist contractor only used Priebe’s
methods (1995) to check on the stability and settlement of the subsoils treated with stone
columns. There was no evidence of separate calculations using other methods to check on
the bulging and general shear failures of the stone columns when determining the ultimate
bearing capacity; these failure modes are not sufficiently covered in Priebe’s method. Table 1
lists some of the methodologies available for bulging and general shear failure check. 

From the investigation by the authors using disturbed strength of the subsoil on the
methods listed in Table 1, the results show that generally bulging failure is not a concern
but ‘general shear failure’ is grossly inadequate. 

Most of the methods listed in Table 1 are reproduced in a graph by Madhav and Miura
(1994) together with their proposed method as shown in Figure 6. It is observed that there
is a large range of possible ultimate bearing capacities when using different methods and
this tends to cause confusion to design engineers. Therefore, it is recommended that when
using stone columns in very soft ground (e.g. su �15 kPa) or as remedial measures for
reconstruction of failed embankments, attention shall be given to probable failure due to
general shear. In addition, load tests and close monitoring of the instrumentation via the
observational method should be carried out to verify the design.

3.1. Failures of embankment C
Embankment C is located about 2 km away from Embankment A. It was initially treated
with prefabricated vertical drains. Cracks were observed at the embankment after reaching
the surcharge level with a fill height of 3.9 m and immediate action was taken to lower
down the embankment height to finish road level (FRL) which is 1.5 m lower. The
embankment was observed for 2 months and since no further cracks developed, the con-
sultant agreed to refill the embankment to surcharge level. Slip failure occurred during
the filling of the surcharge. After the first Failure, the contractor decided to use stone
columns as remedial measures to strengthen the subsoil so that the embankment can be
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Figure 5. Failure of Embankment A treated with stone columns.



reconstructed. However, the embankment supported by stone columns failed again after
reaching the fill height of 3.9 m.

The subsoil at the Embankment C area generally consists of organic soil with a thick-
ness of about 4 m. Underlying the organic soil is a layer of very soft to soft silty clay with
a thickness of about 10 m followed by stiff to very stiff clayey silt. Similar to the second
failure of Embankment A, the stone columns for Embankment B were also being designed
using Priebe’s method (1995) only without other separate checks on the bulging and gen-
eral shear failures as listed in Table 1. The investigation carried out by the authors indi-
cates that the stone columns bearing capacity against general shear failure is grossly
inadequate, resulting in the failure of the embankment. 

3.2. Lessons learned from the two embankment failures
The failures of Embankment A and Embankment B treated with stone columns were
mainly due to inadequate design. The authors are of the opinion that when designing stone
columns to treat very soft ground (e.g. su �15 kPa) or as remedial measures for an
embankment, attention should be given to probable general shear failure instead of over
relying on a single method. For remedial measures, it is also important to determine the
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Figure 6. (a) Stresses on stone column  (b) Comparison of different methods (after Madhav and Miura, 1994).

Table 1. Methods for estimation of ultimate bearing capacity of stone columns.

Mode of failures References

Bulging Greenwood (1970), Vesic (1972), Datye and Nagaraju (1975), Hughes and Withers (1974),
Madhav et al. (1979)

General Shear Madhav and Vitkar (1978), Wong (1975), Barksdale and Bachus (1983)



representative “disturbed” (remoulded and regaining of strength through thixotropy
effects) strength of the subsoil to be used in the analyses. In addition, load tests shall be
carried out on stone columns to verify the design assumptions as there are large differences
among methods of analysis. In brief, further works are necessary before a reliable unified
and comprehensive design method is available for stone columns supporting embankments
on very soft ground.

When stone columns are used to treat very soft ground, it is recommended that the
observational method (Peck, 1969) be used with proper instrumentation and closer moni-
toring to prevent failure if there is a slight doubt about the design methodology. Many
embankments on very soft ground treated with stone columns have been successfully con-
structed with the help of the observational method.

4. LONG-TERM “MUSHROOM” PROBLEM FOR A PILED EMBANKMENT WITH

INDIVIDUAL PILECAPS 

A piled embankment with individual pilecaps was constructed in the 1980s as part of the
expressway in the northern state of Malaysia. The original design principle of this solution
was intended to rely solely on the arching of the embankment materials to transfer the load
to the pilecaps as the soft compressible subsoil between the pilecaps settled under consol-
idation. However, a few years after the expressway was opened to traffic, the embankment
continued to experience large differential settlement in the form of localized depressions
that required regular maintenance and repaving. The protruding parts of the embankment
with pilecaps as if “punching through” the embankment look like “mushrooms”, and there-
fore this term is used to describe the problem. Figure 7 shows features of the “mushroom”
problem. Meanwhile, Figure 8 shows the differential settlement (“mushroom”) observed
between the area with and without pilecaps after excavation at a depth of about 300 mm.
The authors were involved in the investigation of the causes of problems and design of long-
term remedial measures.

The area where the ‘mushroom’ problems are prominent is predominantly in areas
underlain by Quaternary age deposits and comprises marine deposits such as clay, silt and
sand with sea shells. The alluvium deposits mainly consist of very soft to soft silty clay
and clayey/sandy silt with the presence of intermittent sand layers with some sea shells and
wood remnant. The deposition environment of the Quaternary deposit is believed to be
from a marine environment.

The subsoil conditions of the site were obtained from a series of subsurface investiga-
tions carried out in September 2001 and October 2002 with boreholes, piezocones,
Mackintosh probes, hand augers and vane shear tests. The shear strength and consolida-
tion parameters and modified critical state parameters (Vermeer and Neher, 2000) for
design and analysis are summarized in Tables 2 and 3.
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Undisturbed block sampling was also carried out at the embankment fill areas to deter-
mine the properties of the fill materials. Sieve analyses carried out have indicated that the
fill materials consist of sandy or gravelly / with relatively high percentage of fines (up to
a maximum of 99%). Shearbox tests were also carried out and the results indicated effec-
tive stress parameters for the embankment fill materials of c� � 2 kPa and φ� � 25°.

4.1 Modelling of “Mushroom” Problems
The modelling of ‘mushroom’ problems was carried out using two-dimensional (2D)

and three-dimensional (3D) PLAXIS software programmes (Brinkgreve, 2001, 2002),
which are general finite element method (FEM) programs for geotechnical analysis to
determine the possible causes of the problems. 

A typical FEM model adopted for the investigation is shown in Figure 9. In the model,
the circular spun piles beneath the embankment are modelled as linear elastic/drained
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Figure 7. ‘Mushrooms’ and undulating surface on expressway.

Figure 8. Differential settlement observed after excavation to a depth of about 300 mm for construction of
remedial works.



material with properties defined by Young’s Modulus and Poisson’s ratio. The piles are
assumed to penetrate into the stiff stratum. In both the 2D and 3D analyses, the soft clay
subsoils are modelled using Soft Soil Creep model which resembles the Modified
Cam–Clay model with isotropic hardening. The fill material is modelled using the
Hardening Soil model (Schanz et al., 2000).

Results from the FEM analyses have shown that the differential settlement of the
embankment ranges from 64 mm to 156 mm with angular distortion as high as 4% (1/25).
This is in excess of the recommended values of 1% (1/100) by BS8006 (1995). Typical
results from the FEM analyses showing the ‘mushroom’ problem are shown in Figure 10.

The settlement profile along a typical section of the embankment showing the com-
puted differential settlement and angular distortion is plotted in Figure 11. In summary,
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Table 2. Shear strength parameters of marine deposits

Depth from OGL γbulk (kN/m3) γdry (kN/m3) φ� (deg) c� (kPa) Su� (kPa)

0–7.5 15.8 12.0 22 3 16.0
7.5–12.5 22.5
12.5–17.5 35.0
17.5–22.5 47.0

Note: The undrained shear strength obtained from vane shear tests are corrected in accordance with recom-
mendations by Bjerrum (1973) for stability analysis of embankments to cater for differences in rate of shearing
of the subsoil in vane she ar tests and in the field and strength anisotropy.

Table 3. Consolidation parameters of marine deposits and modified critical state parameters of marine deposits

Depth from OGL OCR λ* κ* µ* cv (m2/yr) ch (m2/yr)

0–2.5 7 0.18 0.05 0.007
2.5–7.5 1.6 0.18 0.065 0.007 3.0 12.0
7.5–22.5 1.2 0.22 0.075 0.0085

Figure 9. (a) Typical 3D FEM Model of Embankment (b) Piles and Pilecaps Modelled.



results of FEM analyses have shown that the ‘mushroom’ problems arise due to the inef-
fective arching mechanism influenced by the following factors:

(a) unsuitable fill materials,
(b) large pile spacing to the height of fill.
The FEM results are also consistent with findings from Hewlett and Randolph (1988)

and Koutsabeloulis and Griffiths (1989) who showed that pile spacing (or size of voids)
and properties of fill materials are important to ensure an effective arching mechanism.

4.2. Remedial design for “mushroom” problems
The occurrence of the ‘mushroom’ problems has necessitated regular repaving works

to ensure the riding comfort and safety of the expressway. However, repaving works are
only a short-term solution as the embankment will continue to settle due to additional
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Figure 10. Results of 3D FEM analyses showing ‘mushroom’ problems: (a) top view (b) bottom view. 
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loads from the pavement. Therefore, an effective remedial design for the ‘mushroom’
problems shall satisfy the following criteria:

(a) Minimum disturbance to operation of the expressway
(b) Simple and fast to construct
(c) Cost effective
(d) Minimum long-term maintenance.

After reviewing all the feasible options such as a high-strength geogrid with granular
infill (on top of pilecaps or at shallow depths) and a reinforced concrete raft (on top of pile-
caps or at shallow depths), it was found that a reinforced concrete (RC) raft at shallow
depth offers the best solution to the ‘mushroom’ problems satisfying the above criteria.

The design was checked using FEM analyses to ensure the required long-term angular
distortions of 1% (1/100) as recommended by BS8006 (1995). Results of FEM analyses
have indicated that the angular distortion of the embankment is below 1% upon construc-
tion of the RC raft. Figure 12 shows typical results from the FEM analyses with the com-
puted angular distortions and maximum differential settlement. In summary, the RC raft at
shallow depth solution adopted consists of

(a) Raft thickness � 250–300 mm depending on embankment characteristics (fill height,
pile spacing, etc.).

(b) Reinforcement required � T16–150 mm c/c (Top and Bottom).
(c) Characteristic concrete strength � 35 N/mm2.

It is to be noted that the reinforcements are deliberately arranged uniformly throughout
the slab due to difficulties in accurately determining the position of as-built pile position.
The proposed solution is subjected to a comprehensive programme of monitoring to vali-
date its effectiveness and possible optimization of the design for future implementation.
The monitoring programme consists of taking readings from the following instruments:

(a) Sister bar embedment strain gauges installed in the steel reinforcement to measure
stresses in the reinforcement.

(b) Ground and raft settlement markers to monitor the settlement behaviour of the raft and
ground.

(c) Inclinometers to monitor the overall performance of the embankment.

4.3. Construction of remedial works
The RC raft solution at shallow depth essentially involves the following simple construc-
tion sequence:

(a) Excavating of minimal depth for the concrete raft and wearing course. This is typi-
cally �500 mm as the thickness of the concrete raft is approximately 300 mm and
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Figure 12. Settlement profile after remedial treatment across embankment using RC raft at shallow depth.
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Figure 13. (a) Milling works up to 300 mm deep in progress (b) after milling (c) laying of steel reinforcement
(d) concreting (e) completed RC Raft (f) pavement completed, traffic re-opened.



thickness of the wearing course is 50 mm (total ~3550 mm) and can be easily and
speedily carried out using a milling machine.

(b) Laying of steel reinforcement and casting of concrete.
(c) Laying of the wearing course.

The simple construction sequence is very important for this site due to its location
within a busy expressway. Therefore, the simple construction sequence will minimize lane
closure for the construction works. In addition, the remedial solution is easy to construct
and does not require a specialist contractor. The typical construction sequence of the works
for a recently completed pilot stretch is shown in Figure 13.

5. CONCLUSIONS

From the case histories presented, it is important to be aware that the success of the ground
improvement works depends on many factors from planning, investigation, analysis,
design, specification of works, construction and closed supervision by design consultants.
Flaws in any of the above stages will compromise the effectiveness of a ground improve-
ment causing failures of either short-term ultimate limit state failure (e.g. slip failure and
tension cracks) or long-term serviceability limit state problems (e.g. excessive differential
settlement). 
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Characteristics of Soft Peats, Organic Soils and
Clays, Colombo–Katunayake Expressway, Sri Lanka

Jeff Hsi, Chanaka Gunasekara and Viet Nguyen

SMEC Australia Pty Ltd, Australia

ABSTRACT

Colombo–Katunayake Expressway is a major road project in Colombo, Sri Lanka. The proj-
ect involves construction of a 25.8 km freeway linking the airport and Colombo. The major-
ity of the route traverses flood plain and marshy ground consisting of very soft peats, organic
soils and clays up to 15 m thick. Construction of road embankments over these soils involves
risks of embankment instability and excessive settlement. Soft ground treatments adopted to
overcome the problems include methods of preloading and surcharging, prefabricated verti-
cal drains, sand compaction piles and stone columns. Instrumentation and monitoring of the
road embankments have also been implemented during construction using settlement plates,
settlement stakes, piezometers, observation wells and inclinometers. Extensive geotechnical
investigations, including boreholes, cone penetration tests, vane shear tests and laboratory
soil tests, have been carried out to investigate the subsurface profile and soil properties. This
information has been collated, compiled, interpreted and summarised. The field monitoring
information has been used in back-analysis to calibrate the geotechnical model that repre-
sents actual soil characteristics. This paper focuses on the properties and characteristics of
the soft peats, organic soils and clays interpreted from the geotechnical investigations and
field performance.

1. INTRODUCTION

The proposed Colombo–Katunayake Expressway (CKE) is the first major highway in Sri
Lanka and connects the International Airport at Katunayake to the capitol city of Colombo.
The majority of the road traverses marshy and water-logged areas. The key geotechnical
issue associated with the CKE project is construction of road embankments over soft soils,
which include peats, organic soils and clays up to a depth of 15 m.
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The following problems associated with the soft soils need to be addressed during
design and construction of the road embankment:

● Constructability – embankment stability during construction
● Long-term performance – total and differential embankment settlement after con-

struction

To address such problems it is important to understand the characteristics and behav-
iour of the soft soils comprising peats, organic soils and clays. This is done by utilising a
combination of methods, which include site and laboratory testing with statistical analy-
sis, assessment of field monitoring data and consideration of published information for
similar materials. This paper describes the work undertaken to assess the characteristics of
the soft soils and presents the results of the study.

2. PROJECT DESCRIPTION

The CKE is a 25.8 km grade separated dual 2-lane expressway traversing north south over
the western coastal floodplains and lagoons of Sri Lanka. The terrain along the proposed
expressway predominantly consists of marshy lands, which are mostly waterlogged. The
general plan layout of the CKE is shown in Figure 1.

The project area is located immediately north of Colombo on the western coastal plat-
form of Sri Lanka. The proposed alignment starts at the Kelani River and traverses the
flood plains of the Kelani River and the marshy areas of Peliyagoda and Muthurajawela
before it reaches the Negombo lagoon area. At about chainage 19�000, the alignment
passes over the lagoon deposits of the Negombo Coastal Belt and then traverses over high
grounds formed of shallow sea deposits before the proposed CKE ends just past the rail-
way crossing at Katunayake.

The first one-third of the road alignment is over very soft peat with a depth up to 12 m
and the combined soft soil depth is up to 15 m. Within this section, the road embankments
need to be constructed to a height of up to 8 m.

Road embankment construction work commenced in June 2001 but was subsequently
suspended in November 2002. As such, the road embankments were constructed to vari-
ous levels along the length of the alignment with different types of soft ground treatments
(SGTs) implemented.

3. SITE GEOLOGY

Geomorphologically, the project area can be categorised as a coastal alluvial plain that is com-
posed of overburden alluvial soil deposited on residual soils or highly weathered basement
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rock. A belt of lateritic high-ground bounds the project area on the North and East and recent
alluvial deposits in the South.

The geological formations of the area belong to the Wanni Complex of the Vijayan
Series of Sri Lanka. The Wanni Complex is characterised by thick sequences of gneisses
comprising migmatitic, garnet and biotite gneisses (Cooray, 1984). These Proterozoic
metamorphic rocks belonging to the Precambrian era are overlaid by Quaternary and
recent deposits such as sands, silts, clays, organic clays and peat.

The subsoil sequence in the marsh areas and abandoned paddy areas generally consists
of partially decomposed vegetable matter at the top, followed by a layer of peat and
organic clay. The peat and organic clay layers are underlain by alluvial silty sandy strata.
Occasionally, the organic clay layer transforms through sandy clay and clayey sand into
sand. At some locations a lens of partially decomposed vegetable matter is observed within
the alluvial silty sandy strata. The depositional soil layers overlie a comparatively thin
residual soil layer that overlies highly weathered basement rock. Figure 2 shows the inter-
preted subsurface conditions encountered along the CKE alignment based on the borehole
information.

Genetically, the whole subsurface overburden profile could be considered as a result of
minor oscillations of the sea levels and flooding of the low-lying valleys adjacent to the
coastline by brackish waters during the Quaternary eras. Peat is formed due to accumula-
tion and decomposition of natural vegetation in these drowned valleys. The groundwater
table in these marshy areas is generally very close to or above the existing ground level.

The peat in and around Colombo is classified into three main groups, viz., coarse fibrous
peat, fine fibrous peat and fine amorphous peat (Senanayake, 1986). It is usually greyish
black to black and its fibrous texture is a result of partially decomposed or undecomposed
organic matter. Due to this fibrous structure, combined with the very high void ratio and
moisture content, the peat exhibits a sponge-like behaviour and is highly compressible.

The organic clays are formed of weathering and erosion of those peaty soils and rede-
position of the eroded materials under calmer depositional environments. Other than pre-
dominantly organic layers, almost all other depositional soil strata contain small amounts of
organic matters varying up to 10%. While the organic clay is less compressible than peat, it
is more compressible than the soft clay encountered along the proposed CKE alignment.

The residual soil layer is generally comparatively thin and composed of dense to very
dense sandy silt or silty sand soils. The depth to the highly weathered bedrock varies from
6 to 25 m in the project area.

4. GEOTECHNICAL INVESTIGATIONS

Many geotechnical investigations have been undertaken since the inception of the project, but
only the investigations since 1996 are relevant for the present alignment. These investigations
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are summarised in Table 1 and consist of a fieldwork component and a laboratory testing
component.

The field investigations comprised drilling, sampling, in situ testing and groundwater
monitoring. The drilling consisted of hand augering, wash boring and rotary rock coring,
and the in situ testing included Standard Penetration Tests, Vane Shear Tests, Cone
Penetration Tests, Field Permeability Tests and In situ Resistivity Tests. Table 2 shows a
breakdown of the fieldwork undertaken during each investigation.

It is noted that access to the field investigation locations was very difficult in marshy
areas with very soft peat. Furthermore, due to the very soft nature of the peat, difficulties
were also encountered in obtaining undisturbed samples. This fact was taken into consid-
eration when the investigation results were reviewed and interpreted.

Extensive laboratory testing was carried out as part of the geotechnical investigations.
Table 3 shows the laboratory testing that has been undertaken for the project.
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Table 1. Recent geotechnical investigations undertaken along the present CKE alignment

Fieldwork period Investigation by Purpose of investigation Report date

December 1996– National Building Preliminary investigation May 1997
March 1997 Research Organisation to establish geological 

conditions and subsurface 
material parameters

June 1999– National Building To evaluate subsurface November 1999
October 1999 Research Organisation conditions and material 

parameters at the 
interchanges and overpasses

December 2000– National Building To confirm subsoil transition July 2001
April 2001 Research Organisation zones and obtain subsurface 

and Engineering and information at bridges and 
Laboratory Services box culverts for detailed design

August 2001– National Building Additional investigation to September 2001
September 2001 Research Organisation establish subsurface conditions 

and material parameters for 
bridge foundations

August 2001– Additional investigation to November 2001
November 2001 establish subsurface conditions 

and material parameters for 
soft ground design, over bridges 
and box culverts (SCPT only)

2002 Daewoo Keangnam To obtain additional subsurface No Report 
Joint Venture (DKJV) information during construction

September 2003– SMEC International Additional investigation to March 2004
January 2004 Pty Ltd confirm existing information,

obtain any missing information 
and to evaluate the results of 
previous soft ground 
treatment(SGT)



5. SOFT GROUND TREATMENT AND INSTRUMENTATION

Some embankment sections have been constructed to various heights prior to suspension
of the work in late 2002. The construction of the embankment over the soft ground areas
was generally undertaken in the following manner:

● Placement of a layer of polypropylene geotextile (10 t/m strength) directly over the
natural ground surface.

● Placement of a layer of sand mat of 1–1½ m consisting of dredged sea sand over the
geotextile.
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Table 2. Summary of field investigations undertaken along the CKE alignment

Report Date

Investigation May Nov Jul Sep/Nov During const- March Total
1997 1999 2001 2001 ruction 2002 2004

Hand augers 220 98 11 — Records not — 329
Boreholes 263 105 132 24 available 80 604
Vane shear tests 103 — 68 — 44 215
Cone penetrometer tests — — — 70 13 83
Field permeability tests — — 8 — 5 13
In situ resistivity test — — — — 6 6

Table 3. Summary of laboratory testing

Laboratory test Pre-2003 2003 Total

Soil index property tests DSa – Moisture content 1301 186 1487
UDSb – Moisture content, 135 68 203

dry density and void ratio
Atterberg limits 547 121 668
Specific gravity 773 207 980
Particle size distribution ? 143 143

Soil chemical tests Organic content 117 135 252
pH, chloride, sulphate, sulphide 142 99 241

Triaxial tests UCS test 15 1 16
CU test 16 1 17
UU test 145 12 157

1D consolidation (oedometer) tests 135 10 145
(122) (10) (132)

Rock strength tests UCS 49 19 68
PLI – 37 37

Notes:
? indicates tests undertaken but quantum unknown; ( ) indicates number of tests where secondary consolidation
index was calculated.
a DS indicates disturbed samples.
b UDS indicates undisturbed samples.



● Implementation of ground improvement measures.
● Installation of geotechnical instruments to monitor behaviour of the embankment.
● Continuation of placement of embankment.

The filling used for embankment construction was a medium- to coarse-grained
dredged sea sand stock-piled adjacent to the CKE alignment.

The SGTs for the constructed embankments include:

● Preloading
● Preloading with surcharging
● Prefabricated vertical drains (PVD)
● Sand compaction piles (SCP)
● Stone columns (SC)
● Composite treatment consisting of PVDs under full height of embankment and SCPs

under the batter sections.

At some locations, a berm at the toe of the embankment was also used to assist in main-
taining stability during construction. The composite treatment has been used at three loca-
tions, i.e. Peliyagoda (Ch 1�500–1�850) and Muthurajawela (Ch 11�250–11�930 and
12�050–12�450), to provide additional stability during construction.

The extent of the constructed SGTs along the main alignment is shown in Table 4.
Geotechnical instruments used on the project include settlement plates on top of the

sand mat, piezometers at various depths within soft soils, observation wells and incli-
nometers below the toe of the embankment and settlement stakes on the surface of
embankment. A summary of the installed instruments is shown in Table 5.

Most of the settlement stakes have been damaged since installation; therefore, their
monitoring data is not available. Continuous monitoring was undertaken from the incep-
tion of construction in June 2001 until August 2003. The SGTs constructed within the very
soft Colombo peat along with the monitoring data provides information on the behaviour
and characteristics of this material.
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Table 4. Status of constructed SGTs along alignment

SGT Type SGT Completed

Preload and surcharge only 4378 m
Prefabricated vertical drains 1313 m
Sand compaction piles 150 m
Stone columns 143 m
Composite treatment 1242 m



6. BACK-ANALYSIS

6.1. Background information
Extensive monitoring data have been collected since construction of the embankments and
they are considered the most reliable information representing the “true” performance of
the soft ground underlying the project site. With appropriate interpretation and back-analy-
sis of the available monitoring data, the characteristics and long-term performance of the
soft soils can be reliably predicted.

Information required for the back-analysis includes geotechnical models, consisting of
subsurface profiles and soil parameters, field monitoring data, SGT measures and con-
struction record of embankments. The monitoring was undertaken over a period of 1½–2
years in general.

6.2. Methodology and approach
Back-analysis is an important process in obtaining realistic geotechnical parameters for the
purpose of predicting soft ground performance.

The key geotechnical parameters relevant to the back-analysis of the settlement plate
data are:

Deformation parameters – for assessment of primary and secondary consolidation set-
tlement. The primary consolidation settlement can be calculated from the coefficient of
volume compressibility mv, which can further lead to the Young’s modulus E� �

(1 � ν �)(1 � 2ν�)/[mv(1 � ν �)], with an assumed Poisson’s ratio ν�.
The secondary compression settlement (creep) can be estimated from the secondary

compression index Cεα � Cα /(1 � e0), where Cα is the coefficient of secondary compres-
sion and e0 is the initial void ratio.

Hydraulic conductivity parameters – for assessment of rate of consolidation.The rate of
consolidation can be assessed based on the vertical coefficient of consolidation cv, which

Characteristics of Soft Peats, Organic Soils and Clays 689

Table 5. Summary of instrumentation

Location Settlement Piezometers Piezometer Observation Inclino- Settlement 
plates locations tips wells meter stakes

Main alignment 270 35 58 29 24 170
New Kelani bridge – – – – – –

interchange
Peliyagoda interchange 16 7 11 8 8 –
Ja-Ela interchange – – – – – –
Katunayake interchange – – – – – –
Overpasses – – – – – –
Total 286 42 69 37 32 170

Note: No embankment construction work has been undertaken at the New Kelani bridge interchange, Ja-Ela
interchange, Katunayake interchange and the Overpass areas.



can be further used to calculate the vertical permeability kv � γwmvcv, where γw is the unit
weight of water.

As there is no evidence of stratification of the peaty and organic soils, which have large
void ratios, it is assumed that kh/kv � 1, or ch/cv � 1, where the subscript h stands for the
material property in the horizontal direction. 

The approach of the back-analysis is described below:
Establish initial geotechnical model – The subsurface profile and the first-pass soil

parameters were determined based on the available geotechnical information.
Process settlement plate data – The settlement plate data in conjunction with the levels of
embankment as constructed were plotted against logarithm of time. These plots show the
magnitude of primary settlement, time at which the primary settlement is completed, and
the rate of creep settlement as settlement per log time cycle (mm/log time). By reviewing
the creep settlement per log time cycle, embankment sections that have experienced exces-
sive creep settlements may be readily identified.

Select typical sections for back–analysis – Typical sections were selected with consid-
erations of different subsurface conditions, different SGT measures and being representa-
tive of the site conditions. 

Determine conditions of analysis – Conditions required for the back-analysis included
the as-built embankment status and the SGTs implemented.

Carry out back-analysis – Back-analysis of the primary consolidation settlement was
carried out using the finite element program COFEA, which is based on a fully coupled
numerical approach that analyses deformation of soil and dissipation of excess pore water
pressure simultaneously during the course of consolidation (Hsi, 2000). The construction
sequence of the embankment and the SGTs were incorporated in the analysis. The sec-
ondary compression settlement was analysed using a curve-fitting procedure for the linear
creep settlement on a logarithm of timescale. The back-analysis attempted to match the
predicted settlements with actual site measurements by adjusting soil parameters at vari-
ous construction stages.

Calibrate geotechnical model – The geotechnical model, mainly the soft soil parame-
ters, was calibrated via the back-analysis process to represent the actual in situ behaviour.
When adjusting the soil parameters during the process of back-analysis, reference was
made to published historical data on other similar materials encountered on projects from
local areas and other parts of the world.

Predict long-term performance – The calibrated geotechnical model derived from the
back-analysis was then used for the prediction of long-term performance. As the calibrated
geotechnical model gives reasonable predictions of soft ground performance over the dura-
tion of field monitoring, it is expected that reasonable predictions of long-term perform-
ance can be achieved.

It is acknowledged that some settlements had occurred after placement of the sand mat
and prior to installation of settlement plates. These initial settlements were not measured
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by the settlement plates; however, they have been incorporated in the back-analysis using
assumed mv and cv values.

7. CHARACTERISTICS OF SOFT SOILS

7.1. General
Soft soils encountered along the CKE alignment are categorised into three material types;
viz., peat, organic soil and clay. The characteristics of these soft soils have been assessed
based on field and laboratory test results, settlement plate data and results of the back-
analysis.

7.2. Index and physical properties
The index and physical properties such as natural moisture content, Atterberg limits, unit
weight and organic content are presented below.

7.2.1. Organic content. Over 250 laboratory organic content tests were undertaken and
the results for peat, organic soil and clay are tabulated in Table 6.

The classification of the soft soils in terms of peat, organic soil and clay has been based
on field observations and confirmed by the laboratory testing. While no specific bound-
aries were set for each type of material, the peat generally showed an organic content of
over 20% with a recorded maximum of 87% and the organic soils generally had organic
contents of between 15% and 35%. Most of the clays had organic contents of less than
15%. A distinctive feature of the CKE peat was its fibrous texture.

The organic contents for the peat, organic soil and clay are presented in Figures
A.1–A.3 in the appendix.

7.2.2. Dry unit weight. The dry unit weights of the soft soils derived from the labora-
tory testing are shown in Table 7.
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Table 6. Organic content of peat, organic soil and clay

Material type Data
Pre-2003 2003

Organic content (%)

Peat Mean 41 38
Range 10–87 3–69

Organic soil Mean 27 19
Range 7–87 5–30

Clay Mean 9 9
Range 3–20 3–48



Out of a total of 80 peat samples tested, the dry unit weight of 80% of the samples were
below 0.8 t/m3 and only two samples had dry unit weights of greater than 1.5 t/m3. The
mean dry unit weight for the 80% of the samples below 0.8 t/m3 is 0.41 t/m3. It appears
that the dry unit weights obtained for the peat samples along the length of the CKE align-
ment are slightly higher than the values of 0.35 and 0.33 t/m3 for Peliyagoda and
Muthurajawela, respectively as reported by Ray et al. (1986).

The dry unit weight distribution for peat, organic soil and clay are presented in Figures
A.4–A.6 in the appendix.

7.2.3. Moisture content and Atterberg limits. The moisture contents (MC) for the
CKE soft soils are presented in Table 8.

MC for all undisturbed samples were extracted from samples saturated in the consoli-
dation ring. As the groundwater level is very close to the surface and most of the soft soil
samples were collected below the groundwater table, it is assumed that the MC obtained
from the saturated samples would be representative of the in situ condition.

As significant moisture losses were observed during collection of some peat samples,
it can be expected that the MC obtained from the disturbed samples would be lower than
that obtained from the undisturbed samples. However, such a trend was not evident.
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Table 7. Dry unit weight of peat, organic soil and clay

Pre-2003 2003

Material type Data Dry unit weight γd

(t/m3)

Peat Mean 0.58 0.55
Range 0.13–2.03 0.18–2.20

Organic soil Mean 1.01 0.63
Range 0.34–1.84 0.23–1.52

Clay Mean 1.23 0.62
Range 0.64–2.09 0.30–1.02

Table 8. Moisture content of peat, organic soil and clay

Material type Data
Pre-2003 2003

DS (%) UDS (%) DS (%) UDS (%)

Peat Mean 266 242 302 295
Range 13–851 23–631 23–657 28–651

Organic soil Mean 100 76 106 145
Range 2–548 10–150 31–267 28–304

Clay Mean 39 52 38 148
Range 14–340 20–179 14–153 56–280

Note: DS, disturbed sample; UDS, undisturbed sample.



The distribution of MC with depth obtained from testing of disturbed and undisturbed
samples of peat, organic soil and soft clay are presented in Figures A.7–A.9 in the appendix.

Atterberg limits for the soft soils are tabulated in Table 9.
The liquid limit for majority of the peat and organic soil samples were above 50% indi-

cating that these materials are highly plastic. Out of 241 clay samples tested for the liquid
limit less than 10% of the values were below 35%, and 88% of the values were between
35% and 100%. Two peat samples, three organic soil samples and six clay samples had liq-
uid limits in excess of 100% indicating the extent of compressibility of the soft soils. 

The liquid limits, plastic limits and natural moisture contents for the soft soils along the
CKE alignment are presented in Figure 3. Three organic soil samples had MC greater than
400% and one clay sample had a MC in excess of 200%. These results have been excluded
in Figure 3 for clarity of the presentation. It is also noted that MC and Atterberg limits tested
from samples collected away from the main CKE alignment are not included in Figure 3.

Figure 3 shows the variation of the natural moisture content along the proposed CKE
alignment. High MC encountered in the areas of Peliyagoda (Ch 0�500–3�000),
Welikadamulla (Ch 5�300–6�900) and Muthurajawela (particularly Ch 11�000–15�000)
indicate the extent of CKE soft soil affinity to water. It has been reported that most of the
peaty soils tested in Sri Lanka have MC between 50 and 500% (Tennekoon et al., 1993).
The latest work for the CKE project includes about 300 samples tested for MC and shows
that the natural moisture contents of the Colombo peats could be higher than previously
encountered.

7.3. Strength Parameters
7.3.1. Undrained shear strength. The undrained shear strength, Su, of the soft soils
encountered along the CKE alignment was assessed by reviewing the in situ vane shear
tests, pocket penetrometer tests and the unconsolidated undrained (UU) triaxial tests. The
vane shear and UU test results for peat, organic soil and clay are tabulated in Table 10 and
presented in a graphical form in Figures A.10–A.12 in the appendix.
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Table 9. Liquid and plastic limits of peat, organic soil and clay

Material type Data
Pre-2003 2003

LL (%) PL (%) LL (%) PL (%)

Peat Mean 78 37 80 47
Range 28–110 13–57 21–225 18–119

Organic soil Mean 64 34 72 46
Range 28–140 21–56 25–218 19–121

Clay Mean 64 27 47 26
Range 22–113 13–46 20–110 11–70

Note: LL, Liquid Limit;
PL, Plastic Limit.
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Figure 3. Atterberg limits and natural moisture content for peat, organic soil and soft clay.



One of the objectives of the 2003 investigation was to assess the strength gain of the
material below the constructed embankments. Therefore, some of the undrained shear
strength testing undertaken in 2003 was on material that had been subjected to embank-
ment loading. It is evident that the undrained strength increases for peat and organic soils
as shown in Table 10. Figures A.10 and A.11 show that when the isolated upper values for
the pre-2003 results are discounted, the strength gains due to consolidation are evident.

The undrained strengths from the 2003 investigation for soft clay in Table 10 appear to
be less than what was obtained prior to construction. However, a more detailed review of
the results for 2003 indicates that only five tests were undertaken in clay and most of them
were undertaken in the Peliyagoda area where the soft soil materials extend to depths of
10–12 m and are very soft. The limited undrained clay strength results available for this
area indicate that they are comparable with the results obtained in 2003. This is in line with
the fact that the embankments in this area are not constructed or still at ground level.

The results in Table 10 also indicates that the in situ vane shear strengths are generally
higher than the laboratory UU triaxial test results.

7.3.2. Drained strength. The drained strength parameters, i.e. c� and φ�, interpreted
from the consolidated undrained (CU) triaxial tests are tabulated in Table 11.

For the 2003 investigation difficulties in sample preparation for the soft soils were
encountered and as such only one CU triaxial test was undertaken. This result also
appeared to be erroneous and has therefore been excluded from the analysis.

Only a few CU triaxial tests were undertaken in the investigations prior to 2003. The
results indicate that the peats exhibit a small effective cohesion generally in the range of
5–8 kPa and the organic soils and clay show an effective cohesion in the range of 8–12 kPa.
While the effective friction angle for four of the peat samples are between 22° and 25°, the
effective friction angle for three of the organic soil samples lie between 25° and 27°. The
effective friction angles for the clay samples are generally between 23° and 25º with two
values greater than or equal to 29°.
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Table 10. Undrained shear strength of peat, organic soil and clay

Pre-2003 2003

Material type Data UU triaxial Vane UU triaxial Vane 
(kPa) (kPa) (kPa) (kPa)

Peat Mean 12 21 29 38
Range 12–64 4–103 26–32 7–83

Organic soil Mean 22 27 30 45
Range 3–45 3–70 15–37 6–72

Clay Mean 32 40 25 10
Range 10–172 14–87 15–33 10–10



It is noted that there were difficulties in recovering undisturbed samples of very soft
peat and organic soil. Therefore, the results shown in Table 11 may not be representative
of the soft soils.

7.4. Deformation parameters
7.4.1. Void ratio. The void ratios extracted from the consolidation testing for the CKE
soft soils are presented in Table 12.

The void ratio of peat was generally between 1 and 8. This shows that for most of the
peat samples the volume of voids within the soil mass was between 50% and 90% indi-
cating extremely high compressibility of the peats. Ray et al. (1986) states void ratios of
5.08 and 4.16 for peat in Peliyagoda and Muthurajawela, respectively. The results from
this study shows that the average void ratios for the Peliyagoda and Muthurajawela areas
are 4.80 and 4.36, respectively and compare well with the previous findings. The results
also show that the void ratio, and thus the compressibility, is less for the organic soils than
for the peats, while the soft clays are the least compressible.

The testing in 2003 focused more on the areas with deep soft soils particularly at
Peliyagoda, Welikadamulla and Muthurajawela. The pre 2003 investigations covered the
entire alignment, which also includes less compressible areas. As a result, the void ratios
appear to be higher from the 2003 investigation.
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Table 11. Drained shear strength parameters of peat, organic soil and clay

Material type Data
Pre–2003

No. of Tests c� (kPa) φ�(deg)

Peat Mean 6 6 23
Range 0–18 19–25

Organic soil Mean 4 11 25
Range 8–12 21–27

Clay Mean 6 13 24
Range 4–29 10–32

Table 12. Void ratio of peat, organic soil and clay

Material type Data
Pre–2003 2003

Void ratio e0

Peat Mean 4.45 4.78
Range 0.66–11.61 0.66–9.80

Organic soil Mean 1.88 2.75
Range 0.54–3.74 0.78–6.76

Clay Mean 1.24 2.04
Range 0.48–2.61 1.57–3.38



7.4.2. Compression and recompression indices. The compression and recompres-
sion indices extracted from the consolidation testing for the soft soils are presented in
Table 13.

The compression indices as shown in Table 13 indicate that the compressibility of the
soft soils decreases from peat to organic soil to soft clay. The mean recompression index
is between 7% and 12% of the compression index.

7.4.3. Overconsolidation ratio. The overconsolidation ratios (OCRs) for the soft soils
as interpreted from the oedometer tests are presented in Table 14. The preconsolidation
pressure was determined from the oedometer tests.

The OCR for peat was generally between 0.4 and 7. The OCRs greater than 7 were
from peat samples collected from less than ½ m depth. These high pre-2003 values are
most likely due to effects of desiccation or variation of the water table. When these high
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Table 13. Compression and recompression indices of peat, organic soil and clay

Material type Data
Pre-2003 2003

Compression Recompression Compression Recompression 
index Cc index Cr index Cc index Cr

Peat Mean 0.310 0.027 0.470 0.034
Range 0.044–0.633 0.002–0.125 0.328–0.623 0.024–0.075

Organic soil Mean 0.211 0.022 0.186 0.017
Range 0.043–0.529 0.005–0.080 0.121–0.271 0.006–0.027

Clay Mean 0.147 0.018 – –
Range 0.048–0.310 0.003–0.046 – –

Note: No consolidation tests have been undertaken on soft clay samples for the 2003 investigation.

Table 14. OCR of peat, organic soil and clay

Material type Data
Pre–2003 2003

Overconsolidation ratio

Peat Mean 7.4 1.3
Range 0.3–80 0.7–2.5

Organic soil Mean 26.6 0.5
Range 0.3–600 0.3–0.6

Clay Mean 10.6 –
Range 0.2–120 –

Note: Only three consolidation tests were undertaken on the organic soil sam-
ples for the 2003 investigation. No consolidation tests have been under-
taken on soft clay samples for the 2003 investigation.



OCR values are removed, the mean OCR for the peat is 1.5 indicating that the peat is
generally normally consolidated or slightly overconsolidated.

The OCR for organic soil was generally between 0.5 and 7. The OCRs greater than 7
were from samples at shallow depths of less than 0.3 m. If these values are ignored, the
mean OCR for organic soil is 2.1.

The OCR for clay was generally between 0.5 and 10. The OCRs greater than 10 were
from samples at shallow depths of less than 0.6 m. If these values are removed, the mean
OCR for the soft clays is 3.5.

7.4.4. Coefficient of volume compressibility. The coefficient of volume compressibil-
ity, mv, extracted from the consolidation testing and the back-analysis findings are pre-
sented in Table 15.

In determining which laboratory mv value to use in the statistical analysis, the proposed
embankment heights were used to estimate the final loading at the test sample location and
the mv value corresponding to the expected final stress was chosen for the analysis. The
back-analysis of the monitoring data took into consideration the reduction of mv as the
height of the embankment increased.

The laboratory test results and the back-analysed mv values were plotted against verti-
cal stress as shown in Figure 4 for peat, organic soil and soft clay.

The back-analysed mv values for peat were in the range of 0.5–7.6 m2/MN and were
generally higher than that for organic soil (0.6–5 m2/MN) and clay (0.2–2.5 m2/MN), indi-
cating greater compressibility for peat than for organic soil and clay.

The lower and the upper bounds of the mv range assumed in the back-analyses for peat,
organic soil and clay are shown in Figure 5.

7.4.5. Coefficient of secondary consolidation. The modified secondary compression
indices, Cεα � Cα/(1�e0), for the soft soils have been calculated using the Cα values
derived from the laboratory testing and are tabulated in Table 16. 
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Table 15. Coefficient of volume compressibility of peat, organic soil and clay

Material type Data
Pre-2003 lab tests 2003 lab tests Back-analysis

Coefficient of volume compressibility
mv (m2/MN)

Peat Mean 2.24 2.67 N/A
Range 0.10–7.49 1.20–4.20 0.5–7.6

Organic soil Mean 1.20 0.94 N/A
Range 0.20–3.70 0.50–1.32 0.6–5.0

Clay Mean 0.68 — N/A
Range 0.10–1.60 — 0.2–2.5

Note: No consolidation tests have been undertaken on soft clay samples for the 2003 investigation.
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Figure 4. Coefficient of volume compressibility from consolidation testing and back-analysis for peat, organic
soil and soft clay.
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Figure 5. Lower- and upper-bound values of coefficient of volume compressibility from back-analysis along
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The data from the pre-2003 investigations appear to be questionable and are excluded
from the analysis.

Figure 6 shows the distribution of the back-analysed Cα /(1�e0) for peat, organic soil
and clay along the alignment.

The back-analysed Cα /(1�e0) values were generally in the range of 2–8% for peat,
1–4% for organic soil and 1–2% for soft clay. 

Figure 7 shows the relationship between the modified secondary compression index (from
back-analysis) and the natural water content for the peat, organic soil and clay of the CKE
project together with other published data. When assessing the range of values for the organic
soils, one MC result of 10% was excluded from the results due to its isolated extremity. The
Cα /(1�e0) for the CKE soft clays appear to be higher than that for other reported clays.

Laboratory oedometer tests with extended loading stages were undertaken in 2003 to
assess creep settlements in normally and overconsolidated soft soils. The test procedure gen-
erally consisted of stepped load increments and calculation of the corresponding void ratios.
At a loading stage approximately equal to the proposed embankment load, the loading was
held for an extended period (generally about 7 days) for the sample to consolidate well
beyond the completion of the primary consolidation stage, and hence well into the second-
ary compression stage. Thereafter, the loading was increased again as per the normal testing
procedure. During the unloading stage, the load was again held for an extended period at the
approximate proposed embankment load. The creep settlement for the overconsolidated
soils were found to be negligible compared with the normally consolidated soils.

The summary of the test results for normally consolidated soils under equivalent
embankment loads is presented in Table 17.

7.5. Hydraulic conductivity parameters
7.5.1. Coefficient of consolidation. The coefficients of consolidation, cv, for the soft
soils from laboratory testing and back-analysis are shown in Table 18.
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Table 16. Modified secondary compression index of peat, organic soil and clay from oedometer tests

Material type Data Lab testing 2003 Back-analysis

Modified secondary compression
index Cα / (1�e0) 

(%)

Peat Mean 4.06 —
Range 1.78–9.71 1–10

Organic soil Mean 2.96 —
Range 1.96–4.06 1–4

Clay Mean — —
Range — 0.5–2.5

Note: No consolidation tests were undertaken on soft clay samples for the 2003 investigation.



In determining which laboratory cv value to use in the statistical analysis, the proposed
embankment heights were used to estimate the final loading at the test sample location and
the cv value corresponding to the expected final stress was chosen for the analysis. These
laboratory test results and the back-analysed cv values were plotted against vertical stress
as shown in Figure 8.
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The back-analysis revealed that the cv values reduced as construction of the embank-
ment progressed. This is considered reasonable, and is consistent with research findings
(Mesri and Rokhsar, 1974).

In general, the cv values for peat were found to be between 2–20 m2/year and
1–10 m2/year for organic soil and 0.5–5 m2/year for clay. This suggests that the peat is
more permeable than the organic soil and clay.

Figure 8 indicates that the back-analysed cv values for the peat, organic soil and soft
clay are notably higher than that obtained from the laboratory testing. 
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Table 17. Secondary compression index for normally consolidated peat and organic soil

Chainage Sample depth Initial void Normally consolidated
ratio

Test pressure Cα Cα/(1�e0)
(m) (kPa) (%)

(a) Peat
1�240 4.1–4.6 3.82 100 0.100 2.07
1�950 3.0–3.5 7.96 100 0.547 6.10
2�285 3.8–4.2 6.13 100 0.201 2.82
11�845 7.1–7.6 5.67 120 0.123 1.84
12�350 6.4–7.0 5.74 120 0.655 9.72
PAC 04B 7.0–7.5 6.04 200 0.125 1.76
(b) Organic soil
0�425 4.5–5.0 2.86 200 0.076 1.97
7�800 4.0–4.6 3.53 120 0.184 4.06
12�130 8.9–9.5 2.45 80 0.069 2.00
19�505 8.5–9.0 1.58 120 0.098 3.80

Table 18. Coefficient of consolidation of peat, organic soil and clay

Material type Data
Pre-2003 lab tests 2003 lab tests Back-analysis

Coefficient of consolidation
cv (m2/year)

Peat Mean 1.69 3.21 N/A
Range 0.14–9.6 1.37–7.7 2–20

Organic soil Mean 1.57 2.35 N/A
Range 0.27–8.8 0.54–3.7 1–11

Clay Mean 2.02 — N/A
Range 0.44–7.1 — 0.1–10

Note: Four unusually high cv values in the range of 60–125 m2/year for peat obtained from the back-analysis
of settlement plate data at chainages 10�535 and 14�350 and four unusually high cv values in the
range of 25–400 m2/year for organic soil obtained from the back-analysis of settlement plate data at
chainages 9�550 and 10�535 have been excluded from the statistical analysis. No consolidation tests
have been undertaken on soft clay samples for the 2003 investigation.
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and clay.



The lower and the upper bounds of the cv range assumed in the back-analyses for peat,
organic soil and clay are shown in Figure 9.

7.5.2. Permeability. Table 19 presents the results of the rising head field permeability
tests undertaken in the 2003 investigation.

The field permeability test results indicate that the coefficient of permeability of peat is
in the order of 10�6–10�7 m/s. Tennekoon et al. (1993) quote coefficient of permeability
values ranging from 1�10�5 m/s for fibrous peats to 1�10�7 m/s for amorphous peats.

7.6. Performance of embankments over CKE soft soils 
The embankment monitoring data for the project provides an excellent source of informa-
tion on the performance of embankments constructed over soft soils encountered in and
around Colombo. Figure 10 shows the settlement along the alignment with the correspon-
ding fill thicknesses, where the unit weight of the compacted fill is assumed to be 17.4
kN/m3 based on the test results.

Figure 10 shows that at approximate chainage 2�000 total settlements of up to 7.5 m
have occurred for fill thicknesses of similar magnitude. In these areas, all fills placed have
settled to or below the original ground level. Around chainage 12�000 settlements of up
to 5 m have been recorded under various thicknesses of fill ranging from 4 to 9 m. As
shown in Figure 2, these areas have combined soft soil thicknesses of over 10 m.

Figure 11 shows the measured rates of creep settlement plotted on a logarithm of
timescale. Review of the results presented in Figure 11 indicates that the measured rates
of creep settlement ranged approximately between 10 and 750 mm/log time cycle with the
maximum value being recorded close to chainage 12�000.

The measured rates of creep settlements were used to predict the long-term settlements
over a 10 year period. These results are presented in Figure 12. The settlements predicted
for 10 years using the back-analysed Cα /(1�e0) values are also presented in Figure 12.

The predictions for the two sets of long-term settlements are comparable and show
large variation in residual settlement along the length of the route. Maximum predicted set-
tlement is 700 mm in 10 years.

8. CONCLUSION

The Colombo–Katunayake Expressway is a major highway project under construction in
Sri Lanka. Extensive geotechnical studies have been undertaken to assess ground condi-
tions of the expressway embankments that are founded over the very soft Colombo peats
and organic soils. The studies primarily consisted of geotechnical investigations, review of
the investigation results and back-analysis of the constructed embankment behaviour using
the field-monitoring data.
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Figure 9. Lower- and upper-bound values of coefficient of consolidation from back-analysis.



The investigation results provided bounded parameters that maybe used to assess the
behaviour of very soft peats, organic soils and clays encountered in Colombo. 

The monitoring data was used to derive soil parameters for the prediction of long-term
embankment performance. Back-analysis was carried out to simulate the actual conditions
as built so that “realistic” soil parameters could be derived. The rate (cv) and magnitude
(mv) of consolidation are dependent on fill height. However, these parameters only have a
role during the construction stage and have no influence on the long-term performance.

The results of the back-analysis show that both the mv and cv values reduced as con-
struction of the embankment progressed. This is considered reasonable, and is consistent
with research findings.

The field measurements spanned over a period of 300–700 days. Full consolidation was
mostly achieved followed by creep settlements. The settlement record demonstrates that the
creep settlement follows a straight line on the settlement vs. logarithm of time plot.

708 Chapter 24

Table 19. Field permeability test results from 2003 investigation

Location Depth Soil type Coefficient of
permeability k

(m) (m/s)

Ch 1�240 6.0–7.0 Peat 1.3 � 10�6

Ch 1�250 9.5–10.5 Peat 4.2 � 10�6

Ch 2�100 5.0–6.0 Peat 3.1 � 10�7

Ch 5�450 7.0–8.0 Peat 1.5 � 10�7

Ch 6�600 4.0–5.0 Peat 2.0 � 10�6
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APPENDIX

SUMMARY OF LABORATORY TEST RESULTS

The organic contents (Figures A.1–A.3), the dry unit weight & distribution (Figures
A.4–A.6), the moisture contents (Figures A.7–A.9), and the vane shear and UU test results
(Figures A.10–A.12) for peat, organic soil and soft clay, respectively, are presented here.
Notes:
(1) The y-axis in the histograms, labelled as “Frequency,” represents the number of labo-

ratory tests undertaken to assess the listed soil parameter.
(2) The values of the x-axis in the histograms stand for the upper bound of the range of

the data, i.e., the value of 30 in Figure A.1 includes the data range between 20 and 30. 
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Figure A.1. Organic content of peat from laboratory testing.
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Figure A.2. Organic content of organic soil from laboratory testing.



C
haracteristics of Soft Peats,O

rganic Soils and C
lays

713

PROJECT : Colombo Katunayake Expressway Optimisation Study

Parameters : Organic Content Mean 8.6 %
Material Type : Clay - Pre 2003 Investigation Std Dev 4.7 %

%Area / Location : All

Parameters : Organic Content
Material Type : Clay - 2003 Investigation
Area / Location : AllMin 3

Max

Mean
Std Dev
Min
Max20 %

Laboratory Test Results Laboratory Test Results

0

5

10

15

20

25

0 5 10 15 20 25 30 35 40

5 10 15 20 25 30 35 40 5 10 15 20 25 30 35 40 45 50

Organic Content (%) Organic Content (%)

D
ep

th
 (m

)

D
ep

th
 (m

)

Clay - Pre 2003 Investigation

0

1

2

3

4

5

6

Organic Content (%)

F
re

q
u

en
cy

F
re

q
u

en
cy

PROJECT : Colombo Katunayake Expressway Optimisation Study

9.4 %
8.3
3

%
%

48 %

0

5

10

15

20

25

0 10 20 30 40 50

0

2

4

6

8

10

12

14

16

Organic Content (%)

Clay - 2003 Investigation

Pre 2003 laboratory test results 2003 laboratory test results

Figure A.3. Organic content of clay from laboratory testing.
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Figure A.4. Dry unit weight of peat from laboratory testing.
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Figure A.5. Dry unit weight of organic soil from laboratory testing.
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Figure A.6. Dry unit weight of clay from laboratory testing.
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Figure A.7. MC of peat from laboratory testing.
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Figure A.8. MC of organic soil from laboratory testing.
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Figure A.9. MC of clay from laboratory testing.
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ABSTRACT

Loess consists essentially of silt-sized (typically 20–30 µm) primary quartz particles that
form as a result of high-energy earth-surface processes such as glacial grinding or cold cli-
mate weathering. These processes have resulted in the almost continuous deposit from the
North China plain to southeast England, for example, although it is possible to isolate five
major regions: North America, South America, Europe including western Russia, Central
Asia and China. These loess regions underlie highly populated areas and major infrastruc-
ture links, and are prone to collapse causing subsidence. The areas of most widespread con-
cern are concentrated in Eastern Europe and Russia and to a growing extent in China,
although serious problems of potential collapse exist wherever loess is found. Natural loess
typically has an open structure with a void ratio of 0.8–1.0 or more, and is found in three
main forms: sandy, silty or clayey loess. The primary quartz particles are held in this condi-
tion by bonding. These bonds break down progressively as increased stresses are applied at
the natural water content, but more importantly the structure undergoes immediate and con-
siderable collapse (up to about 15%) if saturated. The structure is therefore metastable in its
natural condition. Such collapse has resulted in catastrophic failures that, in some cases, have
caused considerable loss of life. More generally, they have proved enormously expensive in
countries such as China, the USA, Bulgaria and other eastern European countries, and no
less seriously, although less widespread, in countries such as the UK. This chapter will first
examine the nature and global distribution of loess, primarily focussing on the main hazards
associated with this material and its consequences to the built environment. The main objec-
tive of this chapter is to present the state of the knowledge associated with the improvement
of metastable loess soils, drawing on the considerable experience from eastern Europe, and
in particular Bulgaria. This will be achieved by considering three questions:

1. What makes the loess problem still significant?
2. What is new in the principle of treatment of the loess base?
3. Which of the methods now being applied seem promising for the future?
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Case histories, taken from Bulgaria, will be used to examine design and analysis, meas-
urement and post-treatment evaluation of ground improvement projects associated with
loess soils. This will highlight the challenges and methods that can be used to over-
come them.

1. INTRODUCTION

Loess covers approximately 10% of the landmass of the world, covering vast areas draped
from Western Europe to China, across North America and in regions across South America.
Other more localised deposits are found in many countries around the world, e.g. in Libya.
Loess, an aeolian quaternary deposit, is a predominately silt-sized material (mode 20 – 60
µm) with clays, carbonates and capillary water acting as bonding materials at the particle
junctions (Barden et al., 1973). It is these bonds that produce the open structure that makes
the soil susceptible to collapse upon the application of load and/or water; a process known
commonly as hydrocompaction or hydroconsolidation. This collapse can cause reduction
in volume by up to 15% (Waltham, 2002). This makes loess ground very problematical for
engineers and has made loess collapse responsible for many of the construction problems
related to shallow subsidence. Neglect of the various elements causing loess collapse has
in the past caused considerable problems to the built environment and other associated
works, such as the Teton dam collapse in 1976, in Idaho, USA (Smalley, 1992).

To understand the collapse process it is essential that knowledge of geomorphological
and geological controls be gained. From this a better understanding of engineering behav-
iour can be made, thus allowing an affective evaluation of collapse potential to be
achieved. This ultimately will inform the decision on what treatment techniques that can
be effectively employed for loess ground improvement. Some very metastable loess
ground, for example, collapses simply by wetting: a self-weight collapse. Such deposits
are typically found in the western parts of the former Soviet Union. Soils from this region
have in the past caused considerable geotechnical difficulties due to the lack of apprecia-
tion of collapse mechanism and the effective migration of this behaviour by foundation
engineers. The Atommash (atom machinery) factory foundation failure near Rostov,
Russia, is one such example, although there are many other examples that can be found
around the world (Jefferson et al., 2001).

Loess has been one of the soils to which a full range of methods of improvement have often
been applied. This is due to its collapsibility, extensive spread and the economic importance
to the territories which it occupies. As an illustration of this, Bulgaria, a small country (popu-
lation of 8.5 million, 110, 000 km2), has 30% of the population living on terrain covered by
loess, with 20% of the industrial and civil construction similarly located. The Kozloduy
Nuclear Power Plant, several thermal power stations, high TV towers, and a great number of
industrial, hydro-engineering and irrigation facilities have been built on collapsible loess soils.



Approximate estimates places the damage resulting from loess collapsibility in Bulgaria over
recent decades to more than US$100 millions (Minkov, 1993). It is precisely the losses
brought about by the collapse of loess that have provoked geotechnical engineering to engage
in the intensive development of numerous methods of combating this hazardous phenomenon.
Thus, loess collapse can be seen to be a major geotechnical hazard to the built environment,
not so much in terms of potential loss of life but in terms of financial losses, often occurring
in the poorer regions of the world. 

The main objective of this chapter is to present an overview of the various methods that
can be used to treat loess ground and illustrate these methods with reference to experiences
from Eastern Europe, specifically to Bulgaria. This will allow the key lessons learnt from
a country often blighted by loess collapse to be discussed in the context of effective treat-
ment. The ultimate aim is to use the Bulgarian experience to answer the following key
questions:

1. What makes the loess problem still significant?
2. What is new in the principle of treatment of the loess base?
3. Which of the methods now being applied seem promising for the future?

Both the loess problem as a whole and the answers to the questions raised should be
discussed. However, the dynamism of our time makes all forecasts hazardous. Approaches,
new in principle, may possibly come to the fore in the foreseeable future, along with the
other so far familiar methods and technologies for loess improvement.

2. LOESS AS A COLLAPSIBLE SOIL

First it is important to understand what makes loess collapsible and hence a problematical
soil. Collapsible soils have been defined as soils in which the major structural units are
arranged in an open metastable packing, which may become more stable with important
geotechnical consequences. From this it is clear to see that given the correct fabric collapse
can occur.

It is therefore necessary to understand the process of collapse if problems associated
with collapsible soils are to be avoided or mitigated. However, there are a number of soil
deposits that are collapsible as a result of depositional history and are prone to exist in a
metastable state. These are illustrated in Figure 1.

Rogers (1995), Lin (1995), Bell and de Bruyn (1997) and Houston et al. (2001) discuss
in detail the various forms of collapsible soils found across the globe. Probably the most
commonly encountered of these are loess and construction fill. However, there are many
examples around the world of soils that collapse under load, typically with the addition of
water.
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Rogers (1995) amongst others have discussed the various properties associated with
collapsible soils. The key question is why should it be that any soil can exhibit a collapse
potential? This is because certain properties inherent within the soil must be present for
collapse to be possible. Typical features that are found with most collapsible soils include:

● an open metastable structure
● a high voids ratio and low dry density
● a high porosity
● a geologically young or recently altered deposit
● a deposit of high sensitivity
● a soil with inherent low interparticle bond strength.

Loess meets all of these conditions through the geomorphological and geological con-
trols on its formation. Loess consists essentially of silt-sized (typically 20–30 µm) primary
quartz particles that form as a result of high-energy earth-surface processes such as glacial
grinding or cold climate weathering, typically during the Quaternary. The key provenance-
transportation–deposition sequence produces an open metastable structure of relatively
high void ratio (Sun, 2002; Jefferson et al., 2003a), which can subsequently collapse.
Typically, the collapse of loess soils results in a change of void ratio from a precollapse
value of around 1.0 to a post-collapse value of 0.5 (Dibben et al., 1998).

Various interparticle bonding mechanisms can generate open structure and these include
interparticle suctions, clay or carbonate cementation between primary soil particles. This
bonding allows the open structure to be maintained and produces a material that can be con-
sidered almost a soft rock in its precollapsed state. However, the interparticle bond strength
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Figure 1. Classification of collapsible soils (after Rogers, 1995).



is relatively weak and collapse can readily occur. Often, collapse is triggered by an increase
in load (loaded collapse) or wetting (self weight or unloaded collapse), but more typically
in combination. Increases in load can be construction related or can be as a result of earth-
quakes. An earthquake triggered collapse was one of the world’s greatest natural disasters
with some 230,000 people killed in China as a result of landslides in the collapsing loess
soils (Derbyshire et al., 2000). Wetting, or more often increases in the degree of saturation,
will weaken interparticle bonds allowing soil particles to pack more closely together. Given
that either the addition of water or load can significantly reduce or even remove the col-
lapsibility of a soil, then a number of possible treatment strategies can be used.

Clearly, it is essential to appreciate fully how the behaviour of loess is geomorpholog-
ically and geological controlled. Many researchers have demonstrated strong correlations
with collapsibility (Lin, 1995) together with work to understand the geotechnical conse-
quences of the various geomorphological controls of loess soils (Wright, 2001; Jefferson
et al., 2003a)

What is important to the ground improvement engineer is how these soils can collapse
and what can be done to avoid or lessen collapse. To do this, it is essential that engineers
are able to recognise where these soils occur, requiring a full site investigation at the ear-
liest possible stage of the construction process.

3. IDENTIFICATION AND CHARACTERISATION

It is increasingly apparent that engineers commonly mistake or simply do not recognise the
presence of, loess. Current standards relating to soil field description used by engineers are
tending to group all fine material (silts and clays) together under a common descriptor.
While there are practical reasons for this, such groupings potentially reduce the effective-
ness of engineers to identify silty materials like loess. Moreover, even though a consider-
able database of knowledge exists, much of this work tends to be lost due to the use of
formats and terms unfamiliar to engineers, or simply suffers from language barriers
(Jefferson et al., 2003b).

Before any ground improvement techniques can be properly evaluated and the choices
rationalised, a full understanding of the collapse potential of loess soils must be gained.
Houston and Houston (1997) and Houston et al. (2001) provide an excellent overview of
the key aspects associated with the identification and characterisation of collapsible loess
soils. When characterising a collapsible soil, Houston et al. (2001) suggest the following
stages be undertaken:

(1) geological reconnaissance
(2) use of indirect correlations
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(3) laboratory testing
(4) field testing.

Various collapse coefficients have been produced, which include ever more parame-
ters, e.g. Fujun et al. (1998). However, these seem unnecessarily complex and the tradi-
tional collapse potential, for example like the one described by Clemence and Finbarr
(1981), are better due to their relative simplicity. From this and many other similar corre-
lations it is possible to assess qualitatively the collapse potential of a loess soil. However,
many of the correlations available have met with only moderate success (Houston 
et al., 2001).

The most effective method to access collapsibility is through collapse tests. The true
collapse potential is traditionally measured using double and single oedometer tests. The
amount of collapse strain produced when the test specimen is flooded under a given pres-
sure indicates a sample’s susceptibility to collapse. However, traditional oedometer tests
suffer from sample disturbance effects and often reach saturations not commonly encoun-
tered in the field (Houston et al., 2001). Thus, at best traditional oedometer collapse tests
should be considered index tests and for full collapse evaluation a field trial should be con-
ducted. Field methods include plate loading tests and, more recently, pressuremeter tests
have been used to determine collapse potential (Schnaid et al., 2004). Care is needed to
ensure uniformity of stress state in the collapse region. This is often the main disadvan-
tage with in situ collapse tests and has led a number of researchers to develop more sen-
sitive test methodologies. Handy (1995), for example, devised a stepped blade method to
evaluate lateral stress changes. Houston et al. (1995) (down hole plate tests) and
Mahmoud et al. (1995) (box-plate load tests) both developed a method to determine
response to wetting. More recently, with the improvements in technology, geophysical
approaches have been advanced as a method to determine collapse potential (Evans 
et al., 2004).

An important aspect with any field evaluation is the number of tests needed to charac-
terise adequately the collapse potential of a loess soil. Houston et al. (2001) discuss sta-
tistical approaches developed to evaluate the minimum number of tests required to
satisfactory characterise a site and its collapse potential.

4. ASSESSMENT OF WETTING

The most challenging task for collapsible soils engineering and improvement is the assess-
ment of wetting extent and degree of potential future wetting. Loess soils are often asso-
ciated with arid or semi-arid environments, where loess soils have not been wetted to any
significant depth. Even with loess deposits found in more humid environments, the
deposits are often situated where significant wetting at depth has not occur, or only partial
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saturation has occurred, rendering the loess deposit still partially collapsible (Northmore
et al., 1996; Tye et al., 2000). Infrastructure development is an important way in which
loess soils can be wetted, resulting in the potential to cause collapse. These sources often
include (Schwartz, 1985; Houston and Houston, 1997):

(1) broken water mains
(2) landscape irrigation
(3) intentional or unintentional elevation of groundwater
(4) damming due to construction
(5) moisture migration due to capillarity.

An example of the effects of urbanization and associated landscaping was a commer-
cial building, which after winning the city’s most beautiful lawn and landscaping award,
suffered US$0.5 million foundation damage due to soil collapse that had in places reached
a depth of 15 m (Houston et al., 2001).

Clearly an assessment of the extent and degree of wetting is essential to determine col-
lapse potential, and the scope and requirements for any treatment process. Many practi-
tioners tend to be conservative and assume the degree of wetting equates to 100%,
particularly if the collapsible zone is near to the surface and does not extend too deeply
(Houston and Houston, 1997). However, this is not often the case with saturation only
reaching between 50% and 70%, particularly when downward infiltration occurs, meaning
the additional costs associated with such a conservative assumption may not be warranted.
Full wetting of a collapsible soil would only be expected with rising ground water. Lawton
et al. (1992) and others have demonstrated that partial saturation will first trigger partial
collapse, with full collapse occurring at saturation values as low as 60% (Houston et al.,
2001; Miller, 2002).

Wetting effects can be modelled using unsaturated stress state variables: net normal
stress (σ � ua) and matric suction (ua � uw). The matric suction changes during wetting can
be indicated by soil water characteristic curves (SWCCs). When matric suction reduces
(with increased degree of saturation) under load, compression occurs and shear strength
reduces in collapsible loess soils. Houston et al. (2001) provide a range of SWCCs for col-
lapsible loess soils from around the world. Overall, it is clear that assessment of the extent
and degree of wetting is the most difficult part of collapsibility assessment.

5. MITIGATION AND SITE IMPROVEMENT

A wide variety of improvement processes exist for collapsible soils. Some of the more
exotic ones have only been tried at an experimental stage. Minkov et al. (1981), Evstatiev
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(1988) and Houston et al. (2001) provide an excellent overview of a range of possible
treatment techniques used to improve collapsible loess soils. Reference is made in partic-
ular to experience from Eastern Europe, especially Russia, e.g. Abelev (1975), Lutenegger
(1986), Ryzhov (1989), Evstatiev (1995) and Evstatiev et al. (2002). Deng (1991), Wang,
(1991), Zhong (1991), Zhai et al. (1991), Fujun et al. (1998) and Gao et al. (2004) amongst
others allow insights into treatment techniques commonly employed in China, while
researchers like Clemence and Finbarr (1981), Rollins and Rogers (1994), Rollins and
Kim (1994), Pengelly et al. (1997), Houston and Houston (1997), Rollins et al. (1998) and
Houston et al. (2001) provide reviews of ground improvement approaches used to treat
collapsible soils such as loess in North America. What is apparent is that there is little
cross-reference amongst these three main groups. This is partly cultural and partly lin-
guistic, but consequently there are considerable databases of knowledge that remain
untapped. Table 1 provides an overview of techniques that can be used to treat loess ground
and reduce/remove its collapse potential.
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Table 1. Methods of treating collapsible loess ground

Depth (m) Treatment method Comments

0–1.5 Surface compaction via vibratory Economical but requires careful site control,
rollers, light tampers e.g. limits on water content

Prewetting (inundation) Can eliminate thicker deposits but needs
large volumes of water and time

Vibrofloation Needs careful site control 
1.5–10 m Vibrocompaction (Stone columns, Cheaper than conventional piles but requires

concrete columns, encased careful site control and assessment.
stone columns) If uncased, stone columns may fail 

with loss of lateral support on collapse.
Dynamic compaction, rapid Simple and easily understood but requires

impact compaction care with water content and vibrations 
produced

Explosions Safety issues need to be addressed
Compaction pile Needs careful site control
Grouting Flexible but may adversely affect the

environment
Ponding/inundation/prewetting Difficult to control effectiveness of 

compaction produced
Soil mixing Lime/Cement Convenient and strength gains with time. 

Various environmental and safety aspects,
and the chemical control on reactions 
need to be assessed

Heat treatment Expensive
Chemical methods Flexible, relatively expensive

Over 10 m As for 1.5–10 m, though some (see above) High bearing capacity 
techniques may have a limited but expensive
effect. Pile Foundations



Table 1 is an attempt to draw together a generic overview of possible mitigation tech-
niques with specific reference to depth of effective treatment. There are range of possible
methods which may be used in the future. These include the use of ultrasonics to vibrate
the soil, destroying the interparticle bonds and allowing self-weight densification to occur.
Other possibilities include the use of electrochemical treatment or grout to fill the voids
(Evstatiev et al. 2002).

It is very common to find bands of clayey material within a loess deposit, called
palaeosols, which are used as indicators of climate changes. However, it still uncertain
what role these bands will play in the overall behaviour of the loess mass. It is likely that
they will act as planes of weakness. What is certain, though, is that the presence of these
bands will affect the effectiveness of any method used to treat a loess soil. For example,
these bands will affect the transmission of compactive energy and the route taken by sta-
bilising fluids through the soil.

Clearly in some cases avoidance through relocation of site, designing settlement resist-
ant foundations, and removal of collapsible material are all options. Litigation costs are
increasingly an important issue when treating loess soils and this often drives the method
chosen, particularly at shallower depth. For example, Lawton et al. (1992) cite costs of
US$100 million in North America. Thus, removal is often deemed the least risky in the
absence of any prior alternative treatment examples. This has the effect of increasingly
restricting the development of innovative treatment methodologies, and pushes research
and development towards increasing certainty of designs for existing methods. However,
whatever method is used the risks associated with the chosen methods must also be con-
sidered. This will become increasingly important across the world as both financial and
health and safety aspects become more important, as they have to a large extent in Western
Europe and North America.

Ultimately the best technique depends on several factors (after Houston et al., 2001):

(1) when collapsible loess soil was discovered
(2) how stress is to be applied to soil
(3) the depth and extent of the collapsible zone
(4) sources of wetting
(5) costs.

What is considered shallow and deep depends upon several factors and varies according
to the approach taken by the engineer, i.e. wetting will not extend beyond a shallow depth
or where the deposit itself is shallow (a few metres thick). The method depends on whether
it is to be applied before or after construction has taken place. Post-construction treatment
typically involves some form of chemical stabilisation, typically grouting, or some alterna-
tive form of underpinning, both of which can prove expensive. An alternative proposed by
Houston et al. (2001) involves controlled differential wetting via separately controllable
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trenches, built around the foundation slab. These were used to tilt a structure in a controlled
way. Initial trials demonstrated that it was possible to re-level the foundation, thereby elim-
inating any future collapse potential, and that its control was relatively straightforward
allowing site owners to control flow rates from each trench. This technique has proved
potentially a viable method to controlled post-construction collapsibility akin to the suc-
cessful treatment of the Leaning Tower of Pisa (Waltham, 2002). However, as yet there are
few directly relevant precedents and this could limit its take up until further proven.

The various methods used require both a detailed assessment of the treatment technique
and of the soil itself. To illustrate this, case histories drawn from experiences in Bulgaria
will be used. This necessitates first establishing the collapsible nature of the loess in
Bulgaria and then an examination of treatment approaches used. From this the potential
lessons for future treatment of collapsible loess soils will be drawn out.

6. PROPERTRIES AND FORMATION OF BULGARIAN LOESS

In Bulgaria, loess cover is almost continuous and spreads over about 9800 km2 of the
Danubian plain (see Figure 2). It was formed during the Pleistocene and has an aeolian
genesis. 

Figure 3 shows the variation of clay particles content (�0.005 mm) in the loess massifs
of North Bulgaria, suggesting that the transfer of the loess particles was from two direc-
tions – northwest and northeast (Minkov, 1968). The main sources of the loess material
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Figure 2. Loess cover in Bulgaria (after Evstatiev et al., 2000).



from the first direction are the Danubian sediments deposited on the huge river terraces in
the Valachian plain during the pluvial periods, when the river flooded large parts of this
plain with thick loamy materials. Subsequently these deposits were blown to the southeast
direction. A similar process transferred loess particles from the northeast direction from the
deposits associated with the rivers in the Ukraine.

The loess cover near the Danube River has a thickness of 40–60 m and it becomes grad-
ually thinner (up to several meters) to the south direction (see Figure 4). Associated with
these deposits are eight loess horizons (L1–L8) banded by fossil soils (or palaeosols) of a
more clayey and carbonate-rich nature.

6.1. Composition and index properties 
The horizontal and vertical variability is a characteristic feature of Bulgarian loess. At
a short distance (about 20–25 km) to the south of the Danube river, the loess is trans-
formed from loess-like sand through silty loess into clayey loess, and further to the
south into loess-like clays. The composition and properties of loess in these negative
relief forms differ substantially from those of the loess in the plateau. The vertical het-
erogeneity of loess is interrupted with the presence of palaeosol horizons at certain
depths.

The dominating component in the mineral composition of the sandy and silty fractions
of loess is the quartz – its content is usually more than 60–70% which determines the low
water retaining capacity of loess; generally the moisture content is 10–17%. Other miner-
als in these fractions are carbonates, micas and feldspars. The minerals illite and montmo-
rillonite are dominant in the clayey fraction. The total carbonate quantity of loess varies
widely, from 3–4% to 30%, amounting to about 15% on average for sandy loess; 15–17%
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Bulgaria (after Minkov, 1968). Arrows 1 and 2 show the prevailing depositional direction.



for silty loess; and 13–14% for the clayey loess. The quantity of water-soluble salts in the
loess of North Bulgaria is characterized by low carbonate type salinity. The pH values of
loess change from 7.1 to 9.6, a slight decrease being observed in the direction from the
north to the south (Evstatiev et al., 2000).

Characteristic values of some index parameters of the major loess varieties in Bulgaria
are shown in Table 2. A basic feature of the grain-size distribution is a gradual increase of
the clay content (�0.005 mm) in the direction to the south of the Danube river. Sandy loess
is found at the bank and it is transformed at a distance of only 2–3 km into silty loess (clay
content up to 20%), turning into clayey loess, (clay content up to 30%) at a distance of
8–12 km. This transition is observed at greater distances in the central and especially in the
eastern part of the plain. The other regular feature is the increase of the clayey fraction con-
tent and a decrease of the sandy fraction content in the direction from the west to the east
along the Danubian bank.

6.2. Collapsibility and permeability
The loess in Bulgaria has been classified into two groups depending on the value of the
total unloaded collapsibility ΣIcγ . The first group were ΣIcγ �5 cm and the second group
were ΣIcγ �5 cm. Using this North Bulgaria has been classified into five regions. The ter-
rain with collapsibility ΣIcγ �5 cm predominates. The grounds with ΣIcγ �75 cm cover
4–5% of the loess territory. The maximum collapse settlement established under irrigation
canals has been found to be 170 cm. Accordingly, collapsibility of the Bulgarian loess is
an example of an intermediate case between the “warm” loess in arid regions where ΣIcγ
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Figure 4. Thickness (m) of loess in North Bulgaria (after Minkov, 1968).



is up to 200–300 cm, as distinct other regions which exhibit loaded collapse only. It is
important to note that the values of ΣIcγ estimated on the basis of laboratory tests are higher
in comparison with the data obtained from large trial pits in situ (Minkov et al., 1977).

The permeability is the other unfavourable property of loess. In the top 7–8 m the infil-
tration in the vertical direction is greater than in the horizontal direction. The coefficient of
permeability kf varies from 3.5–4.0�10�5 m/s for the loess-like sand to 1.0–4.0 � 10�6 m/s
for the loess-like clay.

From the practical point of view, the ratio between the stress–strain oedometric modu-
lus Es and the plate loading modulus Ep is important. It was found that Ep/Es � 2.5–3.5
depending on the loess type (Minkov et al., 1977). The Ep modulus of the upper part of the
silty loess is about 13–15 MPa increasing in depth to 20 MPa. The Poisson’s ratio is 0.3.

7. MAIN PRINCIPLES OF COLLAPSIBLE LOESS TREATMENT

Eastern Europe has adopted the Russian division of collapsible loess, which places the
loess into two types:

● Type I mainly loaded collapsibility (collapse deformation under overburden pressure
of δn � 5 cm).

● Type II with mainly unloaded collapsibility (δn � 5 cm).

Type I loess is usually of small thickness (shown in Figure 5). It contains one or two
palaeosols. Collapse occurs after the foundation stress exceeds a certain critical stress
pi,coll. This critical stress can be determined by laboratory oedometer tests, although better
quality data are obtained from collapsed foundations in the studied area.

Type II loess has greater thickness – up to 50 m or more. Figure 5 shows a typical case
of a Danubian terrace, with a deposition of loess of about 20 m. In this case three loess
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Table 2. Characteristic values of the index parameters of loess varieties (horizons L1 and L2) in North Bulgaria

Loess variety Particle size distribution Plasticity Moisture Dry Porosity Degree of 
mm index content density saturation

�0.05 0.05–0.005 �0.005 IP Wn ρd n Sr

% % % % % g/cm3 % –

Loess-like sand 80–85 10–20 3–5 3.6 9.0–11.0 1.40–1.44 46–47 0.25
Sandy loess 10–40 50–70 4–10 6.4 10.5–12.0 1.39–1.42 45–48 0.30
Silty loess 10–30 60–80 10–20 9.5 12.0–17.0 1.35–1.39 48–55 0.45
Clayey loess 10–20 40–70 20–30 17.1 15.0–21.0 1.44–1.47 43–48 0.55
Loess-like clay 5–10 35–60 30–40 23.2 20.0–25.0 1.50–1.55 41–44 0.70



horizons are separated by two palaeosols. In Type II loess (see Figure 5), three zones can
be distinguished:

● Upper zone A – with no unloaded collapsibility but with potential loaded collapsibility.
● Middle zone B – with unloaded collapsibility.
● Lower uncollapsible (or collapsed) zone C.

Loess in zone C has previously collapsed under overburden pressure. Loess in the
upper zone (zone A) exhibits no unloaded collapsibility, since here the overburden pres-
sure is small. However, it can be collapsible under an additional load. In zone B, unloaded
collapsibility occurs and it contains thicker loess horizons with lower density, higher
porosity (i.e. n � 50%) and has a higher silt content.

The exact determination of the loess type, however, is very difficult. Numerous inves-
tigations carried out in Bulgaria have proved that δn cannot be established by laboratory
data alone. The type of loess has been successfully determined by in situ ponding tests.
Observations of collapse of irrigation facilities are particularly useful in this respect. The
final decision on what loess type exists should take into consideration oedometric test data,
loess thickness, porosity and moisture content, the ponding test (if available) and infor-
mation on collapse of adjacent terrains and constructions.

A dominant design process adopted in Bulgaria in the past has been to avoid collapse
by constructive measures only, i.e. by the reinforcement of structural elements, the proper
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Figure 5. Type of collapsible loess soils. RS – recent soil; L1, L2, L3 – loess horizons; PS1, PS2 – palaeosols; 
Cz – carbonate zone; Cl – clay layer; Upper zone A – with no unloaded collapsibility; Middle zone B – with 

unloaded collapsibility; Lower uncollapsible zone C.



choice of foundations, and prevention of water losses in water mains and sewerage.
However, collapse of a great number of buildings has proved the inconsistency of this
approach and the necessity for the elimination of loess collapsibility before starting 
construction.

It has been proposed that Type I and Type II loess bases should be divided into subtypes
according to their thickness (Evstatiev, 1995). Minkov (1993) suggested the inclusion of
one more type of loess base: Type 0, which is characterised by a high natural water con-
tent. This over-moistened loess does not collapse, but it is susceptible to considerable set-
tlement under additional loading.

The aim of collapse preventive methods for the Type I loess is to reduce the stress trans-
ferred to the soil base to values smaller than pi,coll.. Methods most commonly applied for
this purpose are: widening of the spread footings or their substitution by a reinforced con-
crete slab; compaction of the loess base by heavy tamping; partial substitution of the col-
lapsible base by a soil–cement cushion; compaction with short pyramid-shaped concrete
piles, etc. Another possibility has been developed, which uses tamped reinforced piles.
However, these piles are expensive and it has proved difficult to drive the piles into the
loess consistently. Figure 6 illustrates some of these methods.

Collapse prevention for Type II loess is considerable more difficult, some examples of
which are illustrated in Figure 7. One possibility is to transform a Type II base into a Type
I loess base using such methods as moistening combined with deep borehole blasting.
Another possibility suggested is to compact the loess by means of soil piles; to deepen the
excavation for the foundation; apply very heavy tamping with different kinds of
soil–cement cushions to substitute at least the upper most collapsible layer of loess; use of
jet grouting; deep-cement mixing; and silicate grout injection.
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The following methods have been used in cases when collapsing loess damages exist-
ing buildings: silicate grout injection (silicatisation), jet-grouting, underpinning by root
piles (pali radici), squeeze grouting (injection by “tube a manchettes”) and stabilisation by
in-depth heating. 

7.1. Methods for pre-construction elimination of collapsibility
Included in this group are the methods most widely applied in pre-construction com-
paction, strengthening, draining or desiccation of the loess. Their application is much eas-
ier and much more economical than the second group of methods (see Section 7.2), which
typically have to be applied in the restricted conditions of existing buildings, often in cel-
lars. Pre-construction methods protect buildings not only against loess collapse and settle-
ment, but in some cases also against the destructive impact of seismic forces. That is why
their application is mandatory in some Eastern European countries, such as Bulgaria.

7.1.1. Compaction by heavy tamping. This method was first applied in the 1930s in
Russia (Abelev, 1975). Since World War II, it has been used in almost all countries that
build on loess soils. Initially, the weight of the tamper was typically 2.5–3.0 tonnes, but now
it has been increased to 15–20 tonnes and typically achieves a compaction depth of up to 4
m (Minkov et al., 1980). The best results have been obtained in loess with a degree of sat-
uration between 35% and 60%. There are cases where heavy tamping has not produced the
expected results. This is due either to the higher than optimum water content of the soil (cf.
Rollins et al., 1998) or the existence of palaeosols in the loess, containing carbonates that
can prove very difficult to compact (Minkov et al., 1980). 
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Figure 7. Main decisions for second type loess soils, δn � 5 cm.



Owing to its simplicity, this method is expected to be more extensively applied in the
future, particularly as this method is especially applicable to both Type I and Type II loess
soils. This is especially true if the collapsible zone B (Figure 5) is not very thick (Minkov
et al., 1980).

7.1.2. Compaction by soil piles. This method has been applied in Russia since 1934.
Currently, percussion drilling machines are used with heavy rods. The percussion drill, of
diameter of 50–60 cm, has typically 30° cone-shaped ends. Boreholes up to 15 m long are
dug around which a compacted zone is produced with a diameter of up to 1.5 m. The holes
are filled with loess, which is compacted in 100–200 kg proportions. The compaction can
be achieved by driving in various shapes of reinforced concrete piles. These are subse-
quently taken out and the holes filled with concrete, compacted soil or a soil–cement mix-
ture (Krutov, 1982; Grigoryan, 1984). In Bulgaria tests have been carried out trying to
improve compaction by soil piles. This has involved the use of a linear blasting charge.
After the charge has been placed, the hole is filled with silicate solution. Then the explo-
sion is initiated, which produces an opening with a diameter of up to 0.8 m, whose walls
are impregnated with silicate grout. The opening is then filled with plastic soil–cement
mixture (Evstatiev and Angelova, 1993).

Soil piles have been successfully used in the foundation works for many projects in
Bulgaria including industrial, housing and administrative buildings, and their use has been
shown to very effective in treating Type II loess (Litvinov, 1974; Abelev, 1975; Krutov, 1982).

7.1.3. Compaction by short pyramidal piles. This method has been in use since 1965
in the former Soviet Union. It most frequently consists of driving a concrete pile (3–4 m
long with a cross-section of 60�60 cm to 70�70 cm in the upper part, and 10�10 cm in
the lower part) into the ground. A compacted zone is formed along the length of the pile,
which in turn carries most of the imposed foundation load.

The method produces the best results in Type I loess soils. An important advantage of
this method is the complete mechanisation of the operations. It has been successfully used
in Russia, the Ukraine and in Bulgaria in foundation works of hundreds of buildings typi-
cally up to 9 storeys high (Grigoryan, 1984). A variation of this method consists of com-
paction by ribbed foundations. Various kinds of foundations have been designed to
compact the loess utilising the action of a building’s self-weight. These foundations con-
tain elongations in the shape of ribs, cotters, pyramids, etc. Experiments started in 1962 in
the Ukraine, and this method has now been used successfully in the foundation of housing
and farm buildings across eastern Europe (Anan’ev, 1976).

7.1.4. Foundation cushions. In eastern European three types of foundation cushions
have been used: cohesive soil cushions, sand and gravel cushions and soil–cement cush-
ions. All these cushions can treat Type I loess soils. The choice of the cushion depends
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mainly on the foundation loading and the collapse potential of the soil. The soil–cement
cushions are common only in Bulgaria.

(1) Cohesive soil cushion: Local compacted loess soil is usually used, although soil
cushions have been made out of compacted clay. The thickness of the cushion is normally
1–2 m. When the collapsible layer is thicker, the soil cushion can be combined with com-
paction by a heavy tamper. There are also cases when the soil cushion does not achieve its
purpose and failures have occurred. This is due to inappropriate application to Type II loess
soils, or to the poor quality of its construction. Moreover, soil compaction has proved to
be difficult on a small building site and during prolonged periods of rainfall.

(2) Sand and gravel cushion: Sand and gravel cushions have been successfully used in
Ukraine (Golubkov, 1976) and in Romania (Bally, 1988). When the thickness of the loess
is not great, it is possible to increase the load of the foundation. It has also been used in
combination with compaction by heavy tamping (Krutov et al., 1985).

(3) Soil–cement cushion: Soil–cement cushions have been widely used in foundation
works on collapsible loess soils in Bulgaria (Minkov et al., 1981; Evstatiev and Angelova,
1993). More than 100 buildings and other installations have been constructed on
soil–cement cushions including Kozloduy NPP, industrial and power installations, high TV
towers, residential and administrative buildings. The total volume of soil–cement cushions
in Bulgaria is more than 500,000 m3. The soil–cement cushion is built using loess from the
construction site itself, mixed normally with 3–7% Portland cement and compacted in lay-
ers of 15–20 cm at the optimum water content until the attainment of maximum dry den-
sity. The thickness of the cushion is usually 1.0–1.5 m. A modulus of total deformation of
80–120 MPa is typically achieved and in addition imposed stresses are redistributed onto
a larger area, hence reducing the overall settlement risk.

Extensive research has been carried out in connection with the widespread application
of soil–cement cushions in the construction of a number of major facilities. This has elu-
cidated the deformation behaviour of these cushions (Stefanoff et al., 1983) and the
processes responsible for the formation of the strength in the soil–cement cushion
(Angelova and Evstatiev, 1990). The soil–cement cushion can be used in Type I loess soil,
and for Type II loess soils if used in combination with heavy tamping (Minkov et al.,
1980).

What is necessary to secure the further development of soil–cement cushions and
screens during the coming decades is to improve the technology of soil disintegration,
mixing and compaction of the mixture. To date, road-building and other machinery has
been used; however, these have proved difficult to operate particularly in the restricted area
of a confined building site.

7.1.5. Compaction by ponding. This method utilises the natural susceptibility of loess
to collapse after wetting when under overburden pressure. This method was first applied in
1914–1915 in the Golodnaiya Steppe in Russia, and ever since it has been used in many
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countries. In the Ukraine hundreds of foundation sites have been treated in this way
(Anan’ev, 1976; Voronkevich, 1981). Since the end of World War II it has been applied in
Romania (Beles et al., 1969), in Bulgaria (Minkov and Evstatiev, 1975) and elsewhere.
Wetting is usually applied to a shallow excavation, where a constant water level is main-
tained for several weeks or months until the collapse deformations have ceased. Vertical
sand drains can accelerate densification, especially if water is fed into them under pressure.

This is the most cost-efficient of all the existing methods of compaction of very thick
loess deposits, but its application gives rise to some difficulties. Problems include: eco-
logical consequences, the existence of slow post-collapse deformations, which can signif-
icantly delay construction works, and the spread of water to fissures beyond the compacted
areas, which can in turn threaten the existing structures. The topmost 5–6 m of loess
remains uncompacted and therefore additional heavy tamping may become necessary. The
effectiveness of the method is significantly improved by combining wetting with the appli-
cation of dynamic energy by blasting or different vibration techniques.

7.1.6. Compaction by moistening and explosions. This method has two variants. In
the first, under-water blasting is used after wetting using ponds; in the second, deep bore-
hole explosions are used.

(1) Compaction by ponding and surface blasting. This method has been used in water
irrigation and hydropower construction in the former Soviet Union and in Bulgaria
(Minkov and Evstatiev, l975; Askarov et al., 1981). After ponding of the base, linear
charges are placed on the bottom of the water basin. The explosions are set off with a water
layer usually more than 1 m high, acting as a control weight. The result is a faster and
higher degree of compaction.

(2) Compaction by moistening and deep explosions. This method was developed in the
Ukraine in the early 1960s (Litvinov, 1977). Loess is wetted with drain boreholes situated at
a distance of 3–5 m from each other. A metal pipe with a widening in the lower part is sunk
in additional boreholes or by using the existing drain boreholes. Then 5–7 kg of explosives
are put in it. After wetting of the loess, the explosives placed in several boreholes are simul-
taneously set off. The powerful blast causes the loess structure to break, resulting in a quick
collapse reaching up to 2 m. The enormous quantity of gas set free during the blast also con-
tributes to the rapid compaction. In built-up areas, deep narrow trenches surrounding the
compacted site are used in order to avoid the propagation of fissures. When this method is
used, loess is compacted within only a few weeks, with less water being used. The density
achieved is much greater than during common wetting. The method has been used on a num-
ber of industrial and urban sites in the Ukraine and Russia. In Bulgaria it has been applied
to high-rise housing foundations (Donchev, 1980) and to irrigation construction (Donchev
and Karastanev, 1994). This method has proved very cost-effective and generally effective
in eliminating collapse, although considerable settlement has been measured during con-
struction in some high-rise buildings in Bulgaria when construction has taken place directly

Treatment of Metastable Loess Soils: Lessons from Eastern Europe 741



after the completion of compaction. In addition, in earthquake prone areas there are addi-
tional risks of liquefying the loess where it has been saturated for long periods.

This approach has considerable benefits and will in the coming decades be used more
due to its applicability when treating large areas of collapsing loess soils such as in water
irrigation and hydropower construction.

7.1.7. Deep mixing method. Piles of soil–cement are built by mixing loess with
cement. While the drill blade penetrates the soils, a certain quantity of water is fed into the
loess liquefying it. Then as the drill is withdrawn upwards, a cement suspension is fed in.
Even distribution of cement in the soil is achieved by several phases of the drill insertion,
typically using a velocity of 7–11 mm per rotation. The diameter of the piles formed is typ-
ically between 8 and 175 cm and depths of 10–60 m can be treated in this way. The uncon-
fined compressive strength of the loess–cement material guarantees reliable building
subgrade (Trofimov, 1989).

7.1.8. Draining of loess soils. Many years of observations in Russia, the Ukraine,
Bulgaria and elsewhere have shown that the rise of ground water level in built-up areas,
and especially in irrigated lands, is inevitable. In some cases the ground water level is only
a few metres below the surface. Conditions are thereby created for loaded and unloaded
collapsibility. Various methods of draining groundwater are used to avoid collapsibility or
considerable loess settlement.

(1) Surface draining: This method is well known and widely applied, and prevents wet-
ting of the foundations and protects deep excavations from inundation during construction.
Although the importance of these measures is recognised, they are often underestimated in
practice. For instance, hundreds of small houses in Bulgaria collapsed due to water ingress
from the gutters, which have been left to soak freely into the loess foundation soils. 

(2) Drainage boreholes and wellpoints: Successful groundwater lowering in loess
using vertical drainage boreholes or wellpoint drainage has proved most effective in loess
soil whose permeability is between 10�5 and 10�7 m/s (Voronkevich, 1981). In addition
suction pressure in boreholes of between 26 and 78 kN/m2 has been successfully used. The
water collected in the borehole is periodically pumped out and in this way the soil mass is
dried.

(3) Horizontal drainage boreholes: Horizontal drainage boreholes have successfully been
used in Bulgaria during recent years to drain saturated loess slopes (Tsvetkov, 1985).
Methods of installation were developed in former Czechoslovakia and consisted of a metal
drainage pipe with a diameter of 80–100 mm inserted into the loess without borehole casing.

(4) Desiccation of loess base: This method has been rarely applied in preconstruction
desiccation of saturated loess soils. Electroosmosis has been used for the desiccation and
strengthening of smaller volumes of saturated loess, while lime piles have been built at
larger sites. These relate to pre-construction improvement of the loess base, but both
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methods could produce good results in the desiccation of saturated and collapsible loess
under existing facilities.

Desiccation by electroosmosis is well known and has been described in literature
(Mitchell, 1991; Voronkevich, 1981). This approach has been used for the stabilisation of
a deep railway excavation in Germany traversing water-saturated loess. The high level of
ground water caused loess liquefaction when the excavation exceeded 2 m in depth. As a
result of electroosmotic desiccation, a 7 m deep excavation could be made with side slopes
1:0.75. Before switching on the electric current, the water was pumped out at a discharge
rate of 0.02 m3/day, but after the electric current was switched on the discharge increased
to 3 m3/day successfully drying the slope.

Loess under spread footings can be desiccated also by driving perforated pipes filled
with CaCl2 (Litvinov, 1969). Water-saturated loess in the Soviet Union has been success-
fully desiccated with quick-lime compacted in boreholes of 200–500 mm (Abelev, 1983).
Typically stabilisation occurs initially through drying brought about by the exothermic
hydration reaction, after which chemical stabilisation occurs.

7.2. Methods for strengthening of the soil below the foundations of collapsed buildings
Typically post-construction treatment is often associated with a breakdown of the water
supply or sewerage system, or as a result of an increase in the ground water level. This sig-
nificantly affects old houses, built when the methods of preconstruction improvement of
the loess base were not commonly applied. However, there are still cases when this occurs
in recently completed buildings. Post-treatment methods are often applied when the state
of the building is close to critical and emergency measures have to be undertaken. These
measures are often difficult to implement and take a long time, not only because of the
confined space, but also because of the high degree of and uneven wetting of the loess sub-
grade. It is essential that monitoring of the building be undertaken throughout the improve-
ment process to ensure the process of stabilisation does not exacerbate the situation.

7.2.1. Silicate grout injection. This method has several variants depending on the
composition of the silicate grout and the technological differences. Solutions with density
of 1.13–1.20 g/cm3 are used. In order that the silicate grout injection might be effective,
the sorption capacity in the alkaline medium of the strengthened loess must not be lower
than 10 mg-eq/100 g, and the degree of saturation should not exceed 70%. Silicate grout
injection is applicable in loess soils with a filtration coefficient not smaller than 0.2 m/day.
Adding ammonia or formamide solution to water glass by successive injection of increas-
ingly less concentrated solutions enhances the effectiveness of silicate grout injection.
Under certain conditions the free penetration of water glass by the surface is possible
through the drain boreholes (Rzhanitsnyn,1974; Beketov, 1983).

The effectiveness of the method can be substantially increased by alternating water glass
injections with carbon dioxide injections (Sokolovich, 1980). The density of the solution is
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1.10–1.17 g/cm3 and it is injected in a quantity up to 80% of the volume of the pores of the
loess soil. Carbon dioxide is fed in twice: initially, 2–3 kg of gas is used for every 1 m3 soil,
and then, after the grouting of sodium silicate, a further 3–4.5 kg of gas is fed in. This suc-
cession of carbon dioxide feeds contributes to separation of the free water from the pores
and steps up the process of water glass and soil interaction. When the loess is saturated,
the effectiveness of silicatisation greatly dwindles, and if the groundwater is more than
5 m/day, the use of this method is not recommended. In clay or wetted loess, as well as in
disturbed loess, the penetration of the solution can be increased by using electroosmosis
(Bronstein, 1968).

By 1988 the method had been applied to more than 1000 projects in the former Soviet
Union (Gil’man and Gil’man, 1989), which enabled its continuous improvement, the
reduction of its cost and the drawing up of normative documents regulating its use
(NIIOPS, 1986). Though less frequently used, silicate grout injection has been used in pre-
construction elimination of loess collapsibility (Trofimov, 1989).

7.2.2. Stabilization by heating. This method has been developed for loess soil by
Litvinov (1977) and has been successfully applied in foundation works of hundreds of
buildings in the former Soviet Union and a number of other countries. The application of
this method is technically and economically expedient in the following cases:

(a) in preconstruction stabilizing of the soil base of tall buildings and installations (high
chimneys, blast furnaces, water towers, multistoreyed buildings, etc.);

(b) in arresting the deformations of buildings and installations that have already collapsed.

The fuel mixture is burnt in closed boreholes under pressure. The consumption of air
per hour in the case of liquid fuel is 25 m3/1 kg of fuel on the average, and in the case of
gas fuel it is 10 m3/1 m3 of gas. In a borehole with a diameter of 0.15–0.20 m, a stabilised
soil column with a diameter of 1.5–2.0 m and depth of 8–10 m can be built in the course
of 8–10 days. Stabilisation is usually achieved in groups of 12–15 boreholes. Loess is
burnt at a temperature of 300–1000°C whereby its collapsibility is entirely eliminated and
its bearing capacity greatly increases. An alternative for in situ heating is the use of elec-
tric heaters (Jurdanov, 1978).

7.2.3. Stabilization by jet grouting. This method is based on a water jet acting under a
pressure of up to 70 MPa. In one variant, the soil around the borehole is mixed with grout
fed by a rotary monitor, forming a column of plastic soil–cement with a diameter of up to 3
m. If the rotary monitor does not rotate, thin walls of various configuration can be obtained.

Loess is very suitable for stabilisation by this method, because the stream of water eas-
ily washes it and the resulting plastic cement loess mixture has great strength. Tests in the
former Soviet Union (Hasin et al., 1984) and in Bulgaria (Evstatiev and Angelova, 1993)
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have produced very good results, and currently this is probably one of the most promising
technologies for in-depth stabilisation of loess under existing structures.

7.2.4. Squeeze grouting. Owing to the small permeability of loess, conventional injec-
tion does not produce good results. Therefore in Bulgaria attention has been focused on
squeeze grouting. This method uses boreholes in the loess soil that is being strengthened,
in which metal or plastic pipes with a diameter of several cm are sunk. These pipes have
perforations located every 30–50 cm. Rubber sleeves “manchettes” cover the perforations.
The space between the walls of the borehole and the pipe is filled with a cement–bentonite
solution, fed through the group of openings in the lower end. Afterwards, another pipe is
sunk into the external tube with a double packer, which isolates the perforated sections of
the external pipe in such a way that the solution could pass only through them. The solu-
tion is fed under a pressure of � 2–3 MPa. This breaks the cement–bentonite covering and
then enters the loess along a system of radial fissures. In this way compaction of the soil
is achieved as well as infilling of the pores in the narrow zone around the borehole.

7.2.5. Foundation underpinning using root piles. This method strengthens collapsed
foundations by the construction of vertical or inclined root piles. A borehole with a diameter
of 89 mm is made into the foundation in which a casing tube is sunk. A reinforcement rod is
placed into the tube. Then the tube is gradually drawn upwards, while at the same time a
cement–sand mixture is fed under pressure of up to 1 MPa from the top end. The mixture
compacts the walls of the borehole and penetrates into the weaker zones. In this way a pile
of uneven surface and protrusions is formed, which is well connected with the soil. Because
of these features this method is often grouped with reinforcement improvement (Lizzi, 1982).
It has been applied in Bulgaria (Karachorov, 1997) in more than 20 cases for the strengthen-
ing of loess for enhanced seismic stability and for elimination of foundation collapse.

7.2.6. Injection of large molecular compounds. A great number of different formula-
tions have been proposed for injection stabilisation, but only a small number of them have
been used in the East European countries. The main reason for this is the high cost of most
of the high molecular compounds and their restricted production. Successful tests have been
conducted in the Soviet Union with carbamide resin and other large molecular substances
(Voronkevich, 1981).

7.2.7. Injection of clay suspension. Compaction is achieved through the injection of
clay suspension under a pressure of 150–350 kPa into the loess. In the zone of penetration
of the suspension around the borehole, loess porosity drops down to 37–38%, collapsibil-
ity is entirely eliminated and the deformation modulus increases. This method has been
applied in the early 1960s in the former Soviet Union (Shehovtsev, 1962). It is well suited
to loess-like sands and sandy loess soils that have higher porosity. Grout penetration can
be improved if the montmorillonite clay usually used is treated by Na� reagents.
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8. CASE HISTORY EXAMPLES

To illustrate the effectiveness of the approaches discussed above three case study examples
taken from sites in Bulgaria will now be briefly described.

8.1. Soil cushions
Soil–cement cushions have been widely used on a number of schemes in Bulgaria and it is
a method that has been developed to deal with specific problems associated with loess soils
in the north of the country. This method has allowed a number of infrastructure and build-
ing developments to take place on Type II loess soils in a cost-effective manner, overcom-
ing the need for expensive piled solutions, whilst controlling both collapsibility and
settlement characteristics of the treated loess. The power of this technique when building on
potentially collapsible loess soils will be illustrated by the successful construction of a tel-
evision (TV) tower in the city of Rousse, situated near the river Danube (see Figure 2).

The TV tower at Rousse is 190 m in height and was built on 22 m of collapsible and
collapsed loess. Due to the depth and relative small footprint the only cost-effective solu-
tion deemed to have the best potential for success was the use of soil–cement cushions.
Other techniques were deemed unsuitable due to their cost (as in the case of piles) or
potential limited effectiveness of treatment over the depth required. Owing to the existence
of Type II loess a combined soil–cement and heavy tamper approach was used to ensure
stability under the tower, which by its very nature could attract significant moment trans-
fer to the foundations as a result of wind loading. In effect this cushion acts to spread the
load over a wider area of soil and delivers loads to the soil at depth, thus reducing the
stresses placed on the untreated loess.

First excavation took place to a depth of 12.5 m, which corresponded to close proxim-
ity with the loess in the collapsed (uncollapsible) zone. The excavated surface was first
compacted using a 7 tonne tamper, to stabilise the base of the foundation zone. A depth of
treatment of approximate 3 m was achieved. Then a 4.5 m soil–cement cushion was con-
structed, in three layers of approximately 1.5 m thickness, with 2%, 4% and 6% added to
each layer in turn, to form the complete stabilised zone. After mixing the cement into the
loess, each layer was tamped by a 7 tonne tamper until the full 4.5 m zone was complete.
The foundation was then placed on top, and consisted of a 36 m diameter 1.5 m thick rein-
forced concrete pad, strengthened with a further 1.5 m at the edge being built up to 3.5 m
at the centre. The tower was constructed on this base.

Settlement and tilt monitoring took place during and after the construction of the tower
to ensure adequate structural performance. This consisted of a geodetic network made up
of three back pillars and two borehole reference points, which were placed in the uncol-
lapsible loess at a depth of 25 m. Four symmetrical reference points were placed on the
foundation together with three deep reference points at 5.0, 7.5 and 10.0 m below founda-
tion level, corresponding approximately to the base of the soil–cement cushion, the base
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of the compacted loess and the upper layer of the untreated loess. Measurements were
taken at equal intervals over the 5-year period of the construction of the tower and contin-
ued after the construction was complete. These measurements were made to a precision of
0.1 mm. From these measurements it was found that settlements tended to be uniform,
with a mean value of 35.3 mm after construction, reaching 45.0 mm 2 years later, after
which the settlements tended to stabilise.

This clearly demonstrates the effectiveness of the use of soil–cement cushions com-
bined with heavy tamping when treating with collapsible loess soils. The success of this
treatment methodology has been further demonstrated by the serious distress that loess
collapse has caused to the low-rise buildings that surround the TV tower in Rousse. These
low-rise buildings were built after the tower was constructed using conventional shallow
strip foundations. 

Figure 8. illustrates a similar approach adopted for an 18-storey administration build-
ing also in Rousse. Ribs in the soil–cement cushion can be added to further enhance the
stabilising effect of the treatment process.

The durability of soil–cement cushions was demonstrated by the strong Vrancea earth-
quake of 1977, where it was found that buildings erected on soil–cement cushions were
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Figure 8. Foundation of administrative building in the town of Rousse, North Bulgaria: 1 – 18-storey building; 
2 – reinforced concrete slab; 3 – soil–cement cushion with ribs; 4 – collapsible loess; 5 – non-collapsible loess.



considerably less damaged than those built on natural loess (Minkov and Evstatiev, 1979).
Treatment of loess in this way has also proven to be stable under very harsh environments,
whilst still maintaining a high standard of settlement control. The foundations of the six
power units of the Kozloduy Nuclear Power Plant were built of loess stabilised using
soil–cement cushions, where settlement control and foundation stability were critical.
These foundations have lasted some 30 years without any signs of distress and serve as a
good indicator of the potential of this treatment technique. This durability under extreme
environments has led to serious assessment of the treatment of loess soils in northern
Bulgaria in this way for the placement of low and intermediate level radioactive waste
depositories (Evstatiev et al., 2000).

8.2. Use of cement and lime stabilisation
Another method that has been used successfully to treat loess soil in Bulgaria is via the use
of cement and lime stabilisation. This technique is particularly powerful when dealing with
the unfavourable geotechnical properties of loess, namely collapsibility and relatively high
permeability that loess soils typically exhibit. This is particularly important when treat-
ment is required for irrigation and water storage facilities. Construction of such facilities
in collapsible loess soils is commonly 3–5 times more expensive than that in collapsed
(uncollapsible) ground. Experience in Eastern Europe over many years has shown that
concrete linings of water reservoirs in collapsible loess soils are not the most successful
solution to ensure overall structural stability of water storage facilities. Impervious screens
built out of local soil, stabilised with cement or lime have been used very successfully in
Bulgaria as a substitute for concrete linings for water storage facilities. To date approxi-
mately 160,000 m2 of lining screens have been constructed in this way in Bulgaria.

A complex investigation of the state of six reservoir schemes that were stabilised either
with cement or lime, has been carried out with a view to establishing the effectiveness,
reliability and long-term performance of cement/lime stabilised loess screens. This inves-
tigation examined the structure, physical and mechanical properties of the screens of six
water reservoirs, which had an operational period ranging from 6 to 21 years. Table 3 pro-
vides details of the six schemes investigated. 

All screens were constructed from either a loess–cement or loess–lime layer with a
thickness of between 0.10 and 0.15 m as shown in Figure 9. These were in turn covered
by a 0.15 m compacted soil layer to reduce the effects of climatic variation. The screens
of reservoirs A, B and C were built according to standard road construction techniques.
This included mixing the cement binder into the loess by means of a rotary device, and
then compacting the stabilised loess with rollers at optimum water content Wopt to achieve
the maximum dry density ρdmax.

The screen for reservoir F was constructed using the same approach except that slaked
lime was used as the binder on this occasion. However, the screens in reservoirs D and E
were built with ‘plastic’ loess–cement, by mixing loess and cement (ordinary Portland) in
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a stationary mixer at higher water contents, usually at or slightly above the liquid limit of
the soil, after which the treated mixture is placed without being compacted.

Table 4 shows details of the binder types and percentages used when constructing the
screens for the six reservoirs under investigation. The amount of binder was chosen to
ensure that the 28 day unconfined compressive strength (UCS) was greater than 1.0 MPa.

The values of the physical and mechanical properties of the screens, a month after they
were built, are given in Table 4. The permeabilities were determined both in the laboratory
using falling head tests on specimens compacted into test moulds at same binder percent-
ages as used in the field, after a curing period of 1 month. Values were also obtained by
measurement of water losses from the reservoirs themselves. The properties shown in
Table 4 provide an initial basis for the evaluation of the state of the screens after a short
time of operation.

The six screens were investigated after some 15–20 years of operation and compared to
similar screens built using more traditional concrete linings. Samples tested were taken dur-
ing winter and early spring when the irrigation reservoirs are drained. This allowed a long-
term evaluation of the treated loess to take place. This showed that those screens built with
concrete linings demonstrated serious distress and larger deformations occurred when com-
pared to those constructed using stabilised loess. This was mainly due to the considerable
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Table 3. Characteristics of the six reservoir soil screens

Water reservoir A B C D E F
Period of 12 7 6 21 18 19

operation (years)
Type of the Loess–cement compacted at Loess–cement constructed at Loess–lime 

screen Wopt/ρdmax (‘rigid’ soil–cement) W�WL non-compacted compacted at 
(‘plastic’ soil–cement) Wopt/(dmax

Area (m2) 18, 000 10, 000 24, 500 1,200 4,000 7,000
Thickness of 18 10 8 20 25 7

loess base (m)
Loess variety Silty Silty Clayey Silty Silty Clayey 

loess loess loess loess loess loess

Figure 9. Detail of water basin screen. 1 – stabilised soil screen; 2 – compacted soil cover; 3 – concrete lining.



water losses that were observed with concrete lining screens, and was associated with their
relative intolerance to movement. As movement in the sub-grade soils occurred, joints in the
linings opened up, which subsequently allowed water loss through exposed joints to take
place. The main advantage offered by loess–cement screens is that they are constructed
without joints and have a much greater flexibility. Thus even after a certain degree of set-
tlement no cracking was observed and hence adequate long-term control of infiltration into
underlying untreated loess was maintained.

However, it is essential that strict construction quality control is observed with the sta-
bilised soil screen to ensure sufficient imperviousness and reliability of the screens, and ulti-
mately the overall stability of the water reservoirs themselves are achieved. From the detailed
assessment of the six sites the following two requirements were found to be most important:

(1) Completion of the compaction (at Wopt to ρd � 0.98 ρdmax) up to 4 h after the mixing
of the stabilising agent with the soil.

(2) Immediate covering of the ready-built screen with a well-compacted protective soil
layer of approximately 150 mm thickness.

In addition, an evaluation of the long-term microstructure and mechanical properties of
the stabilised soil took place using undisturbed samples taken from each of the six screens.
Scanning electron microscope investigations showed that phase transitions of calcium sil-
icate hydrates (the main binding substance of soil–cement) had taken place with time 
as expected. Initially needle-like silicate hydrates were formed which transformed into 
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Table 4. Parameters of the screens one month after construction

Parameters Reservoir

A B C D E F

‘Rigid’ loess–cement screen ‘Plastic’ loess– Loess–lime 
cement screen screen

Thickness (mm) 150 150 120 120 100 150

Type and contenta (%) of the Ordinary Portland cement Powdered 
stabilising agent lime

10 8 8 10 12 7

Initial water content (%) 17 18 17 30 32 20
Dry density (g/cm3) 1.67 1.65 1.72 1.52 1.55 1.60
Coefficient of permeability 1.0 0.6 0.1 — — 0.2

(10�8 m/s)
Unconfined compressive 1,900 1,800 2,300 1,300 1,500 1,700

strength (kPa)

aThe content of the stabilising agent is in % of the dry weight of soil.



network- and gel-like phases. Associated with this process was an increase in density and
strength of the structure. The most pronounced changes were observed in the ‘plastic’
loess–cement whose dry density increased from 1.52–1.55 g/cm3 to 1.70–1.73 g/cm3 with
an UCS change of the order of 10 times, details of which are shown in Table 5.

Improvement of the mechanical characteristics was also observed in the other screens,
though to a smaller degree. Typically, the UCS was found to increase by between 2.5 and
4.0 times. This demonstrates the key difference in the mechanical behaviour of the ‘plas-
tic’ and ‘rigid’ loess–cement. This is associated with two aspects. The first is the better
mixing of binder that occurred in the ‘plastic’ loess–cement when prepared in a stationary
mixer. The second factor was associated with the greater amount of water availability dur-
ing the mixing stage. This allowed for a stronger cement hydration reaction to take place.
In addition the ‘rigid’ loess–cement and the loess–lime were found to be not as homoge-
neous, containing zones with a smaller quantity of cement at the interlayer surfaces result-
ing in a weaker stabilised soil structure.

In addition, it was found that for the stabilised soil compacted at Wopt the degree of
compaction is one of the most important factors for the long-term stability of cement or
lime stabilised loess. Comparison of the strength achieved in the screen from reservoir C,
to the strength reached in screens for reservoirs A and B, shows how at roughly the same
cement content the strength achieved can vary as a result of compaction differences. This
is clearly seen when dry densities at each location are also compared.

Clearly, the use of cement or lime stabilised loess to construct screens of irrigational
water reservoirs is an effective and durable method, offering good strength and enhanced per-
meability reductions. To be effective binder contents of between 7% and 10% are required in
order to achieve the desired long-term properties. However, it is essential that adequate con-
struction quality assurance is maintained throughout the mixing and curing processes. In
addition the use of cement and lime stabilised screens offers several advantages over more
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Table 5. Parameters of the screens after long-term operation

Parameters Water reservoir

A B C D E F

‘Rigid’ loess–cement screen ‘Plastic’ loess– Loess–lime 
cement screen screen

Density (g/cm3) 1.95 1.96 2.10 2.03 2.05 1.89
Water content (after 21.1 22.5 19.3 19.5 18.5 28.0

saturation) (%)
Dry density (g/cm3) 1.61 1.60 1.76 1.70 1.73 1.48
Unconfined compressive 4,400 4300 8700 12, 100 16, 600 6,800

strength (after 
saturation) (kPa)



traditional concrete lining systems due to enhancement of stability, whilst maintaining struc-
tural flexibility. In addition construction without joints provides the added advantage of
cracking control and reduction in the risk of the underlying untreated collapsible loess being
infiltrated. Moreover, construction of soil-stabilised linings proved significantly cheaper as
they were produced at a much faster rate. Importantly, such an approach has additional envi-
ronmental benefits with the reduction in the quantity of primary aggregate and binder
required in the construction processes.

8.3. Hydro-blasting compaction
Another approach that has proved effective in the treatment of collapsible loess soils in
Bulgaria is that of hydro-blasting, where loess is compacted by a process of wetting and
deep explosion. This approach was used for the treatment of the collapsible loess soil for
an irrigation reservoir facility.

The site was located in a loess plateau area in Northeast Bulgaria near to the Danube river.
Approximately 40 m thick loess deposits existed at the site and consisted of four loess hori-
zons L1, L2, L3 and L4, divided by three paleosols Ps1, Ps2 and Ps3 as shown in Figure 10. 

The index and physical parameters of the loess up to the depth of about 19 m are char-
acteristic of collapsible soils with a density �1.65 g/cm3, a dry density of � 1.42 g/cm3, a
natural water content of 12–17 %, and a porosity of 48–50%. The most collapsible horizons
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Figure 10. Geological cross section of the loess base of the starting water reservoir: 1 – loess horizon; 2 – pale-
osol; 3 – clayey loess; 4 – clay; 5 – sandy clay; 6 – clayey limestone; 7 – contour of the excavation for 

moistening; 8 – foundation level; 9 – borehole with depth of layers; 10 – elevation.



were found to be the L2 and L3 horizons, which had a collapse potential Ic for horizon L2

� 3% and for horizon L3 ≈ 2% at overburden pressure. The depth of the collapsible zone
reached up to 19 m.

The dimensions of the site were 48 � 17 m. First excavations for the preliminary wet-
ting at a depth of between 1.0 and 3.0 m were dug, this allowed for the slight inclination
of the terrain. At the base of the excavation drain-boreholes were drilled in a regular pat-
tern as shown in Figure 11.

The maximum distance between two boreholes was 3.5 m inside of the site and 2.5 m
along the periphery. The boreholes were drilled to three depths (of 7.0, 13.5 and 19.0 m),
which corresponded to the middle of each loess horizon L2, L3 and L4 (see Figure 12).

The preliminary wetting of the loess base took place over 8 days. During this period the
water table was maintained at a constant level in the excavation corresponding to 0.5–0.6 m
height. In total 3800 m3 of water was used during this phase. Control tests showed that degree
of saturation of the loess deposits had increased from 35–50% to 70–85%. Normally the com-
paction process is most efficient once the degree of saturation has reached about 80%. 

After the preliminary wetting under overburden pressure, the loess soil was observed to
settle 150–200 mm in the central area of the site and a 50–100 mm around the periphery
(Figure 13). 

After the preliminary wetting treatment process had finished, explosives were installed
into the respective drain-explosive boreholes shown in Figure 12, using the equipment shown
in Figure 14. The explosives were situated at two levels: the 1st level in horizon L1 at a depth
of 7.0 m and 2nd level in horizon L3 at a depth of 13.0 m. Explosives were detonated in
sequence, with those in the lower level detonated first, followed by those in the upper level.
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Figure 11. Layout of the boreholes: 1 – drain-explosive boreholes with a depth of 7.0 m; 2 – drain-explosive 
boreholes with a depth of 13.5 m; 3 – drain boreholes with a depth of 19.0 m; 4 – deep bench mark; 5 – con-

tour of the excavation for moistening; 6 – contour of the foundation of the starting water reservoir.



Table 6 provides details of the type, number and amount of explosive used at each level.
The amount of the explosive was calculated by an explosive specialist, so as not to cause
superficial throwing up of the soil mass.

The result of the combined impact of wetting and deep explosions on the total vertical
settlement produced movements of up to 900–1100 mm in the central zone of the site,
500–900 mm across most of the site and 300–500 mm around the periphery zones (see
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Figure 12. Cross-section through the A–A line (see Figure 11) of the site with disposition of the boreholes and 
the wetted zone: 1 – 1st level drain-explosive boreholes; 2 – 2nd level drain-explosive boreholes; 3 – explosive; 
4 – drain borehole; 5 – confines of the moistened zone; 6 – water table in the excavation; 7 – deep bench mark.

Figure 13. Magnitude of the vertical deformation measured at the bottom of the excavation 1 week after wet-
ting: 1 – up to 100 mm; 2 – 100 to 150 mm; 3 – 150 – 200 mm.



Figure 15). For the first 4 days after the hydro-blasting, 80–85% of the final settlement was
found to have been achieved. After 2 months, the deformations stabilised with � 10 mm/
week occurring and after 3 months of the compaction the settlement was found to have
effectively ceased. Settlements were measured geodetically using a set of deep (at two
levels) and surface benchmarks.
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Figure 14. Construction of drain-explosive borehole: 1 – borehole wall; 2 – drain material; 3 – PVC tube; 
4 – explosive chamber; 5 – granular explosive (ammonium nitrate); 6 – blast trotyl; 7 – detonator cable; 

8 – electro-detonator; 9 – compacted soil.



The measurements of the deep benchmarks showed that in the loess horizon L2 it was
found to be 60–65% of the total settlement, in the horizon L3 settlements were 35–38% of
the total amount. However, in the paleosols layer Ps3 and loess horizon L4 the amount of
settlement was observed to be only 20–25 mm.

The testing of soil samples taken 3 months after the hydro-blasting compaction showed
that significant compaction throughout the whole thickness of the loess soil had occurred,
with the notable exception of the upper 3–4 m, i.e. directly below the bottom of the exca-
vation. Figure 16 shows the relative improvement achieved throughout the loess complex. 

Of note was the general improvement achieved as demonstrated by the post-treatment
collapse potential, which along the whole loess complex was found not to exceed 0.8% of
overburden pressure. The loess in the upper 3–4 m was not compacted due to the insuffi-
cient overburden stress being present in this zone. Since imposed structural stress from the
water reservoir did not exceed the overburden stress at which the loess soil was compacted,
no additional treatment was required for the zone. Should the structural loading have been
greater, treatment by heavy tamping or vibrating rollers would be required to further
enhance the strength of loess in this upper 3–4 m layer.
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Table 6. Details of the explosives used

Number of the Depth from the bottom Mass of one Type and amount of the 
explosives of the excavation (m) explosive (kg) explosive material in 

one explosive

I level – 51 7.0 5.0 Trotyl – 0.8 kg
Ammonium nitrate – 4.2 kg

II level – 40 13.0 10.0 Trotyl – 0.8 kg.
Ammonium nitrate – 9.2 kg

Figure 15. Magnitude of the vertical deformation measured at the bottom of the excavation 3 months after the 
hydro-blasting compaction: 1 (300 – 500 mm); 2 (500 – 700 mm); 3 (700 – 900 mm); 4 (900 – 1100 mm).



Deep hydro-blasting compaction of the collapsible loess has demonstrated the level of
significant improvement that can be achieved over tens of metres. This approach is partic-
ularly useful over wide areas especially where imposed loading is relatively low, as is the
case with irrigation facilities. This method offers a cost effective approach to deep stabili-
sation due to both its consistency with depth and relatively short time period of a few
weeks required to complete the improvement process. In fact this combined approach sig-
nificantly enhances both the speed and magnitude of the improvement achieved, when
compared to more traditional simple wetting approaches. It should be remembered, how-
ever, that special personnel are required to undertake this method due to the health and
safety implications of the use of explosives. With the proper positioning of explosives, set
at key depth within a loess deposit, even complex loess soils made up of several loess-
paleosol layers can be treated effectively and at depth. Thus hydro-blasting can provide a
much more even compaction, even when a variety of loess soil complexes exist.

9. FINAL COMMENTS

Loess is a major geohazard to the built environment due to its collapsibility. This ability to
collapse, typically under a combination of wetting under load, causes many challenges to
engineers working in loess regions across the world. However, this collapsibility is highly
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Figure 16. Variation of W, ρd and n in the depth of the loess base: 1 – before and 2 – after the hydro-blasting
compaction.



variable due to the complex nature of loess formations. Thus a detailed knowledge of geo-
morphogical and geological controls are a vital part of any investigation into loess behav-
iour. This coupled with a detailed measurement of collapse, preferably in situ, is required
if the best mitigation techniques in the treatment of loess soils are to be applied effectively.
The effectiveness of these depends on numerous factors including the timing of mitigation,
source of loading, source of wetting, and cost. Thus to be effective, treatment should care-
fully integrate each of these elements in the overall process of loess improvement.

Many techniques are available to treat loess soils both pre- and post-construction, although
some are very experimental due to either cost or the complex nature of the improvement tech-
niques themselves. However, newer development in the use of encased stone columns and
developments in grouting particularly aimed at post-construction treatment show some con-
siderable promise for the future and further research is needed to provide the certainty engi-
neers required in order to adopt these techniques in what is becoming a more litigious society.
A vital part of the process to arrest such fears is detailed in situ assessment of the treated loess
soil. Recent developments in both physical and geophysical testing can provide an excellent
way to undertake such assessment. These approaches are starting to provide the certainty of
results and data increasingly required by clients when selecting which approach to use.

However, some techniques have been used successfully in certain parts of the world and
lessons learnt from the use of such approaches can aid engineers across the world when
treating loess soils. Examples from Bulgaria have shown how three main techniques,
developed to deal with the collapsible loess found in the north of the country, can be effec-
tive in the treatment of such soils. These approaches have successfully provided a cost
effective and durable foundation soils in each case. This has been true even when operat-
ing under harsh environments over several decades. The approaches adopted in Bulgaria
and across Eastern Europe have provided a useful insight into techniques that could be
used in the future to treat loess from across the world.

NOTATION

Ep plate loading modulus
Es oedometric modulus 
kf coefficient of permeability
n porosity
pi,coll critical stress after which collapse begins
Wopt optimum water content
(ua – uw) matric suction
(σ-ua) net normal stress
Ic collapse potential
ΣIc total unloaded collapsibility
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δn collapse deformation
ρdmax maximum dry density
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ABSTRACT

Traditional construction materials can be scarce or very expensive for several civil engi-
neering works. Nowadays, significant increases in the cost of construction materials can
also be a consequence of environmental restriction to their exploitation. Thus, there is an
increasing interest on the use of low grade construction materials in pavements and other
earth works. This work deals with the use of alternative materials for the construction of
pavements in association with low cost geosynthetics. Field test sections in a highway were
constructed and monitored to evaluate the performance of the following pavement solu-
tions: fine-grained soil stabilised with lime, quarry waste, poor quality fill material
enveloped by a nonwoven geotextile impregnated with asphalt, geotextiles as separation
between the pavement base and the subgrade and between the base and the asphalt cap. A
control test section where the pavement was constructed using good quality gravel was also
monitored. Several laboratory and field tests were performed throughout the research, such
as laboratory tests under unsaturated conditions, field plate load tests, field CBR and pres-
suremeter tests. The results obtained show the potentials of the use of low grade construc-
tion materials when appropriate construction procedures and geosynthetics are employed.

1. INTRODUCTION

The implantation of the transportation system has been an enormous challenge in Brazil
because of the size of the country, its topography and sometimes the lack of appropriate
construction materials. Since the 1970s, governments have prioritised funds for the con-
struction and maintenance of highways, which transports about 85% of the country’s pop-
ulation and approximately the same percentage of goods (MRE, 2003). Today, the
country’s highway system are about 1.6 million kilometres in length, of which 151,000 are
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paved (ABER, 2003). Despite these efforts, the road network of the country is far from
satisfactory. There is a vital need to pave more roads, a large portion of the roads have seri-
ous conservation and maintenance problems and several areas of the country lack even
basic access roads. Recently, a programme of improvements and maintenance of some
highways has begun by means of a system of concessions and private partnerships. The
companies in charge of these services are paid by collection of tolls. Even so, the great
challenge remains, as the companies are only interested in profitable highways and the
transportation system must be expanded.

In the construction of pavements, both in highways and in urban environments, several
types of materials can be used, whose properties and characteristics are established by
international standards and specifications. In the early days of the construction of high-
ways in Brazil, specifications and project methodologies were adopted from other coun-
tries. In the first constructions, granular materials were used in base layers and sub-base
layers on a large scale. As a consequence, they are no longer so widely available. However,
with time and experience, professionals in this field noticed that other materials available,
very common in some regions of the country, could be used. These materials present sat-
isfactory mechanic behaviour or can be improved for their use in road constructions.

In addition to the shortage of appropriate granular materials for pavement constructions,
other problems exist. The growing environmental awareness has limited the exploration of
materials located in ‘green’ protection areas, whose landscape terrain cannot be altered.
Furthermore, when the development of the project is granted, the cost of transport of the
material from its source to the construction site may be so high that can make the project cost
prohibitive. These factors have increased the need for other pavement construction tech-
niques. In this context, alternative materials are being studied, even if they do not meet usual
standard specifications. These materials are being utilised as much in urban pavements as in
highways, and have been very successful, especially in roads with low traffic volumes.

The possibility of using fine soils abundant in urban centres or nearby a highway,
reduces the cost of transport, thereby resulting in a lower overall pavement cost. The State
of Sao Paulo was one of the first to test and use these local materials in road construction.
In the specific case of the Federal District, lateritic gravel, once widely used as base of
pavements, is no longer so commonly found in the region. Areas where it still exists are
protected by environmental regulations, making its exploitation prohibited. Thus, there is
a growing need for finding other materials as substitutes for gravels. In doing so, these new
materials still have to provide both technical and economical engineering solutions. 

Whereas the fine soils of the State of Sao Paulo are mainly sandy soils and present a
good mechanical behaviour, those in the Federal District are mainly clayey materials. So,
the study of chemical stabilisation of such soils with or without the use of geosynthetic rein-
forcement is potentially interesting. Some geosynthetics can be used or adapted to work as
barriers. For instance, once impregnated with bituminous material, a geotextile can act as a
barrier against moisture and water, protecting the pavement and increasing its life time.
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Besides these alternatives, it is also important to study the use of wastes, such as scrub,
quarry fines, rubble or recycled bituminous overlays. When applicable, these materials can
solve two problems at once, minimising problems related to waste disposal and substituting
traditional granular materials, with benefits to environmental conservation. However, it is
important to point out that, depending on the type of rejected material, its application may
be economically attractive only in the proximities of the area where it is produced. This
chapter presents the experience gained with the construction of experimental highway test
sections using some nonconventional construction materials mentioned above.

2. MATERIALS AND METHODS

2.1. Materials
The materials selected for this study were:

● Fine lateritic soil found in the construction site.
● A mixture of the same fine soil with 2%(by wt) of lime CH-I, aiming to study the

effects of chemical stabilisation.
● Fine lateritic soil waterproofed with a geotextile layer impregnated with bituminous

material, seeking to protect the base against the action of the water.
● A quarry waste available in the region.
● A mixture of fine lateritic soil (20%) with crushed rock (80%).

2.2. Methods
2.2.1. Field tests sections. The experimental test sections studied are located between
stakes 126 and 163 of highway DF-205 West, in the Federal District (latitude 15°32�22��S,
longitude 47° 52�27��W), near the city of Sobradinho, close to Brasilia, the country’s
national capital. This highway has a low volume of traffic, approximately 200 vehicles a
day, and before the paving work has begun, it was functioning as an unpaved road. The
highway subsoil consists of a porous clay as subgrade material. The annual average tem-
perature in the region is 21°C and the annual average precipitation is 1300 mm, distributed
in two very well-defined seasons: the dry (between the months of April and August) and the
wet (between the months of September and March) seasons.

The design of the pavement was made by the Highway Department of the Federal
District (DER-DF) and a granular base of crushed rock soil was recommended for the entire
project. The traditional design method of the Brazilian Federal Highway Department
(DNIT) based on the use of California bearing ratio (CBR) test results was employed for
the structural design of the pavement. The same pavement geometry was adopted in the test
sections where the alternative materials were used to facilitate construction and interpreta-
tion of these sections performances.
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The seven test sections were constructed in August 1998 with a total length of 440 m,
two tracks (3.5 wide each) and with shoulders 1.5 m wide. The structure was composed of
a base material compacted in the proctor intermediate energy with its surface subjected to
a double sealing treatment. The characteristics of the base layers were varied in the seven
test sections monitored, as shown in Figure 1 and Table 1.

2.2.2. Laboratory tests. In the laboratory, the following tests were performed, according
to specifications of Brazilian standards:

● Grain size distribution tests, liquid and plasticity limits, miniature, compacted, tropi-
cal (MCT) tests

● Compaction, swelling and CBR
● Suction

Surface course  

Subgrade

3 cm  

20 cm  Base

Double treated sealing   

Section 1, 2, 3, 4, 
5, 6 or 7  

Embankment or cut   

Figure 1. Geometrical characteristics of the test sections.

Table 1. Characteristics of the experimental highway sections

Section Stake Length (m) Subgrade Base Surface course
or overlay

1 126–130 80 Cut Soil-crushed Double-sealing
rock mixture (1:4) treatment

2 145–149 80 Embankment Quarry waste Double-sealing
treatment

3 149–153 80 Embankment Fine soil Double-sealing
treatment

4 153–157 80 Cut Soil–lime Double-sealing
mixture (2%) treatment

5 157–159 40 Cut Fine soil with Double-sealing
geotextile between treatment
base and overlay

6 159–161 40 Cut Fine soil with Double-sealing
geotextile between treatment
subgrade and base

7 161–163 40 Cut Fine soil enveloped Double-sealing
by geotextile treatment
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● Scanning electronic microscopy
● Difractometric X-rays and chemical analysis

2.2.3. ‘In situ’ tests. The results of the field tests were used for monitoring control and
in the analyses of the pavement structural behaviour. During the construction of the sec-
tions, these field tests were carried out on each layer of the pavement. After that, tests were
performed periodically to verify the behaviour of the pavement throughout time, in order
to see the influences of climatic changes and traffic volume. The tests performed were the
following:

● Sand-cone apparatus and nuclear density meter tests
● ‘In situ’ CBR
● Dynamic cone penetration (DCP)
● Plate-load test
● Benkelman beam
● Falling weight deflectometer (FWD)
● Pencel pressuremeter

2.2.4. Back-analyses. With the data obtained in the field tests, back-analyses were
conducted to determine the values of the materials equivalent moduli. Using the values of
the maximum displacement obtained in plate-bearing and Benkelman beam tests, the mod-
uli values were determined using the SIGMA/W computer code (Geo-Slope, 1995). Using
the deflection basins obtained with the FWD test, the moduli values were also assessed
with the use of the computer program Laymod4 (Rodrigues, 2002).

3. RESULTS AND DISCUSSION

3.1. Laboratory tests
3.1.1. Characterisation, compaction and soil suction tests. Table 2 presents the results
obtained in the characterisation tests on the base materials of the test sections. The sub-
grade material shows characteristics similar to those of the fine soil base, except in a cut
passage (stake 127). This soil is classified as a saprolitic soil and as A-7-6. In other sec-
tions, the subgrade material was classified as A-7-5. All the base materials presented a liq-
uid limit (wL) � 25% and a plasticity index (PI) � 6%, which do not attend specifications
of the Federal Highway Department (DNIT). The characterisation tests results would clas-
sify these materials as non-standard construction materials.

The MCT methodology developed by Brazilian researchers (Nogami et al., 1989) in the
1980s was applied to the fine soil studied. As presented in Table 2, by this methodology,
the fine soil was classified as a lateritic clay (LG�).
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Observing the grain size curve for the fine soil (Figure 2), differences between grain
size distribution curves obtained in tests conducted in the laser beam grain size analyser,
with and without the use of ultrasound, can be noted. This indicates that the fine soil is
composed by cluster of particles, and that most of these clusters are stable in the presence
of water. This structural feature is common in tropical soils. Comparing again the fine soil
with the soil–lime mixture (2%), one can notice that the use of lime causes dispersion of
the cluster particles and increases the fine content of the mixture.

Table 3 shows the results of compaction, swelling and CBR tests on the materials com-
pacted under proctor intermediate energy.

It can be observed that the addition of 2% of lime to the fine soil caused only minor
changes in its maximum density (γd max) and optimum water content (wopt) values. However,
the CBR value increased from 23% to 90%. Other results of tests on soil–lime mixtures can
be found in Rezende and Camapum-de-Carvalho (2003a). Similar values of γd max and wopt

were obtained for the crushed rock–soil mixture (1:4) and for the quarry waste, but the dif-
ference between CBR values was very significant. These results show that the analysis of
the behaviour of compacted soils based on γd only can yield to important errors. The calcu-
lations of voids ratios for the quarry waste and for the soil-crushed rock mixture from data
in Tables 2 and 3 yield values of 0.388 and 0.224, respectively. These different values of
void ratio may be one of the reasons for the difference in CBR values for these materials.

For the quarry waste other test results already existed based on studies by Rezende and
Camapum-de-Carvalho (2003b,2004). In these studies, a value of resilient modulus (RM)
of 300 MPa was obtained in laboratory tests. This RM value is similar to the moduli of lat-
eritic gravels commonly used in pavements in Brazil.

For the fine materials (fine soil and soil–lime mixture), suction tests were also performed
using the technique of the paper filter (Marinho and Chandler, 1994), to evaluate suction in

Table 2. Characterisation tests results for base materials

Properties Fine soil Soil–lime Quarry waste Soil-crushed rock
mixture (2%) mixture (1:4)

wL (%) 57.6 52.0 32.9 29.0
wP (%) 38.6 37.0 24.5 18.1
PI (%) 19.0 15.0 8.5 10.9
Gravel (%) 0.6 0.3 65.9 54.3
Sand (%) 3.1 10.1 12.0 19.4
Fines (%) 96.3 89.6 22.1 26.2
ρ (g/cm3) 2.78 — 3.00 2.72
Transportation Research Board A-7-5 A-7-5 A-2-4 A-2-4

(TRB) Classification
United System of Classification MH MH GM GC

of Soils (USCS)
MCT Classification LG� — — —
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non-saturated fine-grained soils. As observed in Figure 3, there were no significant differ-
ences in the characteristic curves obtained for the two materials. Values of suction (pF)
greatly decreased for water content values (w) � 17% and for saturation degree values (Sr)
above 55%.

The characteristic curve shapes emphasise the predominance of a bimodal system of
pore distribution commonly found in these types of tropical soils, as observed by
Camapum-de-Carvalho and Pereira (2002). The saturation degree (Sr) corresponding to the
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Figure 2. Grain size distribution curves for the fine soil and for the soil–lime mixture.

Table 3. Compaction, swelling and CBR tests results

Properties Fine soil Soil–lime (2%) Quarry waste Soil-crushed rock (1:4)

γd max (kN/m3) 16.5 16.2 21.2 21.8
wopt (%) 22.9 23.2 8.3 7.8
Swelling (%) 0.00 0.06 0.30 0.00
CBR (%) 23.0 90.0 27.0 77.0
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Figure 3. Soil–water characteristic curves for fine-grained soils: (a) pF � w; (b) pF � Sr.
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compaction optimum line is located between 80% and 90% for these types of soils. The
results in Figure 3b indicates that the soil compacted under water contents below optimum
will present greater suction reductions in the rainy period. In this context, chemical stabil-
isation can contribute so that the soil structure can support such water content variations.

3.1.2. Microscopic, x-rays and chemical analysis. Samples of fine soil and of
soil–lime mixtures (2%) were compacted in the laboratory under varying water contents
and subjected to scanning electronic microscopy. Geotextile samples exhumed from the
test section were also subjected to this type of analysis. Figures 4 and 5 present some of
the results obtained.

Figure 4a shows a quartz grain in contact with fine soil particles. Figure 4b shows the
soil structure of the fine soil compacted under optimum water content conditions (5000 �
enlargement). In Figure 4c, the structure of the soil–lime mixture (2%), also compacted
under optimum water content, is depicted (5000 � enlargement). It can be observed that
without lime the fine soil presents larger amounts of round clusters in its structure. These
results corroborate with the conclusions presented earlier in this work based on the results

Figure 4. Microscopic views: (a) details of the fine soil (3000 � enlargement); (b) fine soil under wopt (5000 
� enlargement); (c) soil-lime mixture (2%) under wopt (5000 � enlargement).
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of grain size analyses (Figure 2), that the addition of lime contributes to an increase in the
dispersion of soil clusters when the soil is submitted to an external energy source.
However, this dispersion seems not to be sufficient to cause major changes in the typical
pore distributions of the tropical soil (Figure 4).

Figure 5 presents microscopic views of exhumed geotextile specimens. In the test sec-
tions where the geotextile was used between the base and the surface cap, there was larger
absorption of bituminous material (Figure 5a). This occurred because the soil base had
already been sealed (tack coating) when the geotextile was installed. In the sections where
the geotextile was placed at the base-subgrade (without tack coating) interface, the sur-
faces of the geotextile fibres were just covered by the bituminous material without a com-
plete saturation of the geotextile pores (Figure 5b). Figure 5c shows the presence of large
soil grains in the geotextile pores. That probably occurred due to soil particles being
pushed in the geotextile matrix during spreading and compaction of the soil layer on the
geotextile, as also observed in geotextile filters by Gardoni and Palmeira (2002).

Figure 5. Microscopic views of exhumed geotextile specimens: (a) geotextile between the base and the asphalt
cap (100�); (b) geotextile between subgrade and base (100�); (c) large soil grain in the geotextile layer between

the subgrade and the base (1600�).
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The X-rays tests showed that the fine soil is composed of the following minerals:
quartz, kaolin, gibbsite, hematite and illite. As expected, the same composition is observed
with the addition of 2% of lime to the fine soil, as well as small quantities of calcite. The
chemical analyses showed that the fine soil is acid, either in water or in KCl. The differ-
ence between pH values for these two conditions is negative and close to zero, indicating
a small predominance of silica clays. The value obtained for the exchangeable aluminium
(Al) is larger than 0.60 mE/100 ml and is considered high. In addition, the soil presents an
average cation-exchange capacity and a value for the saturation of aluminium similar to
that for the saturation of bases (V). It was also observed that the value obtained for the sat-
uration of bases lies between 25% and 50%, which can be considered as low. These results
indicate that the soil is weathered.

The addition of 2% of lime to the fine soil caused an increase in the value of pH in
water that approached the neutral condition (pH � 7). For the pH in KCl the mixture was
alkaline. The difference ∆pH (KCl–water) is positive, indicating the predominance of
oxides and iron and aluminium hydroxides. The following aspects were also observed: an
increase in the amount of exchangeable bases (S), mainly in Ca; a decrease in the amount
of hydrogen and free aluminium available for reaction (Al became null); a reduction in
cation exchange capacity and a significant increase in the saturation of bases that reached
a value close to 80%. The increase in pH and the reduction of the total acidity generated a
decrease of electric charges and, as consequence, increased deflocculation. This fact was
also confirmed by the microscopic analyses presented earlier in this work. As far as the
amounts of organic carbon, organic matter and phosphorous are concerned, the values for
these components remained constant and low.

3.2. ‘In Situ’ Tests
3.2.1. Sand-cone apparatus and nuclear density meter tests. Sand-cone apparatus
tests were carried out during the highway construction to control soil density in the field
allowing the determination of soil compaction degree (CD). The data obtained during the
construction of the test sections yielded values of CD � 95%. Tests with a nuclear density
meter were initially performed in July 2002 to verify changes in the compaction parame-
ters (w and γd) of the bases. The main results obtained are presented in Table 4.

It was noted at that time that the granular base materials (soil-crushed rock mixture and
quarry waste) presented water contents about 4% below the optimum water content deter-
mined in laboratory, while for the other base materials the water contents were about 10%
below the optimum value. The water content variation (∆wcomp) obtained during the com-
paction in the field, varied in order of �1.0% for the soil and crushed rock mixture, �2.0%
for the quarry waste, �6.0% for the fine soil, �7.0% for the mixture of soil and lime and
�10.0% for the fine soil bases with geotextiles.

Neglecting the influence of the surface course (γd surface � 20.81 kN/m3) on the density
measurements in the bases, it was observed that the base made of soil-crushed rock mixture
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presented a CD lower than 100%, while the bases made of quarry waste and fine soil pre-
sented, in general, CD higher than that value.

In February 2003, another series of tests was conducted using the nuclear density
meter (Table 5). That period coincided with the rainy season in the region. Comparing
these results with those obtained in July of 2002 (dry season), there were no significant
variations of relevant parameters. However, the base materials presented water content
levels slightly greater than those obtained in the previous test series, yielding to smaller
∆wcomp differences. Nonetheless, there was still a greater value of suction than after soil
compaction. 

In general, it can be noted for the two periods of observation that the equilibrium
moisture content of the base materials was constant, although that does not mean that
variations in moisture content may not have happened due to weather changes. Thus,
during this period the variation of moisture content favoured the structural perform-
ance of the pavement because of suction increase. In addition, there were no signifi-
cant differences between moisture contents for the fine soil bases with or without the
geotextile. 

3.2.2. ‘In situ’ CBR and DCP. ‘In situ’ CBR tests were performed on the subgrade and
on the base layers during construction of the test sections. For the base materials the tests
allowed the determination of the field CBR value and the reaction modulus (kCBR) for a
pressure of 560 kPa (Table 6). One can observe that the field CBR values obtained were
greater than those determined in the laboratory, except for the soil–lime mixture base. For
this material the field CBR values were close to those of the fine soil base. ‘In situ’ CBR
values greater than those obtained in the laboratory for untreated soils show the beneficial
influence of suction on the mechanical behaviour of these soils. The low values of field
CBR obtained for the soil–lime mixture can be attributed to the following factors:

● Non uniform mixing under field conditions
● Different cure conditions in the field and in the laboratory.

Table 4. Results of soil water contents and densities (July 2002)

Stake Material w(%) γd (kN/m3) wopt(%) γd max (kN/m3) CD (%) ∆wcomp(%)

127�10 Soil-crushed rock (1:4) 3.2 21.49 7.2 22.66 95 �1.1
146 Quarry waste 5.8 22.58 8.6 21.27 107 �2.4
152 Fine soil 12.9 16.99 24.0 16.00 106 �6.9
155�10 Soil–lime (2%) 13.6 16.18 25.1 15.40 105 �7.1
158 Fine soil and geotextile 14.1 16.19 24.0 16.00 101 �10.4

(base/surface course)
160 Fine soil and geotextile 15.3 17.05 24.0 16.00 107 �9.2

(subgrade/base)
162 Fine soil enveloped 13.9 17.43 24.0 16.00 109 �10.6
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With the results from DCP tests, one can obtain the penetration index (DN), observe
the changes of materials behaviour and clearly identify the pavement layers. Equations can
be found in the literature to correlate values of DN and CBR. However, for the materials
analysed in this study, most of the equations overestimated the CBR values. During test-
ing, it was observed that for the granular bases (soil-crushed rock mixture and quarry
waste) the DCP tip hit stones, affecting test results. In the testing period, even with a high
moisture content (19.2%), the base made of quarry waste showed a low value for DN (an
average of 4.5 mm/hit). The base made of soil-crushed rock mixture also presented low
values of DN and the other base materials (with water contents 4% below optimum) pre-
sented average DN values varying between 7.0 and 11.7 mm/hit.

3.2.3. Plate-load test. Plate-load tests were conducted on the subgrade, base and sur-
face course layers of the test sections. In addition, during the observation period tests were
conducted on the surface course. In this work, the results of tests on the surface course are
presented for the beginning of the highway operation (August 1998) and for the end of the
observation period (July 2002). The maximum displacement measured (rmax) corresponds

Table 5. Water content and density results (February 2002)

Stake Material w(%) γd (kN/m3) wopt(%) γd max (kN/m3) CD (%) ∆wcomp(%)

127�10 Soil-crushed rock (1:4) 3.9 19.35 7.2 22.66 85 �0.4
146 Quarry waste 5.6 22.81 8.6 21.27 107 �2.6
152 Fine soil 13.9 16.67 24.0 16.00 104 �5.9
155�10 Soil–lime (2%) 13.3 16.18 25.1 15.40 105 �7.4
158 Fine soil and geotextile 14.5 16.91 24.0 16.00 99 �10.0

(base/surface course)
160 Fine soil and geotextile 16.2 17.58 24.0 16.00 104 �8.3

(subgrade/base)
162 Fine soil enveloped 14.6 17.68 24.0 16.00 108 �9.7

Table 6. ‘In situ’ CBR results for base materials

Stake Material w (%) CBR “in situ” kCBR (MPa/m)

129 (test 1) Soil-crushed rock (1:4) 5.2 56.9 1904.8
129 (test 2) 55.0 1546.8
146 (test 1) Quarry waste 3.5 49.3 1447.4
146 (test 2) 50.3 1115.4
152 (test 1) Fine soil 20.7 34.8 777.6
152 (test 2) 35.7 894.5
156 (test 1) Soil–lime (2%) 21.3 39.5 827.2
156 (test 2) 38.9 870.4
158 (test 1) Fine soil 19.1 58.0 1875.0
158 (test 2) 54.1 1805.6
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to the largest possible load being applied during the test (815 kPa for a plate diameter
of 25 cm).

Tables 7 and 8 present the parameters obtained from plate load tests showing total
measured displacements for a stress of 560 kPa (r560 kPa), values of the ratio between this
stress and the associated displacement (reaction module – kplate), displacements correspon-
ding to the elastic or unloading phases (relastic) and the ratios stress/displacement (kelastic).

Bearing in mind that punctual measurements are obtained in plate load tests and con-
sidering the same subgrade conditions for all test sections, the performance rank (from the
best to the worst) for the pavement structures for each testing period is the following:

● August 1998: soil-crushed rock mixture, quarry waste, soil–lime mixture, fine soil
with geotextile at the subgrade/base interface, fine soil enveloped by geotextile, fine
soil with geotextile at the base/surface course interface and fine soil.

● July 2002: fine soil with geotextile at the subgrade/base interface, soil-crushed rock
mixture, quarry waste, fine soil with geotextile at the base/surface course interface,
fine soil enveloped by geotextile, fine soil and soil–lime mixture.

Table 7. Plate load test results on the surface course (August 1998)

Stake Material rmax (mm) r560 kPa (mm) kplate (MPa/m) relastic (mm) kelastic (MPa/m)

127�10 Soil-crushed rock 1.43 1.06 528 0.10 4000
129�10 Soil-crushed rock 1.79 1.32 424 0.20 2000
146 Quarry waste 1.87 1.25 448 0.10 4000
152 Fine soil 2.89 2.00 280 0.20 2000
155�10 Lime soil 2.00 1.45 386 0.10 4000
158 Fine soil and geotextile 2.54 1.89 296 0.20 2000

(base/surface course)
160 Fine soil and geotextile 1.89 1.32 424 0.60 667

(subgrade/base)
162 Fine soil-enveloped 2.42 1.73 324 0.20 2000

Table 8. Plate load test results on the surface course (July 2002)

Stake Material rmax (mm) r560 kPa (mm) kplate (MPa/m) relastic (mm) kelastic (MPa/m)

127�10 Soil-crushed rock 1.85 1.34 437 0.10 4000
146 Quarry waste 2.01 1.32 295 0.30 1333
152 Fine soil 2.72 1.99 335 0.20 2000
156 Lime soil 3.08 2.07 298 0.50 800
158 Fine soil and geotextile 2.03 1.63 489 0.10 4000

(base/surface course)
160 Fine soil and geotextile 1.58 1.13 479 0.10 4000

(subgrade/base)
162 Fine soil-enveloped 2.25 1.59 370 0.10 4000
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3.2.4. Benkelman beam and FWD tests. The Benkelman beam tests were carried out
in several stages of the research, but in this chapter only the results of the first (August
1998) and of the last (July 2002) series of tests conducted on the surface course are pre-
sented. The average deflection basins are shown in Figures 6a and 6b and the performance
rank (from best to worst performance) for the base materials is the following:

● August 1998: fine soil enveloped by geotextile, soil-crushed rock mixture, quarry
waste, soil–lime mixture, fine soil with geotextile at the subgrade/base interface, fine
soil with geotextile at the base/surface course interface and fine soil.

● July 2002: soil-crushed rock mixture, fine soil with geotextile at the subgrade/base
interface, soil–lime mixture, fine soil with geotextile at the base/surface course inter-
face, fine soil enveloped by geotextile, fine soil and quarry waste.

FWD test results were also used to analyse the deflection basins of the test sections.
Tests were conducted on the surface course layer in October 2000 and August 2001.
Figures 7a and b show the main results obtained. It is possible to observe the same rank
for base performances (from the best to the worst) in both testing periods: soil-crushed
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rock mixture, soil–lime mixture, fine soil enveloped by geotextile, fine soil with geotextile
at the base/surface course interface, fine soil with geotextile at the subgrade/base interface,
fine soil and quarry waste. With the exceptions of the test sections with fine soil enveloped
by geotextile and fine soil with geotextile at the base/surface course interface, the dis-
placements increased between measurements, in spite of the favourable effect of the month
of August 2001 being drier than October 2000. Another relevant aspect is that the soil–lime
mixture base presented a performance similar to that of the soil-crushed rock mixture base
and better than the other bases.

Comparing the displacements obtained in the FWD tests with those obtained in the
Benkelman beam tests, a larger scatter of results for the different base types can be noted
for the FWD tests. However, the range of test results from both test types is similar. For
the FWD, the results of the bases using geotextile were consistent, with the reaction mod-
ulus being larger for the test section with geotextile envelope followed by the sections with
geotextile at the base/surface course interface and with the geotextile at the subgrade/base
interface.

3.2.5. Pencel pressuremeter. The results of tests using the Pencel pressuremeter pre-
sented in this work are those obtained from tests carried out on the base layers during the

0
10
20
30
40
50
60
70
80
90

100
110
120

0
10
20
30
40
50
60
70
80
90

100
110
120

Quarry waste

Fine soil

Soil-lime (2%)

Fine soil and geotextile (base and surface couse)

Fine soil and geotextile (subgrade and base)

Fine soil enveloped

(b) (a)

Distance (cm)

D
ef

le
ct

io
n 

( 
x 

0,
01

 m
m

)

0 15 30 45 60 75 90 105 120

Distance (cm)
0 15 30 45 60 75 90 105 120

Soil-crushed rock (1:4)

Figure 7. Average deflection basins: (a) FWD (October 2000); (b) FWD (August 2001).



780 Chapter 26

construction of the test sections (June 1998) and in December 2001. Tests were not con-
ducted on the base of crushed soil rock because of the difficulty in executing holes in this
type of material. The main parameters obtained in the test are: the Pencel pressuremeter
modulus during loading (Ep), the modulus in the intermediate reload cycle (Er1), modulus
in the final reload cycle (Er2) and the limit pressure (PL). All these values are measured
along the horizontal direction. Tables 9 and 10 show the values obtained for the bases tested.

The main observations were:

● June 1998: The tests were conducted shortly after the base construction. It was con-
firmed that the nearer the field water content value to the value defined for the opti-
mum moisture condition, the greater the values of Ep, Er and PL. Bearing in mind that
the soil–lime mixture base had a water content 5% lower than the optimum water con-
tent and that the fine soil was only 3% lower than optimum water content, the fine soil
exhibited a better performance in this test. The quarry waste, even with a water con-
tent 5% above the optimum value, showed the best performance.

● December 2001: the quarry waste base showed an increase in its water content and a
reduction in the values of the relevant test parameters. For the bases composed of fine
materials, the soil–lime mixture and fine soil bases were a little more humid, with the
bases of fine soil and fine soil enveloped by geotextile presenting the best perform-
ances. The worst responses were observed for the bases of soil–lime mixture and of
fine soil with geotextile at the subgrade-base interface.

Table 9. Pencel pressuremeter test results (July 1998)

Stake Material Depth (cm) w (%) Ep (MPa) Er1 (MPa) Er2 (MPa) PL (kPa)

146 Quarry waste 11.5 13.6 30.0 — 74.9 2200
152 Fine soil 11.5 19.3 25.6 — 22.2 2000
156 Soil–lime mixture (2%) 11.5 18.4 22.2 — 45.3 2000
158 Fine soil and geotextile 11.5 20.6 27.4 — 51.1 1900

(base and surface course)

Table 10. Pencel pressuremeter test results (December 2001)

Stake Material Depth (cm) w (%) Ep (MPa) Er1 (MPa) Er2 (MPa) PL (kPa)

146�15 Quarry waste 16.2 17.2 24.7 44.5 120.8 1520
152 Fine soil 16.2 20.8 19.2 59.9 121.4 1640
156 Soil–lime mixture (2%) 16.2 20.1 18.0 46.5 104.5 1300
158 Fine soil and geotextile 16.2 18.9 20.7 — 75.6 920

(base and surface course)
160 Fine soil and geotextile 16.2 18.2 16.0 54.9 48.5 1280

(subgrade and base)
162 Fine soil enveloped 16.2 19.6 27.2 92.8 69.7 1590
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3.3. Back-analyses

The computer program Sigma/W (Geo-Slope, 1995) was used to back-analyse results from
plate load tests performed on the bases. The finite elements mesh used in these analyses
was 3 m wide and 3 m deep, with a total of 1660 elements and 5147 nodes. The steel plate
was also simulated in the mesh as a layer with an elastic modulus of 200,000 MPa and a
Poisson coefficient equal to 0.27. A vertical pressure of 560 kPa was applied on the plate
and axis-symmetrical conditions were assumed.

Since the course with double-surface treatment does not have a relevant structural func-
tion, its thickness was added to the base. The Poisson coefficients considered for the sub-
grade and base layers were adopted as a function of the type of material: 0.35 for granular
materials (soil-crushed rock and quarry waste) and 0.40 for the fine materials (subgrade,
fine soil and soil–lime mixture). Two values of equivalent modulus were determined from
the simulations: the deformability modulus (E) using the values of total displacements
(r560 kPa) under 560 kPa and the elastic module (Eelastic) using values of elastic displace-
ments (relastic) under the same stress level. Table 11 presents the results obtained from the
data of the test series performed in August 1998 and in July 2002. The greatest modulus
reduction during the period under analysis was observed for the soil–lime mixture base.
Again, the sections incorporating geotextiles presented an overall good performance.

A similar analysis was conducted using the average values of maximum vertical dis-
placements obtained in the Benkelman beam tests on each section. The results of these

Table 11. Results of back-analyses of plate load tests data

August 1998 July 2002

Stake Base material Subgrade Base Subgrade Base
(MPa) (MPa) (MPa) (MPa)

E Eelastic E Eelastic E Eelastic E Eelastic

127�10 Soil-crushed rock 70 300 100 800 40 250 90 800
mixture (1:4)

129�10 Soil-crushed rock 60 250 70 600 — — — —
mixture (1:4)

146 Quarry waste 70 250 70 800 40 250 90 350
152 Fine soil 40 250 40 450 40 100 40 400
155�10 Soil-lime (2%) 40 550 80 650 40 550 40 200
158 Fine soil and 40 250 50 450 40 550 60 650

geotextile (base/
surface course)

160 Fine soil and 40 100 90 200 60 550 90 650
geotextile
(subgrade/base)

162 Fine soil enveloped 40 250 60 450 40 550 60 650
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analyses are presented in Table 12. Some base materials revealed larger initial moduli, but
at the end of the observation period all the base materials had similar values of moduli.

The computer program Laymod4 (Rodrigues, 2002) was employed for the back-analy-
ses of the FWD test results. This program considers the pavement as a multilayer system.
The input for the program are: basin data (road stakes, load, displacements, air and pave-
ment temperature), number of layers, diameter of the loading plate, number of measure-
ments of displacements, location of the sensors and characteristics of each layer (material
type, thickness, Poisson coefficient and modulus). The results obtained are RM, modulus
for each basin, error and surface modulus.

In the analyses the surface course was incorporated to the base and a 20-cm-thick
superficial layer in the subgrade was also taken into account. The presence of this layer in
the surface of the subgrade was observed in the tests with DCP. The results obtained are
presented in Tables 13 and 14 for two testing periods.

Rodrigues (2002) recommends that the error obtained by the program should be � 5%
for good quality back-analyses results. However, for the cases processed in the present
study the error values varied between 8% and 19%. This difference can be attributed to fac-
tors such as:

● Differences between the actual system characteristics and the program hypotheses
● Uncertainties related to the thicknesses of the soil layers
● Heterogeneities of the soil layers.

The results obtained indicated that:

● The pavement subgrade presented the smallest values of back-analysed moduli.
● The bases made of fine soil with geotextile at the subgrade/base interface, soil-crushed

rock mixture, fine soil enveloped by geotextile and soil–lime mixture showed the
largest values of moduli at the end of the monitoring period.

Table 12. Results from back-analyses of Benkelman beam tests data

August 1998 July 2002

Base material E subgrade (MPa) E base (MPa) E Subgrade (MPa) E base (MPa)

Soil-crushed rock (1:4) 160 210 130 140
Quarry waste 160 200 100 120
Fine soil 110 120 110 120
Soil–lime (2%) 150 160 120 130
Fine soil and geotextile 130 140 120 130

(base/ surface course)
Fine soil and geotextile 140 150 130 140

(subgrade/base)
Fine soil enveloped 170 220 110 130
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● The quarry waste base presented the smallest modulus values for the two periods of
monitoring analysed.

● The values of the back-analysed moduli decreased in the second period of testing,
except for the test sections incorporating geotextiles.

The results of the back-analyses conducted suggest that there is no direct relation
between the values of moduli back-analysed from results obtained by different test meth-
ods. In general, for the two periods of measurements, the largest back-analysed E (Base)
values were obtained when using the results from FWD tests, while the lowest values were
obtained for the back-analyses of the data from plate load tests. The results from
Benkelman beam tests yielded a significant reduction of E (Base) values for all base mate-
rials between periods of measurements, with the exception of the fine soil base (lowest E
Base). The E (Base) values for the sections incorporating geotextiles varied little in the
back-analyses of data from plate load and FWD tests for the periods of measurements.
These results emphasise the complexities involved in this type of analyses.

Table 13. Results from back-analyses of FWD tests data (October 2000)

Base material E base (MPa) E subgrade 1 (MPa) E subgrade 2 (MPa) Error (%)

Soil-crushed rock (1:4) 341 239 214 10.5
Quarry waste 217 106 163 11.6
Fine soil 296 91 189 13.7
Soil–lime (2%) 364 138 222 8.6
Fine soil and geotextile 283 173 239 17.6

(base/ surface course) 
Fine soil and geotextile 406 88 228 15.9

(subgrade/base)
Fine soil enveloped 249 129 220 13.8

Table 14. Results of back-analyses of FWD tests data (August 2001)

Base material E base (MPa) E subgrade 1 (MPa) E subgrade 2 (MPa) Error (%)

Soil-crushed rock (1:4) 336 118 241 11.0
Quarry waste 202 81 143 12.8
Fine soil 249 87 191 15.7
Soil–lime (2%) 300 107 237 10.4
Fine soil and geotextile 285 187 238 18.6

(base/ surface course)
Fine soil and geotextile 383 129 265 18.0

(subgrade/base)
Fine soil enveloped 331 138 238 14.9
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3.4. Costs
In general, a pavement base constructed with lateritic gravel in the Federal District using
conventional design and construction techniques has a minimum cost of 6.67 US$/m3, not
including transportation costs. For a distance of transport up to 5 km, the transportation
cost is typically 2.26 US$/m3. For longer distances, that value increases at a rate of 0.23
US$/m3/km. So, if the gravel source is located at a distance greater than 19 km from the
construction site, the pavement cost will be greater than 12.2 US$/m3, making the use of
alternative materials cost-effective, as shown in Table 15.

4. CONCLUSIONS

The main conclusions of the research programme described in the present work are sum-
marised below:

● Laboratory tests allow the identification and evaluation of the potential of the use of
alternative non conventional construction materials in pavements. 

● The analysis of the behaviour of non-conventional materials in pavements is complex
and further investigation is required for a better understanding on their performance
and potentials.

● The base constructed with soil-crushed rock mixture presented a satisfactory perform-
ance, and its use is recommended when the cost of the crushed rock is acceptable.

● The use of waste materials such as quarry waste as an alternative can be considered,
but in the field adequate drainage systems should be provided to minimise large vari-
ation of moisture content, which may affect the pavement performance.

● The use of fine soil can also be considered as a satisfactory solution when in the pave-
ment construction the “cracking approach” is used (Rezende and Camapum-de-
Carvalho, 2003a), efficient drainage systems are provided and more soil layers (like
sub-base and base) are incorporated to the pavement structure or a hot mix asphalt
overlay is used.

Table 15. Final costs of the bases

Base material Cost (US$/m3)

Soil-crushed rock mixture (1:4) 40.44
Quarry waste 4.30
Fine soil 6.64
Soil–lime mixture (2%) 11.87
Fine soil with geotextile between the base and the surface course 22.70
Fine soil with geotextile between subgrade and base 23.60
Fine soil enveloped by geotextile 39.53



● The process of chemical soil stabilisation with lime can be, as far as strength is con-
cerned, more or less advantageous depending on the chemical characteristics of the
fine soil being stabilised. The choice of the ideal amount of lime to be added to the soil
can also be evaluated in chemical terms. The use of soil–lime mixtures increases the
stability of the pavement in comparison to those without lime, delaying the occurrence
of damages.

● The sections incorporating geotextiles improved the pavement performance. Pavement
strength increased, mainly for the case where the geotextile was installed between the
base and the subgrade. For the case where the base was enveloped by the geotextile
layer the occurrence of damages was delayed.

● The analysis of the performance of real pavements is a complex task. The results obtained
in this work identified several factors that can affect pavement behaviour when non-
conventional construction materials are used. This research is continuing in order to allow
a more comprehensive observation of the long term performance of the test sections.
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ABSTRACT

The behaviours of Hall’s Creek test embankment constructed on an alluvium deposit in
Moncton, New Brunswick, and the reinforced test embankment constructed on a soft com-
pressible soil in Sackville, New Brunswick, where a high-strength polyester woven geot-
extile was used as basal reinforcement are discussed in this chapter. The soils at both these
sites have the same geological depositional history. Performance monitoring included the
instrumentation of the foundation soil with inclinometers, pneumatic piezometers, settle-
ment plates, settlement augers and heave plates and the geosynthetic reinforcement with
different types of strain gauges. Details of the layout, instrumentation, field performance
and analyses for behaviour prediction are presented.

The observed settlement response of the Hall’s Creek embankment could be predicted
satisfactorily using Bjerrum’s consolidation plus delayed compression approach by con-
sidering the immediate, primary and secondary compression; the unusually high pore
water pressures that existed even after a 3-year period could not be explained adequately.
From further laboratory investigation coupled with the pore pressure and settlement
responses, it was concluded that progressive failure of the foundation soil could have been
a contributory factor for the observed behaviour.

The predictability of the behaviour of the Sackville reinforced embankment under work-
ing stress conditions using three types of fully coupled finite element analysis models; namely,
a rate-formulated elasto-viscoplastic model with an elliptical cap yield surface, a creep-for-
mulated elasto-viscoplastic model and modified cam clay (MCC) elastoplastic material model
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for the foundation soil is examined in this chapter. This study suggests that all three FEA mod-
els are capable of predicting the performance of this reinforced embankment under working
stress conditions reasonably well despite their inability to give accurate predictions of all the
behaviour characteristics. The analysis with the creep model gave slightly better overall pre-
dictions and that with the rate model predicted the horizontal displacement near the embank-
ment toe and excess pore pressure in the foundation soil better than the MCC model. However,
the creep and rate models require additional soil parameters and consume much larger com-
puting resources and longer time. The MCC model could be adequate for predicting the per-
formance of embankments on Sackville-type foundation soils under working stress conditions.

1. INTRODUCTION

Soft soils are widely distributed in Canada and other parts of the world and are difficult
materials for constructing road embankments due to their low strength, high compress-
ibility and highly non-linear, time-dependent visco-plastic characteristics. Embankments
constructed on such soft soils undergo large settlement and lateral deformation during and
after construction resulting in a variety of construction and instability problems.

Several well-instrumented road embankments have been constructed on soft soils to
study their behaviour (La Rochelle et al., 1974; Leroueil et al., 1978a, 1978b; Ortigao et al.,
1983; Keenan et al., 1986; Indraratna et al., 1992; Rowe et al., 1995; Crawford et al., 1995;
Hussein and McGown, 1998; Bergado et al., 2002; and many others). Two Canadian case
histories of such embankments in Eastern Canada that were constructed until failure are dis-
cussed in this chapter. The Hall’s Creek test embankment was constructed on an alluvium
deposit in Moncton, New Brunswick and a reinforced test embankment was constructed on
a soft compressible soil in Sackville, New Brunswick where a high-strength polyester woven
geotextile was used as basal reinforcement. Performance monitoring included the instru-
mentation of the foundation soil with inclinometers, pneumatic piezometers, settlement
plates, settlement augers and heave plates and the geosynthetic reinforcement with three dif-
ferent types of strain gauges. Details of the layout, instrumentation, field performance and
analyses for behaviour prediction are presented.

From the available geological evidence, it is concluded that the soils at the Hall’s Creek and
Sackville site can be characterised as marine interdial deposits formed during the post-glacial
period to the present time. These interdial deposits are due to coastal submergence and the ero-
sional and depositional actions of the Bay of Fundy.

Case histories generally provide the basis to validate theories and assumptions used in the
design and performance prediction. The rheological properties of soft soils and the engi-
neering characteristics of the geosynthetics are such that predicting various aspects of the
behaviour of the embankment as a function of time is very complicated. However,
significant advances have been achieved recently in predicting the time-dependent behaviour



of reinforced embankments on soft soils using coupled finite element analysis (e.g., Rowe
and Hinchberger, 1998; Li and Rowe, 2002; Rowe and Li, 2002; Gnanendran et al., 2005).
Predictability of the behaviour of the Sackville reinforced embankment under working stress
conditions using selected numerical models are also discussed in comparison with the
observed field performance in this chapter. 

2. HALL’S CREEK TEST EMBANKMENT

The New Brunswick (NB) Department of Transportation (DOT) constructed an instru-
mented test embankment until failure on an alluvium deposit in Hall’s Creek, Moncton,
New Brunswick in 1977 to study the instability problems of road embankments in this area.
The alluvium consisted of organic silt, clayey silt, silty clay and silty sand overlying sand-
stone bedrock and the geotechnical profile of the foundation soil obtained from site and lab
investigations are presented in Figures 1 and 2 (Keenan et al., 1986). The average shear
strength parameters of the foundation soil determined from consolidated undrained triaxial
compression and direct simple shear tests were reported as c� � 12 kPa and φ� � 22° for the
first 6 m depth and that for the lower 3.5 m, c� � 13 kPa and φ� � 16° (Keenan et al., 1986).

The test embankment was instrumented with four settlement plates (M1–M4) and three
screw-type settlement points (SP1–SP3) for measuring the settlements at the surface and at
selected points within the foundation soil (Figures 3 and 4). Heave of the ground outside the
embankment were monitored with a number of heave plates installed at different locations.
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Figure 1. Foundation soil profile of Hall’s Creek (from Keenan et al., 1986).



Pore water pressures developed in the foundation soil were monitored with four vibrating wire
piezometers (P1–P4) installed at various locations and the horizontal movement in the foun-
dation soil was monitored with an inclinometer installed at the northern toe of embankment.
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This embankment was constructed in two stages. In the first stage, the fill was raised
from elevation 7.47 to 11.3 m at which time the slope failed, as detailed in Figure 5, at its
northern slope where no berm was provided (Keenan et al., 1986). The instrumentation was
not affected by this failure and was monitored for 36 days including the construction period
at which time the second-stage construction commenced. In the second stage, berms were
provided on both sides and the embankment was raised to elevation 11.9 m (Figures 3 and
4). All the instruments were monitored periodically afterwards for over 2 years.

The vertical displacement profiles of the ground surface at different times obtained
from the field monitoring program are shown in Figure 3 and it was observed that the set-
tlements continued to increase even after 2 years. Similarly, the excess pore pressures at
elevation 3.35 m obtained from the field measurements shown in Figure 4 also indicated
increases in excess pore pressure even after more than 2 years.

Keenan et al. (1986) analysed the performance of this embankment and suggested that
the method proposed by Foot and Ladd (1981) may lead to conservative estimates of
immediate settlements. It was demonstrated that the average settlement – time response of
the embankment could be predicted accurately by considering the immediate, primary and
secondary compression (creep) of the foundation soil using Bjerrum’s (1967) approach for
evaluating the combined consolidation plus delayed compression (Figure 6).
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Limit equilibrium analysis with undrained shear strengths determined from laboratory
tests on undisturbed samples corrected in accordance to Bjerrum (1972) predicted the fail-
ure height quite accurately (Keenan et al., 1986). However, there was significant difference
between the failure surface predicted by the analysis and the field observations (Figure 7).
It was further noted that the analysis with the undrained shear strength from field vane tests
indicated a factor of safety of 2.5 for the observed failure surface and would require a 60%
reduction factor to account for the failure of this test embankment.

Although the observed settlement response and failure of the embankment could be
predicted satisfactorily, the existence of unusually high pore water pressures even after a
3-year period could not be adequately explained. Cormier (1986) carried out further labo-
ratory investigation into the behaviour of this soil and concluded that progressive failure
of the foundation soil could have been a contributory factor for this phenomenon and rec-
ommended further research. The findings from the test embankment were used in design-
ing roadway embankment in the Hall’s Creek area.
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3. SACKVILLE TEST EMBANKMENT

3.1. Background
To investigate the progressive nature of failure of embankments on the soft soils in the
Moncton area of eastern Canada in more detail and to study the beneficial effects of using
a layer of basal reinforcement for the embankment, a well-instrumented full scale test
embankment was designed and constructed in the nearby town of Sackville, New
Brunswick in September–October 1989. Brief description of the embankment configura-
tion, instrumentation, observed field behaviour and predictability of its performance from
analyses are discussed in the following sections.

3.2. Embankment configuration, foundation soil properties and instrumentation 
The test site for this embankment was situated in an area of intertidal salt marsh deposit
(Rampton and Paradis, 1981), locally known as “Marshland.” A summary of the founda-
tion soil profile obtained from the field and lab investigations are shown in Figure 8. The
foundation soil was predominantly clayey silt with some organics, fibre and occasional
sand lenses at certain depth ranges. It could be observed from Figure 8 that the natural
water content was mostly above the liquid limit.

The test embankment consisted of a 25-m-long unreinforced section and a 25 m long
geotextile reinforced section connected by a reinforced transition but only the performance
of the geotextile reinforced embankment section is discussed in this chapter (see
Gnanendran, 1993; Rowe et al., 1995, 2001 for further details). The cross section of the
geotextile-reinforced embankment with details of the construction sequence and the lay-
out of instrumentation used for monitoring the performance are shown in Figure 9.

The instrumentation consisted of piezometers, settlement plates, augers, heave plates,
inclinometer casings and a total pressure cell and strain gauges on the geotextile. A total
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of 32 pneumatic piezometers were installed at various depths and locations in the mid
region of the 25-m-long section of the embankment to monitor the pore pressures in the
foundation soil. A pneumatic-type total pressure cell was installed close to the centreline
of the embankment to measure the total pressure imposed on the foundation soil by the fill.
The applied total stresses deduced from the monitoring agreed well with those deduced
based on the thickness of fill and the measured unit weight of the fill (Gnanendran, 1993).

A total of six settlement plates and eight heave plates were installed to monitor the
movement of the ground. In addition, 7 screw-type settlement augurs were installed at var-
ious depths to monitor the vertical movements within the foundation soil. Horizontal
movements in the foundation soil were monitored with six inclinometer casings installed
at various locations up to a depth ranging from 8 to 11 m where a relatively stiff clayey
silt/silty clay stratum was encountered. 

3.3. Geotextile reinforcement
A layer of Nicolon (style 68300) polyester multi-filament woven geotextile, with the aver-
age properties summarized in Table 1, was used as the reinforcement. The strains developed
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in the geotextile reinforcement were monitored both in the transverse and longitudinal
directions with a total of 38 electrical resistance, 7 electromechanical and 7 mechanical
strain gauges (Rowe and Gnanendran, 1994). The strain in the longitudinal direction was
monitored with four electrical gauges installed at different locations in the mid-region of the
embankment section. These longitudinal gauges indicated almost zero strains in the geot-
extile indicating that near-plane strain condition existed in the mid-region of the embank-
ment section where most of the monitoring devices were installed. Details concerning the
design, configuration and installation of the electromechanical and mechanical gauges were
described by Rowe and Gnanendran (1994). 

3.4. Embankment construction
A locally available fill material, gravelly silty sand with some clay (average unit weight of
19.6 kN/m3, peak shear strength of c� � 17.5 kPa, φ�� 38° and residual strength c� � 17.5 kPa,
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Figure 9. Details of embankment cross-section, construction sequence and instrumentation layout (from
Rowe et al., 1995).

Table 1. Properties of geotextile (after Rowe and Gnanendran, 1994)

Mass 631 g/m2

Tensile strength 216 kN/m
Failure strain 13%
Initial modulus 257 kN/m
Elastic modulus 1920 kN/m
Secant modulus (0 – 5% strain) 1466 kN/m
Secant modulus (0 – 10% strain) 1678 kN/m



φ�� 38° determined from direct shear tests on saturated bulk samples), was used for most of
the construction. However, to allow adequate interaction between the geotextile and the sur-
rounding soil, a 0.3–0.5 m thick layer of granular fill material (c� � 0, φ� � 42.3°, unit
weight � 18 kN/m3) was used both below and above the geotextile. During construction, the
fill was spread and compacted using a medium weight bulldozer.

The Nicolon style 68300 multifilament polyester woven geotextile that was used as the
reinforcement was factory sewn into a 23 m � 30 m rectangular section and it was instru-
mented with a number of strain gauges. A working platform of 0.4 m average thickness
was constructed with good quality granular fill material to provide a level surface for the
geotextile. Since the strain gauges were quite delicate, considerable care was taken during
transport and placement of geotextile in the field. A 0.4-m-thick layer of granular fill was
carefully placed over the geotextile without allowing passage of either the trucks or the
bulldozer directly on the geotextile.

During the construction of this embankment, the soil deformation became significant
at a fill thickness of between 5 and 5.7 m. At a fill thickness of 8.2 m a large heave zone
and cracking along the embankment crest was observed but there was no dramatic collapse
of the embankment and additional fill could be placed and the embankment height was
raised to 9.5 m on 14 October, 1989. The deformations continued and a large depression
of about 0.6 m maximum depth and cracks of 4 – 10 cm width were observed on the crest
of the embankment close to settlement plate 8S on 16 October, 1989. The embankment had
obviously failed and the failure was of visco-plastic type. Rowe et al. (1995) analysed this
field behaviour by examining the excess pore pressures in the foundation soil, strain in the
geotextile, and settlement and heave of the ground and concluded that the failure thickness
of the embankment was 8.2 m.

3.5. Analysis and performance prediction
Geosynthetic reinforced embankments constructed on soft soil foundation are often
analysed using limit equilibrium and/or finite element methods. Both these methods have
advantages and disadvantages and were used to back analyse the performance of Sackville
embankment.

3.5.1. Limit equilibrium analysis. The Sackville reinforced embankment has been back-
analysed using the slip circle type limit equilibrium method adopting different approaches
assuming the reinforcement force to act horizontally (Rowe et al., 1994; Palmeira et al.,
1998; Gnanendran et al., 2000). The limit equilibrium methods employed by these investi-
gators predicted the failure height of the reinforced embankment quite accurately but the pre-
dicted failure surfaces differed from that observed in the field (see Figure 10). It is interesting
that similar observations were also made at the Hall’s Creek site. Gnanendran et al. (2000)
suggested that the apparent good prediction of failure height from these analyses could be
due to compensating errors rather than correctly predicting the actual behaviour.
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Although limit equilibrium methods are easy to use and require less time and effort in
a design situation, they do not provide any information about deformations of the soil or
of the geosynthetic or any information regarding the performance prior to collapse. In
addition, limit equilibrium analysis must assume that collapse will be governed by limit
equilibrium of both the soil and reinforcement unless other information (such as the strain
in the geosynthetic at failure) is provided from other methods of analysis. 

The tensile force developed in the reinforcement depends on the deformations that
occur both within the soil medium and within the geosynthetic. Consequently, a limit equi-
librium technique which disregards the deformation characteristics of the soil-reinforce-
ment system cannot be rigorously employed to evaluate the behaviour of the reinforced
embankment system. Furthermore, the deformational characteristics of the two elements
(i.e. the reinforcement and the soil) are such that concomitant failure will not occur in the
two elements. This mathematical inconsistency can be avoided only by recourse to numer-
ical methods of stress analysis such as the finite element analysis (FEA) which takes into
account both the constitutive responses of the geosynthetic and the soil mass (i.e. both the
embankment and the foundation soil). 

3.5.2. FEA of Sackville embankment. Sackville embankment was analysed by Rowe
et al. (1996) using a fully coupled large-strain elastoplastic finite element formulation
adopting a MCC model for the organic clayey silt foundation soil. This study revealed that,
although many features of the embankment behaviour could be captured reasonably well
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by this analysis, the MCC elastoplastic formulation is inadequate for predicting the multi-
ple characteristics of the embankment behaviour such as vertical and horizontal deforma-
tions, pore pressures and geotextile strains accurately when the embankment approached
failure and when its thickness remained constant. It was concluded that the inadequacy
might be due to the suspected rate-sensitive nature of the foundation soil.

Rowe and Hinchberger (1998) reanalyzed this embankment adopting a fully coupled
elasto-viscoplastic formulation with an elliptical cap model for the foundation soft soil. In
particular, the foundation soil was modeled using Perzyna’s (1963) theory of overstress
viscoplasticity and an elliptical yield function of the form proposed by Chen (1982). This
analysis was found to capture the multiple characteristics of this embankment behaviour
including the vertical deformation near the centreline, horizontal deformation near the toe,
geosynthetic strain and the increase in excess pore pressures in the foundation soil even
during periods when there was no addition of fill. It was concluded that particular care is
required when constructing embankments over rate-sensitive soils as these soils may
appear to be performing adequately during construction due to their ability to carry over-
stress, but may subsequently creep to failure.

Embankments are often not constructed to failure heights but are usually designed and
constructed with some margin of safety. Therefore, the predictability of the behaviour of
an embankment prior to failure under working stress conditions is of prime importance to
practicing engineers and would be the focus of discussion in the following sections. 

3.6. Predictability of Sackville embankment behaviour under working 
stress conditions

The predictability of the behaviour of Sackville embankment was investigated by
Gnanendran et al. (2005) using a creep-based elasto-viscoplastic and MCC elastoplastic
material model for the foundation soil adopting the same finite element descretisation with
due consideration for geometric nonlinearity and using the same experimental database for
the material properties. The elasto-viscoplastic model that take into account creep proposed
by Kutter and Sathialingam (1992), which uses the coefficient of secondary consolidation
as the additional parameter, was adopted to perform the creep analysis. Hereafter, this is
referred to as the “creep model”. The results from these analyses and that predicted by
Rowe and Hinchberger (1998) using their elasto-viscoplastic elliptical cap model, hereafter
referred to as “rate model” are discussed in comparison with the observed field behaviour.
It is noted that the discussion is restricted for the behaviour under working stress conditions.

The foundation soil properties adopted for the FEA with MCC and creep models are pre-
sented in Tables 2 and 3 and those for the rate model are shown in Tables 4 and 5. Properties
of the embankment fill adopted in all three analyses are summarised in Table 6.

3.7. Comparison of calculated and observed performance
The comparison of the settlement at settlement plates 7S and 8S calculated from the three
analyses with field measurements are shown in Figure 11. (Note: Time � 0 at 0:00 hour on
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21 September, 1989). The finite element calculations with MCC and creep models overes-
timated the settlement at settlement plates 7S and 8S until the fill thickness was increased
to 5.7 m. However, the analysis with the rate model predicted the settlement at 7S and 8S
accurately until the embankment was constructed to 5.7 m thickness. This improvement in
predictability of the settlement at low embankment thicknesses could be attributed to the
different failure envelope adopted in the overconsolidated stress state in the rate model
reported by Rowe and Hinchberger (1998) compared to the elliptical surface adopted for
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Table 2. Foundation soil parameters assumed for FEA with MCC and creep models (Gnanendran et al., 2005)

Depth (m) γ Μ κ λ, λ* ecs, eN
* k0

� ν OCR α
(kN/m3)

0.0–1.1 15.2 1.113 0.055 0.242 2.210, 2.339 0.68 0.3 1.0a 0.00973
1.1–1.8 17.8 1.113 0.021 0.111 1.300, 1.362 0.68 0.3 3.6 0.00446
1.8–2.7 17.8 1.113 0.027 0.154 1.589, 1.678 0.71 0.3 1.2 0.00619
2.7–4.4 17.0 1.113 0.045 0.224 1.799, 1.924 0.77 0.3 1.0 0.00900
4.4–5.8 17.0 1.113 0.027 0.154 1.590, 1.678 0.79 0.3 1.2 0.00619
5.8–10.0 17.0 1.113 0.027 0.154 1.590, 1.678 0.83 0.3 1.2 0.00619
10–14.0 17.0 1.113 0.027 0.154 1.590, 1.678 0.88 0.3 1.2 0.00619

aApproximation for the vertical cuts made in the crust as per Rowe et al. (1996).

Table 3. Permeability variations assumed for the FEA with creep and MCC models (Gnanendran et al., 2005)

Depth (m) kh/kv Normally consolidated, Overconsolidated,
Kv � A(e – C)B Kv � A1(eB1)

A B C A1 B1

0.0–1.0 10 0.5769E-3 5.1033 0.1006 0.00864 0.0
1.0–3.5 4 0.5769E-3 5.1033 0.1006 0.00864 0.0
3.5–5.0 10 0.5769E-3 5.1033 0.1006 0.00864 0.0
5.0–14.0 4 0.7413E-3 4.8574 0.0000 0.00864 0.0

Kv � vertical permeability in m/day.

Table 4. Foundation soil parameters assumed for FEA with rate model (Rowe and Hinchberger, 1998) 

Depth (m) Μ ∗/Μ c�k /c�(kPa)/ γ (kN/m3) k0� eo κ λ γ vp n
(kPa) (�109 s�1)

0.0–1.1 0.75/0.96 8.0/6.5 17.8 0.68 2.2 0.055 0.28 5.6 20
1.1–1.8 0.75/0.96 8.0/6.5 17.8 0.70 1.2 0.03 0.14 5.0 20
1.8–2.7 0.75/0.96 8.0/6.5 17.5 0.70 1.6 0.03 0.22 5.0 20
2.7–4.4 0.75/0.96 8.0/6.5 16.5 0.75 1.6 0.05 0.15 5.6 20
4.4–5.8 0.75/0.96 8.0/6.5 17.2 0.80 1.5 0.03 0.15 6.1 20
5.8–10.0 0.75/0.96 8.0/6.5 17.2 0.80 1.2 0.03 0.15 5.0 20
10–14.0 0.75/0.96 8.0/6.5 17.2 0.80 1.2 0.03 0.15 5.0 20



both overconsolidated and normally consolidated stress states in the other two models con-
sidered in this chapter. 

The analysis with rate model significantly underestimated the settlement beyond 5.7 m
thickness until the failure thickness of 8.2 m was reached. The predictions from the analy-
ses with MCC and creep model were reasonably good when the fill thickness was
increased from 5.7 to 8.2 m. As the embankment reached its failure fill thickness of 8.2 m,
the finite element predictions from all three analyses underestimated the settlements at 7S
and 8S. Examination of the settlement responses from the three analyses suggest that for
an embankment constructed with a margin of safety, i.e. under working stress condition for
a 6–7 m thick embankment with an approximate factor of safety of 1.2–1.4, the creep
model is capable of giving a slightly better prediction than the rate model and the settle-
ment prediction with the MCC model would also be reasonably good. Examining the set-
tlement responses from FEA with different models for the foundation soil, Gnanendran 
et al. (2005) concluded that the rapid increase in settlement at constant thickness could not
be attributed fully to the suspected rate-sensitive behaviour of the foundation soil, and at
least in part was due to creep compression behaviour. 

The settlement predicted from FEA with each model at settlement augers 9A and 11A
are compared with the measured settlements in Figure 12. The settlements at auger 9A pre-
dicted from the FEA with creep and MCC models agreed well with the field measurements
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Table 5. Permeability variations assumed for FEA with rate model (Rowe and Hinchberger, 1998)

kv � kr exp[(e – er) / Ck]

Depth (m) kh/kv er Ck kr (m/s) 

0.0–1.1 10 2.4 0.22 1.7 � 10�8

1.1–1.8 4 2.4 0.22 1.7 � 10�8

1.8–2.7 4 1.2 0.16 8.3 � 10�8

2.7–4.4 4 2.4 0.22 1.7 � 10�8

4.4–5.8 4 2.4 0.22 1.7 � 10�8

5.8–10.0 4 1.2 0.16 8.3 � 10�8

10.0–14.0 4 1.2 0.16 8.3 � 10�8

Table 6. Properties of embankment fill adopted in the analyses

First 0.7 m Remainder of fill

Properties of fill material c (kPa) 0.0 17.5
φ� 43° 38°
ψ 8° 7°
γ (kN/m3) 18.0 19.6
ν 0.35 0.35

Janbu’s equation, K, m 250, 0.5 250, 0.5 
(E/Pa) � K (σ3/Pa)

m



up to about 5.7 m fill thickness and then the analyses tend to underestimate the settlements.
The analysis with the rate model always underpredicted the settlement at 9A more than the
other two models. Settlement at 11A was reasonably well predicted by the analyses using
the creep model compared to the other two models. Again, the analysis with rate model
underestimated the settlement at 11A more than the other two models. Therefore, consid-
ering the overall settlement predictions in comparison with the field data at settlement
plate locations and settlement auger points, it is suggested that the creep model is capable
of predicting the settlement near the centreline of the embankment more accurately than
the other two models and the MCC model prediction is also reasonably good.

Are the measured and calculated vertical displacements at heave plate 2H are presented
in Figure. 13. For clarity, the results for only 1 heave plate is given in this figure as the
responses were very close and difficult to differentiate if the results of two or more heave
plates were shown. The field behaviour indicates an apparent delay in the heave response
for the construction loading. It is seen that the FEA predictions for the heave at this loca-
tion from all three models are in reasonably good agreement with the field observations
until the embankment was constructed to 8.2 m thickness. However, the analyses with
MCC and creep models overestimated the heave during the brief construction stoppage at
5.7 m fill thickness whereas the analysis with the rate model predicted the heave more
accurately during this period. 
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Figure 11. Observed and predicted settlements at 7S and 8S from FEA (from Rowe et al., 1995; Rowe and 
Hinchberger, 1998; Gnanendran et al., 2005).
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The FEA with the rate model indicated slightly less heave than the measured values
during the construction of the embankment from 5.7 to 8.2 m thickness but the analyses
with MCC and creep models gave accurate predictions for the heave during this construc-
tion phase. The rate model analysis indicated large increase in heave than that observed in
the field after the embankment was constructed to the thickness of 8.2 m. Therefore, con-
sidering the overall heave response near the toe for an embankment of up to about 7 m
thickness, it is concluded that all three models are capable of predicting the heave quite
well but the prediction with rate model is once again slightly better. 

Figure 14 shows the comparison between the field data and the calculated horizontal
displacement variations with depth obtained from FEA with MCC and creep models at the
toe of embankment (22I). As the horizontal displacement with depth variation was not
reported for the analysis with the rate model, a similar comparison for inclinometer 23I
located near the embankment toe is presented in Figure 15 where the FEA results obtained
with all three models were available. It is observed that the analysis with MCC model pre-
dicted the maximum horizontal displacement at the toe (i.e. at 22I) quite well (i.e. for both
3.4 and 5.4 m thicknesses). The analysis with the creep model overestimated the horizon-
tal displacement at 3.4 m thickness and although satisfactory, it slightly underestimated the
horizontal displacements at 5.4 m thickness. At depths greater than 2 m, however, the pre-
dicted horizontal displacements were generally higher than the measured values. 
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Figure 12. Observed and predicted settlements at 9A and 11A from FEA (from Rowe et al., 1995; Rowe and 
Hinchberger, 1998; Gnanendran et al., 2005).
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At inclinometer 23I, the analyses with MCC and rate models well predicted the hori-
zontal displacements at 3.4 m thickness while that of creep model overpredicted them. At
5 m thickness, the creep and rate model analyses predicted the maximum horizontal dis-
placements quite accurately but the creep model analysis slightly overpredicted the hori-
zontal displacement profile with depth. The horizontal displacements at different depths
predicted by the FEA with the MCC model were slightly higher than those of the creep
model at 5 m thickness. 

In summary, the FEA with rate model well predicted the horizontal displacements at
23I but the MCC and creep models predicted the horizontal displacements at both 22I and
23I quite satisfactorily.

Gnanendran et al. (2005) found that the horizontal displacements predicted by the FEA
with MCC model agree reasonably well with the field observations and are better than
those predicted with the creep model. However, Rowe et al. (1996) reported that the MCC
model underestimated the lateral displacements significantly.

Figure 16 shows the comparisons between field data and FEA predictions from MCC
and creep models for the excess pore pressures at piezometers P12, P28 and P32 installed
closer to the centreline of the embankment. The creep model predicted the excess pressures
at P12, P28 (i.e. at 4 m depth) reasonably well until the fill thickness reached 5.7 m but
overpredicted the excess pore pressures afterwards. However, the excess pore pressure at
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Figure 13. Observed and predicted heave at 2H from FEA (from Rowe et al., 1995; Rowe and Hinchberger,
1998; Gnanendran et al., 2005).
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piezometer P32 located at 6 m depth, the FEA predictions were always much higher than
field measurement. These piezometers were located closer to the centreline and installed
near settlement plate 8S where significant cracking and depression of the embankment
crest were observed in the field when the embankment was raised above 5.7 m thickness
(Rowe et al., 1995). The lack of agreement between predicted and measured excess pore
pressures could be due to greater volumetric strain change caused by excess pore water dis-
sipation compared to that caused by creep/rate compression (Yin and Zhu, 1999).

The results of FEA analyses are compared against field measurements for piezometers
P19, P31, installed at 4 m depth near settlement plate 7S, in Figure 17. Analyses with both
creep and rate models captured the pore pressure increase observed in the field during the
brief construction period at 5.7 m constant fill thickness quite well and creep model gave the
best overall prediction for the excess pore pressure at this piezometer location. The analysis
with the MCC model failed to capture the observed pore pressure increase at 5.7 m constant
thickness and in general moderately overpredicted the excess pore pressures at P19, 31.

The predicted excess pore water pressures are compared with the field measurements in
Figure 18 for P24 installed near the embankment toe and P27 just outside the embankment,
both installed at 4 m depth. The predicted excess pore pressures from all three models are
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Figure 14. Observed and predicted horizontal displacement at 22I from FEA (from Rowe et al., 1995; 
Gnanendran et al., 2005).
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generally in good agreement with the field measurements although the MCC and rate mod-
els moderately overpredict the excess pore pressures at lower fill thicknesses at piezometer
location P24, whereas creep and rate models slightly underestimate the same at higher fill
thicknesses. However, the FEA predictions are generally in good agreement with the field
data at P27.

Comparison of the calculated and measured geotextile strains at fill thicknesses of 3.4
m (448 h) and 5.7 m (475 h) are shown in the Figures 19 and 20. At 3.4 m fill thickness,
the FEA with MCC and creep models predicted the maximum strains reasonably well and
the creep model gave the best overall prediction for the strain distribution across the geo-
textile reinforcement. The rate model overpredicted the maximum geotextile strain at 3.4
m thickness. However, at 5.7 m thickness (475 h), the analysis with the rate model gave
the best prediction for the strain while the MCC and creep models significantly underesti-
mated the maximum strain.

3.8. Summary and comments on the FEA predictions
The comparative predictions of various behaviour characteristics of the Sackville founda-
tion soil under a typical working stress or loading condition of up to about 7 m thick
embankment obtained from the FEA are summarised in Table 7. 
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Figure 15. Observed and predicted horizontal displacement at 23I from FEA (from Rowe et al., 1995; Rowe and 
Hinchberger, 1998; Gnanendran et al., 2005).
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Figure 16. Observed and predicted excess pore pressures at P12,28 and P32 from FEA (from Rowe et al., 1995; 
Gnanendran et al., 2005).

Figure 17. Observed and predicted excess pore pressures at P19,31 from FEA (from Rowe et al., 1995;
Rowe and Hinchberger, 1998; Gnanendran et al., 2005).
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Figure 18. Observed and predicted excess pore pressures at P24 and P27 from FEA (from Rowe et al., 1995; 
Rowe and Hinchberger, 1998; Gnanendran et al., 2005).

Figure 19. Observed and predicted geotextile strain distributions at 3.4 m (448 h) from FEA (from Rowe et al.,
1995; Rowe and Hinchberger, 1998; Gnanendran et al., 2005).
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The FEA with the creep model predicted the vertical displacements at the settlement
plate, augers and heave plate slightly better than the MCC and rate models. Although it
was reported that the analysis with the rate model captured the vertical settlements accu-
rately at higher fill thickness of 8.2 m and the large increase in settlement during the con-
struction stoppage period at this fill thickness, the creep model was found to predict the
settlements better for the embankment thickness of up to about 7 m.

All three analyses predicted the horizontal displacements at or near the toe of embank-
ment satisfactorily but the rate model gave better prediction for the horizontal displace-
ments near the toe. Similarly, FEA with all three models predicted the excess pore
pressures in the foundation soil quite satisfactorily but the creep and rate models gave bet-
ter predictions than the MCC model. 

The analyses with the MCC and creep models predicted the geotextile strain at low
embankment thickness (3.4 m) satisfactorily while the rate model analysis overpredicted
it. On the other hand, the analysis with the rate model predicted the geotextile strain at 5.7
m well and the analyses with MCC and creep models underestimated it. 

An overall examination of the predictions from the three FEA suggests that all three
models are capable of predicting the performance of the embankment reasonably well
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Figure 20. Observed and predicted geotextile strain distributions at 5.7 m (475 h) from FEA (from Rowe et al.,
1995; Rowe and Hinchberger, 1998; Gnanendran et al., 2005).
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despite their inability to give accurate predictions of all the behaviour characteristics for
the entire construction (i.e. vertical and horizontal deformations, excess pore pressures
and geotextile strains at all the locations and time). The analysis with the creep model
appears to give slightly better overall predictions for the Sackville foundation soil under
working stress conditions but it requires an additional parameter, i.e. the coefficient of
secondary compression of the foundation soil, and consumes much higher computing
resource and time (e.g. over 15,000 load increments for the creep analysis compared to
about 5500 for MCC). Similarly, the analysis with rate model predicted the horizontal dis-
placement near the embankment toe and excess pore pressure in the foundation soil bet-
ter than the MCC model but requires additional soil parameters such as fluidity constant
and rate exponent as well as greater computing resources. On the other hand, the MCC
model was found to capture many features of the embankment behaviour reasonably well
and therefore sufficient to predict the performance of Sackville foundation soils under
working stress conditions.
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Table 7. Summary of FEA predictions with the rate, creep and MCC models

Behaviour Emb. Thickness/ FEA prediction FEA prediction FEA prediction 
characteristic Location with MCC with creep with rate 

model model model

Surface settlement Up to 5.7 m Overestimated Overestimated Well predicted
near centreline 5.7 – ∼7 m Satisfactory Satisfactory, Underestimated
(plate 8S) slightly better

Settlement at 2 m Up to 5.7 m Satisfactory Satisfactory Underestimated
depth (9A) and 5.7 – ∼7 m Satisfactory Satisfactory, Underestimated
4 m depth (10A) slightly better
near centreline

Heave near the Up to 5.7 m Satisfactory, Satisfactory, Well predicted
toe (plates 2H) overestimated overestimated

5.7 – ∼7 m Well predicted Well predicted Satisfactory
Horizontal displa- At 3.4 m Satisfactory Overpredicted —

cement at the At 5.4 m Satisfactory Satisfactory, slightly —
toe (22I) underpredicted

Horizontal displa- At 3.4 m Well predicted Satisfactory Well predicted
cement near the At 5 m Satisfactory Satisfactory, Well predicted
toe (23I) slightly better

Excess pore Near the Overestimated Satisfactory, Satisfactory
water pressure centreline/ slightly better

shoulder
Near the toe Well predicted Well predicted Well predicted

Geotextile strain At 3.4 m Fair–satisfactory Fair–satisfactory Overestimated
(448 h)

At 5.7 m Underestimated Underestimated Satisfactory–well 
(475 h) predicted



4. CONCLUDING REMARKS

Two well-documented case histories of embankments constructed on soft soils of eastern
Canada are presented in this chapter. Details regarding the layout, instrumentation, field
performance and analyses were briefly discussed. 

The observed settlements of Hall’s Creek embankment compared well with the predic-
tions from Bjerrum’s (1967) approach. The unique observation at the Hall’s Creek site was
the presence of high excess pore reaction pressures even 2 years after construction. It is
speculated that progressive failure is leading to self-generating excess pore water pressures
even though the embankment loading has remained constant.

Predictability of the Sackville reinforced embankment for its behaviour under working
stress conditions was examined in detail using three different finite element models, i.e.
MCC, creep and rate model for the foundation soft soil.

This study suggests that all three FEA models were capable of predicting the perform-
ance of this reinforced embankment under working stress conditions reasonably well
despite their inability to give accurate predictions of all the behaviour characteristics for
the entire construction (i.e. vertical and horizontal deformations, excess pore pressures and
geotextile strains at all the locations and time). The analysis with the creep model gave
slightly better overall predictions and that with the rate model predicted the horizontal dis-
placement near the embankment toe and excess pore pressure in the foundation soil better
than the MCC model. However, the creep and rate models require additional soil parame-
ters and consume much larger computing resources and time. Therefore, the MCC model
could be adequate for practical situations of predicting the performance of Sackville-type
foundation soils under working stress conditions.

NOTATION

c� cohesion
E Young’s modulus
e void ratio 
ecs void ratio at unit mean normal pressure on the critical state line
eN

* void ratio for the reference time at unit mean normal pressure on the isotropic nor-
mal consolidation line

κ recompression index in the overconsolidated stress range
kh hydraulic conductivity in the horizontal direction
kv hydraulic conductivity in the vertical direction
k0� Coefficient of lateral earth pressure at rest
M Slope of the critical state line in (q – p) space
M* effective stress ratio at failure in ( �2�J2� � σ �m) space 
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n strain rate parameter
Pa atmospheric pressure
α coefficient of secondary compression
σ3 minor principal stress
λ compression index in the normally consolidated stress range 
λ* creep inclusive compression index in the normally consolidated stress range
γvp fluidity constant 
γ unit weight of foundation soil
φ′ effective friction angle
ψ dilation angle
ν poisson’s ratio
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Ground Improvement with Geotextile Reinforcements

Tack-Weng Yee

Ten Cate Nicolon Asia, Malaysia

ABSTRACT

Construction over soft ground can give rise to stability and settlement problems. The use
of geotextile as reinforcement to improve stability is discussed. Two different reinforce-
ment mechanisms are presented. The application of geotextiles to improve foundation is
described with references to actual projects. They include the use of geotextile to improve
tank pad foundation at Panipat Refinery in India; the inclusion of geotextile for the cap-
ping of a process sludge landfill at Cherry Island, Wilmington, USA; application of basal
geotextile reinforcement for the Chinderah Bypass in Australia; and the use of geotextile
to span pile caps for the Wat Nakorn In project in Bangkok, Thailand. Fundamental to eval-
uating the performance of reinforced soil foundations, the geotextile is required to carry
tensile load, at a defined strain, over the design life. Partial factors of safety are applied to
derive the allowable design strength for the geotextile. The relevant partial factors include
those applied for creep, installation damage and environmental effects. The importance of
proper laying direction of geotextile is discussed. Seaming methods for site application are
described. Guidance for developing seam strengths is provided. Finally, a detailed case
study on the reinstatement of the 11 m high embankment for Tanah Jambu Link Road in
Brunei is provided. Geotextile basal reinforcement in combination with a short extension
of the toe berm was deemed as the most favorable option.

1. INTRODUCTION

When dealing with soft, compressible foundations a number of techniques exists that
enable load to be carried in a stable manner with control over post-construction settle-
ments. The soft ground can be allowed to settle with controlled loading sequence and tim-
ing, in tune with the gradual improvement of shear properties of the consolidating ground.
However, this traditional method of construction takes a relatively long period of time to
carry out.
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Geotextiles may be used as reinforcement to improve foundation stability. This tech-
nique may be used in conjunction with vertical drains to accelerate the rate of consolida-
tion to control post-construction settlements. Piling is also a common technique used to
transfer loading to firmer strata to eliminate both stability and settlement problems.
Geotextiles may be used in between the pile caps to span across the soft ground.

2. REINFORCEMENT MECHANICS

When load is applied on the ground, deformation will occur. This is a result of soil move-
ment to mobilize shear resistance to support the load applied. On soft ground the sideway
movement of soil can be significant. The loading from an embankment has a vertical as
well as a horizontal component. The lateral earth pressure of the embankment fill exerts an
outward shear stress on the foundation, which will contribute to the lowering of the bear-
ing capacity of the foundation (Jewell, 1996).

A summary of reinforcement mechanics of an embankment on soft ground is shown in
Figure 1. By placing a reinforcement layer between the soft ground and the embankment
fill, bearing capacity can be improved in two ways. Firstly, the reinforcement may resist
the outward shear stress caused by the embankment fill lateral pressure. Secondly, the rein-
forcement may reverse the interface shear stress to act inwards, thereby further increasing
the bearing capacity of the foundation. 

When the foundation deformation response is non-uniform, a different mechanism will
develop. A summary of reinforcement mechanics of a differentially deforming foundation
subject to vertical loading is shown in Figure 2. By placing a reinforcement layer spanning
the differentially deforming foundation, the reinforcement will act as a tensioned membrane
to support load. Examples of such applications include geotextiles spanning pile caps and
voids or subsidence prone ground. When a sludge pond needs to be capped over a geotex-
tile layer is usually placed over the sludge before placing capping fill material. The initial

Figure 1. A summary of reinforcement mechanics of an embankment on soft ground.



access is done through the advancing of finger berms spaced at specific distances apart. The
ground underneath the finger berms will settle, while the ground in-between the finger
berms will heave. Tensioned membrane effect is brought into action both underneath the
finger berms as well as the restrain in-between the finger berms. 

3. GEOTEXTILES AS REINFORCEMENT

The term “geotextile” is derived from “geo” and ‘textile’ and may be simply defined as tex-
tile material used in a soil (geo) environment. The commonly used geotextiles today are
either woven, non-woven or knitted geotexiles. Woven geotextiles are manufactured
through the weaving of tapes, fibres or yarns. Non-woven geotextiles are manufactured by
random placement of continuous or short fibres, which are then bonded by either a heat
treatment or a needle-punching process. Knitted geotextiles as the name implies are
formed by a knitting process that connects cross-yarns to form a fabric. The properties
exhibited by the geotextile depend on the manufacturing process, polymer-type, filament
form, etc. Geotextiles come in the form of rolls. Woven and knitted geotextiles generally
exhibit relatively much higher tensile stiffness due to the alignment of filaments in the roll
and cross-roll directions. Non-woven geotextiles on the other hand exhibit lower tensile
strength and higher elongation due to the random placement of fibres.

3.1. Properties
When reinforced soil is stressed, deformations will occur. Deformation is necessary to
mobilize shear strength in soil. Deformation is also required to mobilize tensile resistance
of the reinforcing material. The contribution of geotextile as reinforcement may be either
viewed as stress absorbing or strain alleviating. Fundamental to evaluating the perform-
ance of reinforced soil foundations, the geotextile is required to carry tensile load, at
defined strains, over the design life (Lawson, 1995). 
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Figure 2. A summary of reinforcement mechanics of a differentially deforming foundation subject to
vertical loading.



The methodology used to assess the tensile load capability over time for geotextile rein-
forcements is shown in Figure 3. Two fundamental characteristics act to reduce the load-
carrying capability over time. These are a reduction in strength due to visco-elastic (creep)
nature of polymeric geotextiles and a reduction in strength due to installation damage and
environmental effects. The magnitudes of these reductions depend on the type of geotex-
tile used, the environment in which it is installed and the time over which the geotextile is
required to carry the tensile load. Relevant partial factors of safety are applied to account
for creep, installation damage and environmental effects to derive at the allowable design
strength for the geotextile.

The methodology used to assess the tensile strain capability over time for geotextile
reinforcements is shown in Figure 4. Polymeric geotextiles undergo differing amounts of
strain over time due to their visco-elastic (creep) nature. This change in strain over differ-
ent time periods is normally presented in terms of isochronous creep curves. These curves
enable the determination of reinforcement strain over any design life and can be divided
into an initial (elastic) strain component and a creep (visco-elastic) strain component.

Reinforced soil is a composite material. To be able to behave as a composite material,
the reinforcement must bond with the adjacent soil. Bond can be developed either through
friction and/or adhesion between geotextile and soil. 

3.2. Applications
Ground improvement with geotextile reinforcement as a technique has been applied for
over 30 years. High-stiffness geotextiles may be used to reinforce foundation soil to
improve bearing capacity and reduce differential settlement. One such example is the use
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Figure 3. Methodology used to assess tensile load capability over time for geotextile reinforcements.



of woven geotextile to reinforce the tank pad foundation at Panipat Refinery in India
(Dutta & Kumar, 2004). Figure 5 shows the section diagram of a typical tank pad rein-
forced with woven geotextile. Figure 6 shows the laying of geotextile at Panipat Refinery
project. Construction took place in 2004.

For safety and environmental reasons, waste ponds usually have to be capped over.
Such ponds usually contain very soft material and can have shear strengths of 3 kN/m2 or
lower. The pond may be completely inaccessible to construction traffic. High-stiffness
geotextiles may be used to support the capping fill and construction load by improving the
bearing capacity and controlling mud-waving effects of the extremely soft ground. One
such example is the use of woven geotextile for the final closure of a process sludge land-
fill at Cherry Island Cell 3 project in Wilmington, Delaware, USA. Figure 7 shows the typ-
ical construction. Figure 8 shows the laying of geotextile at Cherry Island Cell 3 project. 

High-stiffness geotextiles may also be used to prevent foundation failure of embank-
ments constructed over soft ground. The road embankment for the Chinderah Bypass in
Australia was constructed using this technique. Figure 9 shows the section diagram of
embankment reinforced with woven geotextile. Figure 10 shows the laying of geotextile at
Chinderah Bypass project. 

High-stiffness geotextiles are also used to span across weak ground and transfer load over
to firm supports. The applications include the use of geotextile to span between pile caps
and span across voids. The Wat Nakorn In project is one such example. Figure 11 shows the
section diagram of embankment supported with piles and woven geotextile. Figure 12 shows
the laying of geotextile at Wat Nakorn In project. Construction took place in 2001.
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Figure 4. Methodology used to assess tensile strain capability over time for geotextile reinforcements.



3.3. Laying direction
Geotextiles for reinforcement applications generally are manufactured with the principal
strength direction along the roll direction. This principal strength direction must be laid
to coincide with the direction of principal stress. If the application also has a second
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Figure 5. Section of typical tank pad foundation at Panipat Refinery project, India.

Figure 6. Laying of geotextile at Panipat Refinery project, India.



principal stress direction (usually perpendicular to each other), either the cross-roll edge
seam strength should adequately provided or a second layer is laid perpendicularly. 

3.4. Seaming
The decision to use an overlap or seam is based on a few factors. The first factor is the
weakness of the ground upon which the geotextile is placed with respect to the potential
for mud-waving during the backfill operation. The second factor is the comparison of
material and labor costs of deploying individual geotextile panels with extra material
required for the overlap against the material and labor costs of seaming and installation.
Lastly, it also depends on the feasibility of deploying individual geotextile panels in poor
access and/or climatic conditions. Typically, seaming tends to be a more economical
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Figure 7. Methodology of capping of a process sludge landfill at Cherry Island Cell 3 project, USA.

Figure 8. Laying of geotextile at Cherry Island Cell 3 project, USA.



option over overlapping when ground California Bearing Ratio (CBR) is 1 or weaker.
Seaming may be mandatory when ground CBR is less than 0.5.

The types of commonly used on-site seams are the “prayer seam,” “J” seam and “but-
terfly seam.” The “prayer” seam is the easiest to make and is commonly used for required
seam strengths of 40 kN/m and below. The “J” and “butterfly seams are more difficult to
make and are commonly used to develop higher seam strengths. Two types of stitches are
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Figure 9. Section of geotextile reinforced embankment at Chinderah Bypass project, Australia.

Figure 10. Laying of geotextile at Chinderah Bypass project, Australia.



used. The single-thread chain stitch (type 101) is simpler but the stitch runs the risk of
unraveling. For required seam strengths of more than 25 kN/m or when seaming heavier,
higher strength geotextiles, the double-thread lock stitch (type 401), which does not
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Figure 11. Section of typical embankment approach to abutment, supported on pile foundation and spanning
geotextile at Wat Nakorn In project, Thailand.

Figure 12. Laying of geotextile at Wat Nakorn In project, Thailand.



unravel, is generally used. Thread is commonly available in Kevlar, nylon, polyester and
polypropylene. Typically, polyester is used for seaming higher strength geotextiles with
cross-roll direction strengths of 50 kN/m or more. Table 1 provides guidance for develop-
ing seam strengths. 

4. TANAH JAMBU LINK ROAD, BRUNEI

The Tanah Jambu Link Road is a 2.3 km four-lane dual carriageway road in the district of
Brunei Muara, 12 km south west of Muara town in Brunei Darussalam (Yee &
Samaranayake, 2000). The road links the two basically parallel roads, Jalan Muara and
Muara-Tutong Highway. Construction works for the link road commenced in late 1995.
The construction was awarded as two contracts. The first contract involved the construc-
tion of 0.6 km of the road from Muara-Tutong Highway to a proposed roundabout. The
second contract involved the construction of the balance 1.7 km to Jalan Muara.

A slip failure occurred during construction at a location within the second contract but
close to the first contract (see Figure 13). The embankment failed when the design fill
height of 11 m was reached, affecting a portion of about 85 m. The failed embankment was
partly supported on firm foundation and partly on soft compressible ground. The failure
occurred on the side founded on soft compressible ground.

4.1. Ground conditions
The tertiary and quaternary rock stratigraphy of Brunei consist of an older deformed
sequence of carbonates and clastics, which range from the Eocene to lower Miocene and
a younger and more gently deformed Neogene clastic wedge sequence (James, 1984).

The Tanah Jambu area consists of two distinct geological formations. The Belait for-
mation, which falls into the category of early to late Miocene formation, consists of
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Table 1. Guidance for developing seam strengths (Mirafi, 2001)

Required seam strength Suggested Geotextile Cross-Roll Seam-Type Stitch-Type
(kN/m) Tensile Strength (kN/m) P/J/BF (Single/Double)

18 27 P/J Single
35 53–70 P/J Single
53 70–105 J/BF Double
70 105–140 J/BF Double
88 175–220 J/BF Double
105 210–263 J/BF Double
123 245–306 J/BF Double

Note: P, prayer seam; J, “J” seam; BF, butterfly seam.



interbedded thick-layered sandstones and shale with sandstones forming prominent ridges.
The other more recent formation consists of alluvial deposits of clay, sand and gravel. The
Tanah Jambu link road criss-crosses the boundaries of the two geological formations,
resulting in highly variable ground conditions.

A total of 10 boreholes were advanced along the center line of the proposed link road,
terminating at varying depths between 12.3 and 27.8 m where refusal to penetration of SPT
sampler was observed. The probable subsoil profile is as shown in Figure 14. Borehole
BH4 was located within the extent of the embankment failure.

4.2. Back analysis of embankment failure
The undrained shear strength of the soft soil cannot be confidently determined from the
existing borelog. It also appeared that the soft layer is quite variable. The soft foundation
is simplified to that of uniform shear strength of a limited layer thickness. The properties
adopted as fixed parameters are as shown in Table 2. An evaluation of the two most sensi-
tive variable parameters, depth of soft layer (D) and undrained shear strength (Su) on the
foundation stability was performed using plasticity solutions (Houlsby & Jewell, 1988).
The properties were calibrated with the embankment failure.

There were two vane shear tests done at BH4. One result gave an undrained shear
strength of 29.8 kN/m2 at depth of about 5 m and another was 38.7 kN/m2 at depth of about
8 m. Figure 15 shows the combination of D and Su that was back-analyzed to conform to
failure. The combination of D and Su of 5 m and 30 kN/m2, respectively agreed best with
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the former vane shear test result and was adopted together with the fixed values in Table 2
as the design input values for the embankment reinstatement design.

4.3. Design
A variety of embankment reinstatement options were conceptually evaluated. Staged con-
struction was ruled out due to time constraints. Total replacement of soft foundation was
ruled out due to perceived problems associated with high water table and the high cost of
granular backfill material in Brunei. Embankment base widening had to be confined within
the limits of the site boundary. A piled foundation to support the embankment would be
cost prohibitive. The most favorable option appeared to be a combination of toe berm
extension to the site boundary limit and use of geotextile to reinforce the embankment.
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Figure 14. Probable soil profile.

Table 2. Properties for back analysis

Property Symbol Unit Value

Embankment fill cohesion C� kN/m2 0
Embankment friction angle φ� degr 30
Embankment fill density γ kN/m3 18
Construction traffic surcharge ωs kN/m2 0
Foundation undrained shear strength Su kN/m2 Variable
Depth of layer D m Variable



The cross-section of the embankment reinstatement is shown in Figure 16. The origi-
nal embankment was basically the same except for an extension of 10 m of the lower berm
for the reinstated profile. A construction traffic surcharge of 10 kN/m2 was included in the
design.

The minimum required design strength of the basal reinforcement was determined
using plasticity solutions to achieve a minimum factor of safety of 1.3 against foundation
stability. This was achieved with the use of three layers of woven polypropylene geotex-
tile, each with adopted 5 years design strength of 35 kN/m at 5% working strain (or secant
modulus of 700 kN/m). The tensile strength of the geotextile is based on minimum aver-
age roll value (MARV), which corresponds to a 97.5% confidence level. Although the fac-
tored allowable working strength of the geotextile exceeded 35 kN/m, the general guide in
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Figure 15. Results of parametric evaluation.

Figure 16. Cross-section of embankment reinstatement.



BS 8006 whereby the maximum strain in the reinforcement should not exceed 5%, for
short-term applications has been adopted. The properties of the geotextile used are sum-
marized in Table 3. The values of Cds and Ci were based on test done with Caltrans
sandy soil at TRI/Environmental, Inc.

The design was also analyzed with the limit equilibrium method, assuming a circular
slip surface based on Janbu’s method. The analysis was performed using the computer
software SLOPE by Geosolve and the result corresponded well with those from plasticity
solutions.

4.4. Construction
The first layer of woven geotextile was laid in late July 1997, directly over the prepared
ground surface. Figure. 17 shows the installation of geotextile. The geotextile was laid
with the roll direction across the embankment in a continuous length. The cross-roll edges
of adjacent geotextiles laid were sewn together using portable sewing machines with a sin-
gle line of double-chain stitch to form a prayer seam. A 300-mm-thick layer of sand was
then laid above the geotextile. The sand layer was intended to serve as a horizontal
drainage blanket to speed up the consolidation process of the foundation soil.
Embankment fill was then placed and compacted until the level to install the next layer of
geotextile. The process was repeated until the design embankment height was achieved.
The reinstatement of the embankment took about 30 days to complete.

4.5. Performance
The reinstated embankment was not monitored except for settlement during and after con-
struction. Base settlement plates were installed above the bottom layer of geotextile to
measure base settlement. Measurement was discontinued due to unforeseen circumstances
on August 21st, after an accumulated settlement of about 300 mm. 

Surface settlement plates were installed and measurements began on September 1st,
about 10 days after embankment reached full design height. Measurements were taken for
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Table 3. Properties of reinforcement geotextile

Property Symbol Test Method Unit Value

Ultimate tensile strength Tult ASTM D4595 kN/m 70
Tensile strength at 5% strain T5% ASTM D4595 kN/m 35
Creep reduction factor (5 years) fmc 1.82
Installation damage reduction factor fmd 1.05
Environmental reduction factor fme 1.0
Long-term design strength (5 years)
(Td � Tult/(fmc � fmd � fme)) Td kN/m 36.6
Adopted design strength
(lower of Td and T5%) Tad kN/m 35
Coefficient of direct shear Cds 1.0
Coefficient of interaction (pullout) Ci 0.95



a little more than 1 month. The maximum surface settlement measured for the next 36 days
was less than 100 mm and stabilizing. The embankment was allowed to consolidate as
much as time permitted without causing contractual delays. The pavement was constructed
about 6 months later.

5. CONCLUSION

Two mechanisms exist for ground improvement with geotextile reinforcements. One
involves the contribution geotextile in resisting outward shear stress and providing an
inward shear stress on the soft ground to improve the bearing capacity of the soft ground.
The second involves the tensioned membrane effect of the geotextile over differentially
deforming foundation. A high embankment in Brunei that failed during construction was
reconstructed using geotextile as basal reinforcement. The embankment was successfully
reinstated in 1997 and is still performing as designed today. 
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ABSTRACT

This report describes a new type bridge abutment consisting of the backfill of geogrid-
reinforced, cement-mixed gravely soil and a thin RC parapet structure (i.e., a parapet)
supporting a bridge girder, which was completed in 2003 for a new bullet train line in
Kyushu, Japan. The backfill and the parapet are firmly fixed to each other with geogrid
layers embedded in the cement-mixed backfill. This structure is very unique in that the
backfill supports laterally the RC parapet, rather than exerting static and dynamic earth
pressure on the back face of the parapet in comparison with the conventional-type bridge
abutment consisting of a relatively massive reinforced concrete structure supporting the
backfill of uncemented soil. It is shown that the new type bridge abutment is very cost-
effective. A series of model shaking table tests were performed to evaluate the seismic
stability of conventional-type bridge abutments as well as several new type bridge abut-
ments including the one that was actually employed to construct the prototype one.
Results from a series of drained triaxial compression tests on cement-mixed gravely soil
are reported. It is shown that cement-mixed gravely soil should be mixed at the optimum
water content for compaction energy used to construct the backfill. It is shown that the
compressive strength of cement-mixed gravely soil increases considerably with com-
pacted dry density. The design, in comparison to the one of the conventional-type bridge
abutment, and the staged construction procedure of the prototype bridge abutment are
described. Results from field full-scale lateral loading tests on the abutment performed to
ensure the design conditions are reported. The prototype bridge abutment performed very
well showing highly integrated behaviour with very high connection strength between the
backfill and the parapet.
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1. INTRODUCTION

This chapter reports the recent construction of a bridge abutment consisting of the backfill of
geogrid-reinforced cement-mixed gravely soil and a thin RC facing structure (i.e., a parapet)
supporting a bridge girder for a new bullet train line in Kyushu (the south-end major island of
Japan), which was completed in 2003. This new type of bridge abutment (Figure 1) is unique
in that the backfill supports laterally the parapet, rather than exerting static and dynamic earth
pressure on the back face of the parapet, during static and seismic loading conditions.

The background for the development of this new type of bridge abutment is as follows. A
great number of conventional-type railway bridge abutments (Figure 2a) were seriously dam-
aged with a large relative settlement between the abutment and the backfill by a number of
previous major earthquakes in Japan, including the 1995 Hyogo-ken Nambu Earthquake (the
so-called the Great Kobe Earthquake), as described by Tatsuoka et al. (1997c, d). Such a rel-
ative settlement as above could endanger safe train operation even when it is small, say 10
cm. To prevent this type of damage, in 1978, the Japan National Railway (presently several
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shaking table test) (Watanabe et al., 2002).



Japan Railway Companies) introduced a new type of backfill as shown in Figure 2b, i.e., a
triangle-shaped backfill zone immediately behind the abutment, called “approach block”, is
constructed by well compacting, a well-graded gravely soil. However, a number of this type
of bridge abutments did not perform satisfactorily during several major earthquakes that took
place subsequently. Figure 3 shows a typical case showing the above.

Most recently, the approach blocks for a number of bridge abutments for new bullet
train lines were constructed by using a well-graded gravely soil mixed with cement to
decrease as much as possible the settlement of the backfill relative to the RC abutment.
However, as the approach block is not connected to the RC abutment, the backfill is not
designed to directly support the RC abutment, the dimensions of the RC abutment are not
reduced substantially by using the backfill comprising cement-mixed gravely soil.

In view of the above, the Railway Technical Research Institute, Japan, the University
of Tokyo and the Japan Railway Construction Public Corporation started a long-term joint
research project in 1997, aiming at the development of new seismic-resistant and cost-
effective types of bridge abutment. Eventually, the following two types were proposed and
studied as feasible types:

(1) The backfill consists of a zone of geogrid-reinforced, cement-mixed, well-graded
gravely soil, which should be well compacted, immediately behind the full-height
rigid facing structure supporting a bridge girder (Figure 1).

(2) The backfill is geogrid-reinforced, well-compacted, well-graded gravely soil that is
supporting a bridge girder (Figure 4). The backfill is preloaded and prestressed by
using tie rods of which the top ends are fixed to the top reaction block placed on the
crest of backfill by using a special connection device (called the ratchet system;
Shinoda et al., 2003b; Uchimura et al., 2003).

With both newly proposed types of bridge abutment, the geogrid layers that are embed-
ded in the backfill to prevent separation into parts are connected to the back of the parapet.
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Figure 3. A settlement of the backfill relative to an abutment, Arikawa bridge, Tsugaru-Kaikyo Line, East
Japan Railway, Hokkaido Nansei-oki Earthquake, 12 July 1993 (by the courtesy of Railway Technical Research

Institute, Japan).



The first purpose of this connection is to restrain the settlement of the approach block rela-
tively to the parapet. As shown below, the connection is also essential to maintain a high
integrity of the abutment structure, particularly under severe seismic loading conditions. By
this connection, the steel-reinforced concrete facing structure (i.e., the parapet) becomes a
continuous beam that is supported at a large number of supports with a small spacing and
therefore it becomes substantially less massive than the conventional-type RC bridge abut-
ment. Moreover, as the parapet is constructed after the backfill is completed by a staged
construction procedure and the stability of the complete parapet is controlled by the bear-
ing capacity of ground immediately below the parapet to a much less extent than the con-
ventional-type bridge abutments, it is usually unnecessary to support the parapet with piles
unless the supporting ground is soft. For these reasons, this new type bridge abutment is
considerably much more cost-effective than the conventional-type ones.

In the following, first the results from a series of shaking table tests on small-scale
models performed to develop the first new type (Figure 1) are summarized. Then, the
results from a series of drained TC tests on cement-mixed gravely soil (CMG) that were
carried out to determine the mixing proportion and the compaction details of CMG are pre-
sented. Finally, the design and construction of the first prototype structure and results from
field full-scale loading tests are reported.

2. SHAKING TABLE TESTS

2.1. General
A series of model shaking table tests were performed to evaluate the seismic stability of
the new type abutment (Figure 1) in comparison with that of the conventional-type ones
(Figure 2); and to ensure whether the new type abutment can behave satisfactorily even
during very high-intensity seismic load (the so-called Level 2 design seismic load, the
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et al., 1997b, c; Nakarai et al., 2002; Shinoda et al., 2003a, b; Uchimura et al., 2003).



highest seismic load level to be accounted for in the Japanese aseismic design codes and
standards) (Watanabe et al., 2002).

2.2. Test procedures
2.2.1. Models of bridge abutment. The following five types of abutments were inves-
tigated (Table 1):

Model 1: the most conventional type with uncemented backfill of ordinary soil type
(Figure 2a)

Model 2: one of the conventional types with an approach block of well-compacted,
uncemented, well-graded gravely soil (Figure 2b)

Model 3: the latest conventional type with an approach block that is well-compacted,
cemented, well-graded gravely soil that is not reinforced with geogrid reinforcement lay-
ers (so the backfill and the parapet are not connected to each other) (Figure 2b)

Models 4 and 5: a new type with an approach block of well-compacted, cemented,
well-graded gravely soil that is reinforced with geogrid reinforcement layers connected to
the back of the parapet (Figure 1), having different widths of the footing for the parapet.

The parapet of these models was made of aluminium. The height was 620 mm having a
footing base with a width of 390 mm (Models 1–3), 290 mm (Model 4) and 200 mm (Model
5). Figure 5 shows the details of Model 4. The parapet model supported a relatively heavy
model bridge girder with a weight of 200 kg through a hinge support on the top of the
parapet (i.e., the fixed support). So, full dynamic lateral load of the girder was activated to
the parapet. The unreinforced backfill of Model 1 was made by pluviating through air dried
fine sand (Toyoura sand) from a sand hopper at a constant falling height to have a relative
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Table 1. Abutment models tested (Watanabe et al., 2002)

Model name Backfill Reinforcement Input motion Width of footing
for RC facing (mm)

Model 1 No approach No Sinusoidial wave 390 m
(conventional) block (Toyoura and Kobe wave

sand, Dr = 75%)
Model 2 With approach No Sinusoidial wave 390 m
(conventional) block of dry gravel

(γd = 1.9 g/cm3)
Model 3 With approach No (backfill Sinusoidal wave 390 m
(conventional) block of cement- and facing

mixed gravel unconnected)
Model 4 With approach Yes (backfill Kobe wave 290 m
(new type) block of and facing followed by

cement-mixed soil connected) sinusoidal wave
Model 5 With approach Yes (backfill Kobe wave 200 m
(new type) block of cement- and facing followed by

mixed soil connected) sinusoidal wave



density Dr equal to 75%. The approach block of Model 2 was made by compacting a well-
graded gravely soil (Uc �10.7; D50 � 1.1 mm, Dmax �5.0 mm and a fines content � 5.2%;
a water content � 5%) to a dry density of 1.9 g/cm3. Despite that the actual approach block
of this abutment type (also of the new types) is made of cement-mixed, well-graded gravel,
the model approach block of Model 3 was made of a cement-mixed loam having an uncon-
fined compressive strength of 200 kN/m2 considering the model similitude. 

Models 4 and 5, which simulated the new structural types of bridge abutment, had a tri-
angle-shaped approach block made of cement-mixed loam (the same as that of Model 3)
that was reinforced with geogrid reinforcement layers connected to the back face of the
parapet. The parapet directly supported the model bridge girder at its top. The footing base
of the parapet was either relatively wide (Model 4) or relatively narrow (Model 5). The
model geogrid was a grid made of 0.2- mm-thick and 3- mm-wide phosphor-bronze strips
that were soldered to each other with a centre-to-centre spacing of 50 and 100 cm in the
transversal and axial directions. The tensile force in the model reinforcement was meas-
ured by using electric-resistant strain gauges attached to the central strip at three levels.
The stiffness of this model reinforcement was larger than actual polymer geogrids when
based on the model similitude.

The model ground, supporting the model walls, was made by compacting an air-dried
gravely soil (Uc� 12.1; D50� 10.0 mm, Dmax� 32.0 mm and a fines content� 2.0%) to a
dry density of 1.9 g/cm3. The dynamic response of the abutment and backfill was meas-
ured with a number of displacement transducers and accelerometers (Figure 5). The
dynamic earth pressure and dynamic subsoil reaction acting on, respectively, the back face
of the parapet and the bottom of the base footing of the parapet was measured with a num-
ber of two-component load cells measuring normal and shear forces (Figure 5).
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2.2.2. Dynamic loading at the shaking table. Models 1–3 were subjected to a series of
uniform sinusoidal wave, each comprising 50 waves while lasting for 10 s at a frequency
of 5 Hz. The amplitude of horizontal acceleration at the shaking table, amax, was increased
step by step from the initial value of 50 gal with an increment of 50 gal until the displace-
ments of the abutment became considerably large. Models 1, 4 and 5 were subjected to the
time history of horizontal ground acceleration recorded at the Kobe Marine
Meteorological Observation Station during the 1995 Hyogo-ken Nambu Earthquake. The
predominant frequency of this input motion had been adjusted to 5 Hz accounting for the
model similitude. The table maximum amplitude, amax, was increased step by step with an
increment of 100 gal, from 100 gal to 1,400 gal. In the tests on Models 4 and 5, the mod-
els did not reach ultimate failure even when the amax value reached 1400 gal. Therefore,
subsequently sinusoidal waves were applied to these models stepwise increasing the 
amax value from 100 gal with an increment of 100 gal until the models exhibited ultimate
failure.

2.3. Test results and discussion
2.3.1. Models 1–3. Figure 6 shows the failed models, observed after the respective test.
Figures 7a and b show the residual displacements at the top of the parapet plotted against
the maximum table acceleration, amax, for all the models. The following trends of behav-
iour may be seen from these figures:

(1) The deformation of Model 1 when the amax value of sinusoidal motion became 450
gal was very large, showing ultimate failure with a fully developed single major fail-
ure plane in the backfill.
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Figure 6. Deformations of models after shaking table tests (Watanabe et al., 2002).



(2) Model 2 also exhibited brittle failure when the amax value of sinusoidal motion
became 450 gal, showing very large deformation of the approach block of gravel, in
particular at the upper part.

(3) The deformation, in particular the settlement at the crest of the approach block, of
Model 3 when the amax value of sinusoidal motion became 450 gal was much smaller
than that of Models 1 and 2. Despite the above, when the amax value became 500 gal,
the parapet started separating from the approach block, exhibiting a high dynamic
response, because of no connection between them. Several major cracks developed
in the approach block of Model 3, resulting in a loss of structural integrity as a bridge
abutment.

These results clearly indicate that the seismic stability of these three conventional types
of bridge abutment when subjected to Level II seismic load is insufficient. The test results
also suggest that the seismic stability of abutment can be increased by taking the follow-
ing three measures:

(1) By constructing the approach backfill using a stiffer material such as cement-mixed
gravel soil, the backfill would exhibit substantially smaller settlements immediately
behind the parapet.

(2) By arranging horizontal reinforcement layers in the cement-mixed soil backfill, the
development of major cracks in the zones where the tensile stress exceeds the tensile
strength of cement-mixed soil could be effectively prevented.

(3) By connecting the reinforcement layers to the back of the parapet that directly supports
a bridge girder, relative settlements between them could be efficiently prevented while
ensuring a high integrity of the whole abutment structure.
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2.3.2. Models 4 and 5 (simulating the proposed new types of bridge abutment).
Eleven layers of grid reinforcements were arranged horizontally inside the approach block
of cement-mixed soil with the ends connected to the back face of the parapet (Figure 5).
Figures 8a and b show the relationships between the maximum and residual displacements
recorded at the top of the parapet and the maximum table acceleration, amax, when sub-
jected to (a) irregular waves and (b) subsequently sinusoidal input waves. In these figures,
the residual displacement at the top of the parapet of Model 1 is also presented as the ref-
erence. The following trends of behaviour may be seen from Figures 6–8:

(1) Models 4 and 5 were substantially more stable than Model 1 (i.e., the most conven-
tional-type abutment). 

(2) With Model 4, the tensile rupture of the connection between the reinforcement 
and the parapet started when the amax value of irregular waves became 1400 gal. This
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phenomenon was also noted by a sudden change in the reading of tensile strain at the
respective reinforcement layer. With Model 5, it took place when the amax value of
sinusoidal wave became 800 gal, after having been subjected to a series of irregular
motions.

(3) The connection failure started earlier with Model 4 (with a wider footing) than with
Model 5 (with a narrower footing). This unexpected trend of behaviour was likely
due to larger relative vertical displacements at the interface between the approach
block and the parapet with Model 4 because of a larger footing width (Figure 9). The
fact that Model 5 (with a narrower footing) was more dynamically stable than Model
4 (with a wider footing) can be attributed to that the backfill is more stable than the
parapet, particularly under dynamic loading conditions.

These model test results indicate the essential importance of sufficiently high connec-
tion strength between the reinforcement and the parapet for a high seismic stability of this
type of abutment structure. With a prototype of Model 5 bridge abutment, the connection
strength between the reinforcement layers of a polymer geogrid and a full-height rigid fac-
ing (i.e., a parapet) was confirmed by performing full-scale lateral loading tests as
described later in this chapter.

2.3.3. Dynamic disturbing force and resistance. Figure 10 shows the time histories of
the following physical quantities when Model 4 was subjected to an irregular wave with
amax� 539 gal (see Figure 5 for the measuring points):

(1) the dynamic component of the earth pressure acting on the back of the parapet;
(2) the dynamic component of the reinforcement tensile force activated at a place adja-

cent to the back of the parapet;
(3) the dynamic component of the vertical normal force acting at the toe and heel parts

of the footing base of the parapet (note the normal and shear forces acting on the foot-
ing base were measured separately at four parts);
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Figure 9. Schematic diagram illustrating shear force acting at the connection of reinforcement, Model 4
(Watanabe et al., 2002).



(4) the dynamic component of the lateral displacement at the top of the parapet; and
(5) the input horizontal acceleration at the shaking table.

The following trends of behaviour may be seen from this Figure:

(1) At the dynamically active earth pressure state (i.e., when the dynamic component of
the lateral displacement at the top of the parapet was directing outwards, denoted as
A in Figure 10), the increasing resisting components were; (a) the reacting vertical
normal force near the toe of the footing base; and (b) the tensile force in the rein-
forcement. On the other hand, until this state, the vertical contact force near the heel
of the footing had already largely decreased, indicating an overturning displacement
mode of the parapet.
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(2) At the dynamically active earth pressure state, the dynamic component of the earth
pressure activated at the back face of the parapet exhibited a minimum value, showing
that the parapet was dynamically less stable than the backfill. On the other hand, the
maximum earth pressure was attained at the dynamically passive earth pressure state
(denoted as B in Figure 10). With this type of bridge abutment, therefore, sufficiently
high connection strength between the parapet and the reinforcement is essential for a
high seismic stability at the dynamically active earth pressure state. These trends of
dynamic earth pressure are opposite to those assumed in the conventional seismic
design of conventional-type retaining walls, in which the dynamic component of the
active earth pressure becomes the maximum, which destabilises the retaining wall.

2.3.4. Effects of the width of footing. Figure 11 shows the relationships between the
maximum resistant moment acting at the footing base of the parapet defined about the heel
of the footing base and the rotation angle of the parapet at each shaking stage using irreg-
ular waves for Models 4 and 5. Figure 12 shows the corresponding relationship between
the base acceleration and the reinforcement tensile force that activate adjacent to the back
of the parapet (see Figure 5). It may be seen from these figures that the resistance moment
acting at the footing base was larger with Model 4 (having a wider footing) than with
Model 5 (having a narrower footing), whereas the opposite was true with the reinforcement
tensile force at the connection.

That is, with Model 5, the major resisting force was the tensile force at the connection
between the parapet and the reinforcement. The maximum reinforcement tensile force con-
sistently increased with an increase in the base acceleration, whereas the resisting moment
acting at the footing base started decreasing with an increase in the base acceleration when
the rotating angle of the footing base reached a certain value, associated with the start of
failure in the ground supporting the footing. Due to such different resisting mechanisms,
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Model 5 was more stable than Model 4. With Model 5, larger connection force resulted in
larger tensile force in the reinforcement with larger load transmitted from the parapet to
the cement-mixed soil approach block, which resulted in the development of a horizontal
crack in the approach block (Figure 6). This type of crack did not develop in Model 4.

The test results presented above suggest that, by making sufficiently high connection
strength at the reinforcement layers and the parapet with sufficiently high strength of the
backfill material of the approach block, the size of the base of the footing for the parapet
of prototype structures can be made rather small as Model 5, which makes this type of
abutment considerably cost-effective.

2.4. Summary of the model shaking table tests
The following conclusions can be derived from the test results of the model shaking table
tests presented above:

(1) The seismic stability of several conventional types of railway bridge abutment is not
sufficiently high.

(2) To increase the seismic stability of bridge abutment, it is efficient and cost-effective
to construct an approach block using CMG that is reinforced with geogrid layers con-
nected to the back face of a full-height rigid facing (i.e., a parapet) supporting a
bridge girder.

(3) A sufficiently high strength of the connection between the reinforcement layers and
the parapet is essential not only to restrain the settlement of the backfill relative to the
parapet but also to ensure a high dynamic stability of the parapet, which is less stable
than the approach block.
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3. STRENGTH OF CEMENT-MIXED GRAVEL

3.1. Background
It is necessary to evaluate the deformation and displacements of the concerned structure in
addition to the safety factor against the ultimate failure of the structure both at working
loads and under severe seismic loading conditions. To this end, the strength and deforma-
tion characteristics of CMG were evaluated by performing a series of consolidated drained
triaxial compression (CDTC) tests as described below. At the same time, relevant mixing
proportion of components as well as relevant construction method was sought to achieve
as high a strength per unit cost of cement-mixed gravel. A high cost-effectiveness is essen-
tial for the construction of this type of structure to become one of the standard construc-
tion methods for railway as well as highway structures.

CMG has been used to construct large dams (i.e., the roller compacted dam concrete,
e.g., Hansen and Reinhardt, 1990; Schrader, 1996). However, only a limited amount of
research has been performed on the use of CMG in ordinary but critical civil engineering
structures requiring a high stability and allowing limited deformation, such as railway and
highway bridge abutments. In the present study, a series of CDTC tests were performed on
cement-mixed specimens of two types of well-graded quarry gravely soils (Figure 13),
which are typical of those used in the field. The first type was a crushed sandstone from a
quarry (called Chiba gravel), which has been often used to study the strength and defor-
mation properties of gravel at the University of Tokyo (e.g., Jiang et al., 1999). The other
one was a crushed gabbro from another quarry (called Kyushu gravel), which was used as
the backfill of a prototype of the new type bridge abutment explained later in this chapter.
The effects of compacted dry density, moulding water content and gravel type on the
strength and deformation characteristics of cement-mixed gravel were mainly investigated.
The effects of grading characteristics were investigated to a limited extent. In addition, the
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strength characteristics of cement-mixed gravel were compared with those of uncemented
original gravel. The effects of moulding water content and grading characteristics of gravel
evaluated by CDTC tests using smaller specimens (7.5 cm in diameter and 15 cm high) of
model Chiba gravel are reported in Lohani et al. (2004) and Kongsukprasert et al. (2005).
The effects of stress condition during curing on the strength and deformation characteris-
tics evaluated also by CDTC tests using model Chiba gravel are reported in
Kongsukprasert et al. (2001) and Kongsukprasert and Tatsuoka (2003).

3.2. Testing apparatus and preparation of specimens
3.2.1. Gravel type and specimen preparation Figure 14a shows the compaction curves
of cement-mixed and uncemented specimens of the original Chiba gravel and the one
obtained by removing particles larger than 10 mm (i.e., model Chiba gravel) obtained by
the standard compaction tests. Figure 14b shows similar results for the original Kyushu
gravel. The sizes of mould and compaction energy levels used in these compaction tests
are listed in these figures. It may be seen that the respective compaction curve of cement-
mixed gravel is nearly the same as the corresponding one of uncemented gravel for these
three types of gravel.

Table 2 lists five types of specimens prepared for the CDTC tests. The TC specimens
were 20 cm in diameter and 40 cm high with cement-mixed Chiba gravel; and 30 cm in
diameter and 60 cm high with uncemented Chiba gravel. To investigate the effect of grad-
ing characteristics on the strength and deformation characteristics of cement-mixed
gravel, TC tests were performed also on cement-mixed specimens of model Chiba gravel.
The specimens were 20 cm in diameter and 40 cm high. The TC specimens of cement-
mixed Kyushu gravel were 15 cm in diameter and 30 cm high, which was because the
strength of cement-mixed Kyushu gravel specimens with a diameter of 20 cm exceeded
the capacity of the loading system. The specimens of Kyushu gravel without cement-mix-
ing were 20 cm in diameter and 40 cm high. Throughout the present study, a fixed
cement/gravel ratio by weight (Wcement/Wgravel) equal to 2.5% was used as a typical value
employed in the field. 

The cement-mixed specimens were prepared by manual vertical compaction in about 6
or 12 sub-layers with a thickness of each sub-layer of 50 mm for all the specimens. Three
ratios of compacted dry density to the respective maximum dry density attained by using
compaction energy of 0.555 N m/cm3 (for the compaction curves of cement-mixed gravel
presented in Figure 14) were prepared, which were around 80%, 90% and 99% for Chiba
gravel and 91%, 97% and 100% for Kyushu gravel. The moulding water content was basi-
cally 5% (dry of optimum) and 8.7% (optimum) with Chiba gravel, while it was 4.35%
(optimum for compaction by E-method and slightly dry of optimum for compaction by 
B-method) with Kyushu gravel. In order to investigate more in detail the effect of mould-
ing water content on the strength characteristics, the moulding water content was varied
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between 3.5% and 12% with keeping the dry density constant (2.0 g/cm3) with model
Chiba gravel. The moulding water content was 4% with uncemented Chiba gravel and
4.35% with uncemented Kyushu gravel. The compacted cement-mixed specimens were
cured for 7 days under the atmospheric pressure at constant water content before setting in
the triaxial apparatus.
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3.2.2. Triaxial test apparatus. All the CDTC tests were performed using a large
triaxial testing apparatus at the Railway Technical Research Institute (Figures 15). The
apparatus is able to control the axial displacement to an accuracy of � 1 µm (Kohata et al.,
1999). The axial load was measured with a load cell set inside the triaxial cell. The axial
compression of specimen was measured externally with a pair of proximeters set at the
specimen cap and locally with a pair of local deformation transducers LDTs (LDTs; Goto
et al., 1991) that were set at the side face of specimen. The lateral deformations of speci-
men were measured by using three pairs of proximeters arranged at three elevations (5/6,
3/6 and 1/6 of the specimen height from the bottom), which were free from the effects of
membrane penetration in these CDTC tests in which the effective confining pressure was
kept constant.

The specimens were initially isotropically compressed to the prescribed confining pres-
sure, σc�, and then sheared in drained TC at a constant axial strain rate of 0.01%/min under
constant σc� until the axial strain became 15%. Three axial unload–reload cycles with a
small axial strain amplitude were applied at various deviator stresses during otherwise
monotonic loading to evaluate the equivalent elastic vertical Young’s modulus (Eeq) and
Poisson’s ratio (vvh).

3.3. Test results and discussions
3.3.1. Strength characteristic at different compacted dry densities. Figures 16a–c
show typical results from CDTC tests on cement-mixed Chiba gravel specimens com-
pacted to different dry densities, ρd, at a water content of 5%. It may be seen that, with the
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Table 2. List of specimen types tested (Watanabe et al., 2003a)

Specimen Dry Confining Water Cement/gravel Cement/gravel Size of
Types Density Pressure Content Ratio by Weight, Ratio by Specemen 

(g/cm3) (kPa) (%) Wcement/Wgravel % Volume, (mm)
Vcement/Vgravel%

Chiba (cement- 1.8, 2.0, 0, 20, 3.5, 5.0, 2.5 6.78 φ 200 times
mixed) 2.2 50 8.7, 10.5 H400

Model Chiba φ 200 times
(D � 10 mm) 2.0 20 8.7 2.5 6.78 H400
(cement-mixed)

Chiba (without 1.8, 2.0, 0, 20, 4.0 — — φ 300 times
cement) 2.2 80 H600

Kyushu 2.41, 0, 20, 4.35 2.5 7.58 φ 150 times
(cement-mixed) 2.56, 50 H300

2.64
Kyushu 2.41, 0, 20, 4.35 — — φ 200 times

(without 2.56, 50 H400
cement) 2.64



same cement content by weight Wcement/Wgravel � 2.5%, the peak strength increases signif-
icantly with an increase in the compacted dry density, ρd. On the other hand, the effects of
ρd on the residual strength, defined to be the deviator stress at an axial strain of 15%, are
insignificant. It should be noted, however, that the effects of ρd on the residual strength are
not negligible, which is discussed below. Figures 17 and 18 summarise the peak and resid-
ual strengths plotted against the ρd value of solid material (gravel and cement).

The following trends of behaviour may be seen from these figures:

(1) With both types of cement-mixed gravel, the peak strength increases with an increase
in ρd at a rate that is much larger than with the uncemented ones. Therefore, the
difference in the peak strength between the cement-mixed and uncemented speci-
mens increases with an increase in ρd, in particular with Kyushu gravel.

(2) When compacted by using nearly the same energy and with the same cement/gravel
ratio by weight (Wcement/Wgravel), the peak strength of cement-mixed Kyushu gravel is
significantly larger than that of cement-mixed Chiba gravel. This feature is discussed
in detail later.

(3) The effects of ρd on the residual strength are much smaller than the peak strength.
Careful observations of the specimens of cement-mixed gravel after the respective
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Figure 15. Large triaxial apparatus; (a) schematic diagram; and (b) picture of the system during a TC test on
cement-mixed Chiba gravel (Watanabe et al., 2003a).



TC test indicated that the residual strength was controlled by frictional resistance
along a shear band(s), not by bonding at inter-particle contacts along the shear plane.

(4) For the same ρd value, the peak strength of the cement-mixed specimen of the model
Chiba gravel, not including particles larger than 10 mm and having a smaller coefficient
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of uniformity, is noticeably larger than that of cement-mixed original Chiba gravel.
On the other hand, it is shown in Lohani et al. (2004) and Kongsukprasert et al.
(2005) that, when compacted by using the same energy, the strengths of the cement-
mixed model Chiba gravel and the original type of Chiba gravel with the same
cement/gravel ratio by weight are nearly the same. These trends of behaviour are con-
sistent with each other, because, for the same compaction energy, the ρd value is
larger with the original Chiba gravel than the model Chiba gravel.

The strength of cement-mixed Kyushu gravel is considerably higher than cement-
mixed Chiba gravel for the same cement/gravel content by weight and for the same com-
paction energy. This trend of behaviour could be attributed to several factors. Firstly, a
considerably higher ρd value for the same compacted void ratios (as shown in Figure 19)
of Kyushu gravel can be attributed to a specific gravity of soil particles (Gs � 3.03) that is
much larger than 2.71 of Chiba gravel. For the same cement/gravel ratio by weight,
Wcement /Wgravel � 2.5%, the cement content (Wcement / “specimen volume V”) is proportional
to ρd. Therefore, for the qpeak – ρd relation for the same type of gravel plotted in Figure 17,
two variables, compacted dry density ρd (� (Wgravel � Wcement)/V) and cement content per
volume (� Wcement /V), change simultaneously. It is likely, on the other hand, that the spe-
cific gravity of soil particles itself has no direct link to the packing conditions of particles,
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Figure 19. Relationships between peak strength and compacted void ratio of cement-mixed gravels and 
uncemented gravels (Watanabe et al., 2003a).



and, therefore, the peak strength of cement-mixed gravel is better linked to volume param-
eters than mass parameters, i.e., the void ratio (� V/(Vgravel � Vcement) �1.0) rather than the
ρd value and Vcement /V than Wcement /Wgravel. When the peak strengths of cement-mixed Chiba
and Kyushu gravels are compared for the same void ratio (as shown in Figure 19), the fol-
lowing two factors should also be considered.

(1) For the same Wcement /Wgravel (� 2.5%) and the same void ratio of solid part, the
cement/gravel ratio in volume (Vcement /Vgravel) is different, equal to 2.4% with Kyushu
gravel and 2.15% with Chiba gravel. 

(2) The ratios of the moulding water content (4.35% with cement-mixed Kyushu gravel
and 8.7% with cement-mixed Chiba gravel) to the respective optimum water content
are different. It is shown in Lohani et al. (2004) and Kongsukprasert et al. (2005), for
the same type of cement-mixed gravel, even at the same compacted dry density, the
peak strength becomes largest when compacted at the optimum water content (wopt).
Although it is subtle, this trend of behaviour can be seen by comparing the peak
strengths of cement-mixed Chiba gravel specimens compacted at water contents of
5% (dry of optimum) and 8.7% (at optimum) in Figures 17 and 19.

In Figure 19, the strength curve for Vcement /Vgravel� 2.4% of cement-mixed Chiba gravel
and the moulding water content equal to the optimum, which was estimated based on the
results from a study on the effects of cement content and water content on the peak
strength (Lohani et al., 2004; Kongsukprasert et al., 2005), is also presented. When com-
pared at the same Vcement /Vgravel (� 2.4%) and the same water content ratio w/wopt� 1.0, the
difference in the peak strength between the two types of cement-mixed gravel at the same
void ratio becomes noticeably smaller than when compared at the same Wcement /Wgravel (�
2.5%) and at the different moulding water content ratios, w/wopt. Yet, the peak strength of
cement-mixed Kyushu gravel is still noticeably larger than the cement-mixed Chiba gravel
in Figure 19. Another factor (or others) is (are) necessary to explain this difference. The
grading characteristics may be one of these factors.

Figure 20 shows the relationships between the peak strengths of cement-mixed gravel
and corresponding uncemented original gravel measured at the same confining pressure,
σc� � either 0 or 20 kPa or 50 kPa. The peak strength of uncemented Chiba gravel at 
σc� � 50 kPa was estimated from those extrapolated from the qpeak – σc� relation obtained
by CDTC tests performed at other similar σc� values. The following trends of behaviour
may be seen:

(1) The peak strengths of cemented and uncemented specimens compacted to the same
dry density are well correlated to each other. This fact indicates the importance of
increasing as much as possible the compacted dry density when the backfill is con-
structed by using cement-mixed gravel, in the same way with unbound original gravel.
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(2) The relationship between the peak strengths of cemented and uncemented specimens
is not unique, affected by several other factors, including cement content, moulding
water content, gravel type and confining pressure. The ratio of the peak strengths of
cement-mixed gravel and uncemented gravel increases with a decrease in σc�.

Figure 21 compares the residual strength in the same way as Figure 19. Also in this fig-
ure, the estimated strength curve for Vcement/Vgravel� 2.4 % of cement-mixed Chiba gravel
compacted at the optimum water content is presented. Although they are much less
pronounced, the trends of behaviour that can be seen with the peak strength in Figure 19
can also be seen in this figure, indicating that the peak and residual strengths are linked to
each other. Figure 22 shows the relationships between the corresponding peak and residual
strengths of uncemented and cement-mixed specimens of Chiba and Kyushu gravels. It may
be seen that the residual strength becomes larger with an increase in the peak strength in a
similar way irrespective of gravel type and whether the specimen is uncemented or cement-
mixed. That is, the residual strength of cement-mixed gravel is noticeably larger than that
of the corresponding uncemented gravel. It seems that the residual strength of cement-
mixed gravel is controlled by not only the friction at inter-particle contacts but also restrain-
ing from free rotation of soil particles by bonding at inter-particle contacts; that is, the
roughness along a shear plane increases with an increase in the inter-particle bond strength.
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Figure 21. Relationships between residual strength and void ratio of cement-mixed gravels and uncemented
gravels (Watanabe et al., 2003a).
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3.3.2. Effects of moulding water content. Figure 23 shows the relationships between the
peak strength and the moulding water content for cement-mixed Chiba gravel. It may be seen
that the peak strength became the maximum around the optimum water content (wopt �

8.7%). This trend of behaviour is mostly due to the largest compacted dry density (i.e., the
smallest compacted void ratio). The other influencing factors include (a) the largest cement
content per volume of specimen associated with the maximum compacted dry density (as
discussed above); and (b) the optimum cement paste conditions in terms of the volume of
paste and the strength of paste (Lohani et al., 2003, 2004; Kongsukprasert et al., 2005; and
as discussed below). With respect to factor (b), the strength of cement paste decreases with
an increase in the moulding water content. It is likely that the decrease in the strength of
cement-mixed gravel with an increase in the water content larger than wopt is due to this fac-
tor. On the other hand, the amount of cement paste deceases with a decrease in the mould-
ing water content. In fact, the peak strength when compacted at w � 3.5% is very small,
close to the peak strength of uncemented gravel. It appears that this very low strength was
due to an insufficient amount of cement paste to be distributed uniformly at inter-particle
contacts. It is shown in Lohani et al. (2004) and Kongsukprasert et al. (2005) that the same
trends of behaviour were also observed in the TC tests on small specimens of cement-mixed
model Chiba gravel. These results indicate that the water content should be controlled as
strictly as possible, preferably at the optimum water content, when compacting a given type
of cement-mixed gravel in actual construction projects.

3.3.3. Mohr–Coulomb strength parameters. Figure 24 shows the peak and residual
strengths plotted against the effective confining pressure, σc�, for the cement-mixed gravel
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specimens with Wcement /Wgravel � 2.5% and the corresponding uncemented gravel speci-
mens. The water content was equal to the optimum water content for Kyushu gravel, while
it was 5.0% for cemented Chiba gravel and 4.0% for uncemented Chiba gravel. Table 3
shows the angle of internal friction and cohesion intersect of the respective type of speci-
men obtained from the failure envelopes presented in Figure 24. The residual strength in
the unconfined compression tests on cemented and uncemented specimens was equal to
zero (i.e., cres� 0).
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The following trends of behaviour may be seen from Figure 24 and Table 3:

(1) Not only the cohesion intersect, cpeak, but also the angle of internal friction, ϕpeak,
increase considerably by cement-mixing. This trend of behaviour is in contrast to the
case with cement-mixed soft clay, for which the ϕpeak value largely decreases while
the cpeak value largely increases by cement-mixing (as reported by Tatsuoka et al.,
1997a; Sugai et al., 2000; Sugai and Tatsuoka 2003). It is likely that the large peak
strength of cement-mixed gravel results from restraint to not only sliding but also
rotation of soil particles by bonding at inter-particle contacts. Note that the effects of
the increase in cpeak on the shear strength are significant at low σc� values.

(2) The ϕpeak values of both cement-mixed and uncemented specimens of Kyushu gravel
are considerably larger than the respective value of cement-mixed and uncemented
specimens of Chiba gravel. The increase in cpeak by cement-mixing is much larger
with Kyushu gravel than with Chiba gravel. It is not well understood how this feature
can be linked to the gravel type, such as fines content, particle shape, grading char-
acteristics, the mother rock type and so on.

The use of these peak strength parameters in the limit-equilibrium type stability analy-
sis may result in an overestimation of safety factor because of possible large effects of pro-
gressive failure (Tatsuoka et al., 2000). The use of values between the peak and residual
strengths would be relevant. Further study is necessary in this respect.

3.4. Summary of CDTC test results
The following conclusions can be derived from the results for the CDTC tests on large
specimens of cement-mixed gravel presented above:

(1) The peak strength of compacted cement-mixed gravel could become significantly
larger than that of uncemented gravel. The difference increases with an increase in the
compacted dry density. This result indicates the significant importance of compaction
control when constructing the backfill of cement-mixed gravel as with the backfill of
uncemented gravel.
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Table 3. Internal friction angles and cohesion intersects of cement-mixed and uncemented gravels (Watanabe
et al., 2003a)

Peak Residual

Gravel type ϕpeak (deg.) cpeak (kPa) ϕres (deg.) cres (kPa)

Chiba gravel (cement-mixed) 57.4 132 55.9 0
Chiba gravel (no cement) 48.9 38.4 48.9 0
Kyushu gravel (cement-mixed) 68.4 614 61.8 0
Kyushu gravel (no cement) 58.1 44.7 49.2 0



(2) For different types of gravely soil having different specific gravities of particles, the
strength of cement-mixed gravel should be considered as a function of compacted
void ratio, rather than dry density, as well as cement/gravel ratio by volume rather
than cement/gravel content by weight. The gravel type is another important influ-
encing factor.

(3) The strength of cement-mixed gravel becomes the maximum at the optimum water
content, which could be not only due to the maximum compacted dry density (or the
minimum compacted void ratio) and the associated maximum cement content per
volume of specimen but also to the optimum cement paste conditions in terms of vol-
ume and strength. In fact, the strength when compacted significantly drier of opti-
mum could be very small, perhaps due to an insufficient distribution of cement paste
at inter-particle contacts.

(4) Not only the cohesion intercept but also the angle of internal friction could signifi-
cantly increase by cement-mixing, unlike cement-mixed clay. The contribution of
cohesion intercept to the shear strength becomes particularly large at low effective
confining pressures.

(5) Despite that the increase is much smaller than that of the peak friction angle by
cement-mixing, the friction angle at the residual state could noticeably increase by
cement-mixing. With cement-mixed gravel, the residual strength is well correlated to
the peak strength.

4. CONSTRUCTION OF A PROTOTYPE NEW TYPE RIDGE ABUTMENT 

4.1. Introduction
Based on the results from the laboratory stress–strain tests on cement-mixed gravely soil
described in the preceding sections, in 2002, the Japan Railway Construction Public
Cooperation started the design of a new type bridge abutment to be constructed at Takada,
Kyushu, for a new bullet train line, aiming at a high cost effectiveness (Figure 25) (Aoki et
al., 2002). Figure 26a shows the outline of the bridge abutment and Figure 26b shows a view
of the completed abutment. The construction started in November 2002 and ended 2 months
later. To confirm whether the vertical bearing capacity and the lateral stability of the parapet
structure (RC parapet) of the abutment are sufficiently high, which is the most crucial fea-
ture of the new structural type of bridge abutment, full-scale field loading tests were per-
formed in the last week of February 2003. The results were very satisfactory as shown below.

4.2. Design
For the new bullet train line, the design train speed is 260 km/h and the standard design
train load (live) load is P-16. That is, 16 tonf or 157 kN is applied to one axle having two
wheels. Each pair of axles with a minimum centre-to-centre distance of 2.2 m supports one
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bogie, while two bogies with a centre-to-centre distance of 15 m support one 20-m-long
coach. The abutment supports a simple beam T-shaped RC girder having a length of 15 m
with a fixed end at the top of the parapet. It was decided that the design compressive
strength of cement-mixed backfill is 2 MPa and the design rupture strength of geogrid is
30 kN/m. The soil layers having blow counts (N values) by the standard penetration tests
equal to or larger than 50 were considered as the supporting ground of the RC parapet,
while the soil layers having N values equal to or larger than 9 were considered as the sup-
porting ground of the approach block (i.e., backfill of CMG).

Figure 27a shows the conventional-type bridge abutment that would have been con-
structed if the new structural type one (Figure 26) had not been adopted. The RC conven-
tional-type bridge abutment was designed as a cantilever structure resisting against the
static earth pressure exerted by the uncemented backfill as well as the static load of the RC
abutment and bridge girder and the live load under static loading conditions (Figure 27b).
For seismic design, the dynamic component of earth pressure and the inertia of the RC
abutment and bridge girder were additionally taken into account (Figure 27c).

With the new type abutment, the RC parapet and the backfill of CMG were designed as
separate structural components (Figures 28a and b). The RC parapet was designed to sup-
port the static and dynamic loads of the parapet and those from the bridge girder with the
live load. The static and dynamic earth pressures from the backfill were not taken into
account considering that the lateral outward movement of the parapet should be supported
by the cement-mixed backfill under seismic loading conditions. Therefore, the tensile
strength of the geogrid layers that connect the parapet and the backfill should be sufficiently
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Figure 25. Location of the new type bridge abutment using cement-mixed gravel at Takada, Kyushu (Aoki 
et al., 2002).
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Figure 26. (a) New type bridge abutment using cement-mixed gravel constructed at Takada (Aoki et al., 2002);
and (b) view of the completed new type bridge abutment, mid-2003.



high to withstand the tensile load activated by the outward lateral movement of the parapet
during seismic loading conditions. As shown in Figure 28c, the distribution of tensile force
at the connections was obtained by modelling the connections by a series of spring. The
backfill of CMG was designed as a gravity-type earth retaining wall resisting the lateral load
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Figure 27. (a) Conventional-type bridge abutment; (b) static and (c) seismic loading conditions for conventional-
type bridge abutment (Aoki et al., 2002).



from the parapet and the earth pressure from the unbound soil backfill in back of the
cement-mixed gravel backfill. Several long layers of geogrid were arranged at a vertical
spacing of 0.9 m, prepared for possible development of tension cracks during severe seis-
mic loading conditions. The strength of the long layers was determined to resist the seismic
tensile force acting at the vertical plane at the back end of the short layers ignoring the ten-
sile strength of the backfill. The tensile force was obtained by assuming the zone in front of
this vertical plane to act as a monolith.

The construction cost of the new type bridge abutment was estimated to be 87% of the
conventional type for good ground conditions at the site. If the ground condition were
poorer and the conventional-type bridge abutment should have been supported by a pile
foundation (as in many cases), as the new type one needs not a pile foundation, the differ-
ence in the construction cost could become much larger than the present case.

4.3. Construction
The abutment was constructed by the staged construction method (Figure 29). That is, the
backfill was constructed before constructing the RC parapet. A well-graded crushed gravely
soil of gabbro from a quarry (classified as M-40; typically, Dmax � 37.5 mm, D50 � 5.4 mm,
Uc � 61, a fines content � 6%, and a specific gravity � 3.03) was used as the backfill. The
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Figure 28. (a) Static; (b) seismic loading conditions; and (c) seismic conditions at the connection, for new
type bridge abutment (Aoki et al., 2002).



stress–strain properties of cement-mixed specimens of this type of gravel were described in
the preceding section. The maximum compacted dry density, (ρd)max, was 2.60 g/cm3 at the
optimum water content, wopt � 4.9% by the compaction tests using a mould with an inner
diameter of 15 cm and an inner height of 12.5 cm with an energy level of 2480 kJ/m3 (the E-
b method; the Japanese Industrial Standards A1210; Watanabe et al., 2003b). The lift of com-
pacted soil layer was made as small as 15 cm to obtain a high compacted dry density. The
specified compaction energy was achieved by 10 times passing of a small vibratory com-
paction plant with a weight of about 1 tonf for the first 24 lifts (Figure 30a) while 6 times
passing of a vibratory plant with a weight of about 4 tonf for the 25th through 81st lifts
(Figure 30b). A cement-mixed ratio by weight equal to 4% was employed. This ratio, which
was higher than the value used in the laboratory stress–strain tests, was employed by taking
into account a possibly high degree of inhomogeneity of cement–mixing in the field.
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Figure 30. Compaction of the backfill.



The field compaction was made with a lift of 15 cm so as to obtain a degree of com-
paction more than 95%. Figures 31a and b show the frequency distributions of compacted
dry density (by means of RI) and water content measured during the construction. It may
be seen that the results were satisfactory. The compaction of the backfill in the field was
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made with a help of bags filled with unbound gravel placed at the shoulder of each soil
layer (Figure 32a).

As the bags were wrapped around with polymer geogrid layers, the wall face of the
completed backfill was covered with geogrid sheets. The RC parapet was constructed by
casting-in-place fresh concrete into a space between an external concrete form supported
by steel bars extending from the inside of the backfill and the wall face of the backfill
(Figure 32a). Steel reinforcement had been arranged in the space. Therefore, the parapet
had been firmly connected to the geogrid sheets and gravel bags when the parapet was
completed. By this staged construction method, the following potential problems in case
the RC parapet were constructed prior to the construction of backfill can be avoided:

(1) If the parapet is first constructed, a very large earth pressure may be exerted on the
parapet during compaction of backfill. To avoid this problem, the zone of backfill
adjacent to the back face of the parapet may not be well compacted, forming a struc-
turally weak zone.

(2) If the reinforcement layers are connected to the back face of the parapet during the
construction of the backfill, the connection could be damaged in case the settlement
of the backfill relative to the parapet during the construction of the backfill becomes
too large.

(3) To keep the alignment of the front face of the parapet as constructed, the parapet
should be supported with a very stiff propping during the construction of the back-
fill. Otherwise, the footing of the parapet should be made wider while supported with
a pile foundation.

Figure 32b shows the bridge abutment with the completed parapet during the full-scale
loading test described below.
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Figure 32. (a) Placing gravel-filled bags at the shoulder of each soil layer; steel reinforcement seen in this picture
is for the parapet that was constructed after the backfill was completed (Watanabe et al., 2003b); and (b) bridge 

abutment with backfill of cement-mixed gravel during full-scale loading test.



4.4. Full-scale loading tests
To confirm whether the new type abutment is sufficiently stable under severe seismic load-
ing conditions as considered in the design, full-scale vertical and lateral loading tests were
performed on the completed abutment (Aoki et al., 2003) (Figures 33a and b). First, verti-
cal load simulating the deadweight of a bridge girder was applied to the top of the RC para-
pet by means of three hydraulic jacks arranged at the shoulder of the parapet, which is the
fixed end of a bridge girder, and PC steel rods (tendons) anchored into the supporting
ground. Then, lateral load was applied to the parapet at 1.3 m below the shoulder by using
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Figure 33. (a) Profile; and (b) plan of field full-scale loading test of the bridge abutment with backfill of
cement-mixed gravel (Aoki et al., 2003).



six hydraulic jacks arranged at the adjacent pier. Two pier, nos. 5 and 6, were fixed to each
other to react as a unit against the lateral load (Figure 34), because it was anticipated that
the abutment would be much stronger against lateral loading than a single pier. It was con-
firmed that, despite relatively small dimensions of the footing for the parapet, the vertical
bearing capacity of the footing is sufficiently large as anticipated. In the following, the
results from the lateral loading tests are reported.

Figure 35 shows the time history of lateral load. Figure 36a shows the relationship
between the lateral load and the outward lateral displacement at the top of the parapet.
Figure 36b shows the locations of lateral load application and measurement of several quan-
tities. The lateral displacement at 1.3 m below the shoulder of the parapet at the maximum
load (4 MN) was as small as 15.6 mm. A lateral load of 4 MN is only slightly lower than
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Pier 5 (reaction 1) Pier 6 (reaction 2)
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(reinforced backfill)

Figure 34. Overview of field full-scale loading test of bridge abutment with backfill of cement-mixed gravel
(Aoki et al., 2003).
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Figure 35. Time history of lateral load applied to bridge abutment with backfill of cement-mixed gravel (Aoki
et al., 2003).



the design seismic lateral load, equal to 4.171 MN, for a design lateral seismic coefficient
of as high as 0.89, corresponding to the design maximum ground horizontal acceleration
equal to 871 gal (i.e., so-called level II design seismic load). The residual lateral displace-
ment was 9.3 mm, compared with the maximum value equal to 15.1 mm, which means that
the behaviour was rather recoverable, showing that the load–displacement state at a hori-
zontal load of 4 MN was far from ultimate failure.

Figures 37a–c show the vertical distributions of lateral displacement of the abutment
and the adjacent two piers. The lateral displacements of the two piers was about two times
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as large as that of the abutment, which means that the lateral stiffness of the parapet is
about four times as large as that of a single pier. This result indicates clearly that this new
type bridge abutment has a lateral stability much more than sufficient.

Figures 38a and b show the distributions of lateral displacement and settlement on the
crest of the backfill from the back face of the parapet (see Figure 36b). Figure 38c shows
the distribution of settlement at the base of the approach block and the distance from 
the back face of the parapet. The following trends of behaviour may be seen from these
figures:

(1) There was no distinct separation between the back of the parapet and the app-
roach block, indicating that the geogrid did not show any large deformation at the 
connection.

(2) The lateral displacement at the crest of the backfill was very uniform for a range of
distance from 0 to about 5.5 m, indicating that the approach block behaved like a
monolith without developing major vertical cracks inside. A major crack with a width
of about 10 mm was found at a distance of 7.25 m from the back face of the parapet
at the end of loading (Figure 40).

(3) The crest of the backfill exhibited noticeable settlements, which were larger at places
closer to the parapet. This trend of behaviour was due mainly to a rigid overturning
rotational displacement of the approach block, as shown below, caused by lateral
loading.
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(4) The back zone of the approach block exhibited considerable heaving at the base asso-
ciated with lateral loading (Figure 38c). Figure 39a shows the changes in the earth
pressure associated with lateral loading measured at the base of the approach block
(see Figure 39b for the locations of the earth pressure cells). This result also indicates
a rigid overturning rotational displacement of the approach block.
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Figure 40 shows the overall displacement of the abutment at the maximum lateral load.
It may be seen that the parapet and the approach block of cement-mixed gravel behaved
like a monolith exhibiting a rigid overturning rotational displacement, showing no sign of
a separation between them, without development of major cracks inside the approach
block.

4.5. Summary of results from a field full-scale loading test
The following conclusions can be derived from the test results presented above:

(1) The new type bridge abutment has a lateral stiffness that is higher by a factor of
about four than that of a single pier that was designed and constructed following the
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present seismic-resistant design code against severe design seismic load (the so-
called level II).

(2) The maximum and residual outward lateral displacements at the top of the parapet
when subjected to a very high lateral load simulating severe design seismic load were
as small as 15.6 and 9.3 mm, indicating a very high seismic stability of the new type
bridge abutment.

(3) Against very large lateral load, the parapet and backfill behaved like a monolith
exhibiting a rigid overturning rotational displacement, showing no sign of a separa-
tion between them, without development of major cracks inside the approach block.

5. CONCLUDING REMARKS

Based on the results from the shaking table tests on scaled-models in the laboratory and
the CDTC tests on cement-mixed gravely soil, a new structural type of bridge abutment
was proposed. Subsequently, a prototype bridge abutment was designed and constructed.
The advantages of the new type bridge abutment include a high cost-efficiency and a very
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high seismic stability without showing any serious bump immediately behind the back of
front RC structure (i.e., parapet) supporting a bridge girder (or girders). The Japan Railway
Construction Public Agency specified “Design and construction standards for bridge abut-
ments having an approach block of cement-mixed backfill” March 2004 to construct new
structural-type bridge abutments at other places.

It is now possible to construct permanent civil engineering structures that need a high
ultimate stability allowing relatively small displacements by constructing backfill of
cement-mixed soil. This report describes a case history showing the above. In this case his-
tory, a proper understanding of the stress–strain properties (i.e., the strength and deforma-
tion characteristics) of cement-mixed soil was essential. To this end, systematic and careful
laboratory stress–strain tests (mostly triaxial compression tests) were performed. The test
results revealed that the stress–strain properties of different types of cement-mixed soil
have common as well as specific features. The results from the laboratory stress–strain
tests played major roles in the design.
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NOTATION

a max � amplitude of horizontal acceleration at the shaking table
c/g � cement-to-gravel ratio by weight
cpeak � cohesion intercept for peak strength
cres � cohesion intercept for residual strength
D50 � mean diameter of particle 
e � void ratio
q � deviator stress (� σ�v - σ�h)
qpeak � peak strength (compressive strength)
qres � residual strength
w � water content
εv � axial strain
φpeak � angle of internal friction for peak strength
φres � residual angle of friction for residual strength
ρd � dry density
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Chapter 30

A Multi-Tier Mechanically Stabilized Soil Wall –
Field Performance and Numerical Modelling

S.R. Lo

University of New South Wales at ADFA, Canberra, ACT 2600, Australia

ABSTRACT

A special form of mechanically stabilized soil (MSS) wall is modular block wall, which is
commonly referred to as a segmental block wall. It is constructed with a brick facing and
backfill stabilized by soil reinforcements. A 12 m high modular block wall was constructed to
support the end span of a major bridge structure at a river crossing. The wall consists of four
tiers. A bridge sill beam sits on the top tier, thus giving a total wall height of about 12 m. High
density polyethylene (HDPE) geogrids were used as the soil reinforcements. This wall type
was selected on the basis of simplicity in construction, ability to accommodate differential set-
tlement, and aesthetics. However, the unusual wall configuration presents a number of engi-
neering challenges, and may not be adequately covered by conventional design calculations.
There was a lack of actual performance data for such wall form. The foundation material at
the site is compressible and variable, and there may be interaction between foundation move-
ments and wall behaviour. Initial design was conducted using limit equilibrium analysis and
simplified numerical modelling. Recognising the limitations of theses calculations, conserva-
tive design decisions were made in relation to the reinforcement layout. Furthermore, the wall
was instrumented. Field measurements were taken over a long period of time. Field response
of the wall revealed movements higher than those expected or predicted by the initial analy-
sis. There were also concerns about reinforcement tension. The challenge is to have a “single
analysis” that can “feed” the observed high movements (during working condition) into the
prediction of safety margin. A numerical model that can conservatively predict the observed
movements and can continue until the ultimate design condition was developed. A paramet-
ric study was conducted to gain better understanding on the behaviour of this wall.

1. INTRODUCTION

Mechanically stabilized soil, also referred to as reinforced soil, is used extensively in Australia
for the construction of retaining structures. Soil nails in the form of steel reinforcement bars
are used in stabilizing in situ soil so that near vertical excavation can be constructed in an
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“unsupported” form. A much wider range of reinforcing elements have been used success-
fully in stabilizing the backfill for gravity retaining walls. In particular, a wide range of
geosynthetic reinforcements is available on the market. The use of geosynthetic reinforce-
ments offer additional construction flexibility and thus a wider range of innovative walls can
be constructed effectively. However, this may present additional design challenges as these
innovative wall forms may not be adequately covered by conventional design procedures.

Although it is true that mechanically stabilized soil walls can be studied by centrifuge
testing (Jaber and Mitchell, 1990., Zornberg et al., 1997), time constraint imposed by a
construction project often requires other means of investigation. Furthermore, an innova-
tive mechanically stabilized soil wall sometimes has to be constructed in a site where the
ground conditions are variable and the boundary conditions not well defined. In such a cir-
cumstance, an innovative wall needs to be instrumented and monitored, and detailed so
that any “unexpected behaviour” can be accommodated by post-construction adjustments.
This means the “cost” involved in such additional tasks has to be less than the savings in
form, material and time attributed to the innovative wall form. In such a case, the wall will
form the basis of a detailed case study.

This chapter presents a detailed case study of a mechanically stabilized soil wall, hereafter
abbreviated as MSS wall, supporting a bridge deck. It is a modular block wall of multi-tier
configuration using geogrids as soil reinforcements. This wall was heavily instrumented, and
the data revealed some unusual behaviour. A series of back-analysis were conducted to eval-
uate the safety margin of this wall and to gain a better understanding of the wall behaviour. 

2. PROJECT DESCRIPTION

A 12 m high modular block MSS wall as shown in Figure 1 was used to support the end
span of a major bridge structure. The construction and initial design of this wall was pre-
sented in Won et al. (1996). However, relevant information is also presented in this chap-
ter for the sake of completeness. This wall configuration was selected on the basis of
simplicity in construction, ability to accommodate differential settlement, and aesthetics.
The general arrangement of the wall design and relevant instrumentation were presented
in Figure 2. The MSS wall consists of four tiers. Each tier has a height in the range of
2.2–2.60 m, and the setback distance between tiers is 2.0 m. The bottom tier is referred to
as tier-1. A bridge sill beam sits on the top tier (referred to as tier-4), thus giving a total
wall height of about 12 m. The wall is constructed from a skin of blocks and select fill 
stabilized by soil reinforcements. The overall dimensions of a block are 315 mm deep by
200 mm high. The reinforcements are high density polyethylene (HDPE) geogrids. 

The ground conditions consist of 1–3 m of loose silty sand overlying 7–10 m of
medium dense silty sand. Sandstone bedrock is at approximately 13 m depth. The loose
sand layer contains pockets and/or lenses of soft silty clay. These silty clay pockets/lenses,
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Figure 1. Photo of multi-tier modular block wall.
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although had not been located accurately, were considered to have only slight influence on
the overall drainage condition of the foundation materials. Therefore drained behaviour
was assumed. However, the variable ground condition means that sub-surface stratification
needs to be idealized conservatively. Furthermore, some differential settlement is likely.
Despite the variable ground condition, the wall was found directly on the top layer of loose
sand at RL 2.05 m because MSS wall was considered to be suitable in accommodating dif-
ferential settlement. As a matter of prudence, the top 1 m of loose foundation sand was
replaced with compacted sand to a depth at RL 1.70 m over 7 m as illustrated in Figure 2. 

As reported in Won et al. (1996), local sands were used for both the select fill (i.e.,
within the reinforced zone) and general fill. The maximum vibrated dry density for the
sand fill was 1.6 t/m3. Construction was done in ~200 mm layers. Heavy rollers were used
only in compacting the fill near the top of the wall; but a density exceeding 95% standard
relative density was always achieved. 

3. INITIAL DESIGN

The wall is classified as a stacked wall in accordance with design guidelines of AASHTO
(1997) or FHWA (Elias and Christopher, 1996). According to these design guidelines, the
setback distance of 2 m between tiers was adequately large that interaction between tiers
can be neglected, i.e., the bottom three tiers can be designed as three individual walls. This
gives a maximum reinforcement tension of ~5 kN/m at the bottom of each tier. Overall
rotational stability of the wall, with the potential slip surface cutting through some or all
of the reinforcement layers, was also checked with limit equilibrium analyses (Won et al.,
1996). In these analyses, reinforcement intersected by a potential slip surface was simu-
lated as stabilising line loads; and the reinforcement layout as shown in Figure 2 achieved
generous safety factor. 

In view of its unusual form, the wall was also analysed using Fast Lagrangian Analysis
of Continua (FLAC) (Itasca, 1998), a commercial software for numerically calculating the
stresses and displacements in a continuum using two-dimensional finite difference dis-
cretization. FLAC is particularly suited for incremental analysis incorporating non-linear
material models, simulation of construction sequence, and detecting the occurrence of any
collapse mechanism. Details of the analysis, referred to as initial FLAC analysis, were
reported in Won et al. (1996). In essence, soils were modelled as Mohr–Coulomb elas-
tic–plastic materials (with non-associative flow rules), whereas the modular block facing
was modelled by elastic beam elements. Significant effort was put into the modelling of
soil reinforcement interface. It was found that this modelling aspect only has a minor effect
on the analysis outcome because of the particular soil reinforcement combination. The side
boundary of the foundation soil in front of the wall was also relatively close to the wall toe.
These simplifications were largely dictated by the computational resources available at the
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time of initial design and time constraint by the construction time table. Recognizing the
possible limitations of the initial analysis, the reinforcement layout adopted was conser-
vative relative to the outcome of the analysis. 

4. FIELD PERFORMANCE

The wall was instrumented with 

● Earth pressure cells. 
● Load bolts and strain gauges along three reinforcement levels. 
● Settlement markers, in particular at foundation level.
● Horizontal profile gauges (HPG-1 to HPG-3 of Figure 2) to give near-continuous set-

tlement profiles.
● Inclinometers (I-1 to I-2 of Figure 2) to monitor horizontal displacements. 

Field measurements were taken over a long period of time. The data presented in this
chapter ended at 41 month. Unless stated otherwise, the observed responses are based on
the 41 month data. This is considered to be essential as the analysis was based on a drained
condition.

4.1. Stresses and reinforcement tension
Two earth pressure cell readings, EC-1 and EC-2 located at foundation level, are presented
in Figure 3. Although the pressure recorded by EC-1 and EC-2 differs, the average meas-
ured response agrees with expectation. 

The reinforcement tensions measured by the strain gauges and load bolts as reported in
Won et al. (1996) are more problematic. Strain gauge readings were noisy and this was
considered to be partly due to disturbances during fill placement and compaction which
affected initial “zero” readings. The inferred maximum reinforcement tensions were 11
kN/m in tier-1, 10 kN/m in tier-2 and 4 kN/m in tier-3. The load bolts, however, gave con-
siderably higher forces. The bottom set of load bolt readings for tier-1 indicated the rein-
forcement tension under a working condition (i.e., with sill beam loading) had two peaks.
The first peak (of 14 kN/m) occurred at approximately 2.0 – 2.5 m from wall face; but the
second peak (of 22 kN/m) occurred near the rear of the reinforced zone (Won et al., 1996).
This pattern was also somewhat reflected by the results of the initial FLAC analysis.
Maximum tension values predicted by the initial FLAC analysis were somewhat in
between the strain gauge and load bolt readings. 

It was subsequently recognized that the load bolts could induce significant local stiff-
ening effects. This, in addition to attracting significant compaction stresses, would lead to
a local force concentration. The hypothesis of force concentration effect was subsequently
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verified by a supplementary three-dimensional “sub-analysis” of the interaction between
reinforcement, load bolts and surrounding soils. However, the question on the actual mag-
nitude of reinforcement tension remains to be addressed.

4.2. Wall movements
Two settlement markers, SM-3 and SM-4, were located at foundation level and to either side
of the sill beam (see Figure 2). Their recorded settlements are presented in Figure 4. These
two settlement markers gave essentially the same response. The maximum settlement (at 41
month) was about 90 mm and most of the settlement (~80%) was fully developed when
bridge girders were constructed. This supported the hypothesis that the foundation materials
behaved essentially in a drained mode, despite occurrence of isolated pockets of silt and clay. 

Three horizontal profile gauges indicated as HPG-1 to HPG-3 gave near-continuous
settlement profiles at approximately the mid-height of the lower three tiers. The measured
settlement profiles at approximately 41 months were presented in Figure 5. The maximum
settlement recorded by HPG-1 (of tier-1) was about 65 mm, which was less than that
measured by the settlement markers. This is because, being at mid-height of the bottom
tier, the settlement values of HPG-1 were taken relative to a reference zero at about a
month after filling began. Furthermore, there may also be some discrepancies due to the
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fact that HPG values are relative measurements. The initial FLAC analysis predicted a
maximum settlement of 70 mm (Won et al., 1996), which was in reasonable agreement
with field data.

Horizontal displacements inferred from inclinometers I-1 and I-2 were presented in
Figure 6. Two horizontal displacement profiles for each inclinometer, one shortly after
completion of bridge girders and the other at 41 month, were shown. Note that I-1 was
installed 2 months after construction began and hence could give lower displacements. 
I-2 was installed a few days after job began and with initial readings taken two weeks after
job began. Since it passed through three wall tiers, the inclinometer tube was extended
with wall construction. As such, the horizontal displacement occurring during tube exten-
sion was not fully registered. The magnitude of this error was considered to be low (say
~10 mm). 

Inclinometer I-1gave a maximum horizontal displacement of 30 mm at foundation level.
Inclinometer I-2 gave considerable horizontal movement, ~60 mm at foundation level
increasing to a maximum value of 75 mm at tier-3. As reported in Won et al. (1996), the
initial FLAC analysis predicted significantly smaller lateral movement, ~2 mm at I-1 under
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full sill beam and traffic loading, but the surveyed horizontal movement of the bottom wall
face was about 25 mm. The survey wall movement is in reasonable agreement with incli-
nometer I-1 and hence the inclinometer readings reported in this chapter are not incorrect. 

The development of maximum horizontal displacement with time is presented in Figure 7.
It is interesting to note that, when the bridge girders were constructed, maximum horizon-
tal displacement was about 65% of 41 month value for I-1, and was only 50% of the 41
month value for I-2. Such a significant delayed (time dependent) horizontal movement
cannot be attributed to the response of the foundation materials. 

5. SLIDING BLOCK ANALYSIS

Both inclinometers indicate a rapid increase in horizontal displacements beneath but close to
the foundation level. Hence, the overall sliding stability of the wall was re-checked using R57
(2000) by idealizing the reinforced zone as an MSS wall as illustrated in Figure 8, which is a
slightly conservative representation of the actual reinforced zone. The bottom of the sliding
block was at RL 1.70 so that the potential horizontal sliding plane was completely in the loose
foundation sand. It is pertinent to note that R57 (2000) is a limit state design specification and
was not in existence in any alternative form during the design and construction phase of the
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wall. This exercise clearly indicated that the overall sliding stability of the idealized coherent
mass shown in Figure 8 clearly satisfies the requirement of R57. 

The safety margin of a fictitious reinforcement arrangement as indicated in Figure 9,
with the reinforced zone indicated by “a–b–c”, was also examined. The overall factor of
safety against block sliding was approximately 1.15. Furthermore, the overall factor of
safety against block sliding will rapidly reduce to less than unity with further reduction in
reinforcement length. This implies that, at working condition, the reinforcements in front
of line “c–d” as shown in Figure 9 need to be adequately tensioned in order to form a
coherent mass to resist block sliding. If an average reinforcement tension corresponding to
1% is assumed, a tensioned reinforcement length of 8.5 m at the bottom tier leads to a
stretch of 85 mm. Hence, the observed high horizontal displacements may not be consid-
ered as too surprising. This does not mean that longer reinforcement leads to more hori-
zontal displacement. Rather, it is the need of long reinforcement at the wall base (for
forming an adequate coherent mass against sliding) that may lead to higher horizontal dis-
placements.

6. REASSESSMENT OF STABILITY BY FLAC ANALYSIS

Although the above limit equilibrium analyses give an indicative basis for explaining the
observed high horizontal displacements, one needs a reasonable assumption on average
reinforcement strain for forming a coherent block to resisting sliding. The settlement pro-
files of the three HPG indicate a maximum settlement near the rear of the reinforced block,
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and this may lead to some concern on the possibility of certain complicated overall insta-
bility mechanism. The observed horizontal movements being considerably larger than
those predicted by the initial FLAC analysis also presents some perplexing questions. 

A detailed examination of the initial analysis revealed a number of issues in the initial
modelling, some of which stiffened the system. In view of the significant increase in com-
putational resources available during this study and the absence of tight time constraint, a
series of improved analyses were conducted to investigate the status of this MSS wall. The
main challenge was to develop a “single” numerical model that can:

1. predict, conservatively, the observed high movements at working condition,
2. continue the analysis beyond working condition till collapse or the ultimate design

condition so as to assess the safety margin in the design.

A numerical model satisfying the above two criteria will then be able to “feed” the
observed higher movement for a working condition into the assessment of safety margin.
The overall rationale of the analysis was presented in Figure 10. For the context of this
chapter, a numerical model includes location of boundaries and selection of practical
aspects that need to be idealized. 

6.1. Improved numerical model
The final numerical model adopted is described below, and with the differences from the
initial FLAC analysis emphasized. 

● Side boundary in front of the wall foundation was placed at 35 m, a distance of ~2.5
times the thickness of the foundation soil, away from wall toe. 
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● A more prudent interpretation of the ground conditions was adopted. The foundation
materials were idealized as 3 m of loose sand followed by 10 m of medium sand, with
ground water table at 1 m below foundation level. This is a more conservative ideal-
ization compared with the initial FLAC analysis which assumed 1.2 m of loose sand,
3.2 m of medium dense sand and 6.2 m of dense sand.

● The construction sequence was modelled closely in a layer-by-layer manner.
● The soil was modelled with the Duncan–Chang model, and with modifications as

explained later. This avoided the difficulties (and uncertainties) in replacing a family
of non-linear stress strain curves by a single Young’s modulus, an assumption needed
in the initial FLAC analysis.

● The modular block facing was modelled as ubiquitous elements, which are
elastic–plastic 2D elements with horizontal planes of weakness defined by reduced
friction and cohesion values. This technique allows sliding between blocks in a slightly
conservative manner as the plane of weakness is distributed throughout the material,
whereas the actual joints are located only between blocks. However, the strength con-
tributed by the dowels between blocks was modelled by an equivalent cohesion. 

● The grid at working condition was shown in Figure 11. The smallest element is
100 mm � 150 mm.

For soil elements approaching the failure state, the Duncan–Chang model may give
numerical problems because the Young’s modulus will become excessively small. This type
of numerical problem may be controlled by limiting the Young’s modulus to a lower bound
value and/or setting the rf parameter (of the Duncan–Chang model) to a lower value. This
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means the material is stiffened and failure is prevented. These procedures were acceptable
in dealing with isolated and small near-failure zones. The term failure refers to the stress
status of a soil element, not stability of the wall. For this MSS wall, the near-failure zones
are likely to be extensive and the computed response may become dependent on these
somewhat arbitrarily assigned values. Therefore, the following two objective procedures
were employed to control the potential numerical problems. 

The first procedure was to have the Poisson’s ratio being stress dependent as expressed
by the following equations. 

V � 0.3 � 0.2 � �S� � 0.495 (1)

S � (2)

The above equations ensure that unrealistically large volumetric strain, which may lead to
excessive settlement or inadmissible element geometry, will not occur. From a physical
point of view, this is more reasonable than a constant Poisson’s ratio as a soil element at a
failure state is either volumetrically incompressible or dilatant. 

The second procedure is to introduce a transition from non-linear elasticity based on
the Duncan–Chang model to plasticity formulation at failure. The Young’s modulus is

rf(1�sinφ)�(σ1�σ3)
���
2c�cosφ�2σ3�sinφ
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given by the Duncan–Chang non-linear elastic equation but a lower limit, Emin, was set.
The formulation (in the incremental analysis) will be switched to the Mohr–Coulomb elas-
tic–plastic formulation when this lower limit is reached. This modification is illustrated in
Figure 12. Such a modification is physically reasonable. 

The selected strength and stiffness parameters for the analysis were summarized in
Table 1. However, the density values also affect the prediction and hence were determined
with the following considerations. The fill was assigned a bulk density of 1.75 t/m3 based
on a vibrated maximum dry density of 1.6 t/m3 and a 10% moisture content. The buoyant
density of both the loose and medium dense foundation sand was set at 0.8 t/m3, which
corresponded to a void ratio of ~1.06 (based on an assumed specific gravity of 2.65). This
is a very high void ratio even for a loose sand. The top 1 m of foundation sand was above
ground water table and was assigned a bulk density of 1.6 t/m3, which corresponded to a
degree of saturation of ~60%. The reinforcement stiffness was based on the secant stiff-
ness at 1% strain under 104 h of loading. 

The above numerical model and parameters is referred to as benchmark analysis. It
needs to re-iterate that the benchmark analysis does err on the conservative side because
the primary intention of this analysis, as illustrated in Figure 10, was to conservatively
assess the safety margin of the wall against any complicated failure mechanism. However,
the results of this benchmark analysis do contribute to a better understanding of the
unusual behaviour of this MSS wall.

6.2. Behaviour under full working load
Full working load is defined as the condition where a sill beam loading of 164 kN/m was
applied to the complete wall followed by 20 kPa of traffic loading behind the sill beam
stem.
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The predicted settlement profile at foundation level was compared to the observed pro-
file at 41 months in Figure 13. Note that the foundation settlement profile was inferred
from HPG-1 with the following equation:

yfdn � y1 � (SM � y1,max)*� � (3)

where yfdn is the settlement at foundation level, y1 is the settlement recorded by HPG-1,
y1,max is the maximum settlement recorded by HPG-1, and SM is the average settlement
recorded by the two settlement markers. The settlement values at 41 month were used in
the above calculation, and (SM � y1,max) � 25 mm. It is evident from Figure 13 that the
current prediction is conservative but reasonable.

The predicted horizontal displacement profiles at inclinometers I-1 and I-2 are presented
in Figures 14a and b. In contrast to the initial FLAC analysis (which predicted only a few
mm of horizontal displacement), high horizontal displacements were predicted by this analy-
sis. At I-2, the predicted horizontal displacements were about two times those recorded.
However, the general shape of the predicted displacement profile is similar to the observed
profile. Therefore, the prediction is clearly conservative even if the measured values err
slightly on the low side because of the need to extend inclinometer tubes during backfilling.
At I-1, the predicted horizontal movements profile does not resemble the measured profile,
and the predicted maximum horizontal displacement at ground level is about 2.7 times the
measured value. As the initial value of I-1 was taken 2 months after construction began, no
further attempt was made to explain the difference between prediction and observation at 
I-1. However, the prediction is conservative relative to the observed values at 41 month.

The predicted maximum reinforcement tension, Tmax, was plotted for all 21 reinforce-
ment layers in Figure 15. The highest value of Tmax was 10.8 kN/m which occurred at layer
13. This is an acceptable working value for the HDPE geogrid used. Furthermore, the val-
ues of Tmax for layers 8 – 16 were in the range of 9.9 – 10.8 kN/m. These values are in line
with the approximate values inferred from strain gauge measurements as discussed in
Section 4.1. Furthermore, it is consistent with the choice of secant stiffness at 1% strain.

y1
�
y1,max
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Table 1. Soil parameters

Foundation soil

Parameter Fill Loose sand Medium sand

φ (deg) 33 30 33
c (kPa) 0 0 0
ν (deg) 5 0 0
K 800 400 600
n 1 1 1
rf 0.9 0.9 0.9

Note: K, n, and rf are non-dimensional parameters for Duncan–Chang model.
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Tmax for the top four reinforcement levels are significantly lower because these four layers
of reinforcements are located behind the sill beam. 

Distributions of reinforcement tension are shown in Figure 16, and with selected layers
plotted at a larger scale in Figure 17. In general, two peaks are manifested, the first one at
the front of the reinforced zone and the second one at 4 – 6 m from the rear of the rein-
forced zone. Furthermore, the second peak was relatively “flat”. For a reinforcement layer
in the lower two tiers, there is little de-tensioning between the two peaks. 

Since the locations of second peaks for tiers 1 – 3 were beneath the sill beam, the con-
tribution of the sill beam loading to the reinforcement tension at the second peak were
approximately calculated based on a 1(H) to 2(V) “stress spreading” using the following
design equation.

∆T � Ka� �Sv (4)
Fy

�
(Bs�z)
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where ∆T is the reinforcement tension due to the sill beam loading of 164 kN/m at work-
ing condition, BS � 2.0 m is the effective width of the sill beam, Ka�0.3 is the Rankine
active coefficient, sv is the vertical spacing between layers of reinforcement, z is the depth
beneath sill beam. This gives the following ∆T values.

Bottom layer of tier-1: 1.86 kN/m
Bottom layer of tier-2: 3.70 kN/m
Bottom layer of tier-3: 5.27 kN/m

Evidently, the sill beam loading cannot completely explain the occurrence of the sec-
ond peak and the lack of significant attenuation of reinforcement tension for the bottom
two tiers. The distribution of reinforcement tension at completion of wall construction (but
no sill beam or traffic loading) was also examined. Once again little attenuation of rein-
forcement tension was predicted. This “unusual” distribution of reinforcement tension is
consistent with the inference of the sliding block analysis of Section 5. The reinforcements
need to be tensioned along most of their lengths so as to form a coherent mass of adequate
width to resist block sliding. 

6.3. Assessment of safety margin 
Since the observed high movements at working condition were being conservatively pre-
dicted, continuation of the same analysis to a collapse condition or the ultimate condition
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Figure 16. Distributions of reinforcement tension for benchmark analysis.



(as defined by R57) will give conservative prediction of safety margin, hence satisfying the
“design intension”. Therefore, the analysis was continued by progressively 

1. Increasing the sill beam loading to the factored values of 400 kN/m for ultimate limit
state check, and also simultaneously applying the factored horizontal sill beam load-
ing of 100 kN/m.

2. Reducing the strength parameter of the fill to a factored value as prescribed in R57.
3. Reducing the strength parameters of the foundation soils to either factored values as

defined in R57 or when collapse was detected, whichever occurred first.
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The numerical scheme of FLAC enables the analysis to proceed to the ultimate (fac-
tored) condition without “ill-conditioning”. It is pertinent to note that the methods for
detecting collapse in a FLAC analysis are objective as discussed in Lo et al. (1999). 

The analysis was able to proceed to the step 3 above, with the factored friction angle to
20o, which is the factored value for loose sand and less than the factored value for the
medium dense sand. Therefore, the wall has adequate safety margin against any potential
complicated mode of overall instability, and one can conclude that the numerical model-
ling unambiguously implied that the MSS wall has adequate safety margin.

7. PARAMETRIC STUDY

In the above exercise, no attempt was made to adjust soil parameters so that a better match
between observation and prediction was achieved. This is because its primary objective is
a conservative assessment of the stability status of the MSS wall based on numerical mod-
elling (so that complicated failure modes will not be omitted). Hence, a limited paramet-
ric study involving three alternative predictions, denoted as A1 to A3, was reported in this
section. The results from this parametric study contribute to a better understanding of the
wall behaviour. 

7.1. Alternative prediction A1 
The strength parameters of the backfill was increased to φ � 35o and c � 10 kPa. The
higher friction angle was justified because sand fill was used. It was considered likely that
a small apparent cohesion could be retained in the fill for a long period of time. The effect
of such an increase in backfill strength parameters on the predicted foundation settlement
was found to be minimal. However, it led to a significant reduction in the predicted hori-
zontal displacement at I-2 as illustrated in Figure 14. The predicted maximum horizontal
displacement now reduced to 116 mm (compared with the measured value of 75 mm).
Noting that the measured displacement may contain a small error on the low side caused
by extension of inclinometer tube with wall construction, this alternative prediction is con-
sidered to be reasonable, though still conservative. 

The Tmax values of all 21 reinforcement layers were compared to those predicted by the
benchmark analysis in Figure 15, recalling that Tmax is the maximum reinforcement ten-
sion for a given layer. The increase in strength parameters for the fill led to a significant
reduction in Tmax between reinforcement layers 7 and 16. However, the highest Tmax value
of 7.1 kN/m still occur at layer 13, i.e., same elevation as the benchmark analysis pre-
sented. Furthermore, the variation in Tmax between layer 8 to 14 is slight, a characteristic
of the prediction by the benchmark analysis. The distributions of reinforcement tension for
all 21 layers were plotted in Figure 18. The reinforcement tensions of the bottom two tiers
showed little attenuation with embedment into the reinforced zone. This is a feature man-
ifested by reinforcement tensions predicted by benchmark analysis.
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7.2. Alternative prediction A2
In order to obtain an upper bound prediction of the reinforcement tension, the reinforce-
ment stiffness was doubled relative to the benchmark analysis. This led to a maximum
reinforcement tension of 14.8 kN/m, which is a 35% increase compared with that predicted
by the benchmark analysis. As illustrated in Figure 15, the variation of Tmax with rein-
forcement layer follows the same pattern as that predicted by the benchmark analysis. As
illustrated in Figure 19 showing the tension distributions for all 21 layers of reinforcement,
attenuation of reinforcement tension with embedment into the reinforced zone was small
for the bottom two tiers, a characteristic manifested by the prediction of the benchmark
analysis. 

Increase in reinforcement stiffness, however, only had a minute influence on the foun-
dation settlement, and hence not plotted. As illustrated in Figure 14b, the predicted hori-
zontal displacements at inclinometer I-2 were also reduced (compare with results of the
benchmark analysis). This is consistent with expectation.

7.3. Alternative prediction A3
An examination of the predicted horizontal displacements indicated that the soil below 3
m depth is likely to be stronger or stiffer than assumed. Therefore, in this alternative analy-
sis, the Duncan–Chang parameters of this stratum were increased to that of sand fill.
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Figure 18. Distribution of reinforcement tension for alternative A1.



However, the thickness of the foundation soil was increased to 14 m, the thickness indi-
cated by the inclinometer readings. The net effect is still a less conservative idealisation of
the ground condition.

The predicted foundation settlement profile was compared to that of the benchmark
analysis in Figure 13. The predicted settlements were reduced and were in reasonable
agreement with the observed values. Note that both alternatives A1 and A2 do not yield
any improvement in settlement prediction, but the predicted horizontal displacements
below foundation level were reduced. However, its effect in reducing horizontal wall
movement above ground level (as indicated in Figure 14b) is less compared with A1
(changing fill parameters) and A2 (changing reinforcement stiffness). This implies the
high horizontal movements in tier-3 are mainly attributed to actions within the reinforced
soil block. Furthermore, the reinforcement tension differed from the benchmark analysis
only by a minute amount as indicated in the distribution of Tmax in Figure 15.

8. CONCLUDING COMMENTS

Although the use of numerical modelling in predicting the stresses and displacements of
MSS walls has been well established (Kapurapu and Bathurst 1995; Rowe and Ho, 1997),
its application to the wall studied in this chapter still presents a number of challenges.
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Figure 19. Distribution of reinforcement tension for alternative A2.



Unlike a model wall or a trial wall, the site was not chosen to ensure a well-defined
foundation condition so that one can concentrate on the theoretical matters of numerical
modelling. The site location was determined by alignment, bridging and other project con-
siderations; and the innovative wall form was chosen partly because of the variable ground
conditions. However, the wall was well instrumented and monitored over a long period of
time. This provides a sound basis for a detailed case study.

It is a common perception that movements predicted by numerical modelling err on the
high side. This case study clearly showed that this is not always the case, particularly for
unusual wall form. The initial FLAC analysis (undertaken at the design stage) predicted
horizontal movements that were considerably less than the actual values. However, the
wall is still adequate because of the exercise of engineering prudence in a qualitative man-
ner by experienced engineers. With the benefit of the field performance data, and the
removal of tight time constraint, this chapter presents a numerical model that takes into
account the observed higher movements in the assessment of the stability status of the
wall. This approach establishes, conservatively, that the wall has adequate safety margin
against any complicated form of instability. This numerical model also reveals some
unusual behaviour pattern.

It may be argued that the “higher than expected” horizontal movements and the unusual
reinforcement tension pattern may be expected from the simple block sliding calculation
presented in Section 5. However, this involves a somewhat speculative interpretation of the
physical meaning of a coherent mass in a working condition. Therefore, the numerical
modelling still contributed to establishing the stability status of the wall. Furthermore, it is
the unusual reinforcement tension pattern predicted by the numerical analysis that supports
the physical interpretation of Section 5. 

The benchmark analysis for assessing the stability status of the wall is conservative.
The limited parametric study indicates that improved prediction of movements can be
achieved by making less conservative assumptions as given in alternatives A1 (slightly
higher strength parameters for backfill) and A3 (less compressible ground condition).
From a practical engineering point of view, less conservative assumptions need to be jus-
tified by more detailed site investigation and laboratory testing. However, once the stabil-
ity status of the wall has been established to be adequate, it becomes difficult to justify
additional site investigation and laboratory testing to the owner of the wall. 

Alternative prediction A2, with the secant stiffness of the reinforcement being double,
gives lower horizontal displacements but yields higher reinforcement tensions. In fact, A2
is not a likely condition but simply serves as a mean to give a conservative prediction of
reinforcement tension. This is needed as there have been questions on the magnitude of the
reinforcement tension. 

Despite the limitations of the numerical predictions, it is evident that it enables us to
understand the behaviour of innovative MSS wall and to make rational assessment of a
wall that may behave in a somewhat unexpected manner.
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ABSTRACT

Construction of embankment on peats and soft soils has always been faced by the prob-
lems of instability and large settlement. The conventional system conducted in practice by
Indonesian engineers is the use of bamboo pile raft system (known as “cerucuk”), owing
to its availability and low cost. Another aspect to be considered is simple technology.
Bakau piles, Ulin and Gelam timber are also used as alternatives to bamboo piles. When
used under water table, these materials are durable. In the past decade, mini concrete pile
raft has emerged to replace bamboo pile raft to carry bigger load and overcome the limi-
tation of bamboo or timber piles. Despite the more popular application of this system until
present, no method of design and analysis has been established, and approach for calcula-
tion are based on experience or simplification. This chapter contains general information
on the occurrence and characteristics of soft soils in Indonesia, ideas and principles on the
use of bamboo, other timber or minipile raft system, method of installation of pile raft
under embankment over soft soils and peats, examples of the use of the system in a num-
ber of projects in Indonesia and proposed methods of calculation. Results of full-scale
investigation and case histories are used to illustrate the behaviour of single or grouped
piles, to observe the suitability for certain soil condition and to gain an overview of its
applicability. It has been proven that the system gives advantages to the increase of the
bearing capacity of the soft foundation soils and reduce the settlement of the embankment.
The system has been successfully applied in many projects and should be further investi-
gated. In summary, this chapter gives insight and overview of the use of bamboo or other
timber piles and concrete pile raft system for geotechnical practice. 
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1. INTRODUCTION

Many important facilities, infrastructures and even houses are located on soft soils. In
many cases, the thickness of the soft soil is more than 30 m, that it is not economical to
construct light structures on concrete or steel piles. Problems with soft soils are stability
(during construction) and large deformation or settlement. For such a condition the use of
bamboo or bakau piles gives an alternative for cheap solutions and is very common in
Indonesia. They can also be used for temporary support in the event of landslide, specially
for shallow sliding plane.

Bamboo or bakau piles are abundant in Indonesia and most South East Asian countries.
The practical use of them are many, however very limited research and publications were
seen. The piles vary in size, usually in the order of 70–110 mm in diameter and about
3.0–8.0 m long. The most common way for application is either using rows of single pile
with 4 m long driven at a spacing of 40–80 cm or a bundle of 5 or 7 bamboo piles (called
bamboo cluster) of 6.0–8.0 m long with 1.0–2.0 m distance between c/c. For embankment
construction, woven bamboo mattress with one or more layers are laid on top of the piles
for some purposes. The mattress provides sufficient tensile capacity to give additional sta-
bility and it separates the fill material from very soft clays or peats. To some extent, the
mattress reduces differential settlement and distribute the load more uniformly and also it
may give some effect of buoyancy. Spacing of the piles are from 0.30 to 1.50 m depend-
ing on the size of each pile or cluster and the need for stability. 

Basically, the piles are driven to depth without necessarily reaching stiff or bearing layer.
In more developed countries, when piled embankment is designed, the piles are usually
driven into bearing layer and the main purpose is to carry almost the full load of the embank-
ment so that negligible load is to be carried out by the foundation soils. On the other hand,
when “cerucuk” is selected, the embankment load is shared to the piles and the foundation
soils through the mattress. Hence the piles are not intended to carry the full load of the
embankment. The piles are called “cerucuk” in Indonesia for bamboo piles in group. In some
cases, stability is often achieved by the lateral resistance of the pile group and most proba-
bly by buoyancy effect of the bamboo piles in the soft soils. Tested samples that were taken
after driving of the piles do not show significant increase in the soil shear strength, but the
area where bamboo piles are driven may have behaved as cluster of soft soil with some kind
of reinforcement. A different assumption has been used for design but very little information
about the real mechanism of the reinforcement effect was clarified. In fact, no standard
method of design of “cerucuk” has been established and the subject still remain in research.

2. THE OCCURRENCE AND CHARACTERISTICS OF SOFT SOILS IN INDONESIA

Most of the soft soil in Indonesia occurred as alluvial or recent deposit spreading all over
the east coast of Sumatra and north coast of Java where many populated cities are located.



In Kalimantan, the soft soils are found in the east and south of the island, and the rest are
also found in Celebes and West Irian. Figure 1 shows distribution of soft soil in Indonesia
and Southeast Asia. The soils can be distinguished as soft inorganic clay and silt or organic
and peat soils. The formation could be from sediment carried by rivers or deposit of veg-
etation in low land and humid area. 

The majority of soft soils in Indonesia may consist of deposit of Holocene clay. This
material was from the ejecta of volcanoes with a potentially significant content of volcanic
ash (Barry and Rechlan, 2001). The properties of soft soils in Indonesia are different for
those found on the coastal plains and those inland as a result of fresh water leaching.
Younger (1990) and Brenner (1987) also identify that the presence of volcanic derived
soils give significant effect on the soil properties.

In many cases, the deposit is geologically very young. Cox (1970) provides a relation-
ship between deposition rate and degree of consolidation as shown in Figure 2. The aver-
age degrees of consolidation for deltaic clays in South East Asia could be from 20 to 100%
depending on their location. For sediments in Indonesia for instance, the degree of con-
solidation is predicted (from Figure 2) to be 70–80%. This means that the soft clays in
marine environment is underconsolidated.
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Figure 1. The occurrence of soft soil in Indonesia.



For normally consolidated marine clays, the cu/p values have been correlated with plas-
ticity index such as suggested by Skempton or Bjerrum (1973), who provide curves for
young and aged clays. However, when the shear strength of Indonesia soils are plotted to
these curves, it falls below the line which probably relate to the underconsolidation condi-
tion. For soft clays in Jakarta, Semarang and Surabaya, some authors (Barry and Rachlan,
2001; Rahardjo,1996) suggest that the plasticity indices fall in the range of 50–70%. These
values are related to cu/p ϕ 0.28–0.33 according to Bjerrum, however the factual data for
marine soils in Indonesia show that the ratio of cu/p ϕ 0.20–0.24.

3. USE OF BAMBOO AND BAKAU PILES IN INDONESIA

3.1. Use of Timber Piles for Temporary Support of Shallow Sliding
Maybe the most common use of bamboo or bakau piles in the beginning was for the tem-
porary support of shallow sliding of embankments or natural slopes. Figure 3 gives illus-
tration of this application.

The principle of this method is to make use of the perpendicular resistance of the piles
along the sliding plane and hence it is important that penetration of the piles into potential
sliding plane is sufficient to develop the required resistance. This principle also applies to
the use of soil nailing for a slope stabilization. However, soil nails are stronger and can pen-
etrate deeper into the slope not limited by the natural length such as bamboo or bakau piles.
The number of piles required to support the sliding mass depend on the depth of sliding
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Figure 2. Relationship between rate of sedimentation and degree of consolidation (Cox 1970).



plane from ground surface and the corresponding area, the angle of slope, the lateral resist-
ance of each pile and the residual shear strength of the soil along the sliding plane.

3.2. Pile Raft System for the Construction of Embankment on Peats and Soft Soils
For many years, bamboo piles with raft have been used by Indonesians in the construction
of embankment on soft soils. The main consideration is for stability reason and in certain
cases to reduce the settlement. When the depth of the bearing soil is relatively shallow, the
timber piles maybe driven to reach this layer so that higher resistance may be expected. The
pile can be with have cap or without cap (Figures 4a,b). The use of pile cap is more effec-
tive if upper soil layer is sufficiently stiff or a blanket of sand is used under the pile cap. The
caps will be resting on the stiffer layer so that a portion of the embankment load is carried
by the pile caps. The main disadvantage for timber driven into hard bearing layer is the risk
of buckling due to the development of negative skin friction or the fact that the thickness of
the soft soils shortened to less than the length of the piles due to consolidation settlement. 

In most cases the depth of the soft soils is much bigger than the available length of the
timber, and hence the piles are usually spaced at much shorter distance (say 30–50 cm)
(Figure 4c). The bamboo piles are generally provided with mattress made of woven bam-
boos or geotextile. In this case the main role of the piles and the mattress is to reinforce
the soft soil and form a cluster to support the load of the embankment and to reduce dif-
ferential settlement and hence minimize damages of the road pavement and to increase the
stability during construction. In practice, this system works very well. The reduction of
settlement does not significantly depend on the spacing of the bamboo piles and based on
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Figure 3. Use of timber piles for temporary support of sliding (Broms and Wong, 1985).



the full scale experimental study in Jakarta, it is reported that compared to untreated
ground, the use of bamboo pile raft system reduced settlement of the soft ground to 30%
(Rahadian et al., 2000b).

3.3. Bamboo Cluster for Reinforcement of Coastal Revetment
For coastal revetment to protect high fill reclamation work and sea waves, longer and
stronger piles are needed. The common practice in Indonesia is to use cluster of bamboo
of 3–7 pieces of bamboo tightened together to make a big pile. The raft is also made of
several sheets (3–7 layers) to make a strong mattress as shown in Figure 5. This structure
is for protection of reclaimed land, north of Jakarta. The typical bamboo cluster is shown
in Figure 6.

The main difference between revetment and road embankment is that the load acting
on the revetment is not symmetrical. The active earth pressure acting on the landside may
cause the structure to move laterally. Other aspects to consider are that the construction is
under water and daily tide level may influence the stability, and hence the embankment fill
material is generally of draining type.

3.4. Use of Timber Piles for Embankment on the Bridge Approach
The construction of a bridge across river on soft soil may pose problem of sliding in the lon-
gitudinal direction. The bridge approach is normally elevated and an embankment is con-
structed to reach the elevation. It is expected that large settlement and stability will be a big
issue and, the use of bamboo or bakau piles is suitable under the approach (Figure 7).

3.5. Use of Bamboo Piles for Stability of Excavation in Soft Clay
For excavation where sheet pile is used, bamboo piles can be installed behind sheet pile
wall or at the bottom of excavation in front of the sheet pile to increase the stability. Broms
and Wong (1985) suggested that the role of the timber piles is to reduce active earth pres-
sure (when installed behind the wall) and to increase the passive pressure (when installed
in front of the wall), however the real mechanism of this assumption is still unverified and
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Figure 4. The use of timber piles to support embankment on soft soil.



further research is needed. Figure 8 shows the method to estimate reduction of active pres-
sure and addition of passive pressure. 

The magnitude of active pressure reduction or passive pressure increase should be
influenced by the length, spacing, and extent of the timber piles installed. Global stability
needs to be considered as well.

3.6. Method of Construction
Method of installation of bamboo or bakau piles varies depending on the available equip-
ment. For a bamboo pile of 4 m long, a backhoe can be used to push the pile into soft
ground. In certain areas where heavy equipment is not available, local drop hammer is
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Figure 5. The use of bamboo cluster and raft to support revetment for coastal reclamation.

Figure 6. A cluster of piles consisting of seven bamboos.



common since local technology is made possible. The hammer weight is usually in the
range of 300–700 kg. Such a method is illustrated by Figure 9. 

Figure 10 explains the sequence of construction of embankments on soft soils with
bamboo pile-raft system for a road project in Pelintung, Riau (East Sumatra). In this proj-
ect, peats are found all over the area with thickness of 2 m near the coast to about 8 m, 3
km away from the coastline. The bamboo pile raft was designed with 6 m and 12 m length
of bamboo where the longer ones were positioned on the edge of the road and the shorter
ones were for the middle of the embankment. The bamboo piles were driven and bamboo
mattress bound in two layers is then laid on the ground surface before spreading the fill
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Figure 7. Tensar reinforced foundation platform over bakau piles–Sungai Serekai–Bridge Abutment–Sarawak
(Younger, 1988).

Figure 8. The use of piles for the stability of excavation (Broms and Wong, 1985).



material. The fill placement was followed by compaction as shown on Figure 10f. This
system has been successfully applied. 

4. MINI CONCRETE PILES AND PILE RAFT SYSTEM FOR EMBANKMENT ON

SOFT SOILS

Instead of the use of bakau and bamboo piles, mini concrete pile may replace them in case
water table is low or permanent structure is required.

4.1. Piles and Geosynthetic for Embankment Construction
Geosynthetic reinforcement is sometimes required to provide additional stability in the
construction of embankment on soft soil. However, it can only help stability to a certain
limit. Geosynthetic cannot reduce pore water pressure during fill placement and hence set-
tlement is still a big issue. In Europe, it is common to combine pile with cap underneath
the Geosynthetic to carry the load of embankment by the axial capacity of the pile. The
Geosynthetic reinforcement carry part of the embankment load so that the soft soil stresses
are reduced (Lawson, 1992) (Figure 11). 

4.2. Mini Pile Raft System for Embankment Construction on Soft Soils
Simanjuntak (1997) introduced a similar system of combination of mini concrete pile and
pile cap connected to each other. This connection enables tensile forces to be developed
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Figure 9. Installation of Bakau Piles with drop hammer (Broms and Wong, 1985).
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Figure 10. The sequence of embankment construction on soft soil with bamboo pile raft system at Pelintung,
Riau, East Sumatra. (a) Driving bamboo piles; (b) arrangement of the 1st bamboo raft layer; (c) installation of
2nd raft layer; (d) completion of bamboo pile raft (“cerucuk”); (e) placement and spreading of fill material; (f)

fill compaction.



due to the load of embankment. The piles used may have a dimensions of 9 � 9 cm2 to 13
� 13 cm2, and the pile cap range from 74 � 74 to 110 � 110 cm2. Basically this system
is similar to the Geosynthetic reinforcement pile embankment described by Lawson,
except that the concrete mattress is more rigid and designed to carry partial embankment
load and acting as shallow foundation and hence it is a pile raft system. In this case the
bearing capacity of the pile cap is supplementary to the piles. The system was imple-
mented for the first time in Jakarta in the year 2000 and research was conducted at Bereng
Bengkel, Kalimantan in the same year (Rahadian and Nurjaman, 2000a).

5. APPROACH FOR ANALYSIS

Problems of constructing embankment on soft soil is governed directly by the shearing
resistance of the foundation soils; in other words by the bearing capacity of the soils.
Consideration in the stability of embankment on soft soil is most critical during construc-
tion. This is due to low permeability of the soft clay which does not allow drainage and
consolidation during loading, so that very little or no shearing resistance of the foundation
soil may be developed. However, after consolidation takes place the resulting shearing
resistance in the foundation soil will completely remove the need for reinforcement. This
situation is explained in Figure 12.

When the bamboo piles are to carry embankment load, the load is transferred through the
mattress and hence the requirement for pile spacing is governed by the height of the embank-
ment, the strength of the foundation soil, rigidity of the mattress and the length
of pile (hence the axial bearing capacity of the soil). The idea of mini concrete pile and
pile raft system is almost similar to piled embankment with Geosynthetic reinforcement. The
principle is that the Geosynthetic reinforcement or the raft is required to transfer
the embankment loading directly to the piles, thus the soft/foundation soil support negligible
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Figure 11. Role of geosynthetic in transferring the vertical embankment loading onto the pile caps 
(Lawson, 1992).



load. The use of piles as foundation improves stability and reduce settlement. It also enables
embankment to be constructed to any height at an unrestricted rate (Lawson, 1992).
Conventionally, the bearing capacity of the pile should be sufficient to carry the weight
of the fill above it with an equivalent area of s2, where s is the distance between pile. Figure 13
illustrates the method. This approach is too conservative since in practice, the mattress or pile
cap also carry the embankment load and acting interactively with the pile. 

For global stability a number of approaches are suggested by Broms and Wong (1985),
Poulos and Davis (1980), Rahardjo (1996) and others. 

5.1. Method Suggested by Poulos and Davis (1980)
Poulos and Davis (1980) suggested that the lateral resistance of the pile should be used for
stability analysis. Any limit equilibrium analysis such as Bishop method can be used,
where additional safety factor is added as summation of the ultimate capacity of the pile
times the moment arm of each pile (Figure 14):

FS �

where
Md is the driving moment, Mr is the resisting moment by the shear strength of the soils

∆Mr � �Hi�ri is the additional resisting moment by the piles.

5.2. Method Suggested by Broms & Wong (1985)
Broms and Wong (1985) suggested that the contribution of the pile to the slope stability is
due to axial capacity of pile. The method is basically similar to Poulos and Davis method

�(Mr�∆Mr)
���Md
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Figure 12. Influence of reinforcement on stability of embankment on soft soils (Jewell, 1987).
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Figure 13. Determination of maximum pile spacing (Lawson, 1992).

Figure 14. Approach for stability analysis based on suggestion by Poulos and Davis (1980).



(1980) except that the piles contribution to the stability are the summation of the axial
capacity instead of the lateral capacity (Figure 15). 

The stability at the toe may be analysed by the moment equilibrium equation involving
the calculation of active earth pressure, the weight of the lower portion of the embankment
and the pile resistance (Figure 16).
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Figure 15. Approach for stability analysis based on suggestion by Broms and Wong (1985).

Figure 16. Stability at the toe of the slope (Broms and Wong, 1985).



5.3. Method Suggested by Rahardjo (1996)
Rahardjo (1996) suggested that the inclusion of bamboo piles may be modelled as the
improved ground or a cluster with increased shear strength. For simplicity, the cohesion in
vertical direction in increased by Pult�s2 and the cohesion in horizontal direction is
increased by Hult�s2, where Pult is the axial bearing capacity of the bamboo pile, Hult the 
ultimate lateral resistance and s the distance between piles. It has to be understood that Pult

and Hult is dependent on the initial shear strength of the soils and the calculation is valid for
undrained condition. For long-term analysis, the effective or drained soil parameters should
be used and the increase of shear strength after consolidation is taken into account.

5.4. Finite Element Analysis for Bamboo Pile Raft System
It seem that Broms’s approach is more realistic when the tip of the pile reaches bearing stra-
tum and negligible lateral movement may occur in the pile. Poulos approach is more reli-
able for floating pile. In fact, soil layering and method of construction are also important.
Rahardjo approach may be used for conventional analysis as well as finite element method.

Probably the best approach at present time by using finite element modelling or empir-
ical method. Rahardjo and Handoko (2004) show the behaviour of timber pile under tank
foundation on soft soil in Samarinda, East Kalimantan. The tank has 9 m height of liquid
and the soil condition is very soft clay (known as Delta Mahakam deposit) of 30 m depth.
The use of pile foundation will require at least 35 m length of piles and hence cerucuk was
selected with the risk of settlement. The upper soft layer was replaced by 1.5-m-thick com-
pacted sand. Since the upper layer is improved with much more stiff soil, significant shear
may result in the pile at the boundary of the soil layer with significantly different moduli.
Figures 17 and 18 show the modelling and result of analysis for internal forces (shear and
moment) to the pile. The result of finite element analysis conclude that the previous
approach need to be revised accordingly since the behaviour of the timber pile is different
for pile in the periphery and the pile in the center. Shear and moment for periphery piles
are 10 times than those for center piles.

6. CASE HISTORIES

6.1. Research on Lateral Capacity of Bamboo Pile
The work was conducted at Kalipucang, Banjar, West Java by Brotodihardjo et al. (1991) con-
sisting of lateral load test on single pile and grouped piles of bamboo. The soil condition is
soft silty clays with average tip resistance of CPT, qc � 5 kg/cm2 through the entire depth of
the bamboo piles. The water content ranges from 69% to 85% with an average value of 78%.
The liquid limit is 77.7–110.2% and plastic limit 38.4–44.4%. Laboratory strength test on the
soil shows the value of c � 3.7–12.5 kPa and φ � 3.5–17°. The vane shear tests on the soft
clay give a range of undrained shear strength of Su � 2–10 kPa, however for analysis, the
researchers suggested an average value of Su � 3 kPa. Theoretically, the lateral response of
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the pile depends on the strength of the soil and the rigidity of the pile. The following data gives
the properties of bamboo from Banjar, West Java:

● Species: Gigantochloa Apus Kurz Bambusaceae
● Local name: Bambu Tali, Banjar
● Average outside diameter: 7.15 cm
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Figure 17. Modelling of timber pile under tank foundation (Rahardjo and Handoko, 2004).

Figure 18. Typical shear and moment over the length of the bamboo pile in the periphery (Rahardjo and
Handoko, 2004).



● Elastic moduli (E): 170.63 kg/cm2

● Tensile strength (σa): 1000–4000 kg/cm2

● Compressive strength (σt): 250–1000 kg/cm2

The location of research work is at the mouth of Kalipucang river in the bank of
Citanduy river surrounded by rice fields. There are a number of tests conducted; however
only two selected tests will be reported in this chapter, a single bamboo pile and a group
of seven bamboos. Length of pile embedment is 4.0 m and all bamboos were tested under
free head condition. The test result is shown in Figure 19. A single pile fails under lateral
load of 225 kg, while group of seven bamboos reached resistance of 600 kg in the condi-
tion of yielding. Further test on the group, resulted in an ultimate group capacity of 900
kg. Hence the group efficiency was 0.57. 

6.2. Case on the Use of Mini Concrete Pile Raft System
Rahadian and Nurjaman (2000a) reported this system for case at Sentiong River, Jakarta. In
this project, previously, embankment was supported using concrete sheet pile that failed dur-
ing construction. The soft soil is 10 m indepth with average shear strength of 6–10 kPa. The
underlying layer is medium to stiff clay with various thicknesses. Reconstruction was con-
ducted using mini concrete pile raft system, which is driven to 12 m. The concrete mattress
consisted of segmental cap of 74 � 74 cm2 and connected to each other. The piles were posi-
tioned under each pile cap. Finite element analysis conducted by Rahadian and Nurjaman
(2000a) give a safety factor of 0.46 without the reinforcement and rising to 1.26 by the inclu-
sion of mini concrete pile. Figures 20 and 21 illustrate the construction activities. 
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Figure 19. Compression of horizontal resistance of single bamboo pile and group of seven bamboos (data from
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6.3. Design and Construction of Embankment on Soft Soils with Bamboo Pile-Raft
System for Road Project at Pelintung, East Sumatra
The project site is located in Pelintung, Sumatera, about 30 km east of Dumai, across the
Rupat Island, where an industrial site is being developed. Figure 22 shows the location and
geology of the project area. Based on the geological map, the area is described as coastal
plain formed during Holocene period. The plain is dominated by soft clay sediment and
vegetation forms the peats.

The main goal of the design is to improve the soil for road construction as shown in Figure
23. The testing program consists of 4 drilling holes of 30 m depth with SPT and sampling, 3
DMTs and 14 CPTs. Based on data from drilling holes, the site may be characterized as soft
recent deposits consisting of about 6 m peats underlined by soft silty clays. The void ratio of
peats are found as high as 3–16 and water content in the range of 250–900%. The void ratio
and water content of soft clays are substantially lower than the peats (Figure 24).
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Figure 20. The construction of mini concrete pile raft in Jakarta (JHS Pile Document).

Figure 21. Compaction of fill material over concrete mattress (JHS Pile Document).



As a consequence of the high water content the peats is very compressible as depicted
by compression index (Figure 25). The range of Cc is as high as 2–6 while the clay layer
has a much, smaller range of 0.3–1.0. Creep is also an issue to the deformation of the soils
in long term , and hence it is interesting to measure the creep parameter represented by Cα.
Owing to the fact that the peat has much higher void than the clay, it is shown that the coef-
ficient of consolidation (and hence the permeability) could be 2–30 times higher. It is inter-
esting that the value of Cv decreases rapidly by overburden pressure. 

Figure 26 shows typical analysis for the embankment on peats and soft soil where the
pile raft system is modelled as a cluster with increasing shear strength using Rahardjo
approach (1996). The designed shear strength of the peats is 5 kPa and increased to 13 kPa
considering the presence of the bamboo piles. The safety factor during construction
reached 1.3 (minimum required � 1.25). Construction method is presented in Figure 10. 

7. CONCLUSION SUMMARY

● Many infrastructures are located on soft soils and peats. In certain cases where the
thickness of the soft soils is very deep, the use of pile foundation is not economical
specially for light structure such as road pavement. Bamboo piles provide cheap solu-
tion and is reliable to maintain stability and to reduce settlement and differential set-
tlement. The risk of long-term settlement can be overcome by nonpermanent pavement
such as paving block.
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Figure 22. Geology of site and location of the project.



● The disadvantage of the bamboo and timber piles is the durability specially if the sys-
tem is applied above water table or moisture changes can occur due to ground water
fluctuation. However, once the soft soil is consolidated, the need for reinforcement and
stability is replaced by the increase of the shear strength of the foundation soils.

● Mini concrete pile raft system emerges as an alternative for more permanent and heav-
ier load and is subject to further research.
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● A number of methods for analysis have been proposed and yet an established one
should be backed up by more experimental research. 

● Some examples have been presented and in summary the paper gives insight on the
practical use of the bamboo and other timber piles for the construction of embankment
on soft soils.
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ABSTRACT

Soil improvement and foundation systems with encased columns and reinforced bearing
layers are applied for more than over 10 years for the foundations of earth structures and
dykes. In this chapter, the different possibilities to combine flexible encased columns or
stiff piles with reinforced bearing layers will be shown by special consideration of inter-
esting projects. Encased columns can also be used as a ground improvement and founda-
tion system in very soft and organic soils, since the radial support of the columns is secured
by the geosynthetic, which is loaded by ring tensile forces. First, the theoretical back-
ground of the bearing system is explained end experiences gained with encased columns
in executed road and railway projects and the results of the geotechnical measurements
will be discussed. After that the Airbus works enlargement by 346 acre into the tidal mud
flats of the river Elbe in Hamburg by using over 70,000 geotextile-encased columns for
dike foundations will be shown. Taking into consideration the special boundary conditions
of the project (tidal influence, inaccessible sediment in the river bed, very limited con-
struction time). In a second part the design and construction of geogrid reinforced bearing
layers (i.e. load transfer mat) over piles or stiff columns are described. The stress relief of
the soft soil and therefore a large settlement reduction results from an arching effect in the
embankment and a membrane effect of the geosynthetic-reinforcement. Interesting proj-
ects are shown. In summer 2003 both tracks of the 150-year-old railway between Berlin
and Hamburg were improved simultaneously over a length of 10 km, whereby a geogrid
reinforced structure was reconstructed in 6 weeks over grouted stone columns. In another
625 m long section the soft organic subsoil (peat and mud) was improved by installing
columns in a wet deep soil mixing technique (Mixed-in-Place method MIP), on top of
which a geogrid reinforced load transfer mattress consisting of two geogrids of PVA mate-
rial was constructed.
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1. INTRODUCTION

Ground improvement methods using column-type techniques are used on an increasing
scale for the construction of road and railway embankments. Foundation systems with geo-
textile encased columns (GEC) are also used in dike construction. The basic principle of
these techniques is to relieve the load on the soft soils without altering the soil structure
substantially. This is achieved by installing column- or pile-type structures in a grid pat-
tern into a bearing layer, on top of which often a load transfer mat consisting of geotextile
or geogrid reinforcements is constructed. The stress relieve of the soft soils results from a
redistribution of the loads in the embankment through arching, which (if present) is stabi-
lized by the geotextil/geogrid reinforcement (membrane effect) additionally. As a result the
compressibility of the improved or composite ground can be reduced and the bearing
capacity and shear strength increased. 

2. GEOTEXTILE ENCASED COLUMNS (GEC)

Foundation systems with geotextile encased columns (GEC) are used for soil improvement
and primarily for road embankment foundations in Germany, Sweden and the Netherlands
since almost 10 years (Raithel et al., 2004 and Raithel et al., 2005), but latterly they are
also used in dike construction. In the following sections the essential, main features of the
calculation of the bearing and deformation behaviour are described. Further the know-how
gained by using the different installation methods and measurement results of the founda-
tion system are discussed. Also, a comparison of the gained settlement reduction between
encased and non-encased columns (i.e. granular piles) will be shown.

3. BEARING SYSTEM GEC

With the foundation system GEC gravel–sand–columns are installed into a bearing layer
to relieve the load on the soft soils. Owing to the geotextile casing in combination with the
surrounding soft soils the column has a radial support, whereas the casing is strained by
ring tensile forces (Raithel , 1999). Owing to the supporting effects of the casing, a spe-
cial range of application, in contrast to conventional column foundations (i.e. granular
piles), is (cu < 15 kN/m²) like peat or very soft silt/clay as well as sludge in very soft soils.

In a non-encased column, the horizontal support of the soft soil must be equal to the
horizontal pressure in the column. In a GEC, the horizontal support of the soft soil can be
much lower, due to the radial supporting effect of the geotextile casing. The horizontal
support depends also on the vertical pressure over the soft soil, which can be much smaller.
As a result, a stress concentration on the column head and a lower vertical pressure over



the soft soil, and therefore a large settlement reduction, is obtained. To withstand the high
ring tension forces, the geotextile casings are manufactured most seamlessly. The columns
act simultaneously as vertical drains, but the main effect is the load transfer to a deeper
bearing layer. The GEC are arranged in a regular column grid. On the basis of the unit cell
concept, a single column in a virtual infinite column grid can be considered. The influence
area AE of a single column AC in triangular grid is a hexagonal element, which can be
transformed into a circular element with an equivalent area (see Figure 1.)

4. CALCULATION METHODS

4.1 Numerical calculation using FEM
For the numerical calculation the program PLAXIS (finite element code for soil and rock
analyses) was used. An advantage of this program is the possibility to use several soil mod-
els. For the soft soil the soft soil model (SSM), a model of the Cam-Clay type, was used.
For the sand and gravel of the column material, the hard soil model (HSM), a modified
model based on the Duncan/Chang model, was used.

The calculation of the bearing and deformation behaviour leads to a three-dimensional
problem. In practice, a three-dimensional calculation model is hardly used. Therefore, in
the numerical analysis, the problem is most simplified and the calculation is split up into
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two separate models. By the examination of a single column (according to the “unit cell
concept”) and the use of an axial symmetric calculation model, the ring tension forces for
the design are determined. To investigate the deformation behaviour of the whole system,
for example, a dam foundation, a cross-model is used. The coating cannot be simulated
directly, because the columns must be substituted by walls of equal area ratio. Therefore a
substitute shear parameter is defined, which is used for the column material after activa-
tion of ring tension forces. The definition and derivation of the substitute shear parameter
as well as comparative calculations are shown in Raithel (1999).

4.2. Analytical calculation model
The analytical, axial symmetric calculation model (according to the “unit cell concept”)
with the essential boundary conditions is shown in Figure 1. 

Apart from the boundary conditions in Figure 1, the following assumptions were made:

● The settlements on the top of the column and the soft soil are equal.
● The settlement of the bearing layer below the columns can be neglected.
● In the column the coefficient of active earth pressure Ka,c applies. 
● Using the excavation method, the earth pressure at rest with Ks�K0,s�1– sin φ is valid,

if the displacement method is used an enlarged coefficient of earth pressure Ks � K0,s*
is given before loading.

● The geotextile coating has a linear-elastic material behaviour. 
● For design of the foundation, the drained (end) condition is decisive, because then the

maximum settlements and ring tension forces are reached. 

The model was developed on the basis of the conventional calculation models used for
granular piles, for example, Priebe (1976) and Ghionna and Jamiolkowski (1981), which
are completed by the effect of the geotextile coating. For the analytical calculation of the
consolidation or settlement acceleration the conventional calculation methods can be used.

In view of the equilibrium between the loading ∆σ0 and the corresponding vertical
stresses over the column ∆σv,c and the soft soil, ∆σv,s can be written as

∆σ0AE � ∆σv,cAc � ∆σv,c(AE�AC) (1)

The vertical stresses due to the loading and the different soil weights produces horizontal
stresses. σv,0,c and σv,0,s are the initial vertical stresses in the column and the soil (if the
excavation method is used, K0,s* must be substituted by K0,s):

∆σh,c � ∆σv,cKa,c � σv,0,cKa,c (2)

∆σh,s � ∆σv,sK0,s � σv,0,sK0,s* (3)
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The geotextile coating (radius rgeo) has a linear-elastic material behaviour with the stiff-
ness J:

∆Fr � J (4)

The ring tension force can be transformed in to a horizontal stress ∆σh,geo:

∆σ h,geo � (5)

By the use of the separate horizontal stresses, a difference horizontal stress ∆σh,diff can be
defined. This difference stress means the partial mobilization of the passive earth pressure
in the surrounding soft soil:

∆σ h,diff � ∆σh,c � (∆σh,s � σh,geo) (6)

The stress difference results in an expansion of the column. The horizontal deformation
∆rc and the settlement of the soft soil ss (oedometric modulus Eoed,s) are calculated accord-
ing to Ghionna and Jamiolkowski (1981) for a radial and longitudinal loaded hollow cylin-
der (νs is the poisson’s ratio of the soft soil):

∆rc � � �1�rc (7)

ss � � �2 ∆σh,diff�h (8)

with

E* � � � � Eoed,s

and

aE �

If a constant volume of the column material is assumed, the following equation can be
written:

sc � � �h0 (9)
1�r0

2

��
(r0�∆rc)

2

AC
�
AE

(1�vs)(1�2vs)
��

(1�vs)
1

�
aE

1
�
1�vs

1
�
1�vs

vs
�
1�vs

1
�
E*

∆σv,s
�
Eoed,s

1
�
aE

∆σ h,diff
�

E*

∆Fr
�
rgeo

∆rgeo
�
rgeo

Soil Improvement and Foundation Systems with Encased Columns 927



Using the above equation it must be considered that this is only a geometric correlation.
This means, if the calculation is carried out in several load increments, each time the ini-
tial high h0 and the initial radius r0 must be newly calculated, otherwise r0 � rc and h0 �

h can be used. 
A comparability of the horizontal deformations must be given:

∆rc � ∆rgeo � (rgeo � rc) (10)

There are equal settlements between the column and the soft soil:

SC � SS (11)

Finally, the following calculation equation can be derived:

� � �
Ka,c� ∆σ0� ∆σv,s�σv,o,c��

��h��1� �h (12)

K0,s∆σv,s�K*0,s�σv,0,s� �

with

∆rc � (13)

By substituting ∆rc from Eq. (12) into Eq. (13) only ∆σv,s is undetermined. Eq. (12) can be
solved by an iteration process. Owing to the relatively time consuming calculation process
it is advised to use a calculation program. The oedometric modulus Eoed,s of the soft soil
should be determined realistically, depending on the existing stress p*. The following
equation can be used:

Eoed,s � Eoed,s,ref(P*/Pref)
m (14)

where Eoed,s,ref is the reference oedometric modulus for the reference stress pref. By deter-
mining the stresses p* and pref, an additional cohesion therm c cot φ after Schad (1979)
is used.
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More details such as an extension of the calculation model for several soil layers and a sim-
plified calculation model are shown in Raithel (1999) and Raithel and Kempfert (2000).

5. INSTALLATION METHODS

Normally two installation methods are in practice. In the excavation method, an open steel
pipe is driven into the bearing layer and its contents are removed by soil auger (see
Kempfert and Wallis, 1997). By the vibro displacement method, a steel pipe with two base
flaps (which close upon contact with the soil) is vibrated down to the bearing layer, dis-
placing the soft soil. After that the geotextile casing is installed and filled with sand. After
retrieval of the pipe under vibration a GEC filled with sand/gravel of medium density is
produced. In Figure 2, the vibro displacement method (left) and the excavation method
(right) are shown.

The excavation method should be preferred by soils with high penetration resistance or
when vibration effects on nearby buildings and road installations have to be minimized.
The advantage of the vibro displacement method compared to the excavation method is the
faster and more economical column installation and the effects of pre-stressing the soft
soil. Furthermore, it is not necessary to excavate and dispose soil. Admittedly, the excess
pore water pressure, the vibrations and deformations have to be considered.

Dikes, for example, in the following project, are constructed mainly with the more eco-
nomical and faster vibro displacement method. By using pontoons, it is possible to install
columns in soils with almost no shear strength (i.e. sludge). Figure 3 shows a hydraulic
engineering project using several pontoons for column installation. 
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Figure 2. Column installation methods.



The effects and influences in the subsoil due to the column installation have to be con-
sidered. Particularly, by using the vibro displacement method, a contraction of the geotex-
tile below the inner diameter of the displacement pipe occurs due to the stresses in the soft
soils. This contraction is proved by several measurements. 

The displacement of the soft soil led to an uplifting of the soft soil within and around
the columns. The heaving produced wave-like deformations at the surface of the grid. The
lifting was measured at up to 3–8 % of the column depth. This effect duplicated those pro-
duced in scale tests conduted before the start of this project. The measurement results of
the scale model tests were directly transferable to those made at the actual site.
Liquefaction of the soft soil by compaction energy was not observed. Measurements show
an increase in the undrained shear strength of the soft soil surrounding the columns.
Further, an increase by a factor of 2 in the shear strength of the surrounding soft soil was
measured, which shows the additional stabilizing effect of the installation method.

6. PROJECT AIRBUS-FACTORY SIDE “MÜHLENBERGER LOCH”

For the planned construction of the wide-body aircraft Airbus A380 in Hamburg, Germany,
the factory site of the airplane dockyard Daimler Chrysler Aerospace (European
Aeronautic Defence and Space Company (EADS)) was enlarged by 346-acre (including
dike-area), adjacent to the west of the existing factory site, into the tidal mud flats of a bay
in the Elbe River, the Mühlenberger Loch, with the construction of a 3-km-long polder
enclosure consisting of a 500-m-long sheet pile wall and a 2500-m-long dyke founded on
over 60,000 geotextile-encased sand columns (GEC). The GEC with a diameter of 80 cm
were sunk to the bearing layers with depth between 4 and 14 m below the base of the dike
footing. This dike was the new main water protection dike of the airplane dockyard.
Furthermore, another 10,000 columns were installed to relocate the existing
“Finkenwerder Vordeich” towards the river Elbe and to avoid sludge replacement, to
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Figure 3. Column installation in hydraulic engineering. (Picture source: Josef Möbius Bau-AG)



increase the stability and to decrease the settlements of the dike, as well as the subsequent
heightening of the enclosed area by drizzling and hydraulic filling of 10 million m3 of sand.

Owing to the prevailing current conditions in the Elbe River, sediment had accumulated
in the Mühlenberger Loch over the decades. The low bearing capacity of this sediment is
determined by an undrained shear strength of 0.4 � cu � 10 kN/m2. For this reason, a con-
ventional ground improvement with vibro displacement piles or granular piles was not
possible; i.e. the cu is much less than 15 kN/m² and the horizontal support of a not encased
column cannot be maintained. The condition that the soft soil must not be displaced, the
short construction time and the dependency on the tides (low and high, tides twice a day)
were the decisive boundary conditions for the work’s enlargement (see Figure 4).

The high degree of public sensitivity towards any interference with the ecological sys-
tem of the Elbe River and particularly with respect to the Mühlenberger Loch has resulted
in some stipulations in the construction contract regarding the performance of the works.
The main conditions were:

● No replacement and/or displacement of the sludge during the heightening process. 
● No discharge of suspended matter via excess hydraulic fill water fed into the Elbe River.
● Uncoupling of the sand transport and sand placement. The sand delivered from the

marine borrow pits by hopper vessels had to be unloaded shortly after docking. The
sand transported from the Elbe island Hahnöfer Sand via a dredging pipeline into the
construction area (approx. 3 million m3) had to be removed continuously.

6.1 Concept for land reclamation and soil conditions
The original concept design in the tender documents for enclosing the area called for a
2,500-m-long, temporary sheet wall 40 m deep with rear-anchored raking piles to serve as
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Figure 4. Background:Mühlenberger Loch (March 2001), fore-ground: the Airbus premises and the village of
Finkenwerder (left). Excavator test pit in mud in situ with liquid uppermost layer (right). (Picture source: Josef

Möbius Bau-AG)



a floodwall. Protected by the temporary enclosure, a constant water level was to be main-
tained within the area, and the first sand layers were to be filled under buoyancy. The 346
acre area was to be raised to the height of 5.5 m above sea level by a combination of sand-
trickling, sand-sluicing and hydraulic filling. Following a 3-year consolidation of the soft
soil within the enclosure, the real flood control, a dike, was to be filled up to the height of
9 m above sea level. In the final step, the temporary sheet wall and the old existing dike
line were to be removed.

The value engineering concept uses GEC as a basic foundation for the dike. After the sys-
tem is installed, the dike can be filled immediately. The temporary sheet wall is no longer
necessary and the empoldering function will be served by the dike itself. In comparison with
the original concept, this solution saves a considerable amount of sand, due to both the
steeper slope (1:6 against 1:20) and a large reduction in settlement. In addition, with the GEC
solution, it was possible to do the foundation work and bring the dike up to the floodproof
height of 7 m above sea level within only 8 months.

So the foundation and ground improvement system GEC:

● eliminated 35,000 tons of steel, since a sheet wall was not necessary;
● saved 150,000 m2 of tidal mud flat reclamation and 1,100,000 m3 less sand to fill up

the dike (steeper slope, large settlement reductions);
● produced very little noise pollution (12 vibro displacement machines reached a noise

level of 50 dba at a distance of 1000 m);
● shortened construction time for the dike from 3 years to 8 months;
● effected a dramatic settlement reduction and a high settlement acceleration similiar to

that of vertical drains.

The concept to reclaim land by the creation of a polder and a typical soil boundary condi-
tions is shown in Figure 5. 

The thickness of the soft soil layer (contaminated sludge) is between 8 and 14 m. The
reclamation site is also located in mud flats with low and high tides twice a day. 

6.2 Calculation results
On the basis of the above-described analytical calculation model and additional FEM cal-
culations for the different parts of the dyke, more than 60,000 columns were designed
using different types of casing, called Ringtrac. The stiffness of the geotextile casing was
between J � 1700 and 2800 kN/m. The maximum high tensile force of the geotextile var-
ied between 100 and 400 kN/m over the cross section of the dyke. The length of the
columns depended on the depth of the soft soil along the dyke line. The column area AC to
the influence area AE (AC/AE) was between 0.10 and 0.20 � 10–20%. 

The dike stability for all construction stages and the final stage was calculated with effec-
tive shear parameters ϕ′ and c′ considering the pore water overpressure due to the particular
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stage-load. The stability was verified using circular sliding surfaces and failure mechanism
with rigid soil bodies. The existing spacious situation (3D) of the column foundation was
thereby transferred into a plane model (2D) by generating an alternative system with plane
wall panels with the same area proportion. The increase in shear strength due to the concen-
tration of stress above the columns was considered by the implementation of alternative shear
parameters by Raithel (1999). As a result of the stability calculations, a geocomposite with a
high tensile strength (maximum high tensile force 500–1000 kN/m) in the dike base, per-
pendicular to the dike centerline, is needed to accelerate the construction of the dike and to
obtain a high degree of stability in the initial stage of construction. It was also necessary to
increase the stability since the area behind the dike was to be raised to a height of 5–8 m
above sea level.

6.3 Measurements
Owing to the different soil conditions along the dyke length, seven measurement cross-sec-
tions are necessary. In a typical measurement cross-section, four groups are placed, each
containing one earth pressure gauge and one water pressure gauge above the soft soil layer,
and two piezometers within the soft soil. In each cross-section, one horizontal and two ver-
tical inclinometers are used for the examination of the deformation behaviour. On the basis
of the measurements, it can be shown that the real soil conditions are better than the soil
parameters in the tender documents, especially with regard to the consolidation behaviour,
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Figure 5. Concept to reclaim land by the construction of a polder and typical soil boundary conditions
(oedometric modulus for a stress level σref � 100 kN/m²).



see also Raithel et al. (2002). Owing to the high effectiveness of the foundation system,
the dyke could be constructed in approximately 9 months to a height of about 7 m.
Therefore, after 39 weeks, the necessary protection against flooding was attained. A meas-
uring data on the settlements in dyke section VI are shown in Figure 6.

The dike “Finkenwerder Vordeich Süd” is only partly founded on encased columns. In
the part outside the main load area, vertical drainage is used to accelerate the settlements.
Figure 7 shows typical measurement results pointing out the different settlement reduction
in the part with encased columns (thickness of soft soil about 7 m) and the part with ver-
tical drainage (thickness of soft soil about 4.5 m). 
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7. “GEOSYNTHETIC-REINFORCED AND PILE-SUPPORTED EMBANKMENT”

In recent years a new kind of foundation, the so-called “geosynthetic-reinforced and pile-
supported embankment” (GPE), was established (Figure 8). Pile elements (e.g. concrete
piles, cemented stone columns, walls, etc.) are placed in a regular pattern through the soft
soil down to a lower load-bearing stratum. Above the pile heads, the reinforcement of one
or more layers of geosynthetics (mostly geogrids) is placed. 

Areas with soft subsoil embankments supported by piles or columns and a horizontal
geogrid reinforcement on top of the piles have important advantages compared to “con-
ventional” embankment foundation from the technical, ecological and financial point of
view. The application of such solutions is recently growing in Germany (see Alexiew and
Vogel, 2001).

7.1 Calculation and design
The stress relief from the soft soil results from an arching effect in the reinforced embank-
ment over the pile heads and a membrane effect of the geosynthetic reinforcement (see
Figure 9; Kempfert et al., 2004). 
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Figure 8. Geosynthetic-reinforced pile-supported embankment.



Due to the higher stiffness of the columns in relation to the surrounding soft soil, the
vertical stresses from the embankment are concentrated on the piles. Simultaneously, soil
arching develops as a result of differential settlements between the stiff column heads and
the surrounding soft soil. 

The 3D arches span the soft soil and the applied load is transferred onto the piles and
down to the bearing stratum. 

The stress distribution can be modelled in various ways. Figure 10 shows, for example,
a system consisting of several arching shells (Zaeske, 2001; Zaeske and Kempfert, 2002).
This model leads to a differential equation, which is a function of the described vertical
stresses σz [z] in the arching system (Zaeske, 2001):

�σzdAu � (σz � dσz)dA0 � 4σΦdAssin� � � γ dV � 0 (15)

For the areas above the arches a load-depending stress distribution is assumed. The effec-
tive stress on the soft soil stratum σz0 results from the limiting value consideration z → 0

δΦm
�

2
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Figure 9. Mechanisms of load transfer and interaction.



with t the height of the load depending arch, so Eq. (16) can be formulated. Simplified σzo

can also be derived from dimensionless diagrams (DGGT, 2003):

σz0 � λ1
x �γ � ���h(λ1 � t2λ 2)

�x � t � ��λ1 � �
�x

� (λ1 � t2λ 2)
�x�� (16)

with:

χ � , λ 2 �

λ1 � (sd�d)2 Kkrit � tan2�45°� �
The loading of the reinforcement is expressed by the differential equation (17) of the elas-
tic supported cable, in which the vertical displacement z and the horizontal force H, accord-
ing to Figure 11 (Zaeske, 2001; Zaeske and Kempfert, 2002), are the unknown variables:

� � with H � J (17)

Finally, the loading of the reinforcement S can be calculated directly as a function of the elon-
gation ε (J � stiffness) of the geosynthetic (see DGGT, 2003 for dimensionless diagrams):

S[x] � ε [x]/J � H�1���z��2[�x]� (19)
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8. PROJECT “RAILWAY HAMBURG – BERLIN”

As part of the improvement of the existing railway line Hamburg-Berlin, the section
Büchen-Hamburg and the section Paulinenaue-Friesack were upgraded in 2003 by the
German Rail company (Deutsche Bahn) to allow a train speed of 230 km/h. Owing to very
soft organic soil layers (peat and mud) and the insufficient bearing capacity of the embank-
ment, an improvement of the railway embankment was necessary in these sections.

8.1 Section Büchen-Hamburg
This section with a total length of 625 m was near the railway station Büchen. As an
improvement method, a reinforcement of the embankment with geogrids over columns,
installed with the mixed-in-place method ((MIP) which can be characterized as a wet deep
mixing technique), was executed (Figure 12).

Between two improved sections, better soil conditions were given, so no columns were
installed. In this 75-m-long part, only a reinforcement of the embankment with two
geogrids was executed. In the sections with columns, underneath a 3–5 m fill of medium,
dense, packed silty and gravely sand with slag and organic admixtures, very soft peat and
mud layers, with a total thickness of 0.5–2 m, are present. The peat has a water content of
80–330% and an organic content between 25 and 80%. Underneath these soft layers,
slightly silty sand layers with a thickness up to 8 m are present, which are medium, dense
and packed. At the base of the sand layers, boulder clay is present, which has a soft to stiff
consistency and a water content of 10–20%. 

8.1.1 Concept and construction. During the improvement work, a single track operation
at 90 km/h was maintained. The operated track was secured by sloping the ballast bed, the
protective layer and the embankment (Figure 12). This made possible the construction of the
geogrid reinforcement across the total embankment width. The MIP columns were installed
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after the excavation of the protective layer. Prior to the setting of the MIP material, the
columns generally were shortened to a level of 1.7 m below top of the rail during the fol-
lowing excavation stage (Figure 13). The columns adjacent to the embankment axis, how-
ever, could not be shortened to 1.7 m below the rail level, which resulted in a cover of less
than 1.5 m on top of the columns. Nevertheless, this option was favoured over a sheet pile
wall, for instance, since the retracting of sheet piles could lead to unexpected settlements.

The MIP columns were installed using a single auger (Figure 13). A cement slurry is
injected continuously into the soil during the penetration as well as during the retrieval of
the auger. Owing to the rotation of the auger, the cement slurry is mixed with the soil. The
MIP technique is free of vibrations and displacements and therefore had no effect on the
ongoing railway traffic on the other track. The cement columns (diameter 0.63 m) were
installed in a square 1.5 � 1.5 m grid. The composition of the binder (water, cement and
bentonite) and the water/binder ratio (approximately 1.0) was determined in laboratory
tests on trial mixed samples. During the 1st improvement stage (track Hamburg-Berlin),
approximately 800 l/m3 binder were mixed into the soil. During the 2nd stage (track
Berlin-Hamburg), the binder was mixed into the soil to the extent where a homogenous
soil/binder mixture was obtained. This resulted in a variable, soil dependent binder quan-
tity. The depth of the columns was determined on the basis of cone penetration tests prior
to column installation. In total, 3260 MIP columns of a length between 5 and 8 m were
installed (in total 21,000 m).

On top of the MIP columns, two layers of Fortrac® PVA geogrid type M 400/30-30
were placed (Figure 12). Since the geogrids are loaded in longitudinal direction only, the
short-term tensile strength in transverse direction was put at only 30 kN/m, whereas the
required short-term tensile strength in longitudinal direction was put at 400 kN/m. 
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Figure 12. Foundation system Section Büchen-Hamburg.



The 1st geogrid layer was placed in transverse direction directly on top of the MIP
columns. This geogrid was rolled up near the embankment axis during the 1st construction
stage, and later laid across the whole embankment in the 2nd stage. The 2nd geogrid layer
was placed in longitudinal direction (Figure 12).

To obtain a uniform bearing platform for the ballast bed, 2.5–3% cement was added to
the filling material. The top of this cement stabilization was roughened to ensure a suffi-
cient friction with the upper protective layer. To avoid an influence of hydrolysis of the
cement, Polyvinylalcohol was used as geogrid material.

8.1.2 Monitoring. The settlement behaviour of the tracks was monitored by means of
geodetic measurements of the outer rail of both tracks. The measurements were conducted
in three measurement sections, each 20 m in length, consisting of five measuring points
with a spacing of 5 m. These measurement sections were set up at locations with
unfavourable soil conditions. The results of the settlement measurements over 6 months of
train operation are presented in Figure 14. On both tracks, the train speed was up to 160
km/h. The measurements show that the track Hamburg-Berlin has settled up to 7 mm in a
period of 6 months after reopening the track. This settlement can be considered as small
since usually a settlement of 10–15 mm will occur, owing to compaction of the ballast bed,
the protective layer and embankment, even if the soil conditions are favourable. Also, it
has to be considered that the geogrids have to deform slightly to become active. 

8.2. Section Paulinenaue–Friesack
Westwards of Berlin, at the section between Paulinenaue and Friesack, the railway
Hamburg–Berlin passes through an area (the so-called Havellaendische Luch) with
deposits of soft organic soils. The section is 13 km long and the soft soil layers have a
thickness of up to 6.5 m. The firm soil layer in depth consists of dense sand. The ground
water level reaches the fill toe. 
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Figure 13. Installation of MIP columns (left), shortening of the MIP columns (right).



8.2.1. 1st reconstruction stage. When the railway was constructed 150 years ago, an
embankment with a height about 2–3 m had been carried out (Figure 15). The old embank-
ment was made up of loose sand. Since the old railway tracks had suffered considerable
settlements in the past, it was necessary to improve the bearing capacity of the embank-
ment. During the years 1993–1995, the railway between Hamburg and Berlin was
upgraded (1st reconstruction stage) to allow a speed of 200 km/h and heavy loads. The typ-
ical cross-section of the 1st reconstruction stage is illustrated in Figure 15.

It consists of the geogrid reinforced embankment, the partially grouted stone columns,
the soft organic soil (e.g. peat) and finally the dense sand layer at depth with sufficient
bearing capacity to carry the total load. The rails were set on a ballast bed. 

After removing the rails, the ballast bed and the embankment were removed up to a
depth of 1 m below the old top of the rail. As vertical bearing elements, cemented stone
columns with compacted, non-cemented column heads and column bases in a triangular
pattern and an axial spacing of about 2.0 m were chosen. The columns had a diameter of
approximately 0.6 m and were founded in the firm sublayers.

It was planned that the cemented stone columns reach the top of the organic soil layer.
On the top of the cemented stone column, a compacted and non-cemented column head
consisting of gravel was placed, above which a geosynthetic-reinforced bearing layer with
a thickness of 0.6 m was laid. The used biaxial geogrid Fortrac 60/60-20 had only an ulti-
mate short-term strength of 60 kN/m in both directions and was installed in one layer par-
allel to the embankment axis. Because of the temporary sheet pile wall, no overlapping of
the geogrid was possible at the middle of the embankment. Moreover, there were no ver-
tical bearing elements at the area of the embankment axis. The sheet pile wall was removed
after completion of the track. 
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Shortly after the end of the first reconstruction, settlements and ballast bed deforma-
tions had occurred again. For this reason and also owing to the general need for further
upgrading the track structure for a train speed of 230 km/h, a 2nd reconstruction stage was
planned in summer 2001. In the run-up to the 2nd reconstruction stage, extensive investi-
gations were carried out. 

A part of the track was closed and the embankment was excavated within a 50-m-long
test field in order to inspect the embankment construction (particularly the status of the
geogrid and the cemented stone columns) and the subsoil situation (Figure 16). 

Within the test field it was observed that several cemented columns ended below the
required height. Only non-cemented gravel was found below the top of the organic soil
layer (Figure 16), while the geogrid was undamaged and in a good condition.

8.2.2 New concept. In addition to the test field, numerical investigations were carried
out. The outcome of the investigations was that the current embankment construction
could not permit an upgrading of the track structure for a train speed of 230 km/h. on the
basis of the results of the investigations from the test field and the results of the numerical
investigations, a modified track structure was planned to rebuild the embankment in the
test field. The final double-track structure which was carried out in summer 2003 is illus-
trated in Figure 17. 

The flat optimized embankment has a height of 2–3 m. The lowest working plane was
heightened from �3.2 up to �2.7 m below the top of the rail to prevent operations below
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the groundwater level and because groundwater lowering was not allowed. The old
embankment was removed up to this depth, afterwards the piles were cut and the organic
soil between the column heads was excavated up to a depth of �2.8 m below the top of
the rail. The area between the column heads was filled up with gravel and above this a 
0.2-m-thick protective mineral layer was rebuilt. On top of the protective layer two or three
geogrid layers were placed at intervals of 0.3 m. On the basis of the structural analyses of
biaxial PVA-geogrids with optimized mesh size, high moduli and low creep were selected,
having an ultimate tensile strength of 200 kN/m in longitudinal and transverse direction
and an ultimate strain of about 5%. The mineral layers between the geogrids consisted of
gravely sand. Finally, the remaining embankment with a 0.4-m-thick formation protection
layer was reconstructed and the rails were set on a ballast bed.

8.2.3. Construction of the track. Between July and September 2003 the entire stretch
was rebuilt in only 76 days. Therefore, both tracks were closed during this period. The
workings were done day and night. All in all, 37,000 partly grouted stone columns were
excavated, investigated and cut. Figure 18 illustrates the cutting of a pile head.
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Figure 16. Temporary sheet pile walls and excavated embankment in the test field excavated columns with
different heights.
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Figure 17. Typical cross-section 2nd reconstruction stage.



The removal of the old embankment was done in 10-m-long sections. Simultaneous to
the excavation of the grouted stone columns, the status of the columns were examined and
documented for each section. In the case where the excavated column conditions were sim-
ilar to a numerical calculated damage scenario, three geogrid layers were built in; other-
wise, when nearly all columns were intact only two geogrid layers were necessary.
Presented below are Figures and facts about the reconstruction works:

Removal of the embankment: Reconstruction of the embankment:

23 km overhead contact wire 50,000 ton gravel
23 km trails in 6 days 85,000 ton protective mineral layer
45,000 m3 ballast 410,000 m2 geogrid
115,000 m3 formation protection layer 400,000 ton embankment soil
185,000 m3 embankment soil 130,000 ton formation protection layer
135,000 m2 geogrid 23 km ballast bed, trails and overhead
60,000 m3 soft soil (peat) contact wire
37,000 grouted stone columns were cut.

The peak-period demand of construction workers was 450. The track was put in oper-
ation again in summer 2003. Results of the extensive measurement program installed at
different levels by different gauges will be shortly displayed supporting the success of the
described concept, design and final system.

8.2.4 Monitoring. For verification of the design and certification of stability and ser-
viceability, a monitoring program was installed. It includes three comprehensively instru-
mented measurement cross-sections. 

A large quantity of vertical and horizontal inclinometers and geophones had been
installed. Additionally, the settlements of the rails had been measured. Meanwhile, meas-
urements are running since about 8 months under traffic. The long-term monitoring has
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Figure 18. Cutting the pile heads.



confirmed the stability and serviceability of the structure. Figure 19 shows typical results
for the settlements at different heights of the monitoring cross-section 1.

REFERENCES

Alexiew, D. & Vogel, W. (2001) in Railroads on piled embankments in Germany: Milestone projects,
Earth Reinforcements, Ochiai et al. (eds), Swets & Zeitlinger, 185–190.

DGGT (German Geotechnical Society) (2003) Empfehlung 6.9 Bewehrte Erdkörper auf punkt- oder
linienförmigen Traggliedern, Kapitel 6.9 für die Empfehlungen für Bewehrungen aus
Geokunststoffen, EBGEO, DGGT (German Geotechnical Society), draft.

Ghionna, V. & Jamiolkowski, M. (1981) Colonne di ghiaia. X Ciclo di confe-renze dedicate 
ai problemi di meccanica dei terreni e ingegneria delle fonda-zioni metodi di miglioramento 
dei terreni. Politecnico di Torino Ingegneria, atti dell’istituto di scienza delle costruzioni, 
n°507.

Kempfert, H.-G. & Wallis, P. (1997) Geokunststoffummantelte Sandsäulen - ein neues
Gründungsverfahren im Verkehrswegebau. 5. Informations- und Vortragsveranstaltung über
“Kunststoffe in der Geotechnik”, Sonderheft Geotechnik, S.41–46.

Kempfert, H.-G., Goebel, C., Alexiew, D. & Heitz, C. (2004) German Recommendations for Rein-
forced Embankments on Pile-Simlar Elements, Third European Geosynthetic Conference, DGGT
(German Geotechnical Society), Vol. 1, pp. 279–285.

Priebe, H. (1976) Abschätzung des Setzungsverhaltens eines durch Stopfverdichtung verbesserten
Baugrundes, Die Bautechnik, 65, S.160–162.

Raithel, M. (1999) Zum Trag- und Verformungsverhalten von geokunststoffummantelten
Sandsäulen, Schriftenreihe Geotechnik, Universität Kassel, Heft 6.

Raithel, M. & Kempfert, H.-G. (2000) Calculation Models for Dam Foundations with Geotextile
Coated Sand Columns, Proceedings of International Conference on Geotechnical & Geological
Engineering GeoEng 2000, Melbourne.

Soil Improvement and Foundation Systems with Encased Columns 945

0 8 15 29 20
1

-14

-12

-10

-8

-6

-4

 -2

0

Top of the upper geogrid layer

Top of the column heads

Top of the rail

S
et

tle
m

en
ts

    [m
m

]

Days   [d]

Figure 19. Monitoring cross-section 1, Track Hamburg – Berlin; vertical deformations versus time.



Raithel, M., Kempfert, H.G. & Kirchner, A. (2002) Geotextile-Encased Columns (GEC) for
Foundation of a Dike on Very Soft Soils, Proceedings of the Seventh International Conference on
Geosynthetics, Nizza.

Raithel, M., Küster, V. & Lindmark, A. (2004) Geotextile encased Columns – a Foundation System
for Earth Structures, Illustrated by a Dyke Project for a Works Extension in Hamburg, Nordic
Geotechnical Meeting 2004, Sweden.

Raithel, M., Kirchner, A., Schade, C. & Leusink, E. (2005) Foundation of Constructions on Very Soft
Soils with Geotextile Encased Columns – State of the Art, ASCE-Conference Geo-Frontiers
2005, Austin, USA.

Schad, H. (1979) Nichtlineare Stoffgleichungen für Böden und ihre Verwendung bei der numerischen
Analyse von Grundbauaufgaben, Baugrundinstitut Universität Stuttgart, Mitteilung 10.

Zaeske, D. (2001) Zur Wirkungsweise von unbewehrten und bewehrten mineralischen Tragschichten
über pfahlartigen Gründungselementen, Schriftenreihe Geotechnik, Universität Kassel, Heft 10.

Zaeske, D. & Kempfert, H.G. (2002) Berechnung und Wirekungsweise von unbewehrten und
bewehrten mineralischen Tragschichten über punkt- und linienförmigen Traggliedern,
Bauingenieur 77, S.80–S.86.

946 Chapter 32



947

Chapter 33

Geotechnical Measures to Increase the Stability of
Rock Cuts and to Reduce Rockfall Hazards: Case
History “Makkah”

Yasser El-Mossallamy1 and Habib Zein Al Abideen2

1Ain Shams University, Cairo, Egypt, C/o ARCADIS Consultants, Darmstadt, Germany
2Deputy Minister, Ministry of Municipal and Rural Affairs, Riyadh, Kingdom of
Saudi Arabia

ABSTRACT

Modern engineering is continually developed to achieve a more economic and, at the same
time, a safe structure. The rapidly developing of the infrastructure allover the world espe-
cially in the last two decades increases the application of rock mechanics in a lot of impor-
tant infrastructure projects (high- and railways, tunnels as well as water structures). Rock
engineering plays nowadays a key role in many civil engineering projects. This chapter
demonstrates some case histories in Makkah to show the application of rock engineering
to deal with rockfall hazards in conjunction with risk assessment concept. Measures deal-
ing with surface stability of loose materials and their protection against heavy rainfalls in
conjunction with the applied drainage system will be discussed in details. Special tech-
nique to protect Jabal Al-Rahmah considering its historical issues will be demonstrated
and discussed. The geological conditions, the design requirements, the applied techniques
and the performed quality control will be explained. The presented case histories demon-
strate the application of rock engineering in conjunction with special measures to achieve
a safe structure regarding the serviceability requirements as well as an economic design
regarding the total cost.

1. INTRODUCTION

In the last two decades the Kingdom of Saudi Arabia has performed complete moderniza-
tion of the Moslem holy places in Makkah Al-Mukarrama and Al-Madinah to achieve the
maximum safety and comfort of the pilgrims during the Moslems’ holy trip (Hajj). An
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important part of this modernization plan was the complete reconstruction of the Mena
camping site (Figure 1a) and its infrastructure. About 2 – 3 million pilgrims camp in this
valley during Hajj. Thousands of modern tents made of fiberglass (Figure 1b) were con-
structed in the Mena Valley and on platforms that were constructed on rock cuts. The pre-
sented case histories describe the work done in Mena to protect the pilgrims’ tents from
rockfall as a practical example for possible measures to reduce rockfall hazards. Measures
dealing with surface stability of loose materials and their protection against heavy rainfalls
in conjunction with the applied drainage system will be discussed in details. Special tech-
niques to protect Jabal Al-Rahmah considering its historical issues will be demonstrated
and discussed.

2. TOPOGRAPHY AND GEOLOGICAL CONDITIONS

Mena is a relatively small valley located near Makkah Al-Mukarrama in the west-central
part of the Arabian Shield bordering the Red Sea. The topography of the site is highly vari-
able and shows a large variety both in the heights and slopes of the rocky hills. There are
a large number of main and submain course streams which drain the rainfall water directly
to the Mena Valley (Figure 1a). 

The rock is mainly quartz-diorite/grano-diorite (igneous rock) with different degrees of
weathering ranging from slightly to highly weathered. The rock structure contains numer-
ous joint systems. The joints are open or filled with weaker material (Figure 2a). Faults
could be found along the valley courses and rock masses were extensively deformed by
fault zones. Faults with relatively striated and polished walls can be found in several sec-
tions. Figure 2b shows a wedge-shaped block of rock, formed by two intersecting discon-
tinuities which have failed, forming a steep cliff face. Round unstable rock blocks with
diameters varying from some decimetres to several meters exist on the hill slopes as a

Figure 1. Pilgrim camps in Mena, Makkah, Saudi Arabia.



product of the exfoliation and weathering processes. In some locations there is a layer of
loose residual soils covering the rock surface with a depth ranging between some decime-
tres to few meters.

3. ROCKFALL HAZARDS

The rounded blocks constitute the main rockfall hazard on the pilgrim camps. Rockfalls
are generally initiated due to climatic events such as pore pressure due to rainfall, erosion
of surrounding materials during heavy rainstorms and weathering of the rock. The most
important factor controlling the fall trajectory is the slope geometry (slope inclination and
slope height). Clean faces of hard unweathered rock (see Figure 3a) are the most danger-
ous because they do not retard the movement of the rolling or falling rock to any signifi-
cant degree.

Another reason is the use of explosives to create the existing rock cuts in different parts.
Even carefully controlled blasts have stressed rock blocks and wedges and affected their sta-
bility in different manners. Figure 3b shows typical unstable overhangs due to explosions.

4. DESCRIPTION OF THE MAIN MULTIPLE PROTECTION MEASURES

The design and construction of the required measures were a challenge to the geologists and
geotechnical engineers due to the extended length of the project of about 16 km and the very
restricted time to complete the work. The mutual interaction between both observations and
computational analyses was the milestone to design the required protection system and
adjust it to the conditions of each site. This interactive process was considered as an inte-
grated part of the developed risk assessment concept (Figure 4). Skillful communication
between the owner, the consulting engineers (geologists, hydraulic, and geotechnical 
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Figure 2. Geological conditions.



engineers), the approval engineer and the public was a very important part of the project
management in order to achieve the most effective project progress.

Depending on the conducted studies and risk assessment, a multiple defense system
was developed and applied to protect the pilgrim camps from falling rock blocks; this
defense system will be described in detail in the following sections.

4.1. Berms and Gabion walls
Berms are a very effective means of catching rockfalls. They were constructed on differ-
ent levels on the hills with width of about 4–8 m. The bases of these berms are covered
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Figure 3. Rockfall hazards.
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with gravel and loose materials to absorb the energy of falling rocks. Gabion walls with
height of 1.0 or 2.0 m were constructed on the edge of conducted berms so that catch
benches are formed on different heights along the hills. Therefore, sufficient space is cre-
ated to accumulate rockfalls. Figure 5a shows the general dimensions of such catch
benches. The distance between the toe of the slope and the Gabion walls was chosen so
that no rocks can be allowed to strike the wall before their kinetic energy has been rela-
tively diminished by the first impact on the gravel layer covering the berms (Figure 5b).

The Gabion walls were constructed using galvanized steel mesh baskets filled with
crushed stones. The stone is hand sized 15–30 cm. Stones are packed into the Gabions by
hand or by small excavating machines. Gabion walls should be founded on rock or firm
ground. The Gabion structure is flexible, permeable, heavy, and strong. Its flexibility allows
it to tolerate differential settlement if it happens. The filling material (crushed stones) is avail-
able on the site and there is enough local experience to construct such walls. Different load
conditions were applied to design the Gabion walls considering the effect of earthquakes. In
situ tests were carried out to examine the stability of the Gabion wall and its ability to stop
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Figure 5. Berms and Gabion walls.



rockfall blocks. A rock block with a weight of about 5.0 tons was let to fall down and hit the
Gabion wall with a velocity of about 20 m/s. Figure 5d shows the wall after removing the
rock block. Only a small deformation can be observed. The wall remains stable.

4.2. Grouted dowels
Grouted dowels have been used to support critical rock wedges and increase their stabil-
ity. The dowels consist of deformed steel bars, which are grouted into the rock with length
of about 3.0 – 5.0 m. A faceplate and nut are fitted on the dowel head. Loads in the dow-
els are generated by movements in the rock mass.  Figure 6 demonstrates an example of a
rock wedge that was stabilized in place by grouted dowels.

The grouted dowels are constructed using portable drill machines acting with com-
pressed air. The drill hole is first filled with a thick grout of nonshrinkage cement, and then
the dowel is pushed into the hole. One load test using hydraulic jack was conducted on a
representative dowel to verify its quality and integrity.

4.3. Shotcrete lining
Reinforced shotcrete lining with a minimum thickness of 7 cm was carried out to protect
rock cut slopes from further weathering. Flexible steel wire nets were used as reinforce-
ment. The shotcrete has high strength, durability, excellent bond, and limitless shape pos-
sibilities. These properties allow shotcrete to be used as a perfect lining to the existing
moderately weathered rock cuts with complex forms or shapes (Figure 7a).

By constructing the shotcrete lining on rock cuts, the slopes were first cleaned with
water before applying the wire net. The wire nets are fixed in place using small dowels.
Both dry and wet mix techniques were applied to construct the shotcrete lining. The dry
mix needs small and compact equipment and therefore was suitable in the difficult topog-
raphy. The wet mix system was ideal for places where a high productivity was required
and the site topography was more suitable. Samples of the shotcrete were tested to prove
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Figure 6. Rock wedges stabilized in place by grouted dowels.



the internal strength. All of the used materials were regularly tested by the supplier. Weep
holes (Figure 7b) were constructed in the lower part of the shattered rock cut surfaces to
provide a drainage system and prevent the accumulation of water pressure in the rock mass
behind the shotcrete.

4.4. Intensive and selecting cleaning
Intensive cleaning (removing) of all loose materials and unstable rock blocks, by scaling
and trimming, was carried out either between the edge of shotcrete and the first Gabion
walls or between the hill toe and the first Gabion walls. In some sections, the extensive
cleaning was also conducted between the first and second Gabion walls. Selective clean-
ing of only dangerous loose blocks was carried out above the last Gabion walls.
Mechanical and hand excavation methods were used by scaling and trimming processes.
When massive rock blocks had to be broken, chemical expanding rock breaking agents
were applied. This process achieved the required highly controlled removal of large rock
blocks to minimize the effect of remedial work on the existing tents. The advantage of this
multiple defense system is the relatively high safety regarding the possibility that a falling
rock can jump all berms and Gabions and reach the camps at the hill toe. Figure 8 shows
some examples of the conducted measures.

4.5. Special solutions.
Special solutions were applied at certain critical areas depending on the site conditions.
Such special solutions include: concrete barriers, strong steel fences and cable lashing.

4.5.1. Concrete barriers. In some places there was no possibility to reach the unstable
large blocks with the required machinery to remove them. These large rock blocks were
fixed in place by constructing concrete barriers in front of them.
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Figure 7. Shotcrete lining.



Grouted dowels are constructed in front of the blocks in the underneath rock with an
embedded length of about 1.5–2 m. These grouted dowels act as shear dowels and tension
members to support the concrete barrier and fix it with the underlying unweathered rock
layers. Plastic tubes with diameters of 12 cm were installed in the concrete barriers to pro-
vide a drainage system and to avoid the accumulation of water pressure behind them.
Figure 9 shows one of the constructed concrete barriers.

Finite element analyses were conducted to model the behavior of the concrete barriers
under various load conditions. A maximum design load of 100 kN/m corresponding to a
rock block with a diameter of about 2.5 m and volume of 8 m³ was applied taking into
account the dynamic effect during earthquakes. A plane strain finite element analysis was
conducted using isoparametric triangular elements with 15 nodes. Figure 10a shows the
used finite element mesh.
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Figure 8. Examples of the conducted multiple defence system.

Figure 9. Concrete barrier.



The concrete barrier was modeled as linear elastic material. The grouted dowels were
modeled using a special element that can carry only tension forces and has no bending
stiffness. The rock mass was idealized using an elasto-plastic constitutive law
(Mohr–Coulomb model). As the rock mass contains discontinuities such as bedding

Geotechnical Measures to Increase the Stability of Rock Cuts 955

Figure 10. Finite element analyses to model the behavior of the concrete barriers.



planes, joints, shear zones, and faults, at shallow depths the shear strength of the rock mass
is governed by sliding on the discontinuities. Therefore, average values of the shear
strength parameters were applied to simulate the behavior of the rock mass. The required
rock parameters were determined based on the measured in situ geological conditions such
as the spacing between the discontinuity planes, their surface roughness, the filling mate-
rial, and the hydraulic conditions applying the rock mass rating system (RMR). The cho-
sen parameters were based also on experience gained in similar projects with similar
geological conditions. These parameters are given in Table 1. Figure 10b shows the
deformed mesh with maximal deformation of 4 mm. The maximum calculated tension
force in the grouted dowels reaches about 50 kN per each dowel. This value agrees well
with the conducted conventional stability analyses.

4.5.2. Steel fences and cable lashing. In some cases, the removal of the unstable
blocks accumulated on the face of slopes can negatively affect the stability of constructions
that exist on the top of the slope. In such cases strong steel fences founded in the intact
rock using grouted dowels were constructed. These steel fences were designed with high
energy absorbing capacity to be able to stop any block that can fall down on these slopes.
Figure 11a shows an example of these steel fences. In other critical places there was no
possibility either to remove the unstable large block or to construct concrete barriers to
support it. In one of these critical places, a block was located directly on the edge of a rel-
atively steep rock cut, beneath which the camping tents already exist and hence it was
decided not to destroy this block. The block was supported in place using cable lashing of
high tensile steel. The cables were supported by grouted dowels that were drilled in the
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Table 1. Design parameters, geotechnical parameters in Mohr–Coulomb
model (rock mass)

Parameter

E (MN/m2) 500
ν (-) 0.3
γ / γ � (kN/m3) 24/14
Shear parameters
c� (kN/m2) 50
ϕ� (°) 30
or
c� (kN/m2) 0
ϕ� (°) 35
ψ (°) 5

E, Young’s modulus; ν, Poisson’s ratio; γ / γ �, total/effective unit weight
of soil; c�, cohesion; ϕ�, angle of internal friction; ψ, angle of dilatancy.
Structure elements. Barrier: E concrete � 30,000 MN/m²; ν � 0.2.
Grouted dowels: E steel � 1,95,000 MN/m².



underlying stable rock blocks. Figure 11b shows the supported block using the cable lash-
ing. The free cable length was encapsulated in a flexible plastic sheath to protect it against
corrosion. The ends of the sheath were sealed with a corrosion inhibitor. The connection
between the cables and the grouted dowels was covered with epoxy.

5. SURFACE STABILITY OF LOOSE MATERIALS

In some locations there was a layer of loose residual soils covering the rock surface with
a depth ranging between some decimeters to few meters. In addition, removing unstable
rock blocks and large boulders that were accumulated on the mountain slopes was a main
part of the measures that were conducted to protect pilgrim camps in Mena from rockfall
hazards. In some places a layer of loose residual soil exists beneath the removed rock
blocks. Such layers are not more protected against erosion due to heavy rainfalls. The pos-
sibility of surface sliding of these loose layers depends on many factors such as the slope
of the hill, the shear strength of those loose materials, its thickness and the art of the driv-
ing action. The last heavy rainfall in 2002–2004 which can be considered as the heaviest
rainfall since 50 years, was strong enough to cause sliding failure of these loose materials
in some areas. An effective technique to protect the existing slopes from such hazards was
planned and conducted. The applied measures can be divided in to two main parts.

5.1. Improve the drainage system and redesign of stream courses
The drainage system in Mena Valley was extensively improved and upgraded as a part of
the conducted measures to increase the stability against surface sliding of loose materials.
The improvements include the increase of width and height of the existing channel in most
areas. New open channels, dikes, stilling, and catch basins were constructed. Almost all
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Figure 11. Special measures.



stream courses were improved by covering the loose material either by mattresses or by
grouted riprap. These measures (Figure 12) ensure a controlled gathering of rain water and
divert the water safely to the drainage canal.

5.2. Protection against surface sliding
The eliminating soil erosion and surface sliding of loose materials presents the main part
of the conducted measures. Mattresses (Gabion blanket) with a height of 30 cm in con-
junction with geotextile mats (Figure 13) were applied to improve the surface conditions.
The stability of the toe of the slope was increased by constructing a 1 m Gabion wall with
about 0.5 m embedded depth. In many locations the Gabion walls at the toe are fixed with
rock bolts to increase their stability.

The main principles of design of mattresses are shown in Figure 14a taking the effect
of seepage forces into account. The effect of seepage forces can enormously affect the sur-
face stability. The geotextile mats prevent the soil from being dragged and pumped out
through the voids of the stones in the mattresses and hence ensure its permeability to avoid
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Figure 12. Redesign of stream courses.



the condition of full saturation. It was found that an additional measure to increase the 
stability of the mattresses using soil nails is required in cases of steep slopes. The soil nail-
ing (Figure 14b) acts as shear dowels that transfer the additional horizontal forces to the
weathered rock layer and increase the surface stability.

Figure 14c shows the relationship between friction angle at the sliding surface and its
slope angle for two cases:

Case 1: Dry condition with factor of safety � 1.3 according to the German standard (DIN
4084) for permanent load condition.

Case 2: During heavy rainfall with reduced factor of safety � 1.1 according to the
German standard (DIN 4084) for temporary load condition.

The height of water in the mattresses during heavy rainfalls was assumed to be about
half the mattresses depth. This assumption was based on water balance calculations. The
results of the conducted analyses (Figure 14c) show that the soil nails are only needed for
slopes with inclination angle � 24°.

The conducted protection system using mattresses ensures no transportation of soil parti-
cles down slope during heavy rainfalls. The mattresses have a flexible structure, permeable
and their weight was designed to be enough to increase the resistance force along the slide
surface to an acceptable level. The mattresses are flexible and can take the form of any slope
without the need to change the available topography. Its flexibility allows it to tolerate dif-
ferential settlement if it happens. The form of the mattresses can be considered as an inte-
grated part of the natural view of the mountains so that the natural beauty of the holy place
remains undisrupted. Figure 15 shows some examples of the conducted protection system.
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Figure 13. Measures to increase the surface stability.



960 Chapter 33

Figure 14. (a) Principles of design of mattresses, (b) Principle of soil nails to increase the surface stability,
(c) Surface and soil conditions at which soil nails are required.



Soil nails were applied in critical steep places, e.g. in stream courses to increase the sta-
bility of the surface protection system. The soil nails consisted of deformed steel bars with
a diameter of 32 mm. The steel bars are driven first by manual forces and then by an air
pressure hammer (Figure 16).

A complete maintenance program was designed and scheduled to be carried out regu-
larly. This program includes routine inspections, repair of any damaged or defective
Gabion or mattress elements, removal of rockfall blocks after each heavy rainstorm and
cleaning the drainage ditches and culverts from sediments. All steel bars of rock bolts
which come in direct contact with air should be protected against corrosion using suitable
materials.

6. MEASURES TO STABILIZE JABAL AL-RAHMAH

A part of the modernization plan was the stabilization of loose rock blocks on Al-Rahmah
Mountain in Arafat. Figure 17 shows a historical view of Al-Rahmah Mountain in Arafat.
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Figure 15. The constructed mattresses.

Figure 16. Constructed soil nails.



The rock formation in Al-Rahmah Mountain is similar to that of Mena Valley. Round
and semi-round rock blocks with different sizes varying from some decimeters to several
meters exist on the hill slopes as a product of the exfoliation and weathering process
(Figure 18). These blocks constitute the main rockfall hazard during the holy Hajj.

The aim of the carried measures is to stabilize the unstable rock blocks on the holy hill
to achieve the required safety of the pilgrims without change the historical view of Al-
Rahmah Mountain. Extensive measures to reduce rockfall hazards were designed and con-
ducted. Embedded rock bolts have been used to support unstable rock blocks and increase
their stability (Figure 19).

The rock bolts consist of deformed steel bars, which are grouted into the rock with length
of about 1.5 – 3 m. The rock bolts are constructed using portable drill machines acting with

962 Chapter 33

Figure 17. Historical photo of Jabal Al-Rahmah during Hajj (archive photo).

Figure 18. Geological features of Jabal Al-Rahmah.
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compressed air. The drill hole is first filled with a thick grout of non-shrinkage cement, and
then the steel bar is pushed into the hole. The free parts of steel bars which are in direct con-
tact with air are first painted with nitoprime zincrich to protect them against erosion and then
covered with a layer of non-shrinkage cement, that is reinforced with textile material to pre-
vent cracks. Figure 20 shows some details of the conducted system.

7. CONCLUSION

This chapter demonstrates how engineers can apply the knowledge of engineering geology
in conjunction with a suitable risk assessment concept to achieve a safe structure regard-
ing the serviceability and safety requirements as well as an economic design regarding the
total cost. The engineering works must be in harmony with the environment in which they
are placed not only aesthetically but also physically.
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Electro-Osmotic Stabilization

Amnart Rittirong and Julie Shang

Department of Civil and Environmental Engineering, The University of Western
Ontario, London, Ontario, Canada N6A 5B9

ABSTRACT

This chapter is a collection of in situ applications of electro-osmosis in soil improvement
as reported in the literature over past decades. The selection criteria are

1. It must be an in situ field trial with the purpose of improving soil engineering proper-
ties (strength, deformation, chemical composition, etc.),

2. It must include detailed documentation of engineering properties of the site, configu-
ration of the test layout, monitoring records and evaluations of performance and
energy consumption.

The scientific principles of electrokinetics in porous media are reviewed first before pre-
sentations of the cases. It is hoped that this chapter will serve as a guidance for future
research and applications of electro-osmotic stabilization of soft ground.

1. THEORETICAL BACKGROUND

Electro-osmosis is a technique used for the consolidation and strengthening of soft, satu-
rated clayey soils. As shown in Figure 1 (Shang, 1998), when a direct current (DC) voltage
is applied to soil via electrode poles, the soil pore water will be attracted towards the direc-
tion of the negative terminal (cathode) due to the interaction of the electric field, the ions in
the pore water and the soil particles. If drainage is provided at the cathode and prohibited
at the anode, consolidation will be induced by electro-osmosis, resulting in the lower soil
water content, higher shear strength and lower compressibility. In addition, electrochemical
reactions associated with an electro-osmotic process alter the physical and chemical prop-
erties of the soil and lead to a further increase in shear strength (Mitchell, 1993).

Casagrande (1941, 1959) first applied the technique of electro-osmosis to strengthen
and stabilize soft silty clays in the mid-1930s. Since then, successful field tests have been
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reported that used electro-osmosis to strengthen silty clays and soft sensitive clays; to sta-
bilize earth slopes and to reinforce steel piles installed in clayey soils (e.g., Bjerrum et al.,
1967; Casagrande, 1983; Lo et al., 1991). Electro-osmotic consolidation has been consid-
ered for projects requiring a rapid improvement in the properties of soft clayey soils. 

When an open cathode and sealed anode condition are present, a negative pore water
pressure is in soil generated upon the application of a DC electrical field. In one dimen-
sion, the pore pressure generated by electro-osmosis, ueo(x, t → ∞) (kPa), at a distance x
(m) to the cathode is given by (Esrig, 1968)

ueo(x) �� γwU(x) (1)

where ke (m²/sV) is the electro-osmotic permeability, kh (m/s) the hydraulic conductivity,
γw (9.81 kN/m3) the unit weight of water and U(x) (V) the electrical potential at distance x
to the cathode. Equation (1) states the pore pressure induced by electro-osmosis is nega-
tive and proportional to the electrical potential (i.e., it has a maximum magnitude at the
anode and zero at the cathode). The negative pore pressure results in an increase in the
effective stress in the soil, leading to consolidation, as described in the conventional con-
solidation theory. Knowing the pore pressure generated by electro-osmosis, the time rate
of electro-osmotic consolidation can be estimated by conventional consolidation theory. 

The electro-osmotic permeability, ke, governs the water flow in a soil mass under an
electrical gradient in a similar way as the hydraulic conductivity governs the flow in soil
under a hydraulic gradient. When both the anode and cathode are open to drainage and the
hydraulic gradient is set to zero, ke can be determined by measuring the flow velocity
across a soil plug using an empirical relation (Mitchell, 1993)

qe � keE (2)

ke
�
kh

Anode Cathode 
+

L
Drain 

H

Surcharge q 
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Figure 1. Schematic of electro-osmotic consolidation (modified from Shang 1998).



where qe is the water flow vector due to an electrical gradient (m/s) and E the electric field
intensity vector, defined as

E � � ∇ U (3)

The power consumption per cubic meter of soil mass per hour is calculated from

p � κE2 (4)

where p is the unit power consumption (kW/m3) and κ the electrical conductivity of the
soil (1/Ω-m). 

Equation (4) indicates that the power consumption of electro-osmotic treatment
increases with the soil electrical conductivity and applied electric field. Table 1 summa-
rizes the typical ranges of soil and electrical properties that are suitable and have been used
for electro-osmotic consolidation.

A two-dimensional electro-osmotic consolidation model was developed by Shang
(1998) that can take the effects of both preloading and electro-osmotic consolidation into
account. The most predominant electrochemical effects during an electro-osmotic process
include the development of a pH gradient, the generation of gases and heating. The pH of
soil water will increase rapidly to as high as 11 or 12 at the cathode and decrease to almost
two at the anode. Consequently, metallic anodes will corrode at the anode. Oxygen gas is
generated at the anode and hydrogen gas at the cathode due to hydrolytic reactions. The
electrical current also generates heating. The seriousness of these effects is directly related
to the applied voltage and current. It is usually desirable to minimize heating effects to
reduce power consumption. It has been found that applying polarity reversal and intermit-
tent (pulse) current can reduce pH gradient and corrosion and increase the electro-osmotic
permeability of the soil, thus improving the efficiency of electro-osmotic treatment (Shang
et al., 1996).

The evaluation of electro-osmotic consolidation on a specific soil can be conducted
according to the following procedure:

Electro-Osmotic Stabilization 969

Table 1. Design parameters and common soil properties in electro-osmotic consolidation

Parameter Unit Typical range

kh, hydraulic conductivity m/s 10�10–10�8

ke, electro-osmotic permeability m2/sV ∼10�9

κ, electrical conductivity of soil S/m (1/Ω-m) 0.01–0.5
E, electric field intensity V/m 20–100
cv, coefficient of consolidation m2/s 10�8–10�7

P, hourly power consumption kWh/m3 0.01–1



1.1. Determination of parameters
In addition to conventional soil properties such as the grain size, preconsolidation pressure,
shear strength, water content, hydraulic conductivity, kv , and coefficient of consolidation
cv , the parameters required for a treatability analysis include the electro-osmotic perme-
ability, ke; electrical conductivity, κ ; intensity of electric field, E; and power consumption,
p. All these parameters can be determined from laboratory tests prior to field application
(Shang and Mohamedelhassan, 2001). Table 1 lists the typical ranges of the major param-
eters for soils that are suitable for electro-osmotic treatment.

1.2. Electrical operation system in field applications
The electrical operation system can be designed based on the parameters obtained from
laboratory tests and from the geotechnical investigation of the site. Typically, the electrode
poles consist of metallic rods or pipes installed vertically into the ground sometimes pre-
fabricated vertical drains may be installed at the cathode as the drainage channel. The
depth of the electrode insertion should be equal to the thickness of the soil layer to be
treated. The upper portion of the electrodes in contact with the ground surface crust or top
drainage layer should be electrically insulated using a dielectric coating to avoid short cir-
cuiting due to the presence of surface water (Lo et al., 1991).

The material, layout and spacing of electrodes and the applied voltage are of utmost
importance to a successful field application. Among the most commonly used conducting
metallic materials, the best results were reported using electrodes made of iron and copper
rather than aluminum (Sprute and Kelsh, 1980; Mohamedelhassan and Shang, 2001).
Electrodes made of carbon-coated steel rods and graphite have been used in laboratory
studies to prevent electrode corrosion (Lockhart and Stickland, 1984).

The typical spacing between anodes and cathodes reported in the literature ranged from
1 to 3 m (Casagrande, 1983; Lo et al., 1991). In general, an approximately uniform elec-
tric field gives the best results (Casagrande, 1983). To achieve an approximately uniform
electric field, the spacing between electrode rods of the same polarity should be much less
than spacing of the opposite polarity.

Power supply capacity can be estimated based on the soil’s electrical conductivity and
electrode layout. It has been found that a more dramatic voltage drop takes place at the
soil–electrode contacts at a higher applied voltage, which made the treatment less efficient
(Casagrande, 1983; Shang et al., 1996). It was also observed that the voltage drop at the
soil–electrode interface is affected by the electrode materials (Mohamedelhassan and Shang,
2001). Therefore, a lower voltage applied across smaller anode–cathode spacing is desirable
to generate the required electric field, and special attention should be made for the electrode
materials and configurations. However, the cost of electrodes and installation should also be
considered. The final design will be based on a balance of the cost of electrodes and elec-
trode installation as well as the treatment efficiency. For additional information, see Arman
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(1978), Broms (1979), Mitchell (1981, 1993), U.S. Navy (1983), Van Impe (1989),
Hausmann (1990) and Micic et al. (2003a,b).

Electrokinetic stabilization is a hybrid between electro-osmosis and chemical grouting.
The infusion of certain stabilization chemicals into silty and sandy soils is made more effi-
cient by the application of an electrical potential difference to the soil mass. The procedure
is more effective in silty soils that are otherwise difficult to grout ordinarily. Information
on this technique can be found in Broms (1979) and Mitchell (1981). More recently, elec-
trokinetic assisted chemical stabilization has been applied to offshore calcareous soils
(silts and sands) for stabilization of petroleum platforms (Mohamedelhassan and Shang,
2003; Shang et al., 2004a,b).

In this chapter, several well-documented field tests using electro-osmosis to stabilize
soft clay soils are reviewed. These cases have been established as the classic examples of
the applications of electro-osmotic stabilization.

2. CASE HISTORIES 

2.1. Stabilization of an excavation in Norwegian quick clay (Bjerrum et al., 1967)
The first well-documented case trial was carried out by Bjerrum et al. on a site located in
Ås, 30 km south of Oslo, Oslofjord, Norway. The soil on the site is a quick clay with sen-
sitivity of about 100. The soil properties are summarized in Table 2. Although the site is
located on a flat slope (1:8), the slope stability analysis indicated that the factor of safety
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Table 2. Geotechnical properties of the soft clay (modified from Bjerrum et al., 1967)

Parameter Unit Typical range

w, natural water content % 31
wp, plastic limit % 14
wL, liquid limit % 19
Ip, plastic index % 5
Clay content % 37
Activity index – 0.14
Salt concentration in pore water g/l 0.9
content of organic matter % 0.9
Gs, specific gravity – 2.75
γ, bulk unit weight kN/m3 19.0
su, average undrained shear kPa 8.83
strength – 0.14
su/p, shear strength ratio – ∼100
St, sensitivity – 0.40
Co, compression index m2/s
cv, coefficient of consolidation cm/s 0.5�10�7

k, hydraulic conductivity 2�10�8



was only 0.77, attributed to the nature of the quick clays. The construction of a sewage
treatment plant required an excavation to a depth of 4.5 m. However, a factor of safety 1.3
against bottom heave failure would allow the excavation to only a depth of 2.3 m.
Removing the top soil surrounding the excavation was not possible because of a railway
nearby. Therefore electro-osmotic stabilization was selected to stabilize the excavation. 

The electrode installation and the instrumentation on the site are shown in Figure 2.
Reinforcing steel bars, 19 mm diameter and 10 m long, were used as electrodes. Anode
rows alternated with cathode rows covered the area of 200 m2. The embedded depth of
electrodes were 9.6 m with 2 m spacing between anode–cathode rows and 0.6–0.65 m
apart in the same row. It was recognized that during electro-osmotic treatment, the shear
strength increases at the anode and decreases at the cathode in the early stage of the treat-
ment. Therefore, to prevent the slope failure, the electrode rows were installed in the direc-
tion of the maximum inclination of the slope. The stability of the slope was improved by
10% by unloading the upper soil in the vicinity of the railway during the treatment.

The electrode installation was finished on April 13, 1964. Then the power was applied
on April 14. The settlement rate was about 8 mm per day. The flow rate of water on day 4
and day 7 was 1.7 and 1.5 m3 per day, respectively. The flow rate decreased with time. On
day 51, because of short circuit between rows 1 and 2, row 1 was disconnected. The polar-
ity was reversed to investigate the effect of polarity reversal between days 51 and 58. The
settlement rate decreased from 4.5 mm per day just before the short circuit to 2.4 mm per
day. Due to a decrease in the settlement rate, the polarity was reversed back to the original
arrangement at day 58. During the first 18 days, the current was set to be 210 A. After day
18, the current was increased to 350 A. Attempts were made to maintain this level of cur-
rent, but the electric resistance of soil surrounding anodes increased. On day 8, the poten-
tial drop at the anode was 10 V from the applied voltage of 40 V. This indicated that only
75% of the applied voltage was effective. On day 80, only 50% of the applied voltage was
effective. The treatment lasted for 120 days. The measured settlements are shown in Figure
3. There was no settlement occurred outside the treated area. A long crack was found along
the western boundary. The change in water content in soft clay was backcalculated from
the consolidation of soft clay. 

The total energy consumption was 30,000 kWh or 17 kWh/m3 of clay. After treatment,
cathodes were removed easily, while developed adhesion prevented removing the anodes. The
total corrosion of steel bar anodes was 740 kg from the original weight of 1990 kg; in other
words, 37% of steel anodes was corroded, or 2.25 kg/m3 of iron was used for stabilizing the
clay. As the water moves from the anodes to the cathodes, the negative pore pressure occurs
in the vicinity of the anodes and excess (positive) pore pressure occurs in the vicinity of the
cathode. With the hydraulic conductivity of 2 � 10�8 cm/s, and applied voltage of 40 V, theo-
retically a difference of pore pressure would be 32 atm. However, in reality, the pressure at the
cathode would not exceed the overburden pressure. In addition, the suction pressure at the
anode would not exceed 1 atm because of gas generated by the electro-osmotic process. 
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It was noted that when the polarity was reversed on day 58, the negative pore pressure sud-
denly changed to positive pressures, and vice versa. The pore pressure at the cathode and the
anode remained positive and negative, respectively until the power was shutdown. After 103
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Figure 2. Plan and cross-section of the electrode installation (modified from Bjerrum et al., 1967).



days of treatment, the vane shear strength increased from about 8 to 15–20 kPa down to a depth
of 6–8 m. No significant change in shear strength was found below this depth. During excava-
tion, many soil samples at a depth of 4.5 m were taken. The results of measurements are illus-
trated in Figure 4. The variation of undrained shear strength is shown in Figure 4(a). The shear
strength before treatment was 8.8 kPa. After the treatment, the shear strength increased to 108
kPa at the anode. The shear strength was 39 kPa at the halfway between the electrodes. No
increase in shear strength at the cathode. The average shear strength was 37 kPa. The remolded
shear strength is shown in Figure 4(b), the sensitivity reduced from exceeding 100 to a value of
about 2 – 4. The average initial water content was 31.0%. After the stabilization, the water con-
tents reduced 7% at the anode. The average reduction of water content was 3.8% approximately
the same as the designed value of 3.4%. The liquid limits and plastic limits are shown in Figure
4(c). At the anode, the liquid limit increased up to 30% from the original value of 21%. The plas-
tic limit was insignificantly changed. An increase in the liquid limit attributed to acidity at the
anode, i.e., pH � 5.8–6.3. Where pH of clay at the cathode was 7.7, the increase in the liquid
limit was negligible at this area. It was believed that the acid conditions led to the formation of
proton-saturated clay which is unstable and changes to an aluminum-saturated clay. The origi-
nal untreated clay was considered a sodium–calcium clay of illitic–chloritic character and its
conversion to an aluminium clay would regularly lead to a higher plasticity. In addition, iron ions
dissolved from the anode led to formation of iron-saturated clay yielding the same effects on
plasticity. The increase in the liquid limit was an important factor to the increase in shear
strength. That is, an increase in the liquid limit reduces the liquidity index. The soil becomes
stiffer and has higher shear strength. Further study indicated that the preconsolidation pressure
increased. The original preconsolidation at a depth of 4.5 m was 78 kPa, while the preconsoli-
dation pressure at the halfway between the electrodes was increased to 343 kPa. 

2.2. Electro-osmotic stabilization of West Branch Dam (Fetzer, 1967)
West Branch Dam is a compacted earth dam located on Mahoning River in Northeastern
Ohio, USA. The dam is 3000 m long and 24 m high. The concrete outlet conduit is located

974 Chapter 34

Figure 3. Final settlement profile (Bjerrum et al., 1967).
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at the middle of the dam. The conduit is 3.5 m � 7.0 m. Each joint was connected by a
concrete collar. The project site is covered with glacial deposits with 25-m-thick gray clay.
The clay layer is interspersed by gray silt and silty sand with the bedrock of sand stone at
a depth beyond 32 m. Table 3 summarizes the soil properties. 

The construction of the dam commenced in May 1963. The fill at the central part was
rapidly constructed. While the fill was raised from El 999 ft (El 305 m) to El 1007 ft (El
307 m), the separation of the conduit joint was detected at the dam axis due to settlement.
The fill placement was ceased. Cracks occurred in the central body of the dam with a max-
imum opening of about 2.5 cm. A severe dip of the conduit, the maximum opening in the
joint was 22 cm. Three joints near the axis were broken. On November 14, the fill of 4 m
was removed to stop the settlement and separation of the joints. 

Soil strength and pore water pressures were investigated. Piezometers were installed in
the clay layer underlying the dam, and silty sand underlying the clay layer. It was found
that 1 year after the construction stopped, the excess pore pressures underneath the dam
was still not completely dissipated because of the low-hydraulic conductivity of the clay
layer. The undrained shear strength of the soil was as low as 0.2 tsf (19 kPa) and the fac-
tor of safety of the slope was merely 1.0 it would have been impossible to raise the dam to
the design height as the safety factor would have been 0.62. Remediation measures, such
as berms and sand drains, were considered. However, preliminary analyses indicated that
the berms would be excessively wide and block the entrance and outlet channels. The 30-
cm-diameter sand drains with spacing 1.5 m were considered as well. However, installing
sand drains would cause temporarily instability of the foundation. Eventually, electro-
osmotic stabilization was selected to stabilize the dam as the best approach. 

The feasibility of electro-osmotic stabilization was investigated by L. Casagrande of
Harvard University. The electro-osmotic conductivity, ke, ranged from 3.0 � 10�5 to 6.2 �
10�5 cm/s computed on the basis of 1 V/cm. He concluded that the dam foundation can be
stabilized by electro-osmotic process. The electrodes layout consisted of three strips of
anodes and cathodes over a 230 � 300 m area. An 8-row strip at 6 m spacing was installed
along the dam axis and a 6-row strip at 6 m spacing was installed at the outside edge of each
berm. Total 660 anodes and 320 cathodes were installed. The anodes were made of 6.5-cm-
diameter double extra-strength black steel pipes with a plug in the tip. Steel railroad rails
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Table 3. Geotechnical properties of the soft silty clay (modified from Fetzer, 1967)

Parameter Unit Typical range

w, natural water content % 21–40
wL, liquid limit % 32–40
Ip, plastic index % 9–28
su, undrained shear strength kPa 21–54
γd, dry unit weight kN/m3 14.5–15.1



were used in the vicinity of the conduit. Each cathode consists of an electrode and a pump-
ing system placed in a 35.5 cm diameter. The cathode electrodes consisted of a 5-cm-diam-
eter steel pipe. The schematic section of the installation is shown in Figure 5. The anodes
and cathodes were installed through 40-cm-diameter drilled holes. To reduce the artesian
pressure in the lower sand layer, the cathodes on the berms were installed into the sand
layer. Before the dam was impounded, the upstream cathodes were sealed. The downstream
cathodes were left opened to relieve artesian pressure in the lower silty sand. 

Initially, the power generators were installed on the upstream berm. Unfortunately, the
vibrations from the generators significantly increased the excess pore pressure underneath
the dam. Therefore they were moved downstream. There were two 300 kW, ten 200 kW
and two 90 kW generators used in the operation with capacities of 11,000 A at 150 V, 2500
A at 140 V and 950 A at 60 V, respectively. Since the power was insufficient to supply 150
V to all electrode strips as recommended by L. Casagrande, the treatment was imple-
mented in several steps. On August 10, 1965, power was applied to the crest strip near the
outlet conduit to relieve pore pressure in this area. On September 18, continuous power
with 50 – 70 V was applied to the downstream strip. After the pore pressure underneath
the downstream berm decreased, the power was moved to the crest and upstream strips.
The treatment at the crest strip was completed in May 1966. The embankment was raised
to the designed crest (El 1012 ft or El 308 m) during June to August, 1966. 

The changes of piezometric levels at El 890 ft (El 271 m) are shown in Figure 6.
Significant reduction in piezometic levels took place during electro-osmotic process. On
the upstream berm, the piezometric levels within the strip reduced as much as 6.0 m in a
month when 100 V was applied. On the crest strip, the piezometric level dropped with an
average of 2.0 m per month. The voltage in the vicinity of piezometer 3-DC ranged from
40 to 56 V. On February 13, 1966, the voltage was increased to 150 V inducing the rise in
the piezometric level in the vicinity of the cathodes in March 1966. It was found that the
pore pressures were very low and very high in the vicinity of the anodes and cathodes,
respectively. From April 30 to May 9, 1966, all power and pumping were stopped, the
recovery of piezometric levels was relatively low. During the period of June 1 – August 5,
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1966, the embankment was raised from El 995 ft (El 303) to El 1012 ft (El 308). The pore
pressure increased slightly. 

After removing the 4-m-thick fill in November 1964, the average rate of settlement was
20 mm per month. During the electro-osmotic stabilization, the average settlement rate
was 43 mm per month, then decreased to 18 mm per month. This indicated that the treat-
ment accelerated the consolidation of foundation. After the construction was completed,
the stability analysis was performed. A factor of safety 1.16 was achieved from the total-
stress analysis. For effective stress analysis, assuming the friction angle of 18°, the factor
of safety was computed as 1.56.

2.3. Slope stabilization by electro-osmosis (Wade, 1976)
The Kootenay Canal hydroelectric project is situated on the Kootenay River in southern
British Columbia, Canada. The project consists of a gated canal intake structure near Corra
Linn Dam, a 4.8 km partially lined canal, a forebay and four steel surface penstocks head-
ing to the powerhouse with four 125 MW units. The net head at full operation is about 75
m. The deposit thickness varied from 16 m in the forebay area to 33 m in the penstock area.
This deposit consisted of silt and clayey silt with interbeds of fine sand with a thickness
up to 2 m. Generally the water table was at around mid-depth of the soil layer, with
perched water in some locations. The most problematic soil was a layer of loose, sensitive
silt just above the bedrock throughout the forebay–penstock area. This silt was flat bedded
with the thickness varying from 2 to 12 m. Properties of the sensitive silt are summarized
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in Table 4. In unconsolidated undrained triaxial tests, some samples were so soft that they
slumped by themselves. The slope stability analysis of the penstock area indicated that the
slope had to be excavated to 3.5:1 (horizontal: vertical) to attain a unit factor of safety.
Therefore, it was decided to apply electro-osmosis to increase the shear strength and to
reduce the soil water content. 

The sequence of electrode installation is shown in Figure 7. The layout of the treatment
consisted of five double rows of electrodes installed along the penstock slope and two dou-
ble rows on the forebay slope. Each double row consisted of a single row of anodes and a
single row of cathodes at 3 m spacing. The anode rows were installed closer to the surface
slope in order to induce seepage force towards the slope. Five-cm-diameter steel pipe was
used for the electrodes. A 30.5 cm casing was installed at the cathode with water jets. An
eductor pipe (pumping pipe) and a perforated were placed in the casing. The hole was
filled with sand. The groundwater was pumped out from the cathode. The electro-osmotic
treatment was carried out in steps prior to excavation. The electrodes were installed at the
first bench and the power was applied for 7 days. Then the soil was excavated to the level
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Table 4. Geotechnical properties of the sensitive silt (modified from Wade, 1976)

Parameter Unit Typical range

w, natural moisture content % 30–40
wL, liquid limit % 26–35
wp, plastic limit % NP–28
Clay content % 0–27
γd, dry unit weight kN/m3 12.8–15.2
Coefficient of permeability cm/s 10.6–10.7
Compression index — 0.16–0.33
φ�, effective angle of internal friction degrees 27–32
c�, effective cohesion kPa 0
su/pc, shear strength ratio — 0.29
Calcium carbonate content % 10–13

Figure 7. Sequence of excavation (Wade, 1976).



of the second bench to install the electrodes and pumping wells. The power was applied
for another 7 days before the excavation was proceeded to the next level. The sequence was
continued to the bottom of the slope. 

The treatment was carried out over a 9-month period, from September 1972 to the end
of May 1973. The volume of silt treated was approximately 0.4 million m3 with the power
consumption of 2.67 � 106 kWh. Significant drops in piezometric level were observed in
all piezometers within 3 days after the voltage was applied. After 2 weeks of the treatment,
the water table was within 3 m above the bedrock and remained that level ever since. The
discharge rate of extracted water was 270 l/min in the first few weeks of treatment to about
45 l/min before the power was shut down. The average discharge was 70 l/min with the total
volume of water of 27,000 m3. No significant slope movement was registered by markers
installed on the ground surface. To assess the efficiency of the electro-osmotic treatment,
borehole samples were taken and two deep trenches were excavated. The trenches did not
deform during 3–4 weeks after the excavation. Blasting rock in the powerhouse area caused
vibration in silt. During blasting operation, the ground motion was measured by using a
portable seismograph. The most particle velocities registered was in the range of 5 cm/s,
with the maximum value about 9 cm/s and a peak acceleration of 2.8 g. No movement of
the trench walls was observed during this period, indicating that the electro-osmotic treat-
ment played an important role in improving the soil shear strength. 

Because of operational and equipment problems, the applied voltage varied from about
95 to 175 V during the treatment. The average voltage was 120 V over 9 months. The volt-
age variations are illustrated in Figure 8. The significant voltage drop was found at the
electrodes, caused by the high electrical resistance due to excessive drying and base
exchange effects. After the slope was cut and covered by rock fill, seepage of groundwa-
ter was measured at the toe of the slope. The maximum flow was about 23 l/min occurring
during spring. Consolidated-undrained (CU) triaxial tests were carried out on specimens
taken from the test trenches. The results showed that the residual friction angle of the silt
increased from 27–32 to 35° after treatment.

2.4. Electro-osmosis applied to an unstable embankment (Chappell and Burton, 1975)
A dock with a capacity of handling a 400,000-ton dead weight vessel was constructed in
Singapore. The dock is located partly offshore behind a large cellular cofferdam. A 60-m
long and 8-m high embankment was constructed on the shore area, which was filled by
pouring silt dredged from the seabed into the water. Instability developed on the embank-
ment during dewatering the cofferdam, including large longitudinal cracks appeared on the
slope. Soil properties of subsoil are shown in Table 5. The instability was mainly caused by
the silt slurry with low permeability (10�4–10�5 cm/s). To stabilize the embankment, sheet
piles were installed through the crest to reduce seepage and through the toe to reduce the
movement of the embankment, as shown in Figure 9. However, both approaches could not
stop the movement. Therefore it was decided to implement electro-osmotic stabilization. 
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The power consumption was a main issue in the feasibility analysis of the electro-
osmotic treatment. It was under the impression that the power consumptions for the elec-
tro-osmotic treatment were relatively high. However, one should recognize that the power
consumption is related to the soil electrical conductivity. In South East Asia, the salt con-
tent in silts and clays is typically in the range of 3–5%, compared to no more than 1% as
reported in some cases in Europe and North America. Therefore, the power consumption
for soil in this region could be much lower due to higher electrical conductivity of soil.
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Table 5. Geotechnical properties of soft soil (modified from Chappell and Burton, 1975)

Material Undrained cohesion, Undrained friction Water content, Saturated unit 
cu (kPa) Angle, φu (deg) w (%) weight (kN/m3)

Fill
Before treatment 15.8 19 40 17.9
After treatment 48.0 14 36 18.4

Soft blue clay
Before treatment 4.8 — 72 16.5
After treatment 13.8 14 35 17.0

Grey/white clay
Before treatment 28.7 3 39 18.6
After treatment 38.3 7 20 19.5



Before treating the embankment, a trial field test was performed for the purpose of pre-
liminary study. It was estimated that a minimum dewatering rate of 140 l/day was suffi-
cient to dry out the silt and remove water seeping into the soil. Electrodes were spaced 3 m
apart. The depth of stabilization was 5 m (16.5 ft) to include the whole embankment and
part of the foundation. The applied voltage was 90 V. The electro-osmotic permeability, ke,
was measured as 0.5 � 10�4 cm/sV. An approximate flow of 180 l/day was obtained. In
the field test, 10-cm diameter holes were drilled to a depth of 5 m for the 2.5-cm diameter
anodes and cathodes made of reinforcing bars. The spacing between the electrodes was
3 m. A portable welding generator was used as a power supply to supply a voltage of 40 V
and a current of 25–30 A. The treatment was operated for 24 h, and water extraction rate
was 550 l/day. Because the flow rate was about four times higher than the design value,
the distance between the anode and the cathode was increased. 

After the efficiency of the electro-osmotic treatment was proved by the trial field test,
the electrode layout adopted a pattern of 4–6 anodes in a semicircle surrounding a central
cathode at a 12 m radius. The layout of the electrode arrangement is shown in Figure 10.
Four electrode groups were installed. Because of the limitation of the power supply, only
two groups could be operated at the same time. These pairs were alternately operated at
1-day intervals at the early stages. When the embankment movement was slower, the inter-
val was changed to 3 days. It was found that hydrogen gas emitted at the cathode brought
the extracted water to the surface, even though there was no sand drain or plastic pipe.
After 9 days of the electro-osmotic treatment, the movement of the embankment reduced
from up to 1 m/day to less than 1 cm/day. As tabulated in Table 5, the shear strength of
treated soil more than doubled and the water content significantly decreased. It was found
that the soil surrounding the anode was irreversibly hardened due to electrochemical
process. The power consumption was only 0.5 kWh/m3 of soil, which was relatively low. 
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2.5. First application of electro-osmosis to improve friction pile capacity (Soderman
and Milligan, 1961; Milligan, 1995)
Big Pic River Bridge is on the Trans-Canada Highway going round the north shore of Lake
Superior. This bridge consists of three-span steel truss, over 180 m in length. Valleys in this
area are overburdened by very thick silts and clays. The load of the bridge is supported by fric-
tion pile foundations. With artesian pressure in the soil, the shaft friction became insufficient
to achieve the design load. Soil properties of varved clay are summarized in Table 6. The top
layer was compact fluvial silty sand overlying 18-m-thick medium to stiff varved silty clay.
The varved clay consisted of 2 cm thick dark gray, brittle clay laminae and 1 cm thick light
gray, clayey silt laminae. The standard penetration resistance (N value) decreased with depth
from depths of 20 to 50 m. Artesian pressure was observed at a depth of 50 m. At a depth of
80 m, the pressure head rose up to 6 m above ground surface, and the N-value became zero. 

A friction pile foundation was selected because the thickness of the low strength and
highly compressible deposit was excessive. Before the embedded length was decided, test
piles with different lengths were tested. Steel H-section piles, 300 � 300 mm, were driven
to depths from 16.5 to 50.5 m, as shown in Figure 11. With the artesian pressure, the ulti-
mate load decreased with increasing pile length. The planned design load was 350 kN per
pile. The maximum ultimate loads obtained from the 16.5 m long pile was 360 kN, yield-
ing the allowable load of only a half of the design load. The piles were tested up to 400
days after driving. No significant increase in the ultimate capacity was observed in spite of
that 90% of excess pore pressure induced by driving the piles dissipated within 3 days.
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To achieve the design load, electro-osmotic stabilization was applied. A trial test was con-
ducted using two 16.5-m-long test piles. The piles were treated as anodes. The power was sup-
plied by using an electric welding machine. With a voltage of 115 V, the pile with an original
ultimate load of 260 kN had increased up to 500 kN after 3 h. Based on these results, the pile
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Table 6. Geotechnical properties of varved clay 

Parameter Unit Typical range

Thickness of bands
Light band (clayey silt) mm 12
Dark band (silty clay) mm 25
w, natural moisture content 
Light band % 22–25
Dark band % 40–60
wL, liquid limit 
Light band % 25–30
Dark band % 40–60
wp, plastic limit 
Light band % 20–25
Dark band % 20–25
su, undrained shear strength kN/m2 25–50

Figure 11. Soil profile at Big Pic River (Milligan, 1995).



group consisting of 16.5 m long pile with electro-osmotic treatment was selected. The design
load was changed to 135 kN per pile. The electrode arrangement is shown in Figure 12. The
H-piles were used as anodes. The average distance between the anodes and the cathodes was
7 m. The perimeter cathodes were 21 m long. The arrangement at the West Pier was similar to
that at the East Pier. Three diesel generators with an output of 70–120 V and 600–1000 A per
unit were used. For the cathode, a steel pipe was put into a plastic pipe to prevent clogging by
calcium carbonate. The water was discharged through the plastic pipe without any pumping.
At first, it was intended to treat the pile group as a whole, but the power was insufficient.
Therefore the exterior piles were disconnected. The treatment period was 1060 h or 44 days.

The test results of Pile E-16 in the East Pier are shown in Figure 13. The ultimate load
increased from 300 kN prior to treatment to over 600 kN after 34 days of treatment. Bored
soil samples adjacent to the piles. No obvious trend in increase of shear strength and
decrease in water content were observed. Piezometers were installed adjacent to the piles
and the cathodes. The tips of piezometers were located at a depth of 50 m where the arte-
sian pressure was detected. The piezometric level at the piezometer adjacent to the piles
decreased to 9 m below the normal water level. However, this piezometric level was com-
pletely recovered 90 days after terminating treatment. The piezometric level at the cathode
was 2 m above the normal water level. Similarly the piezometric level was recovered 
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Figure 12. Electrode layout (Milligan, 1995).



100 days after stopping treatment. The settlement was measured at the pile cap. During
treatment, the settlement was 40 mm. The long-term performance of the piles was moni-
tored over a period of three decades, i.e., from 1960 to 1992. Pile load tests were carried out
on adjacent Pile G-5. The test results are illustrated in Figure 14. No reduction in ultimate
capacity over 31 years was detected, and the settlement was within acceptable limits. 

2.6. Field test of electro-osmotic strengthening of soft sensitive clay (Lo et al., 1991;
Lo and Ho, 1991)
A field test was carried out in July–August 1989 to assess the effectiveness of the electro-
osmotic stabilization on a soft sensitive clay in Ottawa Valley, Canada. The Champlain sea
clay in this region is well known for its high sensitivity (Quigley, 1980). Many landslides
have taken place in this area. The site was located at 21 km southeast of Ottawa, at the
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Figure 13. Pile load tests during electro-osmotic treatment (1959) (Milligan, 1995).



Gloucester test fill site at Canada Forces Station (CFS) in which a test embankment was
constructed in 1967. Soil properties are tabulated in Table 7. The in situ vane shear tests
and moisture content tests were performed before treatment. The average moisture content
was 80%. The liquidity index was obviously over unity. The remolded shear strength was
virtually zero, pronouncing very high sensitivity. The soft soil was treated from depths of
1.5 to 5.5 m where the vane shear strength was lower than 20 kPa. 

Electro-Osmotic Stabilization 987

Figure 14. Pile load tests after the electro-osmotic treatment (1961–1992) (Milligan, 1995).



The detail of electrodes is shown in Figure 15. A 60.3-mm-diameter copper pipe was
used as the electrode. The electrode was designed in the way that water could flow through
the electrode itself. Therefore, the pipe was perforated with cone-shaped steel shoe to ease
penetration. The top 1.22 m crust was considered relatively conductive. To prevent short
circuiting, the electrode was insulated at the top part, and to avoid short circuiting due to
rainfall and flood, the top 0.3 m was also insulated. No hole was drilled on the insulated
portion. The electrode was pushed into the soil by a drilling rig. During installing the elec-
trodes, remolded clay became slurry and filled the electrodes. Electrodes were cleaned by
flushing water. Instruments were installed to measure settlement, vane shear strength and
voltage distribution during treatment.

The layout of electrode installation is shown in Figure 16. Nine electrodes were
installed. Initially, row A and row C were anodic (positive), while row B was cathodic
(negative). The polarity was reversed mid-way during the treatment period. The installa-
tion was completed in 2 weeks. The treatment was started on July 24, 1989, and completed
on August 25, 1989, which lasted 32 days. The initial polarity lasted for 17 days, and then
the reversed polarity was maintained for 15 days. Initially, a voltage of 25 V was applied.
Due to an increase in electric resistance of soil, the current subsequently decreased. The
voltage was adjusted periodically to maintain the current of 40 A. About 50 min after 
treatment, water started to flow from the cathodes. Hydrogen gas bubbles were also
observed. Before treatment, the anode was filled with water, but no water was found dur-
ing the treatment.
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Table 7. Geotechnical properties of the soft clay (modified from Lo and Ho, 1991)

Parameter Unit Typical range

w, water content (%) % 65–90
wL, liquid limit (%) % 43–47
wp, plastic limit (%) % 21–25
St, sensitivity —
Above 3.5 m depth 20
Below 3.5 m depth ∼100
su, field vane strength kPa 17.6–19.7
Preconsolidation pressure kPa
At 2.5 m depth 48.5
At 4.5 m depth 53
Cation concentration in pore water mE/100 g soil
Sodium 4.87
Potassium 2.46
Calcium 0.50
Magnesium 0.38
Cation-exchange capacity mE/100 g soil 18–20
Salinity g/l 1.0–1.5
pH 8.4–8.8



The records of ground settlement are shown in Figure 17. The maximum settlement on
day 18 was 62 mm. At the cathode, a net heave before polarity reversal was 18 mm recorded
settlement gauge S4. The heave reduced to settlement after polarity reversal, which made
the settlement relatively uniform. Since the polarity was reversed on day 18, no significant
settlement appeared. At the end of treatment, the settlement was 38–68 mm, with an aver-
age settlement of 51 mm. The variations of shear strength at different locations are shown
in Figures 18 and 19. The shear strength increased significantly within 32 days. At halfway
between a pair of electrodes of 3.05 m spacing, the average shear strength was 50% and that
of 6.1 m spacing was 36%. Although previous applications were reported that the center of
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Figure 15. Electrode for electro-osmotic treatment (Lo et al., 1991).



the square grid was inactive for electro-osmotic treatment, this field test demonstrated that
with the improved design electrode the shear strength in the inactive zone can be efficiently
improved. It was found that at the centers of 3.05 and 6.1 m square grids, the average shear
strength increase of the soil after treatment to 24% and 23%, respectively. A rapid increase
in shear strength occurred in the 3.05 m electrode spacing with 16% increase on day 3.
Bjerrum et al. (1967) reported that the treatment of a soil mass was nonuniform and that no
shear strength increase in the vicinity of the cathode. However, as shown in Figure 18, the
polarity reversal improved uniformity of shear strength increase. When the polarity was
reversed, shear strength increased again as shown in Figure 19.

To investigate long-term effects, vane shear tests were performed 43 days and 10 months
after treatment. No reduction in shear strength was observed. The shear strength improve-
ment tended to be permanent. The shear strength profiles in this field test were different
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Figure 16. Electrode layout and instrumentation (Lo et al., 1991).
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Figure 18. Variation of average shear strength between electrodes along Section A-A (Lo et al., 1991).



from those reported by Bjerrum et al. (1967), who embedded the electrode down to 9.6 m,
but the shear strength of soil below a depth of 6 m was not improved. The gas at the lower
part could not be released to the atmosphere. The accumulation of gas diminished the effi-
ciency of the treatment. However, with perforated electrodes, this field test resulted in
increase in shear strength throughout the depths of electrodes. 

According to the record of voltage variation, the voltage drop in the vicinity of the
anode was high, while the voltage gradually dropped at halfway between electrodes. This
indicates that the power consumption in the vicinity of an anode is relatively high. The
total power consumption was 2136 kWh, about 1% of the total cost of the treatment proj-
ect. It is worth noting that no pumping of extracted water is required. This is advantageous
in terms of energy saving. Considering the increase in shear strength and the energy con-
sumption, this project was economical and efficient. 

To investigate the change in geotechnical properties, two boreholes were drilled and 127
mm diameter Osterberg tube samples were recovered after treatment down to a depth of 6 m.
The boreholes (EOS1 and EOS2) were on the halfway between electrodes of 3.05 and 6.1 m
spacing. The treatment was stopped on August 25, 1989. The samples were recovered in mid-
October or about 11/2 month of stopping treatment. The decrease in water content is quite
uniform with depth. The water content decreases about 10%. The change in sensitivity was
found between depths 3.5 and 5 m. It decreased from 100 to about 60. The change in shear
behavior of clay is illustrated in Figure 20. Cu triaxial tests with pore pressure measurement
were performed on soil samples between 3 and 4 depths. The effective stress failure envelopes
for low mean stress significantly expand due to an increase in preconsolidation pressure. At
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Figure 19. Percentage increase in average shear strength (Lo et al., 1991).



the higher mean stress, the failure envelopes of both pre- and post-treatment samples are
merged into a straight line. One-dimensional consolidation tests were conducted on the sam-
ples at depths of 2.5 and 4.5 m. The results of one-dimensional consolidation tests are shown
in Figure 21. After treatment, the void ratio was substantially reduced with an increase in pre-
consolidation pressure. At 2.5 m depth, the preconsolidation pressure increased up to 50%
and 30% for EOS1 and EOS2, respectively. At 4.5 m depth, the preconsolidation pressure
increased up to 85–70%, respectively. It was concluded that the improved shear strength by
electro-osmotic process is permanent due to increase in preconsolidation pressure. 

Some effects on physical and chemical properties were also investigated. It was found
that the liquid limits increased to an average of 50%, while the plastic limit was insignifi-
cantly change. Accordingly, the plastic index increased about 8%. The salinity of soil after
treatment increased from an initial value of 1.3–2.18 g/l or about 70% increase. The pH of
water expelled from the cathode was tested immediately in the field. The pH rapidly
increased in 1 day after starting treatment. The value increased with increasing applied
potential. After polarity reversal, the pH dropped to 7.5 and then gradually increased to
10.5 before stopping treatment. 

3. CONCLUSIONS

The case histories demonstrate that the electro-osmotic treatment is a vital stabilization
technique with cost effectiveness for soft silty clay and for soft clayey silt. This technique
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Figure 20. Variation of strength envelope before and after electro-osmotic treatment (Lo and Ho, 1991).



can be adopted to many geotechnical engineering applications on stabilization and
strengthening a dam, embankment, foundation and slope. The electro-osmotic process
induces change in physical and chemical properties of soil. The treatment extracts water
from soil and induces negative pore pressure, which results in consolidation settlement and
decrease in water content. The electrochemical reaction increases the liquid limit, pro-
duces cementation bonds and decreases sensitivity. The efficiency of treatment can be
improved by proper design of electrodes and by electrical polarity scheme. With proper
electrode design, the soil is strengthened throughout the entire depth of electrodes.

The most significant increase in shear strength occurs in the vicinity of anodes. With
polarity reversal, an increase in shear strength is more uniform across the electrodes. The
improvement of shear strength is permanent because of a significant increase in pre-
consolidation pressure and change in soil inherent properties. With further development,
the electro-osmotic stabilization should give significant contribution to geotechnical 
engineering.
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Figure 21. Typical consolidation curves before and after treatment (Lo and Ho, 1991).
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ABSTRACT

The usual applications of geosynthetics are related to the civil engineering and environ-
mental industries and are well established as providing filtration, separation, reinforce-
ment, and drainage and acting as barriers. In use conventional geosynthetic materials have
a passive role, e.g. barriers stop the passage of liquids; reinforcement provides tensile
resistance and drains provide a passage for water. New applications for geosynthetics can
be identified if the geosynthetic can provide an active role, initiating chemical or physical
change to the soil matrix in which it is installed as well as providing the established func-
tions. This can be achieved by creating electrically conducting geosynthetics and combin-
ing electrokinetic functions with established functions. The main electrokinetic functions
that can be used in geotechnical engineering are electrophoresis and electroosmosis, these
are little used at present mainly due to inherent problems associated with electrode corro-
sion. The new development of electrically conductive geosynthetics has overcome the
technical problems of applying electro-osmosis techniques to practical problems. As elec-
trokinetics are little understood the first part of the chapter explains the physics and the
parameters which influence the performance of electro-osmosis and describes the differ-
ent testing requirements needed for design. The design and construction of a full-scale
reinforced fill wall built using fill in the form of a slurry is covered in detail. This illus-
trates the benefits that can be gained using electrically conductive geosynthetics. Finally,
a number of different applications of electrically conductive geosynthetics are described.

1. INTRODUCTION

The main applications of geosynthetics are primarily related to the civil engineering and
environmental industries and are well established as providing filtration, separation, rein-
forcement, and drainage and acting as barriers. In use conventional geosynthetic materials
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have a passive role, e.g. barriers stop the passage of liquids; reinforcement provides ten-
sile resistance and drains provide a passage for water. New applications for geosynthetics
can be identified if the geosynthetic can provide an active role, initiating chemical or phys-
ical change to the soil matrix in which it is installed as well as providing the established
functions. This can be achieved by creating electrically conducting geosynthetics and com-
bining an electrical function with established functions.

Designing with these active geosynthetics involves an understanding of electrokinetic
phenomena and consideration of soil properties not usually considered in design. This
chapter identifies these and illustrates their relevance as well as providing details of case
histories of the use of electrically conductive geosynthetics.

2. ELECTROKINETIC PHENOMENA IN SOILS

Electrokinetic phenomena, as they occur within soils, may be defined in terms of five cat-
egories (Figure 1). Each is either related to the movement of charged particles in a fluid
medium under the action of an applied potential difference, induces a potential difference,
or causes the movement of fluid within a matrix of charged particles which induces a
potential difference within the system. The five categories are defined as follows:

Streaming potential – An electrical potential difference induced by fluid flow in a
charged soil particle matrix.

The application of a hydraulic gradient in a clay soil causes the double-layer charges to
be displaced in the direction of flow. This displacement results in a deficit of positive
charges in the region where the water flow enters the soil element and an increasing excess
of positive charges as the soil element is passed through. The overall effect of this charge
displacement is the generation of an electrical potential difference over the soil element,
which is proportional to the hydraulic flow rate. Streaming potentials of several tens of
millivolts have been measured in clays (Mitchell, 1991, 1993).

Migration/sedimentation potential – An electrical potential difference induced by
movement of charged soil particles in a fluid medium.

The movement of charged particles, such as clay, during sedimentation of clay particles
in a water suspension generates an electrical potential difference caused by the viscous
drag of the solution that retards the movement of the diffuse double-layer cations relative
to the charged particles themselves.

Electromigration/ion migration – An applied electrical potential difference induces ion
migration within the fluid phase of a charged soil particle matrix.

Ions are attracted to the electrode of opposite sign and repelled from the electrode of like
sign. The principal difference between ion migration and electrophoresis is that ion migra-
tion can take place within the pore fluid of a fixed soil matrix, whereas electrophoresis is
the passage of discrete (usually clay) particles within a fluid/particle suspension.
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Electrophoresis – An applied electrical potential difference induces movement of
charged soil particles within a fluid medium.

When a DC electric field is applied across a colloidal suspension, charged particles are
attracted electrostatically to one of the electrodes and repelled from the other. Negatively
charged clay particles move towards the anode (Figure 1). Electrophoretic mobilities
reported by Lageman et al. (1989) and van Olphen (1977) are in the ranges
1�10�10–3�10�10 and 1�10�8 to 3�10�8 m2/Vs, respectively. However, Esrig (1968)
reported that the process is inconsequential for most naturally occurring soils.
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Electro-osmosis – An applied electrical potential difference induces fluid flow in a
charged soil particle matrix.

When a DC electrical potential difference is applied across a wet soil mass ion migra-
tion occurs. As the ions migrate they drag with them their water of hydration and also exert
a viscous drag on the water around them. The flow is initiated in a diffuse double layer,
where there are significantly more cations than anions due to the proximity of the nega-
tively charged clay surface. Figure 2 shows the development of the electro-osmotic flow
with time induced in the double layer.

Electro-osmosis is the electrokinetic phenomenon most applicable to the improvement
of soft soils in civil engineering applications.

3. ELECTRO-OSMOSIS

Several theories have been developed to explain electro-osmotic transport of water in
clay soils. Of these, the Helmholtz–Smoluchowski theory is one of the earliest and the
most widely used (Mitchell, 1993).

It is based on an electrical condenser analogy that assumes that the soil capillaries have
charges of one sign on or near the surface of the wall and countercharges concentrated in a
layer in the liquid a small distance from the wall (Figure 3). The mobile shell of counteri-
ons is assumed to drag water through the capillary by plug flow, resulting in a high-velocity
gradient between the two plates of the condenser. The balance between the electrical force
causing water movement and friction between the liquid and the wall controls the rate of
water flow.
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If v is the flow velocity and δ the distance between the wall and the centre of the plane
of mobile charges, then the velocity gradient between the wall and the centre of the posi-
tive charges is v/δ; thus, the drag force per unit area is η dv/dx � ηv/δ where η is the vis-
cosity. The force per unit area from the electric field is σ∆E/∆L, where σ is the surface
charge density and ∆E/∆L is the electrical potential gradient. At equilibrium,

η � σ (1)

or

σδ � ηv (2)

From electrostatics, the potential gradient ζ across a condenser is given by

ζ � (3)

where D is the relative permittivity or dielectric constant of the pore fluid. Substitution of
σ and δ into Eq. (3) gives

v � � � (4)

The potential ζ is the zeta potential, which is not equal to the surface potential of the dou-
ble layer. For a single capillary of area a the flow rate is

qa � va � a (5)
∆E
�∆L

ζ D
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and for a group of N capillaries within total cross-sectional area A normal to the flow direc-
tion,

qA � Nqa � Na (6)

If the porosity is n, then the cross-sectional area of the voids is nA, which must equal Na.
Thus,

qA � n A (7)

By analogy with Darcy’s law this may be re-written as

qA � keieA (8)

In which,

ie � (electrical potential gradient (V/m)) (9)

ke � n (coefficient of electro-osmotic permeability) (10)

This is the equation that describes the flow of water under an electrical potential gradient.

3.1. Electro-osmotic permeability
Unlike hydraulic permeability ke is relatively independent of pore size (Table 1).

Casagrande (1952) suggested that for most practical applications a value for ke � 5�10�5

cm2/s V can be accepted. Therefore, it can be seen that electro-osmosis can be effective for
water movement in fine-grained soils compared to water flow under hydraulic gradients
(Mitchell, 1993). This is demonstrated in Figure 4, which shows the hydraulic permeabil-
ity of a range of typically encountered soils, compared to electro-osmotic permeability for
the same soils.

3.2. Electro-osmotic efficiency
The efficiency of electro-osmosis relates to the quantity of water moved per unit charge
passed (Grey and Mitchell, 1967). According to Mitchell (1993) this factor may vary by
several orders of magnitude depending upon the soil type.

The efficiency of electro-osmosis depends upon the electrical conductivity of the soil
mass. The electrical conductivity is in turn controlled by the water content, the cation

ζ D
�η

∆V
�∆L

∆E
�∆L
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�η

∆E
�∆L
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�η
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Table 1. Coefficients of electro-osmotic permeability and other parameters (after Mitchell, 1993; Wrigley, 1999)

No. Material Water content ke �� 10��5 Conductivity σ Approximate kh ki water per unit Reference
(%) (cm2/s V) (S/m) (cm/s) charge (m3/s/A)

1 London clay 52.3 5.8 N/A 10�8 N/A Casagrande (1952)
2 Boston blue clay 50.8 5.1 N/A 10�8 N/A Casagrande (1952)
3 Kaolin 67.7 5.7 N/A 10�7 N/A Casagrande (1952)
4 Clayey silt 31.7 5.0 N/A 10�6 N/A Casagrande (1952)
5 Rock flour 27.2 4.5 N/A 10�7 N/A Casagrande (1952)
6 Na-Montmorillonite 170 2.0 N/A 10�9 N/A Casagrande (1952)
7 Na-Montmorillonite 2000 12.0 N/A 10�8 N/A Casagrande (1952)
8 Mica powder 49.7 6.9 N/A 10�5 N/A Casagrande (1952)
9 Fine sand 26.0 4.1 N/A 10�4 N/A Casagrande (1952)

10 Quartz powder 23.5 4.3 N/A 10�4 N/A Casagrande (1952)
11 Ås quick clay 31.0 2.0 N/A 2.0�10�8 N/A Bjerrum et al. (1967)
12 Bootlegger Cove clay 30.0 2.4�5.0 0.02 2.0�10�8 1�10�7 Long and George (1967)
13 Silty clay, West 32.0 3.0�6.0 0.25 1.2�10�8 – 6.5�10�8 9.6�10�9 – 2�10�8 Fetzer (1967)

Branch Dam
14 Clayey silt, Little 26.0 1.5 2�10�5 Casagrande et al. (1961)

Pic River, Ontario
15 Decomposed Granite, N/A 30 0.17 10�4–10�5 1.8�10�7 Chappell and Burton (1975)

Silty Clay
16a Silty Clay 23 5.0 0.08 – 0.12 0.5–8�10�5 6.3 – 4.2�10�9 Chen and Murdoch (1997)
16b Silty Clay 10 9.0 0.02 1�10�5 4.5�10�8 Chen and Murdoch (1997)
17 Marine Silty Clay 37 6 -9 0.024 – 0.033 10�7 1.8–3.8�10�7 Eggestad and Føyn (1983)



exchange capacity (cec), and the free electrolyte concentration of the pore fluid, as indi-
cated by Grey and Mitchell (1967) and validated by Lockheart (1983). The mineralogy of
the soil itself also has a major implication upon the soil conductivity.

3.3. Energy requirements
The quantity of water moved per unit charge passed (l/h/A or mol/F) is a measure of the
viability of using electro-osmosis on a particular site. If this quantity is expressed as ki then

q � ki I (11)

where ki can vary over a wide range. The power consumption is defined by

P � ∆EI � (12)

where ∆E is in volts and I in amps.
The power consumption per unit volume of flow is

� � 10�3 kWh (13)

The influence of the various soil parameters on the efficiency of electro-osmosis is shown
in Figure 5.
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Figure 4. Electro-osmotic permeability versus hydraulic permeability (after Electrokinetic Ltd.).



3.4. Relationship between Ke and Ki

The electro-osmotic flow rate is given by

qh � kiI � ke A (14)

However, ∆E/I is resistance and (∆L/resistance*A) is specific conductivity (σ), hence

ki � (15)

where ke is the Electro-osmotic permeability (cm/s/V/cm); ki is the Electro-osmotic effi-
ciency (gall/A/h); σ is the Specific conductivity (S/m); and C is the constant (1.0 using
stated units).

This equation is useful in that ke varies within narrow limits as shown in Table 1. Hence,
the electro-osmotic efficiency measured by ki is dependant upon the electrical specific con-
ductivity of the soil (σ).

3.5. Applied voltage
Electro-osmosis may be carried out by applying constant current or constant voltage.
During treatment the resistivity of the soil changes due to electrochemical changes and
desiccation. When a constant voltage is applied, the magnitude of the current decreases
corresponding to the increase in the resistance of the soil mass being treated. Similarly, if
a constant current is applied, the corresponding applied voltage will increase. Hamir
(1997) carried out a series of basic tests to assess the difference between constant voltage

cke
�σ

∆E
�∆L
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and constant current tests. The findings of his investigation were that, in terms of the prop-
erties of the treated soil, no distinction between the two methods could be found.

Polarity reversal (the reversal of electrodes or current direction) has a marked effect on
the effectiveness of dewatering in producing more uniform conditions. In addition, current
intermittence has been shown to increase the efficiency of electro-osmotic dewatering. The
principles of the improvement is quantitatively interpreted in terms of the depolarisation
of the double layer associated with current intermittence. It has been shown that electro-
osmotic strengthening of marine sediments is enhanced by the use of current intermittence
with optimum conditions being obtained with intermittence intervals as 2 min on and 1 off,
Mohamedelhassan and Shang (2001). Another benefit is the reduction in anode corrosion
(Micic et al., 2001).

For certain applications it should be remembered that the generation of negative pore
water pressure is the principle operator in the strengthening process, and negative pore
pressure is proportional to the applied voltage.

3.6. Pore water pressures
Esrig (1968) has presented solutions for the development of pore water pressures under an
applied electrical potential field. The solution is based upon the following assumptions:

● The soil is homogenous and in a fully saturated state.
● The physical and physiochemical properties of the soil are uniform throughout and are

constant with time.
● Electrophoresis of fine-grained soil particles does not occur.
● There is proportionality between the electrically induced velocity of water flow (v)

through the soil and the voltage gradient (V). The proportionality factor being the coef-
ficient of electro-osmotic permeability, i.e. the Helmholtz–Smoluchowski equation is
applicable:V � ke∂V/∂x

● All applied voltage is effective in moving water.
● The electric field produced throughout the soil mass is constant with time.
● No reactions occur at the electrodes (e.g. electrolysis).
● Fluid flows due to an electric field and due to a hydraulic gradient may be superim-

posed to find the total fluid flow.

Some of these assumptions are inherently incorrect:

● A natural material is very rarely, if ever, homogenous. 
● The resistivity of the soil undergoing electro-osmosis has been shown to vary, both

with position and time both due to desiccation and electrochemical changes. 
● Separation of the electrodes from the soil may also occur due to gas formation caused

by electrolysis.
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Hence, the physical and physiochemical properties of the soil vary with time, as does
the electric field. Electrolysis occurs during all electro-osmotic treatments.

The assumption that fluid flow caused by an electric field may be superimposed on the
flow caused by a hydraulic gradient is important. Grey and Mitchell (1967) demonstrated
the validity of the theory indirectly through the measurement of streaming potentials
resulting from hydraulic flows. Wan and Mitchell (1976) showed that the superposition of
pore water pressures generated by surcharge loading and electro-osmosis was valid.
Accepting the validity of superposition of electrical and hydraulically driven flows through
an incompressible soil mass and limiting consideration to 1-D flow gives

� � 0 (16)

where v is the velocity of flow due to the electrical potential gradient (∂V/∂x) (i.e.
Helmholtz – Smoluchowski) and Vh is the velocity of flow due to the hydraulic gradient
(i.e. Darcy’s equation).

Differentiation of Eq. (16) with respect to x and inserting Helmholtz – Smoluchowski
and Darcy’s equations gives

ke � � 0 (17)

Rearranging gives

� � 0 (18)

and substitution of the variable ξ, where

ξ � V � u (19)

gives

� 0 (20)

which is Laplace’s equation in a 1-D system. Integrating once gives

� C1 (21)
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and integrating again gives

ξ � xC1 � C2 (22)

where C1 and C2 are constants of integration, which are dependent upon the boundary
conditions. The possible drainage conditions that may exist at the electrodes, which gov-
ern these boundary conditions, are discussed in the following section.

3.7. Electrode drainage conditions and pore water pressures
The drainage conditions applied to either the anode or the cathode have one of the fol-

lowing two conditions (Figure 6):

Open: This condition exists when the electrode is open to the atmosphere, such that no
excess pore pressure can exist at the electrode, i.e. u�0. This condition will occur where
an electrically conductive geosynthetic (EKG) electrode is utilised with an external filter
in place, or where a more conventional metallic-type electrode is used together with an
associated drainage path, e.g. sand drain or hollow perforated electrode. An open electrode
may also be pumped, recharged or simply allowed to overflow.

Closed: This condition exists when the electrode is sealed such that no passage of gas
or fluid can take place along the length of the electrode.

From Figure 6 it will be seen that the configurations used for consolidation/dewatering
in practice are:

● Open anode not recharged – open cathode with overflow.
● Closed anode – open cathode with overflow.
● Closed anode – open cathode pumped.

3.8. Electrolysis effects associated with electro-osmosis
During electro-osmotic treatment of a soil mass the whole system acts as an electrochem-
ical cell in which cations migrate to the cathode and anions migrate to the anode.
Reduction reactions take place at the cathode, with the principal reaction being the reduc-
tion of water into hydrogen gas. At the anode there is the possibility of two distinct oxi-
dation reactions, the oxidation of the anode material itself into its oxide or the oxidation
of H2O to yield O2. Hence, the anode will degrade, with the rate of degradation being
dependent upon the material from which the anode is manufactured. It is the degradation
of the anode that has caused the most problems with the application of electro-osmotic
treatment on an industrial scale. Corrosion of the anode is accompanied by a build up of
corrosion products, which degrade the electrical efficiency of the process. The process is
also influenced by the production of gas at the electrodes, which must be vented for the
process to continue. A schematic of the movement of current and the electrolytic reactions
that may occur during electro-osmotic treatment are given in Figure 7.
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(i) 2H2O � O2 � 4e�→ 4OH� or 2H� � 2e → H2

(ii) Iron anode: Fe � H2O → FeO � 2H� � 2e�

or 2H2O → O2 � 4H� � 4e�

Copper anode: Cu� H2O → CuO � 2H� � 2e�

or 2H2O → O2 � 4H� � 4e�

Carbon anode: C � 2H2O → CO2 � 4H� � 4e�
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The liberation of hydrogen ions at the anode causes a reduction in pH and an increase
in hydroxide ions at the cathode causes an increase in pH. If these ions are not removed or
neutralised from the anode and cathode, electromigration/ion migration will occur with
hydrogen ions moving towards the cathode (acid front) and hydroxide ions moving
towards the anode (base front). The advance of acid and base fronts is governed by ion
migration as well as electro-osmotic flow, diffusion, and the buffering capacity of the soil
medium. Owing to a higher ratio of charge to ionic size H� ions move more rapidly than
OH� ions during electromigration. Additionally, electro-osmotic flow occurs in the same
direction as H� migration, but it opposes the direction of OH� migration. As a conse-
quence, the acid front from the anode moves faster than the base front from the cathode,
so that acidic conditions prevail throughout most of the soil mass.

3.9. Evolution of active geosynthetics
The problems relating to the degradation of the electrodes can be overcome by forming
them of materials not susceptible to corrosion and also providing inbuilt drainage facilities
for the gases produced and the water collecting at the cathode. This can be achieved by
using electrically conducting geosynthetic materials to form the electrodes. The resultant
materials differ from conventional geosynthetics in that they are active in the sense that
they cause change in soils rather than acting in a passive manner as is the case with con-
ventional materials Jones et al., (2005).
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Jones et al. (1996) introduced the concept of electrically conductive geosynthetic
(EKG) materials defining them as a range of geosynthetics, which, in addition to provid-
ing filtration, drainage, and reinforcement can be enhanced by electrokinetic techniques
for the transport of water and chemical species within fine-grained low permeability soils,
which are otherwise difficult or impossible to deal with. In addition transivity, sorption,
wicking and hydrophobic tendencies may also be incorporated in the geosynthetic to
enhance other properties. The EKG can take the form of a single material which is elec-
trically conductive, or a composite material, in which at least one element is electrically
conductive. They can be of the same basic form as present day filter, drainage, separator
and reinforcement materials, but offer sufficient electrical conduction to allow the appli-
cation of electrokinetic techniques.

Jones et al. (1996) undertook a series of laboratory studies to evaluate the use of con-
ductive geotextiles as electrodes in electro-osmotic consolidation and reinforced soil. The
types of geosynthetics used included needle-punched geotextiles with a 1-mm-diameter
copper wire inserted into the geotextile to make it electrically conductive, conductive fibre
(carbon) needle-punched material and modified polyester-reinforcing tape. The latter was
made electrically conductive by the addition of a metal stringer aligned parallel to the
polyester-reinforcing elements. The results of the tests were favourable and indicated that
the EKG behaved as well as a conventional copper electrode.

In the reinforced soil tests the EKG electrode was used as an anode, with the cathode
formed from a needle-punched EKG. The results of pullout tests showed an increase in
reinforcement bond of up to 211% and increases in shear strength of up to 200% compared
to the values obtained when the geosynthetics were not electrically conductive (Hamir,
1997). Nettleton et al. (1998) continued the work presented by Jones et al. (1996) and sug-
gested that a band drain-type electrode would be the most suitable configuration to fulfil
all of the electrode requirements associated with consolidation, bioremediation and mois-
ture control in embankments.

3.10. Development of soil acceptability criteria for electrokinetic treatment
Acceptability criteria for soils have been developed based upon standard and non-standard
soil mechanics tests. The basis for advancing these criteria is to permit a relatively rapid
assessment of the suitability of a soil for treatment by electro-osmosis based upon standard
soil mechanics laboratory tests. This does not mean that electro-osmosis specific tests are
not required in order to predict the performance of a particular site installation, but, it per-
mits an informed decision to be made at an early stage as to whether to proceed with the
more advanced, and expensive, specialised testing.

3.10.1. General classification tests. The liquid and plastic limits of a soil define the
range within which a cohesive soil behaves in a plastic state (Figure 8).
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The value of the Atterberg limits of a cohesive soil depends upon several factors,
including the quantity and type of clay mineral and type of absorbed cation. Typical val-
ues for the Atterberg limits for different clay mineral types are given in Table 2. It can be
seen that the different clay mineralogies have a direct bearing upon the values of the
Atterberg limits. It has also been shown that the electrical conductivity of a soil is influ-
enced, to some extent, by the surface charge density (A0) and is dependant upon the clay
mineralogy. Hence, the relationship between the Atterberg limits and the electrical con-
ductivity of the soil can be linked to soil mineralogy. In addition to the mineralogy, the
electrical conductivity of the soil in situ is partially governed by the electrical conductiv-
ity of the pore fluid and the water content (Figure 9).

Figure 9 demonstrates that the overall conductivity of the fluid soil mix is significant
as is the water content of the soil. The chemistry of the pore water, which is also reflected
in the exchangeable cations present within the clay minerals, influences the range of
results for the Atterberg limits presented in Table 2. The monovalent cations (e.g. Na�, K�)
give higher values of liquid and plastic limits, whereas the presence of divalent and triva-
lent cations (e.g. Mg2�, Fe2�, Al3�) give lower values. If the soil is tested repetitively the
exchangeable cations can be flushed from the clay, and a change in the Atterberg limits
takes place. Thus, for samples which are to be tested with a view to utilising the results for
prediction of the viability of electro-osmosis it is important that the tests are undertaken in
accordance with BS1377: Part 2 (BSI, 1990b) and not repetitively wetted and dried.

The validity of the correlation proposed for the acceptability of soils based upon the
Atterberg limits and conductivity is demonstrated in Figure 10. The results presented in
Figure 10 relate to a review of published electro-osmotic case studies where both the plas-
ticity indices and electrical conductivities have been given (Casagrande, 1952; Casagrande
et al., 1961; Bjerrum et al., 1967; Hamir, 1997; Pugh, 1999).

The delineation of acceptable electrical conductivities (σ) and, hence, plasticity indices
(PI) is based upon the limits proposed by Casagrande (1983) that an acceptable and eco-
nomic range for the electrical conductivity is 0.05 – 0.005 S/m. This range gives an asso-
ciated acceptable range of plasticity index in the range of 5–30%. This criterion is adopted
for the assessment of soils.
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Table 2. Atterberg limits and associated parameters for different clay minerals (after Lambe and Whitman,
1969; Mitchell, 1993)

Clay mineral type Liquid limit (%) Plastic limit (%) Activity Shrinkage limit (%)

Montmorill 100–900 50–100 8.5–1.5
onite 37–72 19–27
Nontronite 60–120 35–60 0.5–1.0 15–17
Illite 30–110 25–40 0.5 25–29
Kaolinite 50–70 47–60
Hydrated 33–55 30–45
Halloysite 160–230 100–120 0.5–1.2 7.6
Dehydrated 44–47 36–40
Halloysite 200–250 130–140
Attapulgite
Chlorite
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3.10.2. Chemical and electrochemical tests. The standard chemical and electrochem-
ical tests may be carried out in accordance with BS1377: Part 3 (BSI, 1990c) with the soil
samples being taken and prepared in accordance with BS1377: Part 1 (BSI, 1990a).

(a) Organic content. The presence of organic matter in a soil can have a significant
effect upon the cation exchange capacity, especially in high pH conditions and therefore
have an effect upon the electro-osmotic efficiency of the soil to treatment. Therefore, if the
soil may be described as an organic CLAY or SILT it is recommended that specific elec-
tro-osmotic testing be carried out to ascertain the soils suitability.

(b) Electrical resistivity. The electrical resistivity (ρ) of the soil may be determined in
accordance with BS1377: Part 3:1990 §10 (BSI, 1990c). The disc electrode method is the
most appropriate. Electrical resistivity may be related to conductivity (σ) by

σ � (23)

The range of acceptable and economic values of electrical conductivities (σ) has been
proposed by Casagrande (1983), who stated that values within the range of 0.05 – 0.005
S/m have been found to be acceptable. Values in excess of this range do not indicate that
the soil is not susceptible to treatment by electro-osmosis, but that the electro-osmosis
installation will draw a high current and may not be economic.

(c) Compressibility and permeability tests. The standard compressibility and perme-
ability tests may be carried out in accordance with BS 1377: Part 5 (BSI, 1990d). The
falling head permeability test, which is the most appropriate for fine-grained soils is not
covered by current British or ASTM Standards and the method given in Head (1982) is rec-
ommended.

(d) One-dimensional consolidation parameters. Electro-osmotic consolidation is nor-
mally two dimensional, in that the electric field and the flow of water/development of pore
water pressures are in the same direction, whereas the surface settlements induced are in
an orthogonal direction. BS1377: Part 5 (BSI 1990d) recommends that the soil specimen
should be orientated such that the soil will be loaded in the same direction relative to the
stratum as the applied stress in situ. Electro-osmotic consolidation via vertical drains/elec-
trodes is equivalent to consolidation using surcharging and vertical sand drains, in the
sense that the applied pressure and drainage occur in two dimensions, therefore, the coef-
ficients of radial drainage are appropriate (Johnson, 1970; Das, 1997).

(e) Shear strength-total stress. A review of the available literature for the range of cu for
soils that have been successfully treated indicates a range of 0.7 – 81 kPa, (Bjerrum et al.,
1967; Mitchell and Wan, 1977; Wan and Mitchell, 1976; Casagrande et al., 1981; Lo et al.,
1991; Milligan, 1994; Abiera et al., 1999). Comparison of the liquidity index criteria with
the undrained shear strength criteria using indicates that preferable soils (i.e. liquidity
index of �0.6) will have a cu of less than 20 kPa, whereas soils that may still be accept-
able (i.e. liquidity index �0.2) will have a cu of less than 55 kPa.

1
�ρ
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(f) Shear strength-effective stress. Table 3 presents typical values for the range of φ� for
silts and clays that are amenable to treatment by electro-osmosis.

Electro-osmosis may be expected to increase the value of φ� for treated soils as Pugh
(1999) and Casagrande (1983) have demonstrated for London Clay and fine quartz sand,
respectively, in that the electro-osmotic process causes a shift in the particle size distribu-
tion to a coarser grain size.

3.11. Specialist electro-osmotic testing
The suitability of a material for electrokinetic treatment is best determined using an elec-
tro-osmotic cell. The cell used with EKG materials was originally developed by Banerjee
and Vitayasupakorn (1984) and later modified by Hamir (1997). The cell is shown
schematically in Figure 11, and consists of a Perspex cylinder with a fixed base plate and
an internal movable piston whose movement may be monitored by means of a displace-
ment transducer (LVDT). Provision is made for the location of disc-type electrodes both
on the piston and on the fixed base plate by means of cable glands that permit the passage
of an electrical cable into the cell, without the loss of pressure. Additionally, the cell incor-
porates side ports through which pore water pressure and voltage gradient may be meas-
ured if required by means of a hypodermic needle tipped with porous ceramic. The
chamber behind the moveable piston may be pressurised to apply a consolidation pressure
to the soil sample. Backpressure may also be applied to the soil sample through tubing
which passes through the piston and the base plate; this tubing also acts as a drain for any
excess pore water pressure. An alternative to the electro-osmotic cell is the use of an elec-
tro-osmosis box described by Nettleton (1996) and Adali (1999).

The usefulness and relevance of the various tests, which can be undertaken to assess the
suitability of materials suitable for electrokinetic treatment, are shown in Table 4.

4. REINFORCED SOIL RETAINING WALL – CASE HISTORY

4.1. Introduction
The modern concept of earth reinforcement and soil structures was postulated by

Casagrande, who idealised the problem in the form of a weak soil reinforced by high-strength
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Table 3. Typical φ� values for compacted clays (after Carter and Bentley, 1991)

Soil type Unified classification system designation φ� (deg)

Silty clays SM 34
Silts and clayey silts ML 32
Clays of low plasticity CL 28
Clayey silts, elastic silts MH 25
Clays of high plasticity CH 18



membranes laid horizontally in layers. Polymeric and grid reinforcements were developed in
the 1970s. These provided enhanced soil/reinforcement interaction and in the case of poly-
meric materials permit the use of lower quality (cheaper) and waste materials as backfill
(Jones, 1990, 1996).
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The acute lack of conventional frictional fill in some parts of the world has lead to the
use of cohesive soils in major reinforced soil structures in these countries. However, exper-
imentation with the use of cohesive and waste fills concluded that the excess pore water
pressures generated in the fill during construction can create high horizontal pressures,
inhibited the development of effective stress and so reduced the bond between soil and
reinforcement. These problems are alleviated close to the face where drainage can occur
and with increasing time. The solution has been to include a drainage layer alongside the
reinforcement. However, acceptability of the use of cohesive fill is still limited by its
hydraulic permeability and its initial water content, so severely restricting the range of
materials utilised in practice. Most codes of practice, including BS8006 (BSI, 1995) do not
permit the use of purely cohesive soil in the construction of reinforced soil structures for
permanent works, with the reasons for its exclusion stated as; low strength, high moisture
content, high creep, and low bond strength between the soil and the reinforcement. These
problems can be overcome by the use of electrically conductive geosynthetics (EKG).

4.2. EKG reinforced soil wall
The aim of the wall was to demonstrate, by means of a full-scale trial, that electroki-

netic phenomena could be applied through the use of EKGs to construct a reinforced soil
wall 43 m long and 4.8 m high, using an extremely wet overconsolidated cohesive fill,
which under normal circumstances could not be built. The trial demonstrated the synergy
between electrokinetic phenomena and reinforced cohesive soil through the use of elec-
trokinetic geosynthetics (EKG).

The properties of the fill used to construct the wall are presented in Table 5. The
undrained shear strength of remoulded samples was determined in accordance with
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Table 4. Usefulness of soil tests for assessing acceptability for electro-osmosis (after Pugh, 2002)

Test Usefulness Acceptability range

Atterberg limits ��� 5–30% PI
Water content ��� 0.6–1.0 LI
PSD – sieve/sedimentation ���� See BSI (1986)
Particle density � Not applicable
Organic content �� Up to ORGANIC
1-D consolidation parameters ��� mv � 0.3–1.5 MN/m2

Disc electrode ��� 0.05–0.005 S/m
Hydraulic permeability ��� �10�8 m/s
Undrained shear strength �� �55 kPa
Drained shear strength � φ��30°
Electro-osmosis cell ���� Not applicable
Electro-osmosis box ���� Not applicable

Note: ����, excellent; ���, good; ��, reasonable; �, poor.



BS1377: Part 7 (BSI, 1990). Peak and residual shear strength parameters were determined
using a shear box test in accordance with BS1377: Part 8 (BSI, 1990). Conductivity was
determined using the disc electrode method (BS1377: Part 3). All remoulded samples were
prepared using a consolidometer. The results show that there was some variability between
the properties, even of the laboratory prepared samples, and that there was some structure
to the in situ soil. Both these factors need to be borne in mind when considering the results
of the field experiment.

The data relating to electro-osmotic - cell improvement presented in Table 5 was
obtained using the electro-osmotic cell developed by Hamir (1997), with the percentage
improvement being taken as the increase in water removed from the sample in the electro-
osmotic cell above that removed in a control cell (no voltage) (Figure 11).

4.3. Design philosophy
The design of reinforced soil structures is usually based upon design codes that do not

permit the use of cohesive fill and it was not possible to analyse the structure for stability
in the short-term using established procedures. Therefore, cohesive reinforced soil design
methods were developed. These relied upon the geometry of the reinforcement layout
being known before the analysis was undertaken. Hence, the stability analysis of the wall
was carried out in the long-term to ascertain the reinforcement layout (using critical state
shear strength parameters for the soil). This layout was then checked for short-term stabil-
ity. This was achieved using four different analytical methods: critical height, Coulomb,
discrete theory and composite theory. All were used to determine the minimum required
undrained shear strength for the clay fill to maintain short-term stability.

The water content required to achieve this strength was derived from the water con-
tent–undrained shear strength curve for the fill material ascertained from laboratory testing.
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Table 5. Soil parameters for fill material for the wall

Parameter Cohesive fill

LL (%) 60
PL (%) 35
PSD (D10,D50) (mm) �0.002, 0.03
GS 2.61
Water content (%) 32 35 41
Cu (kPa) (remoulded) 89 49 24
Peak φ�, c� (remoulded) 21°, 7.6 kPa 23°, 1.3 kPa 22°, 6.6 kPa
Residual φ�, c� (remoulded) 20°, 5.5 kPa 18°, 7.6 kPa 19°, 6.3 kPa
Peak φ�, c� (undisturbed) 23°, 10.5 kPa
Residual φ�, c�(undisturbed) 12°, 7.8 kPa
σ (S/m) 0.6a

electro-osmotic cell (%) improvement 61%

a This value was obtained using the water available on site.



The difference between the as-placed water content and the water content corresponding to
the required strength was used to calculate the volume of water that needed to be removed
from each lift of clay fill during construction.

The treatment time required to remove this volume of water was then determined for
an array of electrode configurations, based on a linear voltage gradient and fixed soil
parameters. This was followed by a more complex analysis using finite difference and
resistance path techniques to establish a more realistic voltage gradient. Variations in the
value of ke, using both an empirical model, and a graphical interpretation of the actual
variation of ke (measured in the laboratory) were also considered. The results of these anal
ses yielded estimated treatment times and estimated power demands drawn by the
installation.

Brief descriptions of the results of the short- and long-term designs of the wall are pro-
vided below. However, this case history concentrates on the electro-osmotic design.
Further details of both methodologies may be found in Pugh (2002).

4.4. Long- and short-term design
The wall was designed for long-term stability using effective stress parameters for the

laminated clay, established from laboratory testing, using an established reinforced soil
wall design package Winwall 6.14 (Netlon Ltd, 1998). A parametric study was conducted
for a 4.8 m high, vertically faced wall to assess what variation took place in the reinforce-
ment layout with changes in the effective stress parameters. It was found that a slightly
conservative design could be achieved with a fill shear strength of φ′� 15, c′�0, using sec-
ondary reinforcement placed at 600 mm spacing between the main reinforcement. The bot-
tom three layers of polymeric geogrid reinforcement were formed using 80 kN/m (80RE)
material, the top layers required 55 kN/m (55RE) material and the secondary reinforce-
ment was 20 kN/m (SS20) material. Two reinforced soil end blocks constructed using
good-quality cohesionless fill supported the ends of the wall. The layout of the wall and
the supporting end blocks are shown in Figure 12. The stability of the wall in the short-
term was based upon the development of cohesion in the clay fill by electro-osmosis. 

Four different methodologies were developed for the short-term undrained analysis of
the reinforced clay wall:

● Critical height – based on the analysis method proposed by Terzaghi and Peck (1967)
for calculating critical vertical cut heights (Hc) in cohesive soil of bulk unit weight (γ)
and undrained shear strength (cu). This method did not consider the contribution of the
reinforcement.

● Coulomb – a more sophisticated undrained analysis, based upon a continuation of the
work presented by Ingold (1981) (which was based upon Coulomb, 1776). The analy-
sis assumed a failure through the reinforced slope at an inclination of 45°�φ′/2. For
comparison a failure plane inclined at 45º (i.e. φ′�0�φu) was also analysed.
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● Discrete – considered the undrained shear strength of the clay required to resist the pull-
out of discrete reinforcing elements and included the influence of the reinforcement.

● Composite – considered the undrained shear strength of the clay-reinforcement com-
posite system.

The results from the different short-term analytical methods are presented in Table 6.
The significance of these results to the design of the wall was considered to be:

● An undrained shear strength of the cohesive fill of the order of 6 kPa would be stable
but the strains required to achieve equilibrium could be excessive.

● An undrained shear strength of the cohesive fill in excess of 10 kPa would be stable as
a composite system with both the reinforcement and shear strength of the clay being
utilised to maintain the stability of the system.

● An undrained shear strength of the cohesive fill in excess of 22 kPa would be suffi-
ciently high, such that the system would be stable with little if any load being taken by
the reinforcement.

In conclusion, it was considered that if the undrained shear strength of the cohesive fill
could be increased to 10–20 kPa, then the wall would remain stable in the short-term and
allow construction to be completed to the design height.

4.5. Electro-osmotic design
The long- and short-term designs of the wall established that an undrained shear strength
(cu) of between 10 and 20 kPa was required from the clay to ensure the stability of the wall.
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Figure 12. Long-term designs produced for the reinforced wall (after Pugh, 2002).



The purpose of the electro-osmotic design was to establish the following variables:

● The voltage and current to be drawn.
● The length of treatment time required to improve the shear strength of the clay fill to

a maximum of 20 kPa.

In order to assess these variables a design method was developed based upon the quan-
tity of water that needed to be removed from the soil to achieve the desired increase in
undrained shear strength. The method is similar to that suggested by Bjerrum et al. (1967).

4.6. Preliminary electro-osmotic design.
Using the soil parameters obtained from the laboratory testing presented in Table 5, a

relationship was established relating the undrained shear strength of the clay to the water
content for remoulded samples (Figure 13). The use of remoulded samples was justified
because the clay for the wall was remoulded before being placed.

Assuming that the clay was placed in a very fluid state with an undrained shear strength
of approximately 1–1.5 kPa with an associated water content of the order of 75–65%, as
shown in Figure 15, and knowing that the required shear strength of 20 kPa is associated
with a water content of 42% it was possible to establish that the required reduction in water
through electro-osmosis was approximately 33–23%.

The volume of soil to be treated in each 600 mm lift of the 24 m long, 3 m wide walls
was 43.2 m3. For a 23% and 33% reduction in water content from 65% to 42% and 75%
to 42% the volume of water that needed to be removed was 9.7 and 12.7 m3, respectively.
If the value of ke is assumed to be that suggested by Casagrande (1952), ke�5�10�5

cm/s/V/cm, and V/L is established by simply dividing the applied voltage by the distance
between the anode and cathode assuming point electrodes, then a preliminary treatment
time of between 3.7 and 9.0 days is obtained for each 600 mm lift of clay (Table 7). It is
also worth noting that if 9.7 and 12.7 m3 of water are removed from the soil mass then the
change in volume associated with the removal of this volume of water would cause a sur-
face settlement of approximately 130–175 mm over the whole surface area.

From Table 7 it can be seen, that by varying the electrode spacing and, hence the volt-
age gradient, the theoretical treatment time could be altered. The treatment times calculated
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Table 6. Minimum undrained shear strength required for short-term determined using different analysis methods

Analysis method Inclination of failure plane to vertical
θ�45° θ�45° � φ�/2

No contribution Critical height cu � 21.6 kPa
from reinforcement Coulomb cu � 21.6 kPa cu � 20.9 kPa

Contribution from Discrete cu � 9.6 kPa cu � 8.1 kPa
reinforcement Composite cu � 6.2 kPa cu � 6.0 kPa



in this manner are simplifications as they do not take into account the desiccation of the soil
with time nor do they take into account electrochemical changes that take place within the
soil mass during electro-osmosis treatment. As a result the times calculated in this way were
considered as lower bound values.

4.7. Advanced electro-osmotic design
The preliminary design can be enhanced by refining the input parameters:

● Electro-osmotic permeability (ke) – The value of ke applicable to the soil in question at
the relevant voltage gradient was established from laboratory testing and the variation
with time may be taken into account.

● The voltage gradient (V/L) can be established more realistically using Laplace’s equa-
tion and a finite difference analysis, and taking into account the geometry of the elec-
trode layout.

4.7.1. Refinement of the electro-osmotic permeability (ke). Mitchell (1993) states that
the value of the parameter ke is generally in the range of 1�10�5 – 1�10�4 cm2/s V (cm/s
per V/m) and Casagrande (1952) states the range as being 2�10�5 – 5�10�5 cm2/s V.
However, as treatment progresses and electrochemical reactions take place desiccation of
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Table 7. Results of simplistic electro-osmosis analysis

Horizontal electrode Assumed voltage Assumed Water content Treatment
spacing (m) gradient at 30 V (V/cm) ke(cm2/s V) reduction required (%) time (days)

0.4 0.83 5�10��5 23–33 3.7–4.9
0.8 0.60 5�10��5 23–33 5.2–6.8
1.2 0.45 5�10��5 23–33 6.9–9.0
Whole wall 0.63 5�10��5 23–33 4.9–6.5
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Figure 13. Relationship between cu and water content for remoulded fill.



the soil occurs due to the removal of water by the electro-osmosis process. As a result, the
quantity of water moved per unit of voltage decreases. The significance of this variation in
ke is that initially the flow of water achieved by electro-osmosis increases to a maximum
within the first 12 h of treatment followed by a rapid decrease in the volume of water
moved per unit time, followed in turn by a lower steady-state flow. 

To model these phenomena, for practical application to the wall, a constitutive model
for the variation of ke with time was developed under different voltage gradients (Figure
14). The calculation of treatment times based upon the graphical interpretation presented
in Figure 14 was undertaken by digitising the curve and using a spreadsheet to calculate
the volume of water that flows in a time increment of 0.1 day. In this way, when the cumu-
lative flow volume is equal to the volume of water required to be removed, the correspon-
ding cumulative treatment time can be established. 

4.7.2. Refinement of the voltage gradient parameter (V/L). It was assumed in the sim-
plistic design that the voltage gradient could be obtained by dividing the applied voltage
by the spacing between anodes and cathodes. This is a simplification of what occurs in
reality. The true voltage distribution obtained by the application of a potential difference
by point electrodes is given by Laplace’s equation (Eq. (26)) (Stroud, 1990; Young and
Freedman, 1996). Laplace´s equation was used in a conventional spreadsheet program to
provide a more realistic distribution of the potential electrical field as demonstrated by
Williams et al. (1993). 

In practice, the voltage distribution will change with time as a result of the variation of
the resistance of different zones of the soil due to desiccation, electrochemical changes
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within the soil mass and closure of the electrode spacing due to settlement of the fill. This
has been observed both in the field and in the laboratory by several researchers (Bjerrum
et al., 1967; Mitchell and Wan, 1977; Lo et al., 1991a, b). However, to model the com-
plexity that this continual variation of resistance with time would introduce was not con-
sidered viable for design purposes. The treatment times predicted by the simplistic and
refined analyses are shown in Table 8.

The relationship between the water content and the undrained shear strength (cu),
together with the variation of electro-osmotic permeability (ke) obtained from the labora-
tory testing, provides a means to predict the variation of the undrained shear strength as
treatment progressed. Figure 15 shows the variation of cu against time for the voltage gra-
dients established from the finite difference analysis and for the two assumed initial water
contents.

Figure 15 shows that the curves, predicting the undrained shear strength, contain a kink
at a treatment time of approximately 2.7 days. This kink relates to the change in the elec-
tro-osmotic permeability to a constant value, as shown in Figure 13b. Knowledge of the
variation of cu with treatment time is useful, as strength is a parameter that can be meas-
ured rapidly in the field by means of a shear vane. In turn this made it possible to confirm
that the electro-osmotic treatment was progressing as anticipated.

Inspection of Table 8 reveals that the treatment times predicted using the linear voltage
variation are the shortest due to the simplifications used to obtain the voltage gradient.
They were thus considered as a lower bound solution for the treatment time. It is impor-
tant to note that scale effects were not considered in the extrapolation of the laboratory
results to the field prediction.

4.8. Construction of the wall
The wall as constructed using a wraparound design, utilising sandbags for temporary sta-

bility of the front face. The ends of the ‘cohesive fill’ trial section were retained using con-
ventional reinforced soil blocks, constructed before starting the cohesive section. A small
additional cohesive trial section was constructed at one end of the wall contemporaneously

1024 Chapter 35

Table 8. Summary of estimated treatment times using different voltage gradients and ke variations for 23 – 33%
reductions in water content

Treatment time at 30 V for 23 – 33% wc reduction (days)

Simplistic linear voltage variation Finite difference voltage variation

Electrode spacing (m) Assumed ke Measured ke Assumed ke Measured ke

0.4 3.7–4.9 3.1–9.0 6.5–8.5 16.0–26.0
0.8 5.2–6.8 9.5–17.5 9.4–12.3 30.7–45.2
1.2 6.9–9.0 18.2–28.8 12.4–16.3 45.8–50�



with the main trial. No electricity was supplied to this zone so that it would act as a control.
This area was retained on one side using gabions. 

The main trial section was subdivided into three sections each having a horizontal elec-
trode spacing of 1.2, 0.8 and 0.4 m, respectively. Geosynthetic drains were placed midway
between the electrodes to provide a drainage path for the excess pore water pressure. The rea-
son for different electrode spacing was to achieve different electric field intensities, thus a
variation in ∆V could be achieved using a single power source. The electrical potential
applied across the electrodes was 30 V DC. This gave initial voltage gradients of 0.45, 0.6
and 0.83 V/cm based upon the anode/cathode spacing. Current intermittence was not used,
but the current was turned off during the night and at weekends. It was observed that this
resulted in an increase in the dewatering rate when the current was reapplied in the morning.

The wall was constructed using a staged construction technique, such that a single lift
of clay fill was constructed and dewatered vertically by electro-osmosis applied via hori-
zontally placed pairs of electrodes and drains. The bottom electrode acted as a closed anode
and the upper electrode as an open cathode. In this way, negative pore pressures were
developed next to the anode resulting in drainage. Once one lift had been successfully
treated then the next lift was constructed, and the process repeated until the full height of
the wall was achieved, a total of eight lifts. The construction and dewatering processes is
shown in Figure 16.

The electrodes used were EKG consisting of a geonet construction manufactured using
a counter rotating die process. The clay used for the construction was slurrified using a 360º
excavator within a lake located at the front of the trial area. Slurrification was achieved by
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excavating a hole within the clay in the lake and adding water. The mixture was worked
with the bucket of the excavator for approximately 1 h until its consistency was that of fluid
slurry. When placed within the wall structure the slurry fill was self-levelling. Laboratory
tests on the slurry gave a water content of approximately 75% (approximately liquid limit
� 20%), which corresponded to a cu of approximately 1–1.5 kPa (Figure 13). During the

1026 Chapter 35

STAGE 1 

STAGE 2 

STAGE 3 

STAGE 4 

STAGE 5 

STAGE 6 

Place Tensar 80RE 
geogrid and

sandbag, construct
backpath, fill with

clay slurry to
150 mm

Place EKG in
position and place
another layer of
sandbags. Press

EGK in to clay to
stop movement

Place another
150 mm of clay

slurry and
secondary

reinforcement

Repeat stage 3
until 4 bags high.
Connect EKG to 

power supply,
cathodes

uppermost

When treatment is
complete bodkin

next layer of
reinforcement.

Repeat stages 1 to
3 until wall is 6

bags high

 

Change the 
polarity of the
electrodes, as

shown, cathodes
uppermost. When

treatment is
complete repeat

stages 1-

Tensar 80RE
Sandbag 

Backpath

EKG 

SS20 
+ve 

EKG  

1.1m Wrapover 

Tensar SS40

−ve 

Figure 16. Construction sequence for cohesive wall.



construction of the first lift the moisture content during placing was slightly lower at
approximately 50% with a corresponding cu of 5 kPa, this was due to a lack of mixing and
inexperience of the construction technique.

4.9. Monitoring and analysis of the wall
During the construction of the wall several aspects of the construction were monitored,

including fuel consumption, electrical power (Voltage and Current), undrained shear
strength (cu) of the cohesive fill and movement of the front face. Pore water pressures and
surface settlements were not measured due to the practical difficulties posed by the con-
struction sequence and the corrosion of metallic instrumentation. The results of current and
shear strength measurements are presented below.

4.9.1. Electrical current. The quantity of current drawn at the prescribed voltage (30 V)
was measured using the analogue dials located on the transformer/rectifier. The frequency of
readings was varied to reflect the rate of change of current drawn, i.e. during the initial pow-
ering up of a lift for treatment, readings were taken every 15 min. As the rate of change of
current declined the time interval between readings was increased until one reading was
taken every hour during the working shift. During initial powering up, the electrodes were
connected in groups of five, i.e. five anodes and five cathodes, in this way it was possible to
record the initial current drawn by the different electrode spacing configurations and also
allowed any discrepancies in electrical resistance to be identified to a set of five electrode
pairs for further investigation. It also enabled a quantification of the difference in resist-
ance of the different electrode spacing used in the trial.

The electrical currents measured in the field could not be compared directly with those
obtained from the laboratory testing due to the difference in volume of soil being treated
(conductivity is related to the properties of the soil, the electrical contact between the soil
and the electrode, the properties of the electrode and the shape of the electric field. Current,
and indeed conductance, is additionally related to the distance between the electrodes and
the area of electrode–soil contact). To allow a more direct comparison of the results the cur-
rent drawn was converted into an overall electrical conductivity (σ) of the system:

σ � (24)

where

R � � (25)

The results of the electrical conductivity for the wall are presented in Figure 17 for the
different lifts of the wall, together with the design line obtained from laboratory testing.

30V
�

I
V
�
I

L
�
A

1
�
R

The Use of Electrokinetic Geosynthetics (EKG) to Improve Soft Soils 1027



It was apparent that the actual electrical conductivity measured in the field was approx-
imately 10 times less than that obtained from the laboratory electro-osmosis cell. This result
is logical when the configuration of the two different situations is considered. The electro-
osmosis cell used plate electrodes and hence the electrical field established was 1-D, and
theoretically the voltage gradient that occurs within the cell was uniform. In the field con-
struction the voltage was applied to the wall by means of EKG linear strips, which may be
considered as point electrodes, thus generating an essentially 2-D electrical field, with the
effect being more pronounced at greater spacings between electrodes of the same polarity.

In addition, Figure 17 shows that the electrical conductivity of the fill in the wall under-
went a reduction with time of the order of 95% from an initial value of approximately
0.026–0.0013 S/m. This compares with the values suggested in the design method.

4.9.2. Undrained shear strength. The undrained shear strength of the cohesive fill
undergoing electro-osmotic treatment was measured using a Pilson hand shear vane with
a 1¼” (31 mm) vane. The measurements of undrained shear strength were taken at two
depths, 0.25 and 0.5 m in each lift to distinguish the variation in shear strength in the fill
between the anode and cathode positions. To reduce errors five readings were taken at each
location and averaged at each depth, at approximately the same locations along the wall.
The undrained shear strength was measured every 2 m along the full 24 m length of the
electro-osmosis zone and at 3 different locations in the control zone. Additionally, samples
were taken of the soil from the shear vane test locations for laboratory testing to establish
their water content.
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The interpretation of the field measurements of the undrained shear strength obtained
from the hand shear vane and corrected for conversion to field shear strength, was under-
taken by superimposing the theoretically calculated shear strength based upon an initial
water content and voltage gradient calculated by the finite element analysis. Due to the
large variation in the results obtained from the hand shear vane, even within the zones of
the same electrode spacing, a zonal average was calculated for each of the electrode spac-
ings used (i.e. 0.4, 0.8 and 1.2 m) and the control zone. This allowed easier interpretation
of the results by eliminating the large degree of scatter that was present in the unrefined
field results. These results are plotted in Figures 18 and 19 for the two test depths of 0.25
and 0.5 m. The variation between the 0.25 and the 0.5 m depth readings illustrates the dif-
ference in the strength changes with proximity to the anodes or cathodes.

Inspection of Figures 18 and 19 reveals that the initial undrained shear strength (cu)
demonstrated a large degree of scatter but generally was in the range of ≈3–15 kPa. The
higher values were attributable to lumps of harder clay in the slurry due to ineffective mix-
ing. The design line for an initial water content of 65% at a voltage gradient of 0.48 V/cm
shows a relatively good correlation with the field measurements of shear strength. Nearly
all the undrained shear strength results measured in the field fell within realistic ranges
defined by the theoretical curves. The field measurements of zonal averages show an obvi-
ous improvement with increasing treatment time.

The results obtained at a test depth of 0.25 m are generally lower than those obtained
at a test depth of 0.5 m. Consideration of the electrode depths, with the anode at 0.45 m

The Use of Electrokinetic Geosynthetics (EKG) to Improve Soft Soils 1029

0

5

10

15

20

25

0 100 200 250 300

U
n

d
ra

in
ed

 s
h

ea
r 

st
re

n
g

th
 (

kP
a)

50 150

Treatment time (Hrs)

1.2m Spacing

Control

Theoretical 0.48V/cm (55%)

0.8m Spacing

Theoretical 0.48V/cm (65%)

Theoretical 0.33V/cm (65%)

0.4m Spacing

Theoretical 0.25V/cm (75%)

Theoretical 0.25V/cm (65%)

Figure 18. Theoretical and zonal results of cu against treatment time, 0.25 m test depth (after Pugh, 2002).



and cathode at 0.15 m depths, respectively, explains these results. The results at a depth of
0.5 m are located immediately below the anode, whereas the results obtained at a depth of
0.25 m are located closer to the cathode. 

The control zone also showed an improvement in shear strength with time. This was
caused by self-weight consolidation, which was aided by the inclusion of drainage paths
through the electrodes and filter elements. However, due to the reduced nature of the
improvement that took place within the control zone the continued construction of the zone
became increasingly more difficult as the height of the construction increased.

The initial undrained shear strength assumed for the theoretical analysis appeared to be
critical in the theoretical prediction. This was attributable to two factors:

● The relationship between cu and wc is not linear, but approximately exponential, as
shown in Figure 13, hence a greater increase in cu occurs for a smaller reduction in wc

at lower water contents.
● The variation of the electro-osmotic permeability with time is not linear, as demon-

strated in Figure 14, with a significant decrease in ke taking place after a period of
approximately 2 days (48 h). This is reflected in Figure 15 by the change of slope in
the predicted value of cu that occurred after a treatment time of approximately 50 h.

The combination of these two factors exaggerates the effect of electrokinetic treatment on
soils with lower water contents, but also minimises the effect of treatment on soils with an
initial high water content as shown by the curve for 75% initial water content in Figure 13.
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The electrode spacing, and hence the voltage gradient, also had a significant effect on
the treatment process as demonstrated by the increased improvement of the 0.4 m elec-
trode spacing zone over the other zones. The theoretical analysis also predicted this as
shown in Figure 14 by the curves of 0.48, 0.33 and 0.25 V/cm corresponding to electrode
spacing of 0.4, 0.8 and 1.2 m, respectively, at an initial water content of 65%.

4.10. Treatment time
During construction, the measurement of treatment time could only be measured indirectly
by means of the shear strength and by means of the variation of current against generator
time. Figure 15 shows that the conductivity of the fill in the structure had reached its resid-
ual value after a period of 10–12 days of generator operation. After this time the efficiency
of the installation would be extremely low with the majority of the voltage being dropped
across the high–resistance zone adjacent to the anode.

4.11. Practical applications
The trial demonstrated the successful use of EKG in the construction of a reinforced wall
using a cohesive ‘slurry’ fill. While it is recognized that the properties of the fill used were
extreme in the sense that they fell well outside the bounds of what would normally be
regarded as fill material, some important principles have been established. It is possible to
construct reinforced soil structures using cohesive fill and EKG because drainage is not
dependent upon hydraulic permeability. Thus construction may be permitted using very
poorly draining material and/or material with a high water content without the risk of gen-
erating very high pore water pressures.

With increasing environmental pressures requiring reuse of construction materials on site
this may be of significant benefit. There may no longer be the need to import high-quality
fill (and dispose of poor-quality fill) for construction of, for instance, embankments, bunds,
or abutments. Repairs to clay slopes, particularly where access is problematic, or where
high-quality fills are in short supply, may be possible using material found on site.

Additional applications include improvement of waste materials, particularly in cases
where water contents are very high, including dredgings and tailings.

4.12. Conclusions
On the basis of the results presented herein it may be concluded that the proposed elec-

tro-osmotic design method is a valuable predictive tool for estimating the change in
undrained shear strength with time during an electro-osmotic treatment process. 

The accurate input of the initial soil and treatment parameters used in the analysis is
critical to its correct function. It is suggested that a sensitivity study is undertaken using
the analysis method and an envelope of shear strength/treatment times established for a
realistic range of conditions that may exist in the field and that appropriate laboratory test-
ing is used to establish the variation of ke to be used in the analysis.
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The laboratory method for predicting current drawn produces an overestimation by a
factor of 10 of that which occurs in practice, this is due to the differences in the shape of
the respective electrical fields. It would appear sensible to use this to calculate extreme
upper bounds of likely power consumption during any full-scale application.

Although not discussed in detail, the design approach adopted for the initial design of
the electrode spacings would appear sensible and offer a pragmatic approach that could be
adopted using skills and software available in most design offices.

Lastly, the applications of this technology are numerous, particularly with increasing
pressures on the re-use of waste and sustainable construction. ‘R-EKG wall’ could be the
next generation of earth structures.

5. CIVIL AND ENVIRONMENTAL APPLICATIONS OF ACTIVE GEOSYNTHETICS

It has been established that conductive geosynthetics, acting as electrodes, can be used to
effect the movement of contaminants through soil to the electrodes and then adsorb them.
Using electrophoresis it is possible to dewater industrial wastes, which are currently
untreatable and can only be disposed off in tailing lagoons.

Conductive geosynthetics can be used to consolidate soil or to reduce the volume of
industrial wastes by electro-osmosis, thus significantly lowering the cost of disposal. The
use of conductive reinforcement can permit the use of fine very wet material as fill for rein-
forced structures. Initial studies have shown that the use of electrically conductive band
drains could prevent liquefaction of susceptible soils during earthquakes. 

Other applications can be seen in different fields such as sport and horticulture. The use
of conductive geosynthetics can resolve some of the problems inherent in many large
sports stadia, such as the detrimental effect of shade on growing surfaces. An electrically
conductive geosynthetic laid as a continuous porous membrane at root level provides oxy-
gen directly to the root system as well as offering a method to control drainage, aeration,
and ball bounce (Lamont-Black et al., 2003). A working model of this technology was
exhibited in the Science Museum in London during the 2002 Football World Cup.

Three basic applications can be identified for active geosynthetics:

1. Accelerated settlement of solids from liquids (electrophoresis)
2. Dewatering to reduce volume alone (electro-osmosis)
3. Consolidation to improve strength by consolidation (electro-osmosis)

The application areas of active geosynthetics can be further identified by consideration
of the electrical conductivity and the water content of the material to be treated (Figure 20).

The application of EKGs for the construction of reinforced soil consolidation of weak
soil and sports applications has been reported by Pugh et al. (2000), Pugh (2000) and Jones
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and Pugh (2001), Lamont-Black (2001, 2003) and Glendinning et al. (2004). The results
presented demonstrate that EKG can lead to improvements and forms of construction
beyond those that can be achieved by conventional methods. The use of active geosyn-
thetics to stabilise mine tailings has been reported by Fourie et al. (2002).

5.1. Novel applications of active geosynthetics
A number of novel applications for active geosynthetics have been proposed which include
the following.

5.2. Trenching and excavation
It would be possible to combine EKG dewatering with conventional well pointing tech-
nology in low permeability soils to achieve a more rapid drawdown of the phreatic surface
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than that currently possible, (Figure 21). An additional benefit of electro-osmotic dewa-
tering is that the soil properties may be improved which will make excavation easier and
more stable. 

(a) Tunnelling and Pipe jacking. Earth Pressure Balance Machine (EPBM) or mining
methods could be enhanced using EKG technology to improve the soil conditions in the
vicinity of the tunnel or to reduce post construction settlements associated with the tunnel.
If access to the surface was also available the EKG could be installed at the surface to
assist the process. In addition, electro-kinetics could be used in very soft soils to reduce
the possibility of chimney formation Figure 22.

(b) Piling. Electrokinetic phenomena can assist with piling in two principal ways. If
EKGs are installed in close proximity to the piling area and the steel piles are made into
the cathodes the result would be to locally soften the soil in the vicinity of the piles and
facilitate driving. Once the desired piling depth has been achieved the electro-kinetic
process can be shut down and the soil will then gradually regain its equilibrium and the
soil properties return to their former state around the piles Figure 23. Preferentially the
polarity could be reversed, making the piles anodic and therefore improving the soil prop-
erties in the vicinity of the piles. The latter process has been successfully employed in
Canada (Milligan, 1994).

(c) Enhanced lime migration. EKG also has a potential application in improving exist-
ing lime pile techniques. In this case, the EKG could be used as a conductive element to
establish electro-osmotic flow to induce the migration of calcium ions through the soil
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thereby increasing the zone of influence of the pile by causing lime migration to a greater
radius than occurs by conventional diffusion (Figure 24).

(d) Slope stability. The stability of slopes may be improved through the use of EKG to
achieve a more rapid dewatering of the soil and to act as drains to reduce porewater pres-
sures within an unstable cohesive slope (Figure 25). The application of a potential differ-
ence generates negative porewater pressures at the anode, an increase in the soil strength
and an increase in bond between the EKG nail or anchor and the soil resulting in an over-
all increase in the stability of the slope. 
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(e) Shrinkage and swelling prevention of shallow foundations and pipelines. EKG tech-
nology may be able to offer a remedy to the problem associated with low-rise structures
built with shallow foundations, which are constructed on soils prone to shrinkage and
swelling. In this case, the EKG would enable moisture control of the susceptible strata
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and either add or remove water as necessary to prevent the volume change of the founding
stratum.

6. CONCLUSIONS

Active geosynthetics introduce a new chapter in ground engineering technology. They
have already shown advantage in being able to make use of poor soil as construction mate-
rials and provide enhanced dewatering capabilities. The latter has major implications in the
treatment of sludges and tailings and it is in these areas where most interest is being shown
in their use.

Recent studies have shown that soils suitable for treatment by electrokinetic geosyn-
thetics can readily be identified using conventional soil mechanics tests although addi-
tional soil testing to determine the specific electrokinetic are required to determine
treatment times and power consumption.

NOTATION

A0 surface charge density per unit pore volume C/m5

Cv coefficient of consolidation m2/s1

Cvr coefficient of consolidation for radial flow m2/s1

C1, C1 constants of integration variable
D dielectric constant dimensionless
D10,D50 largest particle size in smallest 10/50% of particles by mass m
E voltage difference V

electrical energy Wh
ED dilatometer modulus N/m2

Eu undrained Young’s modulus N/m2

Eφ
red reduction voltage V

G shear modulus N/m2

Gs specific gravity dimensionless
I electrical current A
K Boltzman constant J°/K1

double layer thickness m
Ka active earth pressure coefficient dimensionless
Kp passive earth pressure coefficient dimensionless
Lii conductivity variable
N Avogadro’s number molecules/mol1

number dimensionless
P electrical power W
PR reinforcement load N
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Ps shear load N
Pv vertical load N
Q volume of fluid m3

R ratio anions/cations dimensionless
resistance Ω

T temperature K
tension in reinforcement N

Tr time factor for radial flow dimensionless
Tv time factor dimensionless
U average degree of consolidation dimensionless
V valence dimensionless

voltage V
Xii driving gradient variable

c efficiency factor dimensionless
Cc effective cohesion N/m2

cu undrained shear strength N/m2

e electronic charge C
voids ratio dimensionless

ie electrical potential gradient V/m1

k hydraulic permeability m/s1

ke electro-osmotic permeability m2/s1/V1

ki electro-osmotic efficiency m3/s1/A1

mv coefficient of volume compressibility m2/N1

n porosity dimensionless
number of electrode pairs dimensionless

n0 electrolyte concentration ions/m3

p� stress invariant N/m2

q stress invariant N/m2

unconfined compressive strength N/m2

qa flow through area “a” m3/s1

t time s
u porewater pressure N/m2

v velocity in free pore fluid m/s1

specific volume dimensionless
ve velocity of flow induced by electrical Potential gradient m/s1

vh velocity of flow induced by hydraulic gradient m/s1

w water content dimensionless
wk critical water content dimensionless
z depth m
α reinforcement adhesion factor dimensionless
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αb bond coefficient dimensionless
αds direct sliding coefficient dimensionless
γ bulk unit weight of soil/fluid N/m3

γ� mean activity coefficient in double layer dimensionless
γw bulk unit weight of water N/m3

δ double layer thickness m
δ settlement m

angle of friction soil/reinforcement degrees (°)
εa axial strain dimensionless
ζ zeta potential V

potential across a condenser V
η viscosity N s/m2

θ angle degrees (°)
µg geological settlement correction factor dimensionless
ν Poisson’s ratio dimensionless
ξ electro-osmotic equation variable kg/m2

π pi dimensionless
ρ resistivity Ωm
ρc consolidation settlement m
ρoed oedometric settlement m
ρw density of water kg/m3

σ surface charge density C/m2

electrical conductivity S/m1

σ�b effective bearing stress N/m2

σ�n effective normal stress N/m2

σ1 major principal stress N/m2

σ2 intermediate principal stress N/m2

σ3 minor principal stress N/m2

τ shear stress N/m2

φ angle of shearing resistance degrees (º)
ψ0 surface potential Volts
Ω resistance Ω
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ABSTRACT

Two trial embankments, 13 � 13 m, were built approximately 30 km North of Montreal,
at Saint-Roch-de-l’Achigan, Québec, in order to study the technique of preconsolidation
by vacuum (trial Embankment A) and by vacuum and heating (trial Embankment B). The
vacuum and heating were applied until 7.5 m depth of the silty clay layer. The heating was
applied for 5 months and the vacuum consolidation was carried out over 5 months. These
embankments were monitored with vibrating wire piezometers, vibrating wires tassome-
ters, settlement plates, thermistors and inclinometers.

Prior to the fieldwork, an extensive laboratory and field investigation was carried out.
In order to obtain the general geotechnical profile, Casagrande piezometers were installed
and static cone penetration tests, vane tests and CIU triaxial tests and oedometer tests at
different depths were carried out. Special incremental loading oedometer tests and CRS
oedometer tests were performed at different strain rates; isotropic and anisotropic triaxial
compression tests followed by undrained shear tests were all carried out on specimens
taken from 4.8 to 5.8 m. All these tests were performed under a constant temperature, vary-
ing from 10°C to 50°C, in order to study the viscous behaviour of the clay.

It was seen that the vacuum technology applies well to sensitive Champlain Sea clays
and could thus be used in future projects, even under cold environment. However, the
observations showed very similar behaviours under both embankments, apparently con-
tradicting laboratory behaviour.

1. INTRODUCTION

Vacuum consolidation has often been used in the last two decades, most of the time to
improve very soft normally consolidated clayey soils (Choa, 1989; Qian et al., 1992; Cognon
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et al., 1994; Jacob et al., 1994; Magnan, 1994; Shang et al., 1998; Van Impe et al., 2001; Dong
et al., 2001). It is an elegant, environmental friendly and efficient solution to provide the soil
an overconsolidation typically of about 70–75 kPa, equivalent to about 4 m of fill. Soil con-
ditions in eastern Canada are generally different, since clay deposits are generally slightly
overconsolidated. Consequently, it is usually easy to build 3–4-m-high embankments with-
out any stability difficulty. Difficulties come when 7–10 m-high embankments have to be
built, which is common for approach embankments to viaducts overpassing highways or rail-
ways. The most often used approach consists in installing vertical drains and constructing the
embankments by stages until the final grade is reached. This approach is timely and costly.
So, one idea is to combine a 3–4-m-high embankment, which can be built without major sta-
bility problem, with vacuum preloading, in order to obtain an overall preloading equivalent
to a 7–8-m-high embankment.

However, as vacuum consolidation had never been used in the Province of Québec, the
local Ministry of Transports wanted to test the methodology before using it in a real project.
This was the first objective of this study. In addition, it has been shown, mostly in laboratory
(Campanella, 1965; Mitchell et al., 1969; Hueckel and Peano, 1987; Boudali, 1995; Lingnau
et al., 1995; Akagi and Komiya, 1995; Marques et al., 2004) but also in situ (Miliziano, 1992;
Bergenståhl et al., 1994; Edil and Fox, 1994; Moritz, 1995; Laloui et al., 2003) that an
increase in temperature increases settlements of clays under a given applied stress. After cool-
ing to ambient temperature, a thermal vertical overconsolidation is generated that could then
be used to increase the applied stress without generating significant settlements. So the sec-
ond objective of the study was to use heating as preconsolidation technique. The third objec-
tive was to evaluate the performance of these techniques under Canadian climatic conditions.

As the Québec Ministry of Transports was at the time of the study building a 7.6-m-
high road embankment at Saint-Roch-de-l’Achigan, Québec, about 30 km north of
Montreal, it was decided to build two test embankments nearby. One of the embankments
was loaded by vacuum only, whereas the second was subjected to heating in addition to
vacuum. The aim of this paper is to present the main results of this study. In addition to
this field study, the viscous behaviour of St-Roch-de-l’Achigan clay was also studied in
the laboratory. The results of this latter study are presented by Marques et al. (2004) and
some results are reported here.

2. GENERALITIES ON VACUUM AND HEATING PRELOADINGS

Preconsolidation by vacuum consists in applying vacuum on a deposit by pumping water from
a grid of vertical and horizontal drains under a geomembrane, and thus decreasing pore pres-
sures inside the deposit. The increase in vertical effective stress is due to the decrease in pore
pressure, so vacuum consolidation can be applied in one single step, even on very soft soils.

Due to stability considerations, embankments over clayey deposits are sometimes built in
several stages or with light materials, associated with or without vertical drains, depending



on the construction schedule. With vacuum consolidation, the equivalent stress of a 4 m con-
ventional pre-loading fill can be applied in one stage to the clayey deposit typically for a
period of 4–6 months, depending on the horizontal coefficient of consolidation of the soil
and vertical drain spacing.

Vacuum preloading presents some advantages when compared with conventional pre-
loading technique:

● for projects in which stability is a major concern, the use of vacuum preloading may
reduce the number of stages of loading and consequently construction duration;

● with vacuum preloading, the stress increase remains constant with time, while con-
ventional fills are often partially submerged due to the development of settlements,
which reduces the total vertical stress and the final effective stress;

● fill volumes involved are generally smaller since vacuum preloading does not require
stabilizing berms. Also, there is no fill disposal when unloading, which is environ-
mentally preferable;

● lateral displacements are smaller than those of conventional embankments and even in
opposite direction, which can reduce horizontal forces applied on nearby structures
(see Magnan, 1994).

Vacuum preloading also presents some limitations:

● vacuum efficiency decreases in clay deposits with granular layers. The geomembrane
must be airtight and, in case of high permeable layer at the surface (weathered crust,
for example), the membrane must reach greater depths;

● pump system needs technical maintenance while pumping; vacuum preloading may
thus not be cost-effective for small areas to be improved;

● in cold environments, pumping systems cannot be used under low temperatures below
0°C, unless the hydraulic system is protected against frost.

Figure 1 shows schematic stress paths under the centre of a conventional embankment
(C) and a vacuum preloaded platform (V). The yield curve shown on this figure comes in
fact from triaxial tests carried out on samples of silty clay taken at a depth of 5.5 m on the
site of St-Roch-de-l’Achigan (Marques et al., 2004). For a conventional fill, the stress path
is such as I0C1C2C3 due to partial consolidation during the early stages of construction
(Tavenas and Leroueil, 1980); yielding is reached at C1, at a vertical effective stress close
to the preconsolidation pressure of the clay, and then the stress path follows the yield sur-
face up to a point such as C2 at the end of construction; and, during consolidation follow-
ing construction, the stress path moves in the normally consolidated domain, along a stress
path such as C2C3, above the Konc line. This results in important settlements and outward
horizontal movements that are typically equal to 20% of the consolidation settlement
(Tavenas et al., 1979).
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During vacuum preloading effective stresses increase because of pore pressure
decrease, and the stress path is such as I0V1V2V3. As pore pressure acts isotropically, the
stress path tends to be parallel to the isotropic axis, but not quite so, because of some
applied fill associated with vacuum and of boundary conditions. Due to the shape of the
limit state curves of natural clays (Diaz-Rodriguez et al., 1992), the vertical yield stress at
V1 should be slightly smaller than under a conventional embankment, at C1. The stress path
such as V2V3, below the Konc line, results in horizontal displacements towards the treated
area, behaviour observed in particular by Magnan (1994). The relative location of C2C3

and V2V3 depends on several factors, among which are the overconsolidation ratio, Ko, and
the shear stresses induced by loads applied at the surface.

Heating would have two major effects on consolidation: first, it increases the hydraulic
conductivity of the clay and thus consolidation rates; second, heating of a sample during
consolidation in the normally consolidated domain increases its deformation (Leroueil and
Marques, 1996). For example, if the natural soil temperature in a given cold region is 10°C,
and if the soil is heated to 60°C under a preloading stress σ�pL, the void ratio will decrease
from epL (at the end-of-primary consolidation under 10°C) to epH (at the end-of-primary
consolidation under 60°C), as shown in Figure 2. After cooling, the new preconsolidation
pressure σ�pH would be approximately 40% higher than the preloading stress σ�pL (Marques
et al., 2004), and construction load could be increased to values close to σ�pH without sig-
nificant settlements. In this specific case, when the soil is heated from 10°C to 60oC the
hydraulic conductivity increases by a factor of 2.8, thus reducing consolidation duration
by the same factor.
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3. SUBSURFACE CONDITIONS AT SAINT-ROCH-DE-L’ACHIGAN

As shown in Figure 3, the St-Roch-de-l’Achigan clay deposit is quite homogeneous; it is
composed of a 2.5-m-thick clay crust followed by a 10 m slightly overconsolidated sensi-
tive (St between 30 and 50) silty clay deposit, overlying glacial till. Index and oedometer
tests were performed at different depths. Water content decreases from about 95% below
the crust to ∼75% at a depth of 9 m, whereas the plasticity index is almost constant, at 43%.
The vane shear strength increases from about 20 kPa below the crust to ∼50 kPa at 9 m.
The OCR, as defined from conventional 24 h oedometer tests, lies between 1.8 and 2.4.
The clay is very compressible, with a compression ratio CR � Cc/(1�e0) between 0.59 and
1.36, a range where clay behaviour is significantly influenced by viscous phenomena dur-
ing primary consolidation (Leroueil, 1996; Marques et al., 2004).

The hydraulic conductivity at the natural void ratio, kv0, varies between 1.5 and 3.2 �
10�9 m/s at a temperature of 20°C, which is the same range as observed by Tanguay et al.
(1991) at the St-Esprit site, at a distance of 1 km from the St-Roch-de-l’Achigan site. As
shown by Leroueil et al. (1990), the anisotropy in the permeability of marine clays is char-
acterized by a rk � kh/kv value typically of 1.1, thus very close to 1.0.

Vertical yield stresses obtained by different procedures are shown in Figure 4: from
conventional oedometer tests (σ�pconv); from piezocone test (σ�pcone � (qT � σv)/ NσT, with
NσT � 3.4); and from triaxial isotropic compression tests (σ�pi). It can be seen that the ratio
between isotropic and oedometer yield stresses (σ�pi/σ�pconv) lies between 0.64 and 0.66 and
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is typical of Champlain Sea clays (Diaz-Rodriguez et al., 1992). As expected, yield
stresses obtained from CRS oedometer tests (σ�pCRS) carried out at 10°C and at strain rate
(ε.1) of 2 � 10�6 s�1 are 20–25% higher than those obtained in conventional oedometer
tests performed at 20oC and corresponding to strain rates in the order of about 1 � 10�7

s�1 (Leroueil, 1996). All these results confirm that vertical yield stress is not unique but
depends on strain rate, temperature and stress path. Yield stress obtained from in situ com-
pression curves (σ�pin situ) are also shown, and will be discussed later on.

Laboratory tests were carried out on samples taken at depths between 4.8 and 5.8 m in
order to study the viscous behaviour of St-Roch-de-l’Achigan clay under temperature and
strain rate variations. Conventional and CRS oedometer tests, CIU and CAU triaxial tests
and special oedometer tests were performed under controlled temperature (Marques et al.,
2004). From these tests, it was observed that vertical yield stress typically varies by 1%/°C
from 5 to 40°C and hydraulic conductivity increases 2.2 times when temperature increases
from 10°C to 50°C; temperature should thus have an important effect for in situ consoli-
dation by heating.

Figure 5a shows the effect of temperature on compression curves obtained from CRS
tests performed at a strain rate of ε.1 � 10�5 s�1, at 10°C, 30°C and 50°C. As temperature
increases, vertical yield stress decreases and, under a given vertical effective stress, axial
strain becomes larger. The effect of temperature and strain rate on the vertical yield stress

1050 Chapter 36

20 40 60 8020 40 60 80

41

41

44

46

44

41

15.4

14.8 

14.9 

14.9 

15.0

15.0

15.1

15.2

wP wL

wnat.

IP

1

2

3

4

5

6

7

8

9

10

20 40 60 80 50 100 150 200

 u

Depth
(m)

Description �nat.
(kN/m )

Grain size 
distribution (%) 

Water content and 
limits (%)

Su
(kPa)

Stresses
(kPa) 

Silty clay, gray,
highly plastic,
sensitive 

Weathered clayey 

crust 

Clay

Silt

Swedish cone

Vane test

Vertical yield stress 

(conventional oedometer) 
Effective vertical stress 

Pore pressure 

 σ’pconv σ'vo

Figure 3. Geotechnical characteristics of Saint-Roch-de-l’Achigan clay deposit.



is presented in Figure 5b. At a given temperature the relationship log σ�pCRS - log ε.1 is
essentially linear and, as already indicated by Leroueil and Marques (1996), the relation-
ships obtained at different temperatures are essentially parallel.

4. LAYOUT OF THE EMBANKMENTS AND INSTRUMENTATION

Two trial embankments were built in order to study the technique of preconsolidation by
vacuum (trial Embankment A) and by vacuum and heating (trial Embankment B). Figure
6 shows the location of the two embankments, of the in situ tests and boreholes performed
prior to construction and of the instrumentation put in place.

Figure 7 shows the general layout of the embankments. The treated areas were 13 m �
13 m. Prefabricated vertical drains were installed with a spacing of 1.15 m up to a depth
of about 7.5 m in the silty clay deposit, i.e. not to the pervious till layer, and horizontal
drains were placed in the about 60-cm-thick sand layer overlying the natural soil deposit.
The drains were axially flexible and radially rigid, 5 cm in diameter PVC tubes that were
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perforated, and with geotextile around them. At the time of site investigation, the water
table was found at a depth of 1.5 m. However, at the time of the installation of the
geomembrane, the water table was deeper and the trench had to be excavated to a depth of
2.3 m to make sure that air could not pass under the geomembrane. Difficulties related to
the large depth of the water table on this site are described by Marques et al. (2000).

The foundation of Embankment B also had to be heated. To do that, thin copper tubes
(diameter � 9.5 mm) were installed inside the vertical drains and hot water was pumped
inside these tubes down to a depth of 7.3 m, in a closed hydraulic system, independent of
the vacuum pumping system, as shown in Figure 8. The heating tubes were installed in one
over two vertical drains and in such a way that heat was uniformly distributed in the clay
foundation.

The clay foundation of the two embankments was instrumented in order to have pore
pressure, settlement and temperature profiles at any time during the experiment. Vibrating
wire piezometers and vibrating wire settlement gauges were installed at different depths in
the central part of each embankment, as indicated in Figure 9. The clay deposit was
divided into the weathered crust and three sub-layers of silty clay, with vibrating wire set-
tlement gauges installed at depths of 3.25, 4.70, 6.15 and 7.60 m, as shown in Figuer 9.
The vibrating wire piezometers were installed in the middle of each sub-layer. As also
shown in Figures 6 and 9, series of thermistors were installed under the central part of the
embankment and under one side of the embankment. Finally, 16 surface settlement plates
were installed at different locations on the embankments.
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When installing instrumentation for vacuum consolidation, the main challenge is to
maintain the integrity of the PVC geomembrane against leakage. All the instrumentation
wires were passed through the PVC geomembrane that was locally sealed. PVC tubes were
also installed through the geomembrane and locally sealed, down to the bottom of the

Preconsolidating Clay Deposit by Vacuum and Heating in Cold Environment 1053

PR5
PR6

PZ3

F1

V1

F2

PZ4

EMBANKMENT B
VACUUM CONSOLIDATION

AND HEATING

C
H

E
M

IN
 R

U
IS

S
E

A
U

 S
A

IN
T-JE

A
N

F3

EMBANKMENT A
VACUUM CONSOLIDATION

0 m 10 m

MINISTRY OF
TRANSPORTS EMBANKMENT

V = Vane Test 

PR3
PR2

PR1

TRENCH

TRENCH

PR4

F = Laval sampling 

PR = Casagrande
piezometer 

PZ = Piezocone 

Scale

PZ2

PZ1

ACQUISITION

AND HEATING

SYSTEMS

INCLINOMETERS

IN SITU TESTS

PIEZOMETERS PR1 - PR6

PIEZOMETERS

SETTLEMENT GAUGES

THERMISTORS

TUBES FOR IN SITU TESTS

Figure 6. Layout of Saint-Roch-de-l’Achigan site.



crust, allowing in situ tests (piezocone and vane tests) to be carried out during vacuum con-
solidation.

Instrumentation had also to remain reliable under negative pore pressure and, for this
particular experiment, under high and low temperatures. As a matter of fact, outside
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temperatures as low as �27°C were observed during the consolidation period. For these
reasons, vibrating wire piezometers and vibrating wire settlement gauges were calibrated
under variable temperature and positive and negative pressures. One wire piezometer was
also installed outside the preloading area, as a reference during wintertime, since it was not
possible to read the Casagrande piezometers during that period.
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Four inclinometers were installed at the embankment toes and one outside the preloading
area, as reference. In order to allow measurements during wintertime, a mixture of anti-freeze
and water was put inside the inclinometer tubes. It appeared, however, that the inclinometer
acquisition system did not work properly under very low temperatures, below �25°C.

Three vertical wood sticks, with six thermistors installed at different depths on each
(see details in Figure 10) were pushed into the clay deposit under the Embankment B
(THB1 to THB3 in Figure 8). Thermistors were also installed inside the sandy fill (TH1
and TH2 in Figure 8). Two other series of thermistors plus some in the sand fill were also
installed under Embankment A.

The applied suction was measured for each embankment inside the sand fill, below the
geomembrane, by two vacuum meters.
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5. LOADING, VACUUM APPLICATION AND HEATING HISTORY

The installations of the drains, the pumping system, the instrumentation, and the geomem-
brane were performed during the summer and fall of 1998. In detail, a 60-cm-thick sand
layer was put in place at the location of the areas to be treated, and the drains were
installed. The instrumentation was installed soon after the drains and the peripheral trench
was then excavated. The geomembranes were installed in September on both embank-
ments; the vacuum system was tested and a 0.7–m-thick sand layer was applied over the
membrane. While not always required, a geotextile was placed under the geomembrane in
order to protect it against puncture.

As vacuum had to be applied during the Canadian winter, precautions had to be taken
to protect the hydraulic system and the instrumentation. To this purpose, the geomembrane
and the hydraulic system were insulated, by applying an approximately 5-cm-thick layer
of polyurethane. 

For Embankment A, vacuum was applied on October 8. For Embankment B, heating
was started on September 8 and, when temperature in the middle of the clay mass and the
centre of the embankment reached ∼37°C, on November 5, vacuum was applied (Figure
10). The embankments were raised from 1.3 to 2.3 m on December 9, thus 62 days after
the beginning of vacuum application on Embankment A, the deposit could reach the nor-
mally consolidated domain. Although heating was stopped on January 29, 1999, the tem-
perature inside the soil mass dropped slowly and vacuum application was stopped on
March 16, 1999, for both embankments.

6. OBSERVATIONS AND ANALYSIS

6.1. Temperatures under Embankment B
Observations of soil temperature at St-Roch-de-l’Achigan showed seasonal changes in the
crust, but essentially constant values, from 6 to 7°C below. Figure 10 shows the variation
of temperature with time for the thermistors installed in the middle of Embankment B
(THB1), at depths of 1.2, 2.2, 3.7, 5.2, 6.7 and 8.2 m. The piezometers and settlement
gauges, also equipped to measure temperature, showed similar values.

After the heating system was turned on, on September 8, the initial temperature
increase rate in the foundation of Embankment B was 0.5°C/day. After 58 days of heating,
the temperature in the clay foundation was between 37°C and 41°C (Figure 10). When
vacuum pumping was turned on, on November 5, a significant drop in temperature (about
15°C) was observed in the clay crust (Figure 10). This was mostly due to the saturation
of the crust and sandy fill with cold water, and to the inflow of water in the system. Since
the heating system had to compensate for the influx of cold water, the temperature rate
decreased. Below the crust, at depths of 3.7, 5.2 and 6.7 m, temperature remained rela-
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tively high and progressively decreased to 22–29°C after the heating system had been
stopped, on January 29.

6.2. Pore pressures
The natural pore water pressure profile obtained with Casagrande piezometers (inset in
Figure 11) showed a water table at a depth of 1.5 m, inside the weathered crust, and a water
flow towards the underlying till layer. Owing to the small spacing of drains, the eight
vibrating wire piezometers installed under the trial embankments after the installation of
the vertical drains presented an initial hydrostatic profile.

Soon after the start of pumping, the average suction was up to 81 kPa, due to the small
dimensions of the embankment foundations subjected to vacuum, while for the majority of
sites the vacuum normally achieved is between 70% and 75% of atmospheric pressure.
However, because the water rose to the level of the horizontal drains, the effect of vacuum
was less than 81 kPa.
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middle of these layers, at depth of 5.4 m.



Figure 11 shows pore pressures in sub-layers 2, at a depth of 5.4 m. It can be seen that
pore pressures rapidly decreased, which has to be associated to the fact that, the clay being
overconsolidated, the vertical effective stresses rapidly increased from initial values to val-
ues at yielding.

Even though from laboratory calibration the vibrating wire piezometers achieved negative
pressures (relative to the atmospheric pressure) of �60 kPa, it was observed that the lower in
situ pressure that could be measured by the piezometers was between �20 and �25 kPa. This
could be caused by a de-saturation of the piezometers under long-term suction, as 
discussed by Marques et al. (2000).

Soon after the pumping system was turned off, the pore pressures did not stabilize at
the reference 0 kPa, since the water table was at the level of the horizontal drains, above
the crust. It took months for the levelling of the water table.

6.3. Settlements and vertical deformations
When the heating process at Embankment B was started, there was only 60 cm of fill
placed, so the clay was well inside the overconsolidated range and there was expansion.
This behaviour was also observed in laboratory tests, where either expansion or compres-
sion may occur when heating inside the overconsolidated range, depending on the OCR
value (Plum and Esrig, 1969; Baldi et al., 1988; Hueckel and Baldi, 1990; Burghignoli 
et al. 1992, 2000). At Embankment B, the expansion due to heating was 1.4% from 3.15
to 7.6 m, prior to vacuum application.

The settlement of the 16 plates over the trial embankments and of the eight vibrating
wire settlement gauges were also monitored. Due to the limited dimensions of the plat-
form, surface settlements measured on the contour were only 14 – 33% of those in the cen-
tre. This may create arching phenomena below the clay crust and uncertainties in the
evaluation of total stresses.

Figure 11 shows the evolution of the vertical deformation of the sub-layer 2 (4.70–6.15 m)
with time in the central part of the embankments. It can be seen that the deformations pro-
gressed regularly to reach 7% and 4.8% for Embankments A and B, respectively, when 
vacuum was stopped. It is worth noting that at that time, the settlements were not yet stabi-
lized. After stopping vacuum, a small vertical swelling was observed due to stress release.

An increase in strain rate was observed on both embankments when the fill was height-
ened but, contrary to what was expected, the rate of deformation under Embankment B
was not larger than under Embankment A. The strain rates were about 10�9 s�1 for both
embankments when pumping was turned off, which is a high in situ strain rate, when com-
pared with conventional fills.

6.4. Compression curves
Figure 12 shows the compression curve of sub-layer 2 for both embankments. The
vertical deformations were calculated from settlement gauge observations and the pore
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pressures were those measured. For total stress computation, the dimensions of the
embankments, distribution with depth and unloading due to the excavation of the trenches
were considered (details are provided by Marques and Leroueil (2000)). The final effec-
tive stress (σ�vf) was computed considering maximum pore pressure variation that could be
achieved with vacuum.

The in situ yield stresses (σ�pinsitu) deduced from field compression curves are well
defined, and are about the same under both embankments. The yield stresses obtained from
in situ compression curves (σ�pinsitu) of the different sub-layers are shown in Figure 4.
Several remarks can be made:

(a) The σ�pinsitu values are about the same for both embankments, which is at variance
with the behaviour observed in the laboratory. There is no clear explanation for that. As
observed by Marques et al. (2004), it could be due to some microstructuration of the clay
with temperature and a cancellation of the effect of temperature on vertical yielding; it
could also be due to soil variability on the site; it could finally be due to uncertainties in
total stress evaluation.

(b) The σ�pinsitu were lower than the preconsolidation pressures deduced from piezocone
tests (σ�pcone) and those obtained from conventional oedometer tests (σ�pconv). This behav-
iour was expected, because of the stress path associated with vacuum consolidation
(Figure 1) and field strain rates that are lower than those in laboratory tests.
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7. CONCLUSIONS

Two trial embankments, 13 � 13 m, were built at Saint-Roch-de-l’Achigan, Québec, in
order to evaluate the techniques of preconsolidation by vacuum (trial Embankment A) and
by vacuum and heating (trial Embankment B) in sensitive and overconsolidated
Champlain Sea clays. Heating and vacuum have been applied for periods of about five
months during Canadian winter. The main conclusions can be put into three main groups:
those associated with soil conditions, those associated with winter, and those associated
with the influence of heating.

7.1. Soil conditions
The St-Roch-de-l’Achigan silty clay deposit was overconsolidated (OCR of ∼2), with a
water table at a depth in excess of 2 m at the time of geomembrane installation, and a 2.5
m-thick clay crust. These conditions have complicated the experiment to some extent. The
main conclusions are the following: (a) because the dimensions of the treated area were
small, vacuum was very efficient with suction up to 81 kPa; (b) the rise of the water table
at the time of pumping decreased the effect of vacuum and it would have been better to
install the horizontal drains at some depth, closer to the water table; (c) because of the high
OCR of the clay and of the will to test vacuum technology in these conditions, a fill had
to be built over the geomembrane; however, this worked well without any difficulty; (d)
overall, vacuum technology applies well to sensitive Champlain Sea clays and could thus
be used in future projects; (e) in general, instrumentation appeared to work well, except
for the vibrating wire piezometers that were not reliable on the long term when pore pres-
sures were below about �25 kPa.

7.2. Cold environment
With observed outside temperatures as low as �27°C, the pumping system had to be pro-
tected, which was done by applying ∼5 cm-thick layer of polyurethane over the geomem-
brane and over all the tubes. Under these conditions, the pumping system worked quite
well. The instrumentation remained reliable, with the exception of the data acquisition sys-
tem for the inclinometers that was affected by low temperatures.

7.3. Heating influence
Temperatures were increased from ∼7°C to ∼35°C under the Embankment B, with the
expectation that consolidation rates would be higher and vertical yield stress smaller.
However, observations showed very similar behaviours under both embankments. The
authors have no clear explanation for that. It could be due to some microstructuration of
the clay with temperature and a cancellation of the effect of temperature on vertical yield-
ing, to soil variability on the site, or to uncertainties in the evaluation of total stresses.
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ABSTRACT

The geothermal use of concrete geostructures (piles, walls and slabs) is an environmentally
friendly way of cooling and heating buildings. With such geothermal structures, it is pos-
sible to transfer energy from the ground to fluid-filled pipes cast in concrete and then to
building environments. To improve the knowledge in the field of geothermal structures, the
behaviour of a pile subjected to thermo-mechanical loads was studied in situ. The aim was
to quantify the thermal influence on the bearing capacity of heat exchanger piles. The ther-
mal increment applied to the pile was on the order of 21°C and the mechanical load
reached 1300 kN. Coupled multi-physical finite element modelling was carried out to sim-
ulate the observed experimental results. It is shown that the numerical model is able to
reproduce the most significant thermo-mechanical effects.

1. INTRODUCTION

Managing energy resources is becoming one of the crucial issues of the 21st century.
Following the global trend of population increase and improvement of living standards,
primary energy consumption also continues to increase. Although no short-term exhaus-
tion of energy resources is expected, the environmental consequences of an overuse of nat-
ural energetic resources could well become problematical. Among the resulting problems,
the green house effect, linked to the undeniable increase of CO2, probably remains the
most acute.

This chapter deals with the development of a new sustainable technology for the inter-
mittent storage of energy in soils. The goal of our research work is to contribute, by a geot-
echnical approach, to obtaining reliable, environmentally and resource friendly heating
and cooling of residential, office and commercial buildings at low additional cost. The idea
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behind energetic geostructures is to take advantage of the thermal storage capacity of the
ground as an energy storage system by using the foundation of a building (e.g., piles or
retaining walls). The key factor in the sustainability of such system is the use of the build-
ing elements, which are already needed for structural reasons.

From an energetic point of view, the main advantages of this new technology are:

● up to 50% CO2 emission reduction for new buildings,
● reduction in the use of primary energy and increase in the use of renewable energy by

intermittent heat and cold storage in soils as an innovative new technology,
● reduction of transportation of energy, including a reduction of trucking traffic and acci-

dent risk as an indirect benefit.

From a geotechnical point of view, heating of foundations may also have an important
advantage in the improvement of the soil characteristics (Cekerevac and Laloui, 2004).
This may result in a reduction in foundation cost. Another potentially significant practical
and technological aspect concerns our recently obtained results showing that the thermal
pre-treatment of clays may have a very positive effect on their resilience under cyclic load-
ing, which results in higher resistance of the buildings against earthquakes (Laloui et al.,
2005). In any case, freezing of the piles is to be avoided by continuous monitoring and
control systems to prevent thaw-induced defects.

This simple yet rational technology has already been used in many installations in
Switzerland (e.g., buildings Pago in Grabs, 600 kW, Kino in Buchs, 70 kW, or the Malerva
apartment complex in Sargans, 70 kW) and worldwide (over 300 installations in Europe).
Figure 1 shows two examples of buildings using heat exchanger piles: the 200 m high
Frankfurt Main Tower constructed in 1999 is founded on a 30 � 50 m2 base supported by
112 drilled piles 1.5 m in diameter and 30 m in length. The new Dock E at the Zurich airport

Figure 1. Examples of buildings using heat exchanger piles: the Frankfurt Main Tower and Dock E at the
Zurich Airport.



makes use of 315 energy piles. At present and in spite of this large number of existing instal-
lations, the main obstacle in the industrial development of this technology is the lack of reli-
able knowledge concerning the thermal effects on the structural behaviour of the foundations.
In particular, no analytical, physical or numerical tools are available to consider the complex
interactions between thermal storage and the mechanical behaviour of geostructures.

The parallel combination of several heat exchanger piles, hydraulically connected and
linked to a heat pump, permits the extraction of warmth from the ground to satisfy the need
for heat in winter and to expel excess heat resulting from air conditioning in summer
(Figure 2). With this geothermal use of geostructures, buildings can be cooled at minimal
cost and cheaply heated with a heat pump, utilising the available geothermal energy in the
ground and the natural thermal properties of the concrete.

In this chapter, the behaviour of a typical energetic geostructure, i.e., a heat exchanger
pile, will be investigated through experimental and numerical approaches.

An in situ test of a heat exchanger pile under actual conditions was carried out at the
Swiss Federal Institute of Technology in Lausanne (EPFL) (Laloui et al., 2003). Some of
the significant results of this study have been used to analyse the capabilities of a thermo-
hydro-mechanical finite element model to simulate the thermal soil–structure interactions.
This contributes to the use of numerical approaches for the evaluation of the optimal
design for the soil–energy storage system, the determination of typical design parameters
(soil type, concrete surface, and so on) and the development of a standard calculation
method, as well as the verification criteria, for design purposes.

2. EXPERIMENTAL IN SITU TEST ON A HEAT EXCHANGER PILE

A four-storey building under construction at the Swiss Federal Institute of Technology 
in Lausanne (Switzerland) was chosen for an in situ test of a heat exchanger pile. The build-
ing is 100 m in length and 30 m in width (Figure 3) and is founded on 97 piles approximately
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25 m in length. The tested pile was located at the side of the building. The drilled pile diam-
eter was 88 cm and the length was 25.8 m. The schematic soil stratigraphy profile is pre-
sented in Figure 3 and described in Table 1 (adapted from De Cérenville, 1997). This soil
profile was obtained on the basis of various geotechnical investigations and two static pile
tests. The values of the ultimate shaft friction (qs) and the tip capacity (qp) are given in Table 1.
The groundwater table in this zone is very close to the ground surface.

Polyethylene (PE) tubes were installed vertically in the reinforcing structure with a U-
shaped configuration to permit the passage of the heat-carrying fluid (Figure 4). The
instrumentation chosen for the measurement of strain, temperature and load in this in situ
test was made up of 58 gauges placed as indicated in Figure 3:

● Twenty-eight vibrating-wire extensometers to measure vertical strain and temperature.
● Twenty-four fibre-optic extensometers (1 m long) to measure vertical strain (Inaudi 

et al., 2000).
● Five fibre-optic extensometers (2 m long) to measure radial strains at five depths.
● One load cell to measure load at the bottom of the pile.
● Four extensometers located at the head of the pile to measure vertical strain from

which axial load at the pile top can be determined.

2.1. Additional tests 
Several additional tests were run to characterise the materials, including triaxial tests on sam-
ples from the A, B and C soil layers and ultrasonic transmission and integrity tests in the pile.
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Table 1. Material parameters used in the thermo-hydro-mechanical finite element modelling

Soil Unit Water Poro- Perme- Ultimate Tip Resis- Bulk Shear Friction Cohesion Thermal Heat Solid
layer weight content sity ability shaft capacity tance modulus modulus angle conductivity capacity dilation

ρ w n K* friction qs qp cus K G Φ c Λ ρc coefficient β�s
(kg/m3) (%) (m/s) (kpa) (kpa) (kpa) (Mpa) (MPa) (°) (kPa) (W/m/°C) (J/m3.°C) (°C�1)

A1 2000 30 0.1 2�10�6 0 – 15–20 122 113 30 5 1.8 2.4�106 10�5

A2 1950 30 0.1 7�10�7 0 – 15–20 122 113 27 3 1.8 2.4�106 10�5

B 2000 20–40 0.35 1�10�6 30 – 20–30 59 1000 23 6 1.8 2.4�106 10�4

C 2200 14–20 0.3 1�10�6 165 – 70–150 83 1400 27 20 1.8 2.4�106 10�4

D 2550 – – – 300 11,000 Rc� 12 620– 550– – – 1.1 2.0�106 10�6

MPa 3100 2800
Pile 2500 – – – – – – 17,381 14,313 – – 2.1 2.0�106 10�5

Note: Fluid dilation coefficient, β�f � 10�5 °C�1; Rc, unconfined compressive strength.



2.1.1. Ultrasonic transmission tests. The elastic modulus of the concrete in the pile,
Econcrete, was found based on laboratory tests, as well as on cross-hole ultrasonic transmis-
sion tests, having determined a unit weight of about 2500 kg/m3. Econcrete values for two dif-
ferent assumptions for the Poisson’s ratio (υ � 0 and 0.16) are between 26 and 32 GPa.
Introducing the percentage of reinforcing steel ϕ and Esteel, the elastic modulus of steel, the
following relationship gives the total estimated elastic modulus for the pile:

Epile � Econcrete�1�ϕ �
The elastic modulus of the pile, Epile , was finally estimated to be 29,200 MPa.

2.1.2. Integrity test. Pile integrity and pile geometry were checked by using the
reflected wave method carried out with the PITTM integrity device. No anomalies were dis-
covered, with the exception of a slight increase in pile section with depth (see Figure 5).
For the remaining analyses, the real diameter at various depths will be taken into account,
and not the nominal one. Thus, the section varied between 7200 and 10,800 cm2. However,
for the numerical simulations, an average value of 9000 cm2 was adopted.

The reader interested in more details of this in situ test may refer to Laloui et al. (2003).

2.2. Loading history
The test pile was subjected to two types of loading: mechanical and thermal. The mechan-
ical load was simply applied by the dead weight of the building under construction; the
thermal load was applied by a heating device controlling the water temperature in the PE

Esteel
�
Econcrete
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tubes installed in the pile. The two types of loads were applied separately and alternately
in order to decouple the thermal and mechanical effects. Thus, at the end of the construc-
tion of each storey, a thermal loading cycle was applied to the pile (see Figure 6 for the
complete loading history). Without taking into account the measurements made during the
concreting of the pile (Test 0), seven tests were carried out. The maximum mechanical load
on the pile head was about 1300 kN.

Test 1 differs from the others with regard to the free displacement boundary condition
of the pile head. For the other tests, the pile was blocked in its movement by the applied
load due to the building storeys under construction. In addition, the thermal loads were on
the order of ∆T � 21°C for Test 1, while they were 15°C for the others (values usually
encountered in heat exchanger piles). The measurements for Test 8 were made at the nat-
ural temperature of the ground.

3. THERMO-HYDRO-MECHANICAL MODEL

To simulate the behaviour of the heat exchanger pile and the surrounding soil, a numerical
model coupling the mechanical behaviour to the thermal and hydraulic phenomena is
needed. Here, a thermo-hydro-mechanical (THM) model for saturated porous media is
used. This Biot-type model is derived using homogenisation theory (Modaressi et al.,
1991; Laloui, 1993). Fully coupled equations govern the evolution of pore water pressure,
solid displacement and heat flow under mechanical, hydraulic and thermal loading.

3.1. Mathematical formulation
The field equations of the THM model are:

3.1.1. Momentum conservation.

div σσ � ρsat g � 0 (1)
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where σ is the total (Cauchy) stress tensor with tensile stresses taken as positive, ρsat the
total average mass density, ρsat � nρf � (1 � n)ρs, with ρs, ρf the mass density of the solid
and the fluid phases, respectively; n is the porosity and g the gravity vector.

The behaviour of the solid matrix is assumed to be governed by Terzaghi’s concept of
effective stress given by

σσ � σσ � � ρδ (2)

where δδ is the Kroenecker’s symbol, p the pore water pressure and σσ �� the effective stress
tensor related to the elastic strain ε e by

σσ � � D : ε e (3)

where D is the elastic constitutive tensor depending on the Young’s modulus, E, and
Poisson’s ratio, v. Thus the momentum conservation equation takes the form

div (D : ε e) � grad p � ρsat g � 0 (4)

3.1.2. Mass conservation. The continuity equation reads

� � div ∂turf � div ∂tus � 0 (5)
∂tT
�
Q�

∂t p
�
Q

1072 Chapter 37

Et. 1

Et. 2

Et. 3

Et. 4

TEST 0

TEST 2

TEST 3

TEST 4

TEST 5

TEST 6 TEST 7 (TEST 8)
M

ec
ha

ni
ca

l l
oa

di
ng

Time

time

∆T
 [

° C
]

Et. 0

TEST 1

Figure 6. Thermo-mechanical loading history.



with T being the temperature, urf the relative fluid velocity and us the solid displacement.
Assuming linear compressibility of phases, Q and Q� are given by

Q � ; Q� � (6)

where βα is the compressibility of the phase α (α � s for solid or f for fluid) at constant
temperature T, βα is the coefficient of thermal (volumetric) expansion of the corresponding
phase at constant pore water pressure. The temperature is assumed to remain the same in
both phases. Darcy’s law is used to describe the relative fluid velocity

∂ turf �� K*grad ( p � ρf g x) (7)

with K* being the kinematic permeability tensor and x the position vector of the material
point.

3.1.3. Energy conservation. With c, c
f
and Λ being the total equivalent specific heat,

the specific fluid heat and the coefficient of the equivalent-medium thermal conductivity,
respectively, and assuming Fourier’s linear law, energy conservation is given by

ρc∂tT � ρfcf∂turf grad T � ρcT div ∂tus � ρfcfT div ∂turf (8)

�� div (n∂tus � ∂turf) � (1 � n)∂Tσ�:dtεs�T � div[Λgrad T ] � 0

In the case of heat exchanger piles, the heat convection as well as the heat induced by the
solid displacement may be neglected. The energy equation is then decoupled and takes the
following simple form:

ρc∂tT � div[Λ grad T] � 0 (9)

As may be seen, the fundamental laws governing static equilibrium (Eq. (4)), fluid flow
(Eq. (5)) and heat flow (Eq. (9)) are coupled throughout the dependent variables solid dis-
placement vector, pore water pressure and temperature in the medium.

3.1.4. Constitutive behaviour of the solid matrix: Drucker–Prager thermo-elastoplas-
tic model. The behaviour of clays and other fine-grained soils (usual host media for deep
geostructures) is strongly affected by temperature variations and exhibits thermo-plastic
behaviour (Cekerevac and Laloui, 2004). To describe such complex behaviour, several
advanced thermo-mechanical models are available (Laloui, 2001; Laloui and Cekerevac,

β�f
�βf

1
��
[nβ�f�(1�n)β�s]

1
��
[nβf�(1�n)βs]
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2003). In this work, a simple thermo-elastoplastic model is used for the simulation of the
behaviour of the concrete pile as well as that of the surrounding soil.

In incremental form, the total strain, ε., is divided into two parts:

ε
.
� ε

.
Te � ε

.
p (10)

where ε. Te is the linear thermo-elastic strain and ε. p the plastic strain.

3.1.4.1. Thermo-elastic part
The thermo-elastic strain rate is expressed as

ε.νTe � � β�sT
.

(11)

ε
.

e
d � (12)

where ε.νTe is the volumetric strain rate and ε. d the deviatoric strain rate; q
.

is the deviatoric
effective stress and p

.
� the effective mean pressure. K and G are the bulk and shear moduli,

respectively. T
.

is the temperature increment and β�s the thermal expansion coefficient of
the solid skeleton.

3.1.4.2. Plastic part
The plastic strain rate is given by

ε. p � λ.ΨΨ (13)

with λ being the plastic multiplier and ψψ the direction of the strain increment derived from
the plastic potential. An associated model with the Drucker–Prager yield limit is adopted
here:

f � σI � σ d
II � (14)

where σΙ and σ d
ΙΙ are the first invariant of the effective stress tensor and the second invari-

ant of the deviator of the effective stress tensor, respectively. φ is the internal friction angle
and c the cohesion.

3.2. Numerical integration
Eqs. (4) (equilibrium), (5) (flow) and (9) (heat), together with the constitutive thermo-
elastoplastic law, constitute the coupled system of equations to be solved. To be able to
resolve this formulation for complex geometries and boundary conditions, a finite element
approach is adopted. The weak form of the governing equations was obtained using a vari-
ational formulation (Laloui, 1993).

6csin φ
��
�3�(3�sin φ)

2sin φ
��
�3�(3�sin φ)

q
.

�
G

p
.
�

�
K
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3.2.1. Initial/boundary conditions. Let Ω be the domain occupied by the solid skeleton,
and Γ its boundary. The problem is to find us(x, t), p(x, t) and T(x, t) where x is the position
vector and t the time such that Eqs. (4), (5) and (9) are satisfied on Ω, and such that:

us � u* on Γu, σ n � t on Γσ

p � p* on Γp, ∂t urf n � φ on Γφ

T � T* on ΓT, qT n�Θ on ΓφΤ

together with the initial conditions:

us (x, 0) � us0 (x), p(x, 0) � p0 (x), T(x, 0) � T0(x)

where qT is the heat flow given by Fourier’s law. Γu, Γσ , Γp, Γφ, ΓT and ΓφΤ
are the parts of

the boundary on which the solid displacements, the total stress vector, the pore water pres-
sure, the fluid flux, the temperature and the thermal flux, respectively, are prescribed.

3.2.2. Weak formulation and finite element discretization. Let V, Q and F be the
spaces of admissible virtual displacements, pressures and temperatures, respectively:

V � {v/v smooth on Ω /v � 0 on Γu}

Q � {qv/qv smooth on Ω/qv � 0 on Γp}

F � {θ/θ smooth on Ω/θ � 0 on ΓT}

Thus, Eqs. (4), (5) and (9) of the initial/boundary value (THM) problem, after applying the
Green–Gauss theorem with the boundary conditions previously described, become

∀v∈V, (div{D : ε (us)},v)Ω � (β�sT,div(v))Ω � ( p, div(v))Ω

� (ρsat (us,T)g,v)Ω � 〈t, v〉Γσ (15)

∀q∈Q, (div(∂tus),qv)Ω � (K *grad p, grad qv)Ω � (∂tp/Q, qv)Ω

� (∂tT/Q�, qv)Ω � (K*grad (ρf g . x), grad q v)Ω � 〈φ, qv〉Γφ (16)

∀θ ∈F, (ρc∂tT,θ )Ω � (Λ grad T, grad θ )Ω � 〈Θ, θ〉Γφ T
(17)

where (,)Ω denotes the integration over the domain and �,�Γ, the integration on its
boundary Γ.
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With the semi-discretization in space by means of isoparametric finite elements, dis-
placements, pore water pressures and temperatures (respectively us, p and T) defined in
spaces V, Q and F, can be respectively approximated by ush, ph and Th , and expressed as
follows on Vh, Qh and Fh, subspaces of V, Q and F:

ush � �
I
��

N

j�1

uj
sI (t)WSIej� (18)

ph � �
I

pI (t)WfI

Th � �
I

TI (t)WI

where N is the dimension of Vh and {ei}i�1,N
a basis of Vh. WI,WfI and WSI are the interpo-

lation functions on node I of temperature, pore water pressure and displacement, respec-
tively, considered here to be identical. Hence, the semi-discretised system derived from
Eqs. (15)–(17) can be written in matricial form :

∀j,∀J,Σ I (Σ IKIJ,iju
i
sI � LIJ, j pI � L�IJ, jTI) � FSJ,j

∀J,Σ I (Σ iLJI,i ∂tu
i
sI � HIJpI � MIJ∂t pI � MT IJ ∂tTI) � FPJ

(∀J,Σ I (M�T IJ∂tTI � HT IJTI) � FT J) (19)

Different solution procedures to solve this system of equations have been developed
(Modaressi et al., 1991; Laloui, 1993) using a thoroughly coupled formulation with global
resolution and a prediction–correction method. The three-dimensional formulation of this
thermo-hydro-mechanical model is implemented in a general purpose finite element code
Gefdyn (Aubry et al., 1985).

4. FINITE ELEMENT MODEL

The test pile was statically part of a pile group but the only one to be heated. It will there-
fore be treated as a single pile for the sake of simplicity. It appears, however, useful to con-
sider this analysis, which is similar to but less complex than the full analysis of the whole
group of surrounding piles. As the considered pile was circular in cross section and installed
vertically in the ground, which has a horizontal lithology and horizontal water table, an
axisymmetric geometry was adopted. The mesh takes into account a heat exchanger pile
with a radius of 0.5 m (instead of 0.44 m as in the experiment) and a length of 26 m, as well
as the five soil layers. The bottom of the mesh is located at a depth of 52 m (Figure 7). The
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elements (534 in total) are quadratic for displacements and bilinear for pore water pressures
and temperatures. The contact between pile shaft and soil was described as perfectly rough.
This implies that the finite element nodes of the pile and the soil are constrained by no rel-
ative movement. The material behaviour of the contact area was simulated by the material
behaviour of the soil. To overcome the problems that can rise at this interface, a refined
finite element mesh was used at that location.

4.1. Material characteristics
The material parameters are summarised in Table 1. The soil is represented by five layers
obeying the Drucker–Prager thermo-elastoplastic model. The pile itself is modelled with
solid elements and behaves as a thermo-elastic material. The mechanical parameters (K, G,
φ, c) were determined from triaxial tests at three confining pressures for each soil layer
(Laloui et al., 1999). The pile is considered impervious, as is the layer D (molassic for-
mation), while the other soil layers are considered drained.

The horizontal permeability coefficients were determined from in situ measurements
and isotropic permeability was further assumed. The thermal parameters (Λ, ρc, β �s ), were
estimated based on the geotechnical characteristics while the porosity of each layer was
determined experimentally.
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4.2. Initial and boundary conditions
The mechanical boundary conditions are shown in Figure 7. Restrictions were applied to
both vertical and horizontal displacements on the base of the mesh and to horizontal dis-
placements on the sides. The initial stresses in the pile, as well as in the soil layers, were cal-
culated assuming saturated bulk unit weights and a coefficient of earth pressure at rest K0�1.

The hydraulic boundary conditions consisted in assuming the pile as impervious,
allowing the drainage of the soil layers to take place at the top surface as well as on the
right-hand side of the mesh. Undrained conditions were applied along the axis of symme-
try and for the layer D. The initial pore water pressure corresponds to the hydrostatic pro-
file with a water table located at the top surface.

The thermal boundary conditions consist in allowing the heat to flow through the right-
hand side of the mesh as well as through the bottom of the mesh. Constant temperatures
were imposed on the top surface of the mesh and the heat flux was supposed null along the
axis of symmetry.

5. EXPERIMENTAL AND NUMERICAL RESULTS

In this section, the THM finite element results are presented and compared with the exper-
imental ones. The behaviour of the concrete pile is considered first and then that of the soil
layers.

5.1. Thermal behaviour
To analyse the thermal behaviour of the pile, Test 1 is considered (Figure 6). In this test, a
heating–cooling cycle was imposed (12 days of heating then 16 days of cooling). Two ther-
mal boundary conditions were applied:

● constant temperature at the top surface;
● imposed incremental temperatures in the concrete pile. These values are determined

from the measured ones (Figure 8a). Time variation of the thermal load is shown in
Figure 8b.

Figure 9 shows the temperature field after the heating period. It should be noted that, due
to the thermal parameters of the molasses layer, the thermal diffusion is mainly horizontal.
As a result, the part of the mesh affected by the applied loads is limited to the depth of the
pile. Some of the next results will be thus presented only for the upper portion of the mesh.

5.2. Thermal effect on the mechanical behaviour of the pile
5.2.1. Thermal strains. In the case of Test 1 (Figure 6), the thermal heating–cooling cycle
was applied to the pile. No mechanical load was imposed at the pile top and the pile was free
to move upwards. The imposed thermal field generated strains in the pile. Figure 10a 
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compares the simulated thermo-elastic vertical strains with respect to the measured ones for
the heating and cooling periods. Strains are not uniform during the heating period and are
influenced by the friction along the pile shaft. In fact, the measurements show different strain-
ing according to the type of surrounding soil, and the layer boundaries (A, B, C and D) may
be identified in Figure 10a. The model is able to reproduce this effect.

Thermo-elastic linear behaviour is observed and computed during the cooling phase.
This reversibility means that the displacement of the pile with respect to the soil has not
yet reached the threshold where the friction would no longer permit the pile to return to its
initial state. The modelled radial strains fit the measured ones well, as may be seen for one
of them (at depth of 16 m) in Figure 10b. The radial strain behaviour shows that lateral
contact is still maintained between the pile and the ground after a thermal cycle. It should
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be noted here that the final temperature values are different from the initial ones; this
explains why the strains do not return to zero at the end of the heating–cooling cycle.

5.2.2. Pile uplift. Test 1 enabled the measurement of the maximum uplift produced by
a temperature increase of 21°C. Values obtained by precision levelling (extensometers and
the optical fibres) compared well with the numerical results (see Figure 11).

5.2.3. Induced thermal stresses. Under the effect of a temperature increase, a pile with
free boundary conditions dilates. In the case where it is not entirely free to move (e.g. due
to side friction or blocked head and toe), part or all of the deformation will be prevented.
The constrained strains produce thermal stresses. Figure 12a shows a comparison between
measured and simulated variations in vertical stresses corresponding to Test 1 under a tem-
perature variation of 13.4°C. Figure 12b presents the vertical effective stresses during the
heating–cooling cycle.

5.3. Thermo-mechanical behaviour of the pile
To analyse the thermo-mechanical behaviour of the pile, Test 7 (Figure 6) will now be
considered. The experimental results clearly show the differences between mechanical
and thermal loading (Figure 13a). Even though the mechanical axial stress is large at the
pile top (on the order of 1.3 MPa) and diminishes with depth (the toe carries almost no
load), the thermal load is larger and rather uniform. This results in an overstress on the
order of 1.2 MPa at the pile head and strongly solicits the toe (2 MPa). An analysis of
Tests 5 and 6 shows that a temperature increment of 1°C results in an additional temper-
ature-induced load on the order of 100 kN. As a consequence, the total axial load in the
pile is twice as large as the one due to purely mechanical loading, with a large solicita-
tion of the toe.
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The mechanical loading is modelled by applying increments of vertical stress to the top
of the pile. The thermal loading is imposed in the pile as discussed previously. The model
is able to reproduce the decrease in the mechanical vertical stresses with depth as well as
the increase in the thermally induced vertical stresses with depth (Figure 13b).

5.4. Thermo-hydro-mechanical behaviour of the soil
The THM finite element modelling shows the following results:

In the case of Test 1 (thermal load only)

● heating of the pile produces a global swelling of the top surface of the soil (Figure 14).
The calculated displacement at the pile top corresponds well to the measured value
(Figure 11);
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● the induced vertical strains are mainly dilative. However, as was experimentally
observed, compressive strains are generated at the bottom of the pile.

In the case of Test 7 (thermo-mechanical load)

● the mechanical load (induced by the weight of the building) on the pile does not pro-
duce any strain in the soil at a distance as short as 1 m from the pile shaft;
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● the heat effect is more pronounced and induces small strains at 1 m from the pile shaft
(Figure 15).

● Due to the limited mechanical effects and the small heat-induced strains, the pore
water pressures, as well as the effective stresses, remain almost constant.

6. CONCLUSIONS

Heat exchanger piles offer a good opportunity for the use of sustainable energy for build-
ing heating and cooling. In spite of the existence of several installations of this type, the
understanding of the THM behaviour is limited at the present time. This chapter presents
new experimental work and modelling capabilities.

Strains in the test pile are thermo-elastic in nature. Their intensity depends on the type
of surrounding soil. The additional thermal-induced axial load in the pile may be rather
large. At the pile toe, thermal effects produce much larger axial stresses than those (almost
zero) created by the dead weight of the building; this is due to the uniform nature of the
thermal effects. Finally, the difference in the direction of movement (uplift for thermal and
settlement for static) act such that friction resistance is not affected by temperature and
relief of side friction mobilisation is seen during heating. Even if the thermal effect prop-
agates more in the soil than does the mechanical load, the induced strains are limited and
do not affect the pore water pressure or the effective stress.

A coupled displacement-pore water pressure–temperature finite element analysis was
carried out. It was assumed that the concrete and the soil were saturated and governed by
a thermo-mechanical law, that the heat flow followed Fourier’s law and that the pore fluid
respected Darcy’s law.
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Applying the principle of effective stress, and determining the heat fields using energy
conservation, from the equilibrium and the continuity statements a coupled THM system
of equations is obtained. This coupled THM model is capable of modelling the complex
behaviour of a heat exchanger pile and reproduces the experimental results quite well.

REFERENCES

Aubry, D., Chouvet, D., Modaressi, A. & Modaressi, H. (1985) Gefdyn: Logiciel D’Analyse Du
Comportement Mécanique Des Sols Par Éléments Finis Avec Prise En Compte Du Couplage Sol-
Eau-Air, Report Ecole Centrale Paris.

Cekerevac, C. & Laloui, L. (2004) Experimental study of the thermal effects on the mechanical
behaviour of a clay, Int. J. Numer. Anal. Meth. Geomech., 28, pp 209–228.

De Cérenville Géotechnique, (1997) Rapport géotechnique, Extension Quartier Nord Message 96,
Ecublens, Switzerland.

Inaudi, D., Laloui, L. & Steinmann, G. (2000) Looking below the surface, Concrete Eng. Int., 4(3).
Laloui, L. (1993) Modélisation Du Comportement Thermo-Hydro-Mécanique Des Milieux Poreux

Anelastiques, Doctoral Thesis, Ecole Centrale Paris.
Laloui, L. (2001) Thermo-mechanical behaviour of soils, RFGC, 5, 809–843.
Laloui, L. & Cekerevac, C. (2003) Thermo-plasticity of clays: an isotropic yield mechanism.

Comput. Geotech., 30(8) 649–660.
Laloui, L., Moreni, M., Steinmann, G., Vulliet, L., Fromentin, A. & Dr Pahud, D. (1999) Test En

Conditions Réelles Du Comportement Statique D’Un Pieu Soumis à Des Sollicitations Thermo-
Mécaniques, Report of the Swiss Federal Office of Energy OFEN.

Laloui, L., Moreni, M. & Vulliet, L. (2003) Comportement d’un pieu bi-fonction, fondation et
échangeur de chaleur, Canad. Geotech. J., 40(2), 388–402.

Laloui, L., Cekerevac, C. & Vulliet, L. (2005) Non-Isothermal Modelling of the Cyclic Mechanical
Behaviour of MC Clay, Proceedings of the 11th International Conference of IACMAG, Torino,
pp 377–384.

Modaressi, H., Forester, E. & Laloui, L. (1991) Stability analyses of coupled thermo-hydro-mechan-
ical schemes for deformable porous media, In Numerical Methods in Thermal Problems, Eds.
Lewis, R.W., Chin, J.H. & Homsy, G.M., Pineridge Press Swansea, Vol. 7, pp 1073–1083.

Modaressi, H., Laloui, L. & Aubry, D. (1991) Numerical Modelling of Thermal Consolidation, sec-
ond European Speciality Conference on Numerical Methods in Geotechnical Engineering,
Santander, pp 280–292.

1084 Chapter 37



1085

Chapter 38

Use of Explosion in Soil Improvement Projects

S.W. Yan1 and J. Chu2

1Geotechnical Research Institute, Tianjin University, Tianjin, China
2Nanyang Technological University, Singapore

ABSTRACT

Explosion has been used in several soil improvement methods in granular fill densification
and in removing and replacing soft soil layer. These methods are briefly reviewed and dis-
cussed. A new method, the so-called explosive replacement method, is described. The new
method uses energy of explosion to remove and replace soft clay with crushed stones.
Explosive charges are placed in the soil to be improved according to a certain pattern. Crushed
stones are piled up next to the area where charges are installed. The explosion creates cavities
in the soil and causes the pile of crushed stones to slide into the exploded area. A case study
on the use of this new method to the soil improvement works for a highway is present. 

1. REVIEW OF DIFFERENT EXPLOSIVE METHODS

The use of explosion as a soil improvement method is not common. Nevertheless, several
explosive methods have been developed and used in practice. These include the explosive
compaction method, the explosive piling method and the toe shooting method.

The explosive compaction is a method to use buried explosives to cause the densifica-
tion of loose granular soil ground. This method has been used in practice in the United
States for more than 40 years. A number of theoretical and case studies have been pub-
lished in the past (Hall, 1962; Chadwick et al. 1964; Mitchell, 1970; Van Impe, 1989;
Charlie et al. 1992; Narin van Court and Mitchell, 1995, 1998; Gandhi et al.,1998; Gohl 
et al., 2000; Narin van Court, 2003). When adopting this method, the usual procedure con-
sists of installing the explosive charges through a pipe installed to the required depth, fill-
ing the hole after the pipe is withdrawn and fire the charges. So far, this method is only
limited to the application of granular soils.

Explosion is also used to form a borehole for the installation of compacted cement or fly-
ash mixed soil piles. Those piles are normally only 2–3 m long and are used for the purpose
to improve the ground of clay fill or loess soil. In using this method, a 22-mm-diameter hole
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is first formed. The borehole is then filled with a trinitrotoluene (TNT) and wood-cutting
scraps mixture. The ratio is adjusted depending on the soil type and the required pile diam-
eter. A detonator is placed at the bottom of the explosive mixture. After firing the charges, a
cylindrical borehole of roughly 350 mm is formed. The soil surrounding the borehole is also
compacted at the same time by the explosion. The compacted zone is about 2.5–3 times of
the borehole diameter. Cement or flyash mixed soil can then be placed inside the borehole
and compacted by heavy tamping in layers to form a pile. More detailed construction proce-
dure and some case studies are presented in Zhu et al. (2003). This method is economical and
speedy. However, it may only be effective when the ground water table is relatively low or
when a relative dry borehole can be formed without support. This kind of site conditions is
commonly encountered in the western part of China where the method has been originated. 

When the soft ground to be improved is only within 6 m deep, it may be an economi-
cal option to excavate the soft clay and replace it with sand, gravel or rock fill. Explosives
may be used in this case as a means to remove the soft clay. One such method is described
in Soil Mechanics for Road Engineers (Road Research Laboratory, 1952) for construction
over peat mires. In this so-called toe shooting method, charges are installed in the peat
mires to blast away the peaty soil before competent soils can be replaced. However, this
method may not remove the weak soil completely. It may also be used only for a shallow
depth. Therefore, the method has so far only been used in muddy and swampy areas where
heavy construction machineries are difficult to be employed or the excavated soils are dif-
ficult to be transported. A similar method for removing and replacing seabed mud with
rocks for offshore dike construction has also been used recently in China. A case study has
been presented in Jin and Shi (1999). 

2. EXPLOSIVE REPLACEMENT METHOD

2.1. Principle and technique
The principle of the explosive replacement method is to remove soft clay and replace it
with crushed stones using controlled blasting. The procedure of the method can be illus-
trated in Figure 1. As shown in Figure 1(a), explosive charges are first installed in the soft
clay, and then crushed stones are piled up next to it on the side of the road that has been
improved. When the charges are detonated, the soft clay is blown out and cavities are
formed. At the same time, the crushed stones collapse into the cavities. In this way, the soft
soil is replaced with crushed stones in a rapid manner. The soil that is blown into the air
will form a liquid and flow away after it falls to the surface. The crushed stones after col-
lapsing form a slope of 1V:3H or 1V:5H, as shown in Figure 1(b). The impact of the explo-
sion also causes an instantaneous reduction in the shear strength of the soil below the level
of explosion (Osipov et al., 1984) so that the crushed stones can sink into the soft clay
layer. The stones help the soil at the bottom to consolidate, and the clay itself will also gain



part of its original strength after explosion (Osipov et al., 1984). More crushed stones are
backfilled to form a levelled ground and a steeper slope, as shown in Figure 4(c). The
above process is then repeated to remove and replace the soil in another section.

2.2. Analysis
The success of the explosive replacement method depends on the following design param-
eters: charge placement (in plan and elevation), charge weights, and detonation sequence.
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The Hopkinson’s number (HN) is often used for explosive compaction (Narin van Court
and Mitchell, 1995):

HN � (Q1/3)/R (1)

where Q is the charge weight (in kg) and R the effective radius in plan (in m). However, for
a given value of HN, there are infinite combinations of charge weight with radius.
Furthermore, it is difficult to select the suitable values of HN in practice. Based on blasting
mechanics (Henrych, 1979), a new set of equation has been derived by Yan and Chu (2004):

R � 0.493Pk
5/36� �

2/9

�Pa � �
n

i�1

γi(hc)i�
1/4

Q1/3 (2)

where Pk is a pressure constant (in Pa), ρe the density of the explosive (in kg/m3), D the
velocity of the explosive (in m/s), Pa the atmospheric pressure (in Pa), γi the unit weight of
soil (in N/m3) and hc the thickness of the soft clay above a cavity in meter. 

For TNT type of explosive, the following parameters can be chosen: density ρe � 1100
kg/m3, velocity D � 6200 m/s, Pk � 3.0 � 108 Pa. The unit weight of the soil can be taken
as 18,000 N/m3. Substituting all the parameters into Eq. (2), we have

R � (3)

As the purpose of blasting is to remove the soft clay, the thickness of the soft clay above
a cavity should be controlled to be small. Using hc � 0 in Eq. (3), we have

R � 0.62Q1/3 (4)

Equation (4) is equivalent to Eq. (1) when HN � 0.61. For Q � 10–20 kg, we get Rvd �

1.34–1.68 m from Eq. (4). The distance between charges, L, can be estimated as

L � λR (5)

where λ � 1.5–2.0. When λ � 2, L is the diameter of the cavity. To allow some overlap-
ping, λ � 2 should be used. 

3. CASE STUDY

3.1. Soil conditions
To cater for the rapid economic development, a highway connecting Ganzhou and Dingnan in
Jiangxi Province (see Figure 2) was constructed from January 2002 to January 2004. The
highway is 127 km long and 26.5 m wide. A few sections of highway run through valley

10,88Q1/3

���
(98,000 � 18,000hc)

0.25

D
�ρe
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zones. The valleys were 20–50 m wide with water table typically at the ground surface. A typ-
ical soil profile is shown in Figure 3. The soils were alluvial in nature. The first layer was silty
clay of 6–8.5 m thick with a 0.5–0.6 m thick vegetation layer on top. The second layer was
silty gravel of 1.3–2 m thick overlying weathered sandstone. The top 1–2 m of the sandstone
was highly decomposed. Typical soil properties of the soft clay are shown in Figure 4. The
water content of the soil was generally higher than the liquid limit (Figure 4(b)). The
undrained shear strength of the silty clay was only about 20 kPa (Figure 4(c)). How to improve
the soft clay layer speedily for highway construction became one of the challenges to this proj-
ect. Some of the commonly adopted soil improvement methods could not be applied, as these
methods could not offer an expedient solution to meet the project schedule. For example, sur-
charge or vacuum preloading together with vertical drains (Yan and Chu, 2003) is normally
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Figure 2. Location map.
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used for similar projects. However, the time required for consolidation is too long for this proj-
ect. Deep cement mixing is also used sometimes for highway construction in China (Lin and
Wong, 1999). However, this method was considered too expansive to be used over a long sec-
tion. Furthermore, the use of this method might not meet the construction schedule either. The
explosive replacement method was considered feasible for this project for the following three
reasons: (1) the construction was in a remote mountainous area, so blasting was permitted, (2)
plenty of rocks were generated from the tunneling work for the same project, and (3) the soft
clay layer to be replaced was only about 6–8.5 m thick. After some experiments, a workable
method was established and adopted for this highway project. 

3.2. Soil improvement work
Explosive charges were placed in the soft soil to be improved in a way as shown in Figure
1(a). Crushed stones pile of 5–6 wide and 1–2 m high was placed behind the area where
dynamite was installed. The charges were installed at a horizontal spacing of 2 m in one
row. The embedded depth and the weight of the charge were determined based on the depth
of the clay layer as calculated using Eq. (3) as shown in Table 1. TNT type of explosive was
used. The charges were installed using a 16 t excavator, as shown in Figure 5. A pipe of 21.3
cm in diameter and 12 m long was driven into the soft clay using a 11 kW vibrator. Once
the pipe reached the required depth, a cylindrical charge of 19 cm in diameter was placed.
For a charge weight of 16–24 kg, the length of the charge would be 50–80 cm. Water was
filled into the pipe as an overburden pressure to the charge before the pipe was pulled out.
Sequential detonation was used to reduce the impact of the explosion. A picture taken at the
moment of explosion is shown in Figure 6. The explosion removed most of the soft soil
within the top 5–6 m in the exploded area and caused the pile of crushed stones to slide into
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the area where the soft clay was removed by explosion. The crushed stones after collapsing
form a slope of 1V:3H or 1V:5H, as shown in Figure 1(b). More crushed stones were 
back-filled to form a levelled ground and a steeper slope, as shown in Figure 1(c). The
above process was then repeated to remove and to replace the soil in another section. Using
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Table 1. Calculation on the weight of each charge

Depth of soil, h (m) 5 6 7 8
Distance between charges, L (m) 2 2 2 2
λ in Eq. (15) 1.7 1.6 1.5 1.5
Radius of cavity, Rvd (m) 1.18 1.25 1.33 1.33
Thickness of soft clay above cavity, hc (m) 2.65 3.50 4.33 5.34
Embedded depth for charges, hc � Rvd (m) 3.83 4.75 5.66 6.67
Weight of each charge, Q (kg) 9.5 12.2 15.7 16.8
Weight of each charge used, Qu (kg) 16 20 24 24

Figure 5. Installation of charges.

Figure 6. During explosion.



this method, the soft clay layer was replaced by crushed stones in a speedily manner. The
potential delay to the project was thus avoided. 

The source of the crushed stones was the sandstone rock excavated from tunneling con-
struction for the same highway project. The particle size of the stones ranged from 10 to
70 cm. The pile of crushed stones was typically 1–2 m high and 5–6 m wide (see Figure 1(a)).
After the explosion, the stones fell into the cavities and formed a slope of 1V:3H to 1V:5H.
More stones were backfilled to form a levelled ground and a boundary slope of 1V:0.8H.
With every round of explosion, the improvement section could be advanced for 6–8 m. 

Embankment of typical 6 m high (see Figure 7) was constructed after the soil improve-
ment work. The fill used for the embankment was mainly a clayey sand with its basic prop-
erties given in Table 2. The maximum dry density and the optimum water content as
obtained from standard Proctor compaction tests were 1.8 Mg/m3 and 14.5%, respectively.
Roller compaction with 0.3–0.5 m for each lift was used. The relative compaction values
specified were 95% for the top 0.8 m, 93% for the fill between 0.8 and 2.3 m and 90% for
the fill below 2.3 m, respectively. 

3.3. Verification
Boreholes were drilled to examine the depth of the crushed stones after soil improvement.
One of the borehole logs is shown in Figure 8. The stones were found to be present up to
9 m in which the top 5–6 m was densely packed whereas the rest 4–5 m was embedded in
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Table 2. Basic properties of the fill used for embankment

Soil type Liquid limit Plastic limit Plasticity index Fines content Organic content
(�75 µm)

Clayey sand (SC)a 25.3% 12.3% 13% 18% 2.7%

a According to the Unified Soil Classification System.



clay. Below the crushed stone layer were silty gravel layer and the weathered sandstone
layer.

Plate load tests were conducted using a square plate of 1.0 � 1.0 m. The load was applied
via a hydraulic jack reacted against a steel beam which was counterbalanced by dead weight.
The plate was placed on the ground surface before the 6 m of embankment was built. The
results of a typical plate load test are shown in Figure 9. The results indicate that the improved
ground had adequate bearing capacity. Using the load versus settlement curve shown in
Figure 9, the modulus of subgrade reaction, ks, which is used for pavement design
(AASHTO, 1993), can be determined as the secant modulus for a specified point on the curve
(Bowles, 1996). The modulus of subgrade reaction determined from the initial linear portion
of the curve was 120 MPa. It should be pointed out that the plate load test results only
reflected the condition of the upper layer of 1.5–2 m deep in the compacted stone layer. The
critical area for settlement would be the deeper zone where the stone was mixed with soft
clay, which was not significantly stressed by the plate load tests. Therefore, the plate load test
results gave an optimistic picture of the load settlement behavior. The settlement of improved
foundation soil measured 3 months after the opening of the highway was more than the max-
imum settlement shown in Figure 9, but � 30 mm. The total settlement of the highway meas-
ured at the same time was � 100 mm. The total allowable settlement as specified by the
Ministry of Transport for design of expressways in China was 300 mm.

Ground-probing radar (GPR) was used to detect the distribution of the crushed stones
in the soft clay. The radar system transmits repetitive, short-time electromagnetic waves
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into the ground from a broad-bandwidth antenna. Some of the waves are reflected when
they hit discontinuities in the subsurface while some are absorbed or refracted by the mate-
rials that they come into contact with. The reflected waves are picked up by a receiver and
the elapsed time between wave transmission and reception is automatically recorded. More
explanation on the method can be found in Koerner (1984). 

The GPR system used in this project adopted a frequency of 100 MHz. This frequency
was chosen to suit the depth of the crushed stone layer. GPR tests were conducted along
six lines of a total length of 417 m. Among them, two lines were along the longitudinal
direction and four lines along the transverse direction of the highway. One scanned profile
is shown in Figure 10. The crushed stones in the top 5 m of the soil profile were detected.
Soft clay pockets within this layer could also be identified from the image, as indicated by
arrows in Figure 10. However, the stones in the deeper layer could not be identified clearly
from the image. This could be because the radar wave became much less ineffective when
it penetrated the layer of stones embedded in clay.

4. SUMMARY

A new explosive replacement method was developed and adopted for the soil improvement
work of a highway project in Jiangxi, China. The method uses the energy of explosion to
remove and replace soft clay with crushed stones. Explosive charges were placed in the soil
to be improved according to a certain pattern. Crushed stones were piled up next to the area
where charges were installed. The explosion created cavities in the soil and caused the pile
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of crushed stones to slide into the exploded area. Based on blasting mechanics (Henrych,
1979), a set of equations regarding the weight of the charge and the radius of the explosive
cavity were derived to calculate the weight of the charges and the spacing between the
charges. The design of the charges was made using the equations and the results were found
to be satisfactory. A method to install charges was also developed and used in this project.
The borehole exploration after the soil improvement revealed that the crushed stones were
densely packed in the top 5–6 m, but were embedded in clay in the bottom 3–4 m. The
results of the plate load tests indicated that the top layer of the improved ground had suffi-
cient bearing capacity and high modulus of subgrade reaction. The ground-probing radar
adopted was effective in detecting the layer of the densely packed crushed stones. 
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Index

A

ABAQUS, 71, 207–208, 215, 225; see also Finite
element analysis (FEA)

Acid sulphate soils (ASS), 426–427, 429, 431, 432,
435, 438, 567–569, 570–571

Ageing effect, 274
Air leaks, 199
Anodes, 969, 972, 974, 976, 984, 985, 992, 994,

1008–1010
ANSYS, 456
Arching models, 937
Arching shells, 936
Artificial aging, 231, 233–234, 236
Asaoka’s method, 32, 34, 38, 113, 114, 150, 153,

179, 180, 186, 193, 194, 197, 242, 315, 260,
653, 656, 658–659

field coefficient of horizontal consolidation 
659–660, 661

reliability, 659
Asphalt, 296, 423
Atterberg limits, 136, 151, 1012, 1013

soft soils, 693, 694

B

Back-analyses, 781–783
Backfills, 307, 863, 514; see also Hydraulic fills

approach blocks, 831, 832, 833, 834, 836, 841,
867, 868–869

cement, 829, 831
cement-mixed, 857
construction, 860
strength, 894

Bakau piles, 899, 906
bridge approaches, 904
installation, 905–907
shallow sliding, 902–903

Bamboo piles, 917
bridge approaches, 904
embankment load, 909
excavation, 904–905, 906
installation, 905–907
lateral capacity, 913–915
raft system, 899, 903–904, 905, 906, 908
shallow sliding, 902–903
shear strength, 913

Band drains, 11–12, 13, 14, 27, 29, 85, 640, 643
Band-shaped drains, 31, 56–57, 127–128
Baracuda membrane, 36
Barrettes, 375
Barricades, 530–531, 532

bricks, 515
failures, 529

Barrier beach systems, 566
Barron’s solution, 64–66, 133, 645
Basement excavation, 371, 389, 394, 407

layout, 372–373
Beam flexure tests, 427, 433
Bearing capacity, 320, 481, 491, 814

embankments, 941
mine tailings, 500–502
soft clay, 325
stone columns, 671, 672

Bearing pressures, 474, 481, 482
Bearing system:

geotextile encased columns (GEC), 924–925
Becker penetration testing (BPT), 461–462, 464
Benkelman beam tests (BBT), 287, 288, 289,

778–779, 781, 782, 783
Bentonite slurry trench, 202
Berms, 172, 179, 688, 950–952, 953, 976

finger, 815
toe, 824

Binders, 409, 441, 749, 751, 939
application, 414, 421
cementitious, 410–412, 425, 426
shrinkage, 435–436
slow setting, 413, 420, 427
suitability, 425

Bjerrum’s approach, 787, 791
Bonding:

gravel, 851
interparticle, 726–727

Borehole stability, 379, 391
Bow-wave, 502, 508
BPT, see Becker penetration testing
Bridges, 460, 464, 875

approaches, 570, 632, 904
foundations, 465, 467, 468

Bridge abutments, 829–832, 906
backfill, 842
cement-mixed gravel (CMG), 842–856
construction, 860–863
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cost, 860
design, 856–860
dynamic loading, 835
full-scale loading tests, 864–870
models, 833–834
seismic stability, 841, 870
shaking table tests, 832–841

Bridge pier:
movements, 469–470

Broms’s approach, 913
Burmister’s multilayer elastic solution, 291

C

California bearing ratio (CBR), 770, 775–776, 767
Cam-Clay model, 215, 225, 925
Capillary break, 505, 507
Carbamide resin, 745
Carbon dioxide injections, 743–744
Cardboard wicks, 11
Carillo’s approach, 11, 645, 658
Cathodes, 969, 972, 974, 977, 985, 1008–1010
CBR, see California bearing ratio
Cement, 125, 279, 301, 306, 307, 323, 940 

air-bubbled, 282
backfill, 829, 831
columns, 939
deep mixing method, 742
GB, 426–427, 429, 432, 435–436
GP, 410, 411, 413, 425, 426–427, 429, 431, 432,

435–436, 438
hydration reaction, 751
loess, 746
paste, 853, 856
Portland, 319, 740
silos 482–484, 482
treatment, 285–286, 293

Cement–bentonite, 745
Cement deep mixing, 324, 325

jet grouting, 307
monitoring, 310
reinforced embankment, 307–310
soil profile, 306–307

Cement/lime mixing, 280
deflection measurement, 287–289
soil–cement column construction method, 284
subsoil condition, 280–282
surface mixing method, 282
surface settlement, 284–287

Cement-mixed gravel (CMG), 832, 834, 836,
842–843, 869

backfill, 857, 859–860

CDTC test results, 855–856
Mohr–Coulomb strength, 853–855
moulding water content, 853
preparation, 843–845
ratio, 861
strength, 845–852, 855–856
triaxial test, 845
water content, 856, 862

Cement-mixed loam, 834
Centrifuge testing, 130, 876
Char, 494
Characterisation tests, 769–770
Chemical analyses, 774
Chemical leaching, 426
Chemical plants,

vibro replacement, 634–636
Chiba gravel, 842, 843, 845, 846–852, 853, 854, 855
Circular drains, 11–12, 13
Clay, 3, 4–5, 16–17, 23, 24, 32, 34, 36, 38, 122, 500,

632, 767, 1046 
ariake, 279, 280, 286, 300, 301
Atterberg limits, 693, 694, 1012, 1013
Bangkok, 306, 320
Barra da Tijuca, 145
boulder, 938
coefficient of consolidation, 704–705, 707
compressibility, 697, 698–701
drain installation, 14
drained strength, 695–696
dry unit weight, 692, 716
heave, 367
high-plastic, 427
Holocene, 133, 137, 901
hydraulic conductivity, 505
lateritic, 769
marine, 76–85, 95, 161, 255–257, 258, 259, 364,

371, 373, 374, 378, 385, 387, 611, 629, 902,
1049

moisture content (MC), 719
Norwegian quick, 971–974
organic, 684, 691, 713
over-consolidation ratio (OCR), 698
proton-saturated, 974
Sarapuí, 145
sensitive, 986–993
shrinkage potential, 437
Singapore marine, 357, 358, 359, 361, 367
slurry, 91, 94, 97, 99, 119, 126, 129, 141
soft marine, 76–85, 161
soft, 51, 75–85, 91, 99, 101, 104, 119, 123, 147,

154, 161, 163, 181, 189, 191, 199, 213, 238,
240, 242, 303–307, 311–315, 315–322,



324–325, 357, 364, 368, 566, 574, 580, 628,
635, 666, 672, 901, 909, 913, 916-917,
967–968, 971, 1085, 1089

stiff, 163
strength, 151
suspension, 745
test embankment, 311
thermal pre-treatment, 1066
undrained shear strength, 695, 722
varved, 984
void ratios, 696
water-saturated, 25

CMG, see Cement-mixed gravel
Coal:

tailings, 492–494, 497, 498, 499, 509
Coefficient of consolidation, 191

horizontal, 192
vertical, 194

Cohesive strength:
grouting 351–352, 354

Collapse, 725–727
Bulgarian loess, 734–735
deep explosions, 741–742
Eastern Europe loess, 735
mechanically stabilized soil (MSS) walls, 892–893
potential, 728, 756
wetting, 729

Compaction, 317, 421, 539, 770, 771; see also Vibro
compaction

cement/lime stabilisation, 750
cement-mixed gravel (CMG), 862
clay suspension, 745
deep explosions, 741–742
dynamic, 247, 248, 251, 253, 269, 271, 274, 413,

557, 730
dynamic deep (DDC), 476–477, 485
gravel, 849
grouting, 472–475, 485
gyratory, 413
heavy tamping, 738–739, 740, 741, 746, 747
hydro-blasting, 752–757
impact, 730
loess, 737
manual vertical, 843
Müller resonance compaction (MRC), 247, 248,

254, 269
ponding, 740–741
post-compaction testing, 607
probe, 544, 546–547, 548, 549, 551–552,

554, 557
soil compactability, 540–542
soil piles, 739

static, 413, 420
surface blasting, 741
tensile strength, 430–431
test, 520
toe shooting method, 1086
vibroflotation, 247, 248, 251, 254, 269,

273–274
Composite-type revetment, 123
Compressed air, 357
Compressibility, 59, 114, 213, 231, 305, 325

soft clay foundation, 320
Suvarnabhumi Airport (SA), 216

Compression ratio, 151
Compressive strength:

stabilised materials, 426–427
Computer programs:

ABAQUS, 71, 207–208, 215, 225 
ANSYS, 456
COFEA, 690
Fast Lagrangian Analysis of Continua (FLAC),

513, 878, 879, 882, 884–894, 897
Geosolve, 826
Laymod4, 769, 782
PLAXIS, 925
SIGMA/W, 769, 781
SLOPE, 826
Winwall 6.14, 1019

Concrete, 390, 393, 739, 863
barriers, 953–956
caisson, 123
elastic modulus, 1070
pavement, 564
piles, 571
reinforced raft, 677–679

Cone penetration tests (CPT), 140, 269, 273, 359,
361, 453, 455, 458, 473, 539, 540, 541, 574,
575, 580, 604, 607, 939

sand bund, 620
soil compactibilty, 604, 605
vibro compaction, 623, 625–626

Cone resistance, 269, 271, 272, 273, 274
Consolidated drained triaxial compression (CDTC),

842, 843, 845, 850
Consolidated undrained (CU) triaxial tests, 695, 980
Consolidation, 7, 52, 577, 967–969; see also

Electro-osmosis
acceleration, 570, 643
Changi East reclamation project, 263, 264
deep mixing piles, 316
degree, 590
electro-osmosis, 967–969
equations, 10
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mine tailings, 502–503
one-dimensional, 5–6, 522, 993, 1014
parameters, 45, 132, 134, 135, 137–138 
process, 3
radial, 645
rate, 590
revised theory, 203–207
self-weight, 495, 496
settlement, 25–26
soft clay, 325
soft soils, 566, 567
spring analogy, 92–93
vertical band drains, 640
vertical, 645

Constant rate strain (CRS), 189, 191
Construction control, 139–141
Construction fill, 725
Convergence:

tunnels, 344–345, 346, 347–348, 350,
351, 353

Coring, 359
Cost, 120, 129, 483

maintenance, 289
road construction, 296–301
road pavements, 425, 784
total, 279, 280, 299–301
transport, 766

Covers with capillary break effects (CCBE) 
system, 507

CPTU, see Piezocone tests
Creep, 3, 24, 40, 168–169, 194, 231, 232,

235, 242, 244, 440, 570, 572, 590,
592, 689, 690, 917; see also Consolidation;
Settlement

assessment, 701
Colombo–Katunayake Expressway (CKE), Sri

Lanka, 706, 709
geotextiles, 816
model, 798, 799–805, 808–809
stress-dependent, 236

Creep-based elasto-viscoplastic model, 787–788,
798; see also Creep

Cross-hole geophysical tests, 359
CRS, see Constant rate strain 
Crushed rock, 419, 420, 421, 422, 423, 426, 427,

429, 435
Curing, 413, 416–417, 420, 422, 426, 427, 429,

431, 432
Current intermittence, 1006
Cut & cover method, 357
Cut-off method, 327, 351, 355
Cylindrical cavity expansion theory, 61

D

Dams, 842
Darcian flow, 7, 11, 33, 42, 43
Darcy’s law, 3, 4, 10, 16, 330, 332, 1002, 1007, 1073
DCP, see Dynamic cone penetrometer 
DDC, see Dynamic deep compaction
Deep mixing method (DMM), 125, 305, 306

cement, 737, 1090
negative skin friction, 321–322

Deep mixing piles, 307, 311–315
settlement, 315–316, 317, 322, 323
soft clay, 319–321

Deep settlement (DS) plates, 310
Deep settlement gauges (DG), 173–174
Deep soil mixing, 4
Deep vibro techniques 602; see also Vibro

compaction; Vibro replacement
Deformation, 447, 452, 456, 465, 796, 797, 815; 

see also Geotechnical hazards
Yelgun to Chinderah freeway, Australia, 574–578

Degree of consolidation (DOC), 113–115, 116, 154,
168, 186, 316, 590, 659

Densification, 470, 476, 482, 484, 485, 539
granular soil, 269–275
program, 464
purpose, 617

Deviator stress:
dynamic, 290–291, 292, 293, 294
initial, 290, 291–292
static failure, 291

Diaphragm walls, 372, 373, 377
bending, 393, 394, 406
construction, 379, 388, 389–391, 398
finite element analysis, 393–394
free field lateral soil movements, 406
jet grouting, 405–406
lateral movements, 375, 380–381, 392–393, 395

Dikes, see Dykes
Dilatometers (DMT), 540
Direct dumping, 250
Displacement:

distributions, 340–343
elasto-plastic analysis, 335–340
hard ground, 345–346
horizontal, 802–803, 804, 805, 808, 882, 883,

884–885, 889, 890, 894, 895, 896, 897
lateral, 77, 98, 103, 108–109, 110, 111, 310,

866–867, 868, 870
parapets, 869
vertical, 801, 808

DMM, see Deep mixing method
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DMR, see Department of Mineral Resources,
Thailand

DNIT, see Brazilian Federal Highway Department
DOC, see Degree of consolidation
Downdrag skin friction, 321, 324; see also Negative

skin friction
Downhole shear wave velocity testing, 461
DPT, see Dynamic penetrometer tests
Drain holes, 328, 334, 344–345; see also Drainage;

Drains
groundwater pressure, 343–344
unimproved ground, 349–351

Drainage, 172, 327, 464; see also Drain holes; Drains
blankets, 213, 826
concrete barriers, 954
effect, 329, 331
elasto-plastic analysis, 332–334
experiments, 343–347
hydraulic fills, 515, 516–517, 522–534, 530
loess, 742–743
mechanical characteristics of ground, 347–349
stone columns, 663
stope, 522
system, 957–958
tailings, 495, 496
tunnels, 328, 352
unimproved ground, 349–351
vibro-replacement, 481
weep holes, 953
wellpoints, 742

Drains 147, see also Drain holes; Drainage;
Prefabricated vertical drains; Vertical drainage;
Vertical drains

band, 640, 643
cardboard wick, 201
Colbond, 265
geosynthetic, 1025
horizontal, 1051
length, 531
long, 208, 209, 212
Mebra, 265
prefabricated 149, 150
prefabricated vertical (PVD), 162
sand, 162, 741, 976
short, 208, 209, 212
spacing, 28, 31, 76, 261, 265–267
stopes, 529–530, 532
types, 265
vertical, 3, 52, 165
wick, 237, 239, 244, 569, 571, 581–584

Dredging, 120–121, 126, 129, 135
Drilling, 453

percussion, 739
quality control, 360

Drucker–Prager thermo-elastoplastic model,
1073–1074, 1077

Dry bottom feed method, 613–615, 616, 636, 637,
639, 647; see also Vibro replacement

Dry mix techniques, 952
Dry unit weight, 691–692
Drying shrinkage, 441

stabilised materials, 435–437, 438
Duncan–Chang model, 886, 887–888, 895, 925
Dykes, 125, 126, 141, 929, 930–934

construction, 924
Finkenwerder Vordeich Süd, 934

Dynamic compaction, 247, 248, 251, 253, 269, 271,
274, 413, 557, 730

Dynamic cone penetrometer (DCP) testing, 415,
776

Dynamic deep compaction (DDC), 476–477
Dynamic deviator stress, 290–291, 292, 293, 294
Dynamic loading, 835
Dynamic method, 52, 53
Dynamic penetrometer tests (DPT), 607

E

Earth pressure balance machine (EPBM), 1034
Earth pressure cells, 379, 388, 399

installation, 389
Earthquakes, 447–449, 1066; see also Seismicity

assessment, 451–452
bearing pressures, 475
bridge abutments, 830, 831
bridges, 460
Chi Chi, 636
collapse, 727
concrete barrier, 954
gabion walls, 951
Hyogo-ken Nambu, 830, 835
Kocaeli, 448
liquefaction, 463
loading, 455–456, 481
silty sand, 610
sources, 450
Vrancea, 747

Effective stress, 201
method, 667
tunnel linings, 328

EKG, see Electrokinetic geosynthetics
Elasto-plastic analysis:

assumptions, 329–331
displacement distributions, 340–343
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drainage, 332–334
pore water pressure distributions, 331–334
stress distributions, 340–343
stress levels, 335–340

Elasto-viscoplastic formulation, 798
Electric field, 970
Electric Piezometer (EP), 173–174
Electrical resistivity, 1014
Electrically conductive geosynthetics (EKG), see

Electrokinetic geosynthetics (EKG)
Electricity Generating Authority of Thailand (EGAT),

306
Electro-osmosis, 967–969, 993–994, 999,

1000–1002, 1032
active geosynthetics, 1010–1011
applied voltage, 1005–1007
box, 1015
cell, 1015, 1016, 1018, 1028
design, 1031
drainage conditions, 1008, 1009
efficiency, 1002–1004, 1005
electrolysis effects, 1008–1010
electrophoresis, 1032
energy requirements, 1004
field applications, 970
friction pile capacity, 983–986
Norwegian quick clay, 971–974
parameters, 970
permability, 1002, 1004, 1022–1023
piezometic levels, 977–978
pore water pressures, 1006–1008
slope stability, 978–980
soft sensitive clay, 986–993
soil acceptability criteria, 1011–1015
soil wall design, 1020–1024
specialist testing, 1015, 1017
unstable embankment, 980–982
West Branch Dam, Ohio, 974–978

Electrodes, 970, 989
drainage, 1008, 1009
geosynthetics, 1010–1011
installation, 972, 973, 979, 988
layout, 982, 983, 990
spacing, 1021, 1025, 1027, 1029, 1031

Electrokinetic functions, 997; see also
Electro-osmosis; Electrophoresis

Electrokinetic geosynthetics (EKG), 1008, 1011; 
see also Electrokinetic geosynthetic (EKG)
reinforced soil walls

applications, 1031, 1032–1033
excavation, 1033–1037

Electrokinetic geosynthetic (EKG) reinforced soil
walls 1017–1018; see also Electrokinetic
geosynthetics (EKG)

construction, 1024–1027
design, 1018–1020
electrical current, 1027–1028
electro-osmotic design, 1020–1024
monitoring, 1027
treatment time, 1031
undrained shear strength, 1028–1031

Electrokinetics, 998
electromigration, 998, 999, 1010
electro-osmosis, 999, 1000–1002
electrophoresis, 998–999, 1032
migration potential, 998, 999
soil acceptability criteria, 1011–1015
stabilization, 971
streaming potential, 998, 999, 1007

Electrolysis, 1006–1007, 1008–1010
Electromigration, 999, 1010
Electro-osmosis, 742–743, 997
Electrophoresis, 997, 998–999
Embankments, 51–52, 54, 75–76, 145 

bearing capacity, 941
Colombo–Katunayake Expressway (CKE),

Sri Lanka, 706
constructed to failure, 76–78
construction, 687–688, 795–796, 903–904, 906,

907, 908
design, 569–570, 571
failure, 592, 792, 796–797, 822, 823–824
finite element analysis (FEA), 797–798,

805–809
geosynthetic vertical drains, 78–84
Hall’s Creek, 789–792
limit equilibrium analysis, 796–797
low, 279–280
normalized deformation factors, 84–85
pilecaps, 673–679
pile raft system, 907–909
piles, 900
predictability, 798
reconstruction, 944
reinforcement, 814–815, 938
removal, 944
Sackville, New Brunswick, 793–809
settlement, 570, 572, 588–589, 590–592
slope, 73–74
soft ground, 566–567, 568, 681–682
stability, 580, 909
stone columns, 670–673
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trial, 585, 587
vacuum preloading 665–670, 665

Encased columns, 923; see also Geotextile encased
columns (GEC)

Energy resources, 1065
Environmental conservation, 767
Environmental emergency response card, 460
Environmental loading, 426, 440, 441; see also

Stabilised materials
Environmental Protection Plan (EPP), 460
EP, see Electric Piezometer
EPP, see Environmental Protection Plan
EPBM, see Earth Pressure Balance Machine
Equal discharge concept, 68
Equal strain, 7, 65, 203, 208
Evapotranspiration, 504, 506
Excavation method, 929
Explosion:

case study, 1088–1094
compaction method, 1085
piling method, 1085–1086
replacement method, 1086–1088
toe shooting method, 1086

Extensometers, 652, 653, 669, 1068
spider magnet, 652, 656
verification, 1092–1094

F

Factor of safety (FOS), 670
Failures:

general shear, 672
pilecaps, 673–679
soil element, 887
stone columns, 670–673
vacuum preloading, 665–670

Falling weight deflection (FWD) tests, 287, 288, 289,
422, 778–779

Fast Lagrangian Analysis of Continua (FLAC), 513,
515, 525, 528, 529, 532, 533, 878, 879, 882,
884–894, 897

hydraulic fill stress, 535
Fatigue life:

road pavements, 439
Faults, 948
FEA, see Finite element analysis 
Field trial:

collapse potential, 728
Field vane shear tests (FVT), 99, 103, 104, 109–111,

115, 250
Changi East reclamation project, 257, 263

Fill barricades, 513
collapse, 514

Fill:
height, 131
material, 249, 280
surcharge, 91, 94, 100, 108, 109, 115, 251,

259–260
Filter fabric, 166
Filter sleeve, 15
Finite element analysis (FEA), 291, 393, 456, 457,

674–676, 677, 787–788, 789, 797–798,
805–809, 810

bamboo pile raft system, 913
calculations, 799–805
COFEA, 690
concrete barriers, 954–955
concrete pile raft system, 915
drain spacing, 75–76
element types, 71–73
embankments, 73–75
geotextile encased columns (GEC), 925–926
heat exchanger piles, 1076–1078

FLAC, see Fast Lagrangian Analysis of Continua
Flow nets, 522–524
Fly ash, 411, 412, 413, 495

power station, 494
FOS, see Factor of safety
Foundation cushions, 739–740, 746–748

durability, 747–748
Free strain, 7, 65, 203
Free-field ground response analyses, 465
Friction angle:

hydraulic fills, 519
Full working load, 888
FWD, see Falling weight deflection 

G

Gabion walls, 951–952, 953, 958
Garbage fills, 611–612
GEC, see Geotextile encased columns
Gelam timber piles, 899
Geodrains, 29, 32, 38–39; see also Band drains
Geogrids, 279, 282, 287, 860, 863, 867, 923,

939–940, 943
high density polyethylene (HDPE), 875, 876, 889
layers, 944
reinforcements, 831, 833, 834, 837, 840–841, 924,

935, 938, 1019
tensile strength, 857–859

Geomembranes, 1052, 1053
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Geometric matching, 66, 67–68
Geophones, 554
Geostructures, 1066, 1067
Geosynthetics, 765, 766, 788, 935, 937, 1010–1011;

see also Electrokinetic geosynthetics (EKG);
Geotextiles

reinforcement, 876, 907, 909, 909–910,
Geosynthetic-reinforced and pile-supported

embankment (GPE), 935; see also Piles
applications, 1032–1033
design, 935–937
Railway Hamburg-Berlin, 938–945
role, 997–999

Geotechnical hazards, 447, 448, 463, 484; see also
Liquefaction

assessment, 451–452
prediction, 485

Geotextile encased columns (GEC), 924
analytical calculation model, 926–929
bearing system, 924–925
finite element model, 925–926
installation methods, 929–930

Geotextiles, 267, 569, 581, 687, 766, 767, 772, 779,
780, 782, 783, 785, 787, 793; see also
Geosynthetics

applications, 816–818
fill material, 796
installation, 826, 827
laying direction, 818–819
mats, 958–961
microscopic views, 773
properties, 815–816, 826
reinforcement, 794–795, 813–815
seaming, 819–822
strains, 805, 807–808
Tanah Jambu Link Road, Brunei, 822–827
tensile strength, 825

GPE, see Geosynthetic-reinforced and pile-supported
embankments

GPR, see Ground-probing radar
Granite, 300, 412
Gravel, 322, 411, 414

bunyan, 412
cement-mixed, 829, 869
Chiba, 842, 843, 845, 846–852, 853, 854, 855
compaction piles, 465–466, 467
cushion, 740
Kyushu, 842, 843, 846, 848–852, 854, 855
lateritic, 766, 784
moulding water content, 843–844
piles, 200

Green house effect, 411–412, 1065

Green–Gauss theorem, 1075
Ground improvement:

design, 130, 132–133, 138–139
methods, 283

Ground-probing radar (GPR), 1093–1094
Grouted dowels, 952, 954, 955–956
Grouting, 327, 328, 357, 731; see also Jet grouting

cohesive strength, 351–352, 354
compaction, 472–474
optimum extent, 329, 353
squeeze, 738, 745 

Gyratory compaction, 413

H

Hazen’s equation, 518
Heat exchanger piles, 1066; see also Piles

finite element model, 1076–1078
in situ test,1067–1071
induced thermal stresses, 1080
loading, 1080
pile uplift, 1080, 1081
soil behaviour, 1081–1083
thermal behaviour, 1078
thermal strains, 1078–1080
thermo-hydro-mechanical (THM) model, 1069,

1071–1076
thermo-mechanical behaviour, 1080–1081

Heating, 744, 1045, 1046, 1048, 1052, 1057, 1059,
1061

Heave, 367, 399, 402, 404, 801–802, 803, 989 
Heavy tamping, 4, 738–739, 741, 746, 747 
Helmholtz–Smoluchowski theory, 1000, 1006, 1007
Highways:

vibro compaction, 624–626
vibro replacement, 628–630

Hill-cut materials, 120, 129
Hopkinson’s number (HN), 1088
Horizontal pore water flow, 11; see Vertical drainage
Houlsby and Teh’s method, 153–154
Hydraulic conductivity, 505, 689–690, 1048

Colombo–Katunayake Expressway (CKE), Sri
Lanka, 689–690, 701–706

tailings, 500, 501, 504
Yelgun to Chinderah Freeway, Australia, 580–582

Hydraulic fills, 250, 251, 513, 514–516, 932
barricades, 530–531
density, 517–518
drainage, 522–524, 525–528, 533–534
drains, 529–530
effective porosity, 533–534
friction angle, 519
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geotechnical parameters, 522, 523
grain size distribution, 516–517
numerical modelling, 528–529
oedometer tests, 522
permeability, 518–519
placement property test, 520–521
scaling, 524–525, 526
stresses, 534–535
sublevel drains, 532

Hydraulic gradients, 9–11, 19, 44
stopes, 527–528

Hydraulic sorting, 495
Hydro-blasting, 752–757
Hydrocompaction 724
Hydroconsolidation 724
Hydrodynamic pressure, 367
Hydrology design, 570
Hydrolytic reactions, 969
Hydrostatic profile gauges, 587
Hyodo et al.’s dynamic analysis method, 289–290
Hyogo-ken Nambu earthquake, 830, 835
Hyperbolic method, 113

I

Improvement depth, 286, 287
Inclinometers (IM), 53–55, 173–174, 255, 310, 379,

380–381, 393, 395, 396–397, 587, 669, 677,
688, 790, 794, 882–883, 933

installation, 388–389
wintertime, 1056

Injection stabilisation, 745
In situ stabilisation, see Stabilisation
Interparticle bonding, 726–727

J

Jet grouted piles (JGP), 357
construction issues, 367–370
design issues, 364–367
installation, 358
layout, 368–369
properties, 360–364
quality, 359, 360
sacrificial layers, 366–367

Jet grouting, 357–358, 386–388, 737, 738, 744–745
adjacent ground response, 395–401
adjacent structures, 401–405
bending moments, 393, 394
construction sequences, 389–391
diaphragm walls, 392–395, 405–406
double tube, 357, 358

lateral earth pressures, 386, 399–400
lateral movements, 380–381, 395–399, 405–406
marine clay, 371–372
monitoring, 379–380, 388–389, 395, 404–405,

406
piezometric levels, 400–401, 403, 406
process, 372
quality assurance, 358–359
quality control, 359–360
sequence, 391–392
Singapore Post Centre project, 372–373
single tube, 357, 358
triple tube, 357, 358, 359, 372
water levels, 400–401, 406

Jet grouting trial, 375–377
bending moments, 381–383, 385, 406
construction sequences, 378–379
jet-grout formation, 385–386
lateral earth pressures, 383–384, 406
piezometric levels, 384–385, 387
water levels, 384

Jet mixing, 305, 306, 307, 311–315, 320, 322–323,
325

JGP, see Jet grouted piles

K

Kyushu gravel, 842, 843, 846, 848–852, 854, 855; 
see also Cement-mixed gravel

L

Lateral displacements, 81, 84–85, 98, 102, 103,
108–109, 110, 111, 1047

earthquake-induced, 452
measurement, 310
prediction, 225
Suvarnabhumi Airport (SA), 222–224

Lateral earth pressures, 58, 383–384, 399–400, 406,
814

jet grouting, 386
vibratory compaction, 554, 555, 556, 557, 558

Lateral free-field soil movement, 380–381
Lateral movements, 115, 181–182, 183–184,

197, 201, 317–319, 320–321, 367,
395–399, 459

bearing capacity, 320
free field, 380–381, 406
jet grouting, 380–381
soft clay, 317–319, 324–325

Lateral spreading, 460, 463
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Lateritic 
clay, 769
gravel, 784
soil, 767

LEFM, see Linear elastic fracture mechanics
Lime, 125, 279, 300, 306, 411, 413, 425, 770, 774

migration, 1034–1035
mixture, 772, 774, 775, 779, 780, 782
piles, 1036
stabilisation, 785
treatment, 285–286

Limit equilibrium analyses, 796–797, 826, 884, 910
Linear elastic fracture mechanics (LEFM), 434, 439
Linear low density polyethylene (LLDPE)

geomembrane liner, 213
Liquefaction, 447, 450, 460, 463, 470, 483, 484, 548,

647; see also Geotechnical hazards
compaction, 553
hydraulic fill, 529
liquefiable soils, 448
natural gas, 472
potential, 455, 552
prediction, 485
resistance, 457
sand deposits, 636
silty sand, 610
simulation, 465
vibratory compaction, 557, 607
vibro replacement, 609, 634, 635

Liquefied natural gas (LNG) plant, 470
LLDPE, see Linear low density polyethylene
LNG, see Liquefied natural gas
Load bolts, 879
Load cells, 1068
Load transfer devices, 322
Loading, 3, 18, 21–22, 25, 34, 35–36, 37, 40, 52, 74,

101, 106, 149, 170, 218
embankments, 79
lateral, 483
vibratory, 520
wind, 746

Loess, 723–725
cement/lime stabilisation, 748–752
clay suspension, 745
collapsible soil, 725–727
deep mixing method, 742
draining, 742–743
explosions, 741–742
foundation cushions, 739–740, 746–748
heating, 744
heavy tamping, 738–739
hydro-blasting, 752–757

identification, 727–728
injection stabilisation, 745
jet grouting, 744–745
ponding, 740–741
properties, 732–735
short pyramidal piles, 739
silicate grout injection, 743–744
site improvement, 729–732
soil piles, 739
squeeze grouting, 745
treatment, 735–738
wetting, 728–729

M

Marsten theory, 534–535
Materials:

alternative, 765–767
foundation, 886
hill-cut materials, 120, 129
light-weighted, 287
marginal, 411
traditional, 411

Matric suction, 500, 501, 729
Maximum dry density test, 521
MCC, see Modified Cam-Clay
Mechanical mixing, 306
Mechanically stabilized soil (MSS) wall, 875–876;

see also Reinforced soil
Fast Lagrangian Analysis of Continua (FLAC)

analysis, 884–894
initial design, 878–879
movements, 880–883
numerical model, 885–888
parametric study, 894–896
project, 876–878
safety margin, 892–894
sliding block analysis, 883–884
stability, 897
stresses, 879–880

Menard pressuremeter tests, 374, 375
Migration potential, 998, 999
Mine tailings, 491–492, 503; see also

Soil covers
beaching behaviour, 495–496
bearing capacity, 500–502
climate, 492
consolidation, 502–503
matric suction, 500, 501
physical nature, 492–495
potentially acid forming (PAF), 503
salinity, 503
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saturated permeability, 496–497
strength, 497–499

Mineralogy, 1012
Mineral processing, 492, 503
Mining, 513, 514, 515, 519; see also Hydraulic fills

tin, 610, 632
Mix design, 425–426
Mixed-in-place method (MIP), 938
Mixing:

deep, 305, 306, 325
dry, 282
jet, 305, 306, 307, 311–315, 320, 322–323, 325
mechanical, 306
wet, 282

Modified Cam-Clay (MCC), 77, 787–788, 808–809
model, 61, 69, 675, 797–798 

Monitoring, 252–255, 310, 467–470, 485, 677, 788,
789

Colombo–Katunayake Expressway (CKE), Sri
Lanka, 688–689

compaction parameters, 607
foundation cushions, 746–747
geosynthetic-reinforced and pile-supported

embankment (GPE), 944–945
Hall’s Creek test embankment, 789–790
jet grouting, 378, 379–380, 388–389, 395, 401,

404–405, 406
Penny’s Bay, 651–656
railway tracks, 940
Sackville test embankment, 793–794, 795
stone columns, 650
vacuum preloading, 666–670
vibro-replacement, 459–460
Yelgun to Chinderah Freeway, Australia, 587–588

Moulding water content, 843–845, 850, 851, 853
Mountain tunneling method, 351
MRC, see Müller resonance compaction
MRT, see Mass Rapid Transit
MSS wall, see Mechanically stabilized soil wall
MST, see Multisedimentation test
Müller resonance compaction (MRC), 248, 251, 269,

272, 274

N

Nails:
soil, 875, 902, 959–961

Negative skin friction, 321–322; see also Downdrag
skin friction

Noise pollution, 932
Non-associated flow rule, 328, 330
Non-Darcian flow, 4, 5, 16, 20–21, 25, 26, 42–43

Nuclear density meter tests, 775
Numerical analysis, 580–584
Numerical modelling, 528–529, 536, 875,

1071–1076; see also Fast Lagrangian Analysis
of Continua (FLAC)

mechanically stabilized soil (MSS) walls, 885–888,
896–897

O

Observation wells, 174, 688
Observational method, 673
OCR, see Over-consolidation ratio
Oedometer tests, 17–18, 130, 147, 232, 577

collapse potential, 728
hydraulic fills, 522

Offshore bottom feed method, 615; see also Vibro
replacement

One-dimensional consolidation, 11
Lilla Mellösa test area, Sweden, 23–24
pore pressure dissipation, 18–23, 24–25
settlement, 25–26
Skå-Edeby test field, Sweden, 16–18

Organic soil:
Atterberg limits, 693, 694
coefficient of consolidation, 704–705, 707
compressibility, 697, 698–701
drained strength, 695–696
dry unit weight, 715
moisture content (MC), 692–693, 718
organic content, 691, 712
over-consolidation ratio (OCR), 698
undrained shear strength, 695, 721
void ratios, 696

Osterberg’s method, 292
Over-consolidation ratio (OCR), 147, 151, 232–233,

556, 558, 559, 697–698
Over-layering, 280, 410

P

Parapets, 836
construction, 863
displacement, 869
footing, 840, 865
geogrid, 837–838
lateral displacements, 839, 870
lateral movements, 857–859
loading, 864–866
model, 833, 834
RC, 829–832
stability, 840

Index 1107



PASS, see Potential acid sulphate soils
Pavements; see also Roads

airside, 159, 165, 166, 167
PDA, see Pile driving analyser
Peat, 684, 686, 899, 903, 916–917

Atterberg limits, 693, 694
coefficient of consolidation, 704–705, 707
compressibility, 697, 698–701
drained strength, 695–696
dry unit weight, 692, 714
moisture content (MC), 692, 717
organic content, 691, 711
over-consolidation ratio (OCR), 697
permeability, 706
toe shooting method, 1086
undrained shear strength, 695, 720
void ratios, 696

Pencel pressuremeter, 779–780
Penetration index (DN), 776
Penetration unit, 646, 647–648
Perfect drain, 82, 84
Permeability, 6, 13, 27, 59, 71, 135, 149

Bulgarian loess, 735
hydraulic fills, 518–519, 525–528
matching, 66, 67–68
peats, 706
plane strain, 207
reduction, 328
tests, 5
transformation, 66–67

Permeameter, 517
Piezocone tests (CPTU), 191, 280, 540, 574, 575,

577, 580, 648
Piezometers, 43, 44, 55, 254, 310, 312, 379, 388,

587, 652–656, 666, 669, 688, 790, 804–805,
976, 985, 1052, 1055

AIT-Type (AP), 174
dessaturation, 1059
electric, 173–174
installation, 389, 400, 661
vacuum preloading, 666–669

Piezometric levels:
corresponding, 403
jet grouting, 384–385, 400–401, 403, 406
jet grouting trial, 387

Piezometric pressure, 184–188
design perspective, 188–189
dummy pore water pressure, 184
excess pore water pressure, 186–188
groundwater level, 186, 188

Pilecaps:
failures, 673–679

Pile driving analyser (PDA), 484
Piles, 936; see also Bakau piles; Bamboo piles;

Geosynthetic-reinforced pile-supported
embankments (GPE)

axial capacity, 910
bakau, 899, 900
bamboo, 900
concrete, 571, 918, 907–909, 915–916
electrokinetic geosynthetics (EKG), 1034–1035
explosion, 1085–1086
friction, 983–986
gelam, 899
geometry, 1070
geotextiles, 814, 818
integrity, 1070
lateral resistance, 910
lime, 1034, 1036
loading, 1070–1071
raft system, 899, 903–904, 907–910, 915–916, 918
raking, 931
shallow sliding 902–903 
sheet, 904, 939, 980
soil piles, 739
spacing, 911
stability analysis, 910–912
timber, 571
ulin, 899

Pipe jacking, 1034
Plane strain, 79, 82, 200–201, 205, 206–207, 215,

219, 225, 329, 335, 338
analyses, 208–211, 220
tunneling, 351

Plastic strain, 290, 292
traffic-load-induced, 295

Plate load tests, 776–777, 1093, 1094
PLAXIS, 393, 581, 674, 925
PMT, see Pressuremeters
Polarity reversal, 969, 1006
Polder, 932
Polder system, 162
Poly vinyl chloride (PVC), 95

geomembrane, 1053
Polyethylene (PE) tubes, 1068
Polyvinylalcohol, 940
Ponding, 736, 740–741
Pontoons, 929
Pore pressures, 64, 66, 70, 92, 93, 97–98,100, 101,

104, 108, 109, 111–112, 113–115, 141, 152,
172, 186–188, 197, 201, 202–203, 204,
313–314, 322, 464, 791, 792

anodes, 973
bridge, 468
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cathodes, 973
Changi East reclamation project, 268–269, 270
deep mixing piles, 322–323
depth, 312
dissipation, 18–23, 24–25, 30, 43–44, 572,

577, 588
distribution, 74, 137, 531
drains, 261, 262, 265, 266
elasto-plastic analysis, 331–334
electro-osmosis, 1006–1008
hydraulic fill, 529
monitoring, 307
plane strain, 209
prediction, 803–804, 806–807, 808
shape function, 73
Suvarnabhumi Airport (SA), 218, 221, 223
tailings, 498, 508
vacuum preloading, 666–669, 1058–1059
variation, 8–9, 80, 82, 83
vibratory compaction, 557
vibro-replacement, 459
Yelgun to Chinderah Freeway, Australia,

581–584
Porosity, 726
Port facilities:

vibro compaction, 620–622
Post-compaction testing, 607
Potential acid sulphate soils (PASS), 567
Prefabricated vertical drains (PVD), 52, 63, 71, 91, 95,

96, 101, 112, 115, 151, 152, 156, 159, 162, 165,
169, 176, 186, 194, 196, 197, 199, 200, 201, 202,
247, 253, 671, 688, 970, 1051; see also Drains;
Vertical drainage; Vertical drains

Changi East reclamation project, 248, 258–267
installation, 250, 251, 267–268, 269
length, 166
Suvarnabhumi Airport (SA), 215–218
vacuum preloading, 225, 669–670

Preloading, 4, 39–40, 52, 133, 165, 197, 200, 231,
247, 688

analytical method, 234–237, 243, 244
artificial aging, 233–234
design, 239–242, 244
engineering judgement, 232
over-consolidation ration (OCR) approach,

232–233
time, 239

Pressuremeters (PMT), 540
Probe:

compaction, 544, 546–547
Pump:

centrifugal gravel, 509

PVC, see Poly vinyl chloride
PVD, see Prefabricated vertical drains
Pyrite, 497, 503, 567

R

Radial consolidation, 56
Radial drainage, 149, 150, 153, 199; see also

Drainage; Drains
vacuum preloading, 203–207

Rainfall infiltration, 504, 505, 506
Rate models, 798, 799–805, 808–809
Reclamation, 131, 135, 250

analysis, 133–136
stage, 130–131

Reconstruction, 410
Red muds, 494, 495; see also Bauxite 

red muds
Reinforced concrete (RC) raft, 677–679
Reinforced soil, 875–876; see also Mechanically

stabilized soil (MSS) walls
Reinforcement:

horizontal displacements, 884
mechanics, 814–815
tension, 891–893, 894–897

Remoulding, 13
Repairing, 280

roads, 296–299
Repeated load triaxial (RLT) tests, 420,

432–434
Resistance:

lateral, 324, 325
Revetments, 123

reinforcement, 904, 905
Rhyolite acid igneous source, 419
Riprap, 958
RLT tests, see Repeated load triaxial tests
RMR, see Rock mass rating system
Roads, 409–412, 413–415, 420–421, 569,

676–677, 917; see also Cooma trial; 
Dandenong trial

alternative materials, 765–767
back-analyses, 781–783
Benkelman beam tests, 778–779, 781–783
California bearing ratio (CBR) tests, 775–776
characterisation tests, 769–770
chemical analyses, 774
compaction, 770, 771
construction, 413–415, 420–421
costs, 784
damage, 410
deflection measurements, 287–289
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direct repair cost, 298
drying shrinkage, 435–437, 438
dynamic cone penetrometer (DCP) tests, 776
environmental loading, 440
falling weight deflection tests, 778–779
fatigue life, 439
field testing, 415–419, 421–425, 767–768
laboratory mix design, 414–415, 419–420
laboratory tests, 768–769, 784
material stiffness, 432–435
material strength, 426–432
mix design, 425–426
networks, 409–410
nuclear density meter tests, 775
pavement construction, 413
pencel pressuremeter, 779–780
plate-load tests, 776–777
rehabilitation, 410
repairing, 296–297
sand-cone apparatus tests, 774
scanning electronic microscopy, 772
subsoil condition, 280–284
suction tests, 770–772
surface settlement, 284–287
tensile strength, 433
total cost, 296–301
traffic intensity, 297–298
traffic loading, 289–298, 437–440
x-ray tests, 774

Rock bolts, 962–964
Rock bund, 252
Rock engineering, 947, 949–950

berms, 950–952, 953
cable lashing, 956–957
cleaning, 953, 961
concrete barriers, 953–956
dowels, 952, 954, 955–956, 959
drainage system, 957–958
gabion walls, 951–952, 953, 958
geotextile mats, 958–961
grouted dowels, 952, 954
mattresses, 958–961
rock bolts, 962–964
shotcrete lining, 952–953
steel fences, 956–957

Rockfall hazards, 947, 948, 949, 950, 957, 962; 
see also Rock engineering

Rock mass rating system (RMR), 956
Rock quality designation (RQD), 360
Rod withdrawal rate, 391
RQD, see Rock quality designation

S

Salt crystallization, 426
Sand, 38, 122, 139–141, 322, 455, 474, 481, 482,

494, 628, 632, 635, 876, 878
blankets, 100, 108, 172, 202
bunds, 619–620
cushion, 740
fill material, 249
foundation materials, 886
hydraulic placement, 617–619
loose silty, 610
mats, 61, 127, 128, 131, 133, 687
reclaimed, 624
sluicing, 932
spreading, 248, 250, 251
trickling, 932

Sand compaction pile (SCP) method, 85, 123–125,
200, 252, 688

Sand drains, 27, 33, 38–39, 91, 123, 145, 150, 162,
163, 200, 976

Sand fills, 149, 166, 273, 480, 482, 643, 648, 650,
654

slurry pond, 267–274
vibratory compaction, 555

Sand jetted drains, 149
Sand-cone apparatus tests, 774
Sandkeys, 252
Sandstone, 411, 420, 421, 422, 423–424, 876, 1089,

1092
Saprolitic soil, 769
SAR, see Standard axle repetition
Scanning electronic microscopy, 772
Schlosser, F., 539
SCP, see Sand compaction pile method
Sea reclamation, 119–120, 141
Seaming, 819–822
Seawalls, 119, 121, 133

site, 122
types, 122–123, 124

Secondary clarifier tanks, 475
Sedimentation, 125, 136, 495, 998; see also

Migration potential
Seismicity, 447, 450–451; see also Earthquakes

cones, 540
reflection survey, 250
refraction profiling, 461
retrofit, 452
stability, 841

Self-drilling, 379
Self-weight consolidation, 125, 126–127
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Sensitivity analysis, 366
Settlement, 27, 28, 29, 34–36, 39, 40–43, 52, 55, 70,

73, 80, 83, 84, 104, 106, 107, 113, 114–115,
122, 131, 132, 133, 138–139, 151, 152, 156,
168–169, 170, 179, 188–189, 917

analyses, 137, 167, 661
bamboo piles, 903–904
Changi East reclamation project, 260, 267,

268–269, 270
Colombo–Katunayake Expressway (CKE),

Sri Lanka, 690–691, 708–709
compaction, 606
consolidation, 316–317, 318
construction, 315–316
construction control, 139–141
creep, 690
data, 196
deep mixing, 320, 323
deep, 181
differential, 673, 674, 675, 678
electro-osmosis, 989, 991
embankments, 566, 569, 570, 572, 588–589,

590–592
explosive replacement method, 1093
gauges, 669, 1052, 1055
hydro-blasting, 755–756
indicators, 55
landfills, 611
lateral movement, 182
load induced, 285, 286, 287
local differential, 317, 322
markers, 388, 389, 399, 652–656, 661, 669,

677
mechanically stabilized soil (MSS) walls,

880–881, 889, 890, 896
method of analysis, 656–660
monitoring, 459
pavement construction, 194–196
plate data, 690
plates, 254, 255, 587, 589, 590, 651, 688, 789,

794, 826
post-construction, 478
prediction, 791, 799–801, 802, 808
preloading, 242, 244
ratio, 172
repair, 296–297
road construction, 287
sandfill, 623
soft soil, 232, 324
stakes, 688
surcharge removal, 234

surface, 175–179, 284–287
Suvarnabhumi Airport (SA), 220–222
tank foundations, 634
traffic-load-induced, 279, 289–295
vacuum preloading, 1059
vacuum pressure, 211
vertical, 317
Yelgun to Chinderah freeway, Australia, 593–597

Shaking table tests, 832–833
procedures, 833–835
results, 835–841

Shear failure, 201
Shear strength, 154–155, 167, 189–190, 191, 213,

250, 257
Changi East reclamation project, 263
soft clay, 306
Suvarnabhumi Airport (SA), 216
undrained marine clay, 374

Shear wave velocity, 550
Shearing resistance, 909
Sheet pile walls, 141, 251, 252
Sheet walls, 931, 932
Shotcrete lining, 952–953
Shrinkage, see Drying shrinkage
Sieve analyses, 541
SIGMA/W, 769, 781
Silicate grout injection, 737, 738, 743–744
Silos, 480, 481–482, 482–484
Silts, 610–611, 632

sensitive, 978–979
wall stability, 634

Sister bar embedment strain gauges, 677
Skempton’s pore pressure equation, 18, 25, 43
Slag, 412, 413, 425, 426

alkali activated, 409, 411
Sleeve friction:

compaction, 541–542
Sliding, 902–903
Sliding block analysis, 456, 883–884, 892
Slimes, 610–611, 628; see also Silts
SLOPE, 826
Slope stability, 1035
Sloping rubble mound-type revetment, 123
Slurrification, 1025–1026
Slurry pond, 267–274
Smear zone, 9–10, 12–13, 59–61, 65, 207
Soft soils, 566–567, 682, 788, 899, 903

Atterberg limits, 693, 694
deformation parameters, 696–701
dry unit weight, 691–692
embankment construction, 706
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Indonesia, 900–902
moisture content (MC), 692–693
organic content, 691
strength parameters, 693–696
treatments, 569–571

Soil covers, 491–492; see also Mine tailings
barrier covers, 505–506
bearing capacity, 502
capillary break covers, 507
conventional equipment, 507–509
hydraulic means, 509
materials, 505
mine tailings, 503
possible components, 504–505
purpose, 504
store/release covers, 506–507

Soil nails, 875, 902, 959–961
Soil walls, 1017–1018 

construction, 1024–1027
design, 1018–1020
electrical current, 1027–1028
electro-osmotic design, 1020–1024
monitoring, 1027
treatment time, 1031
undrained shear strength, 1028–1031

Soil water characteristic curves (SWCC), 500, 729
Soil–cement cushions, 737; see also Foundation

cushions
Soil–lime mixture, 775, 780, 782
Soils; see also Soft soils

acid sulfate (ASS), 426–427, 429, 431, 432, 435,
438, 567–569, 570–571

collapsible, 725–727
dry unit weight, 691–692
energy storage, 1065–1067
granular, 601, 627
lateritic, 767
potential acid sulfate (PASS), 567

Sonic drilling, 461, 462–463
SPT, see Standard penetration tests
Squeeze grouting, 738, 745
Stabilisation, 410, 423, 425, 441

cost, 411
injection, 745
lime, 748–752
process, 414–415, 421
technology, 409

Stabilised materials; see also Roads; Stabilisation
compressive strength, 426–427
deterioration, 440
drying shrinkage, 435–437, 438
mix design, 425–426

stiffness, 432–435
tensile strength, 427–432, 433

Stability analyses, 167
Standard axle repetition (SAR), 437–438
Standard penetration tests (SPT), 250, 359, 361, 363,

365, 462, 607
Static compaction, 413
Static failure deviator stress, 291
Static method, 52–53
Steel sheet pile cellular cofferdam-type revetment,

123
Stitches, 821 
Stone columns (SC), 639, 640–641, 688, 923; 

see also Vibro replacement
equipment, 646
failures, 670–673
field trial, 646–647
function, 643
ground disturbance, 659
installation, 465, 466, 647–651
layout, 645–646
monitoring, 651–656, 660–661
purpose, 641
settlement analysis, 656, 661

Stopes, 514, 515; see also Hydraulic fills
drainage, 522, 529–530
flow rate, 523
immobile water, 533
scaling, 524–525, 526

Strain gauges, 796, 879
Streaming potential, 998, 999, 1007
Stress:

distributions 340–343
levels, 335–340
mean, 433
path, 1048

Subgrade, 279, 282, 286, 287, 294, 296
material, 300
road pavements, 414, 415–416, 419, 420,

423
Subsidence, 162, 170, 305, 473
Suction tests, 770–772
Sulphur, 503
Sulphuric acid, 567
Surcharge fill, 163, 166, 172, 175, 196, 200,

201, 652
Surface blasting, 741
Surface pins, 587
Surface settlement monuments (SM), 173–174
Surface settlement plates (SP), 173–174, 310
Sustainable technology, 1065
SWCC, see Soil water characteristic curves
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T

Tailings, 491, 514; see also Mine tailings
Tamping, 4, 737, 738–739, 741, 746, 747 
TDR, see Time domain reflectrometer gauge
Teno-column method, 284
Tensile load, 815–816
Tensile strength:

stabilised materials, 427–432, 433
Tensioned membrane effect, 815
Thermistors, 1052, 1056
Thermo-hydro-mechanical (THM) model, 1071–1076

finite element analysis, 1078, 1081
Thread, 822
Three-dimensional prism survey points, 388
Three-dimensional restriction effect, 351
Tilt plates, 388, 402

installation, 389
Timber piles, 571
Time domain reflectrometer (TDR) gauge, 415
Time factor analysis, 68
Tip resistance, 141
Total earth pressure cells, 379, 388, 399

installation, 389
Traffic:

intensity, 293, 297–298, 300, 301
loading, 423, 426, 437–440, 441

Triaxial tests, 519
Triple fluid core barrel, 385
Triple fluid jetting system, 379
Tunnels, 327, 1034

boring machines, 359
displacement distributions, 340–343
drain holes, 328
drainage, 332–334, 343–351
elasto-plastic analysis, 329–331
grouting, 351
pore water pressure distribution, 331–334
stress distributions, 340–343
stress levels, 335–340
water pressure, 350

Two-dimensional consolidation, 20

U

UCS, see Unconfined compressive strength
Ulin timber piles, 899
Ultrasonic transmission tests, 1070
Ultrasonics, 731
Unconfined compressive strength (UCS), 360–363, 365,

413, 415–417, 420, 422, 427–429, 431, 432, 435
loess-cement, 751

Unconsolidated undrained (UU) triaxial tests, 693
Undersea tunnels, 327

displacement distributions, 340–343
drain holes, 328
drainage, 332–334, 343–351
elasto-plastic analysis, 329–331
grouting, 351
pore water pressure distribution, 331–334
stress distributions, 340–343
stress levels, 335–340
water pressure, 350

Undrained shear strength:
analysis, 667
geotextile encased column (GEC) installation, 930

V

Vacuum preloading, 91–92, 115–116, 199, 208,
1045–1048,

application, 1057
cold environment, 1061
compression curves, 1059–1060
cost, 201
degree of consolidation (DOC), 113–115
depth of soil improvement, 111–112
failures, 665–670
heating influence, 1061
instrumentation, 1051–1056
lateral movements, 224
mechanism, 92–94
oil storage station, 94–99
pore pressures, 1058–1059
prefabricated vertical drains (PVD), 225
radial drainage, 203–207
settlements, 1059
soil conditions, 1061
storage yard, 99–111
temperatures, 1057–1058
vertical deformation, 1059
vertical drains, 201–203, 207–208

Vacuum pressure, 52
distribution, 211–212
Suvarnabhumi Airport (SA), 215–218
vertical drains, 213

Vacuums, 200–201
consolidation, 218–224
loading, 163
method, 3

Verification testing, 485
Vertical drain theory:

Barron’s solution, 64–66
Rendulic and Carillo diffusion theory, 63–64
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smear resistance, 66
well resistance, 66

Vertical drainage, 4, 6–16, 129, 137; see also
Prefabricated vertical drains

band drains, 11–12
Bangkok test field, 33–36
consolidation process, 42
dykes, 934
excess pore pressure variation, 8–9
hydraulic gradient, 9–11
one-dimensional consolidation, 11
Örebro test field, 31–33
pore pressure dissipation, 43–44
Porto-Tolle test site, 38–39
settlement in Darcian flow, 42
settlement in non-Darcian flow, 42
Skå-Edeby test field, 26–31
Stockholm-Arlanda project, 39–42
Vagnhärad vacuum test, 36–38
well resistance, 13–16
zone of smear, 12–13

Vertical drains, 3, 104, 111, 119, 127, 132–133, 138,
139, 154, 156, 165, 201, 623, 741, 925; see also
Prefabricated vertical drains

1-D modelling, 71
2-D modelling, 66–71
clogging, 68
diameter of influence zone, 55
discharge capacity, 57–59, 62–63
equal discharge concept, 68
equivalent diameter of band-shaped, 56–57
finite element model, 71–76
geometry matching, 67–68
geotextiles, 814
gravel piles, 200
heating, 1052
inclinometers, 53–55
installation, 52–53
numerical modeling, 207–208
parallel drain wall, 68–71
permeability matching, 67–68
permeability transformation, 66–67
piezometers, 55
plane strain, 207
prefabricated vertical drains (PVD), 200
preloading, 200, 201–203
sand compaction piles, 200
sand drains, 200
sand mats, 61
settlement indicators, 55
smear zone, 59–61
time factor analysis, 68

unit cell theory, 200
vacuum preloading, 201–203
vacuum pressure, 211–212
well resistance, 61–63, 68

Vibrators, 464
characteristics, 543–545
depth, 602–603, 604, 607
dry bottom feed method, 613–615, 616
energy, 553
multiple, 607
offshore bottom feed method, 615
powerpacks, 545
wet top feed method, 612–613

Vibratory compaction, see Vibro compaction
Vibro compaction, 539–540, 542–543, 601–603, 650,

652, 654, 655, 730
airports, 622–624
applications, 607, 617
duration, 552–553
equipment, 543–547
highways, 624–626
horizontal vibrations, 554–555
land reclamation sand bund, 619–620
lateral stresses, 555
overconsolidation effect, 556–557
over-consolidation ratio (OCR), 558, 559
point spacing, 548–549
port facilities, 620–622
probe penetration, 551–552
process, 547–548
quality management, 607
resonance frequency, 550
sand, 553–559
soil compactability, 540–542
soil suitability, 603–604
soil, 558–559
stress conditions, 557–558
transfer of energy, 553–554
vibration frequency, 549–551
work sequence, 604–606

Vibro displacement, 929–930
Vibroflot, 646, 661

current consumed, 648
Vibro flotation, 247, 248, 251, 254, 269, 273–274,

602, 730
Vibro replacement, 453, 457, 463, 465, 481, 484,

485, 601–602, 607–609, 670
airports, 637
applications, 617, 627
chemical plants, 634–636
earthquake loading, 455–456
highways, 628–630
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monitoring, 459–460
piping, 456
quality management, 617
railway lines, 630–634
remedial options, 457
site, 453–455
soil suitability, 609–612
verification testing, 458
work sequence, 612–616

Vibro-rods, 546
VibroWing, 546–547
Visco-elasto-plastic model, 328 
Voltage gradient, 1023–1024, 1031

W

Walls, 875; see also Mechanically stabilized soil
(MSS) walls

bending, 381–383, 385
sheet pile, 941
stacked, 878

Washing jet method, 52

Waste, 767, 780, 783, 784
flow, 379, 391
ponds, 817

Water:
cut-off efficiency, 330–331
glass, 743
standpipe observation wells, 379, 388, 389,

400
Weep holes, 953
Well resistance, 13–16, 61–63, 66, 68, 81, 84, 112,

133, 205, 206
Wellpoint drainage, 742
Wet mix techniques, 938, 952
Wet top feed method, 612–613, 635; see also

Vibro replacement
Wetting, 727, 728–729, 731, 741

loess, 753
Wick drains, 569, 571, 581–584

Z

Zone of smear, see Smear zone 
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